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Preface 


The Technical Committee TC102 of the International Society for Soil Mechanics and Geotechnical 
Engineering (ISSMGE) and the Organising Committee of CPT’18 extend a warm welcome to all 
participants of the 4" International Symposium on Cone Penetration Testing (CPT”18). The symposium 
is being held at Delft University of Technology, in Delft, The Netherlands, 21-22 June 2018, and is 
the fourth in a series of successful symposia endorsed by TC102 of the ISSMGE, following on from: 
Linkóping, Sweden, 1995; Huntington Beach, California, 2010; and Las Vegas, Nevada, 2014. 

The Netherlands has a long history of pioneering research in geotechnical engineering, soil mechanics 
and testing of soils, motivated by the necessity for engineering constructions on reclaimed land and 
problematic deltaic soils. This included the first application of (electric, strain gauge) cone penetration 
testing by Fugro in 1964. Fugro then hosted the first symposium on cone penetration testing in 1972 in The 
Netherlands, with the proceedings of this “Sondeer Symposium 1972” comprising 6 papers in the Dutch 
language. One of the highlights of this 2018 symposium is a paper on a fibre optic cone penetrometer—a 
probable first. It is therefore with great pleasure that Delft University of Technology is hosting CPT’18. 

The aim of the symposium is to provide a forum for exchange of ideas and discussion on topics related 
to the application of cone penetration testing in geotechnical engineering. In particular, the symposium 
will focus on the solution of geotechnical challenges using the cone penetration test (CPT), CPT add-on 
measurements and companion in-situ penetration tools (such as full flow and free fall penetrometers), with 
an emphasis on practical experience and application of research findings. As CPTs play a major role in 
geotechnical engineering, CPT”18 will bring together the world's experts who are working to improve the 
quality of cone penetration testing and reduce the difficulties involved. The symposium will be attended 
by academics, researchers, consultants, practitioners, hardware/software suppliers, certifiers and students. 
It will be a unique opportunity for meeting people and sharing high-level knowledge. 

The peer-reviewed papers contained in the proceedings have been authored by academics, researchers 
and practitioners from many countries worldwide and cover numerous important aspects related to cone 
penetration testing in geotechnical engineering, ranging from the development of innovative theoretical 
and numerical methods of interpretation, to real field applications. The main topics are: interpretation of 
CPT results, application of the CPT, and equipment development. 

A total of 189 abstracts were submitted and the authors of those abstracts that fell within the scope 
of the symposium were invited to submit full papers for peer review. A total of 122 papers were received 
and, of these, 104 papers were accepted for inclusion in the symposium proceedings (including 3 keynote 
papers). The editors would like to thank the Scientific Committee for their assistance in the review process. 
They would also like to thank the keynote lecturers, authors, participants and sponsors. The editors are 
grateful for the support of the chair and members of TC102. 

On behalf of the Organising Committee, we welcome you to The Netherlands and hope that you find 
the symposium both enjoyable and inspiring. 


Michael Hicks 
Federico Pisano 
Joek Peuchen 
April 2018 
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Penetrometer equipment and testing techniques for offshore design 
of foundations, anchors and pipelines 


M.F. Randolph, S.A. Stanier, C.D. O’Loughlin, S.H. Chow, B. Bienen, J.P. Doherty, 


H. Mohr, R. Ragni & M.A. Schneider 


University of Western Australia, Perth, Australia 


D.J. White 
University of Southampton, Southampton, UK 


J.A. Schneider 
USACE, St. Paul, MN, USA 


ABSTRACT: This paper attempts to categorise geotechnical field site characterisation tools in a 
hierarchical manner, as appropriate for the progression from initial surveys to detailed geotechnical design 
of specific infrastructure. In general, the hierarchy reflects more the sophistication, and hence cost, of 
the field tools, although small-scale tools developed to explore box core samples are something of an 
exception, with the potential for high quality data at low cost. These ideas are explored in the context of 
modern developments in equipment and methods of deployment, and in the manner in which the data 


may be used efficiently in design. 


1 INTRODUCTION 


The current economic climate for offshore energy 
is requiring improved efficiency in the design 
of subsea infrastructure, a key starting point for 
which is optimising site investigation (SI) data and 
their application in design. Geotechnical design for 
deep water developments is dominated by subsea 
infrastructure such as subsea foundation units and 
in-field pipelines founded within the uppermost 
sediment layers. Even anchoring systems, particu- 
larly for mobile drilling systems, will generally lie 
within the top 10 to 20 m of the seabed. Hence 
the vast majority of deep water infrastructure 
is founded within sediments that are well within 
reach of relatively modest-sized robotic seabed 
tools or free-fall penetrometers. There is, however, 
a marked difference between testing requirements 
for pipeline design parameters, where the focus is 
generally the upper 0.5 m of the seabed, and those 
for subsea foundations and anchors. 

For coastal and other shallow water develop- 
ments, the challenge of acquiring in situ test data 
is reduced somewhat, although for applications 
like cable laying it may be sufficient just to identify 
sediment type. Economic pressures, particularly 
for wind and wave energy applications, will require 
optimisation of the spatial frequency of acquiring 


data in situ, and how the data are then applied in 
design to best advantage. 

This paper discusses advances in site inves- 
tigation approaches, with initial focus on novel 
approaches for near-surface characterisation and 
cost-effective free-fall penetrometry, which have 
particular relevance for deep water projects or 
for identifying surficial sediment types generally. 
The advances are considered in light of the need 
to balance cost and quality of data at different 
phases of a project. The paper also discusses the 
growth in ‘direct’ use of CPT data in design meth- 
ods, such as for jack-up rig foundations. Potential 
differences between ‘indirect’ use of CPT data to 
derive simplified strength profiles, and more direct 
incorporation of what may appear relatively minor 
fluctuations in the cone resistance through the 
stratigraphy, are examined. 


2 PHASES OF GEOTECHNICAL SITE 
CHARACTERISATION 


2.1 Exploratory phases 


For a new development, early investigation phases 
are focused on obtaining geophysical data in order 
to establish a broad geological model for the region. 
Historically, very limited (if any) geotechnical data 


on the upper seabed sediments are obtained until 
later. This approach is influenced to a large degree 
by cost, since geophysical data may be gathered 
using relatively small vessels, with limited deck 
space for accommodating geotechnical investiga- 
tion equipment. 

Nowadays, however, lightweight (compact) 
tools, such as box core samplers, free-fall pene- 
trometers and lightweight seabed frames equipped 
with small diameter coiled rod cone penetrometers 
are being incorporated increasingly in geophysical 
investigations. These provide early indications of 
the near-surface sediment properties, which are 
difficult to assess from standard seismic reflection 
tools (Peuchen & Westgate 2018). 

In spite of inevitable disturbance of the soil 
recovered in a box core, reasonable quantitative 
estimates of intact and remoulded shear strength 
may be obtained from miniature penetrometer 
(T-bar or ball) tests conducted in the upper 0.3 m 
or so, depending on sample recovery (Low et al. 
2008). As discussed in more detail later, additional 
parameters for pipeline design may be determined 
from torsional tests on novel types of penetrom- 
eter (White et al. 2017). 

Free-fall penetrometers also offer cost-effective 
investigation of the near surface seabed. Even 
simple devices that just measure the deceleration 
(e.g. Stark et al. 2009, 2012) will allow approximate 
estimation of the strength of the upper sediments, 
providing useful guidance for pipeline route assess- 
ment. Modern lightweight free-fall piezocones offer 
much more quantitative assessment of the strength 
profiles through the upper material (Stegmann 
et al. 2006), provided the interpretation approach 
is appropriate (Chow et al. 2017). 


2.2 Main geotechnical SI phases 


In the main phases of geotechnical site investiga- 
tion, larger vessels capable of handling larger and 
more sophisticated drilling and field testing equip- 
ment are used. Even here, though, the modern trend 
is for more compact, seabed-based robotic drilling 
and testing equipment, rather than conventional 
drill ships. In deep water, seabed-based systems are 
preferable in terms of cost (with compact equip- 
ment allowing smaller vessels) and datum stability 
since the systems are decoupled from wave-induced 
vessel motions. 

Advances in robotic control have led to a 
number of commercial seabed-based robotic drill- 
ing, sampling and testing systems. The pioneer 
amongst these in terms of increased depth of 
water and soil depth investigated was the port- 
able remotely operated drill (PROD), developed 
by Benthic Geotech (Figure 1). The equipment fits 
within standard shipping containers for transport. 


Figure 1. Benthic Geotech's portable remotely operated 
drill (PROD). 


Figure 2. Fugro seafloor drill. 


PROD and other systems, such as the Fugro Sea- 
floor Drill (Figure 2), use an umbilical cable to 
power the seabed frame, although smaller systems 
can use remotely operated vehicles (ROVs) as a 
power source (Randolph 2016). 

Seabed frames with advanced actuation offer 
the potential for more sophisticated penetration 
testing, for example by varying the rate of penetra- 
tion in order to explore effects of strain rate and 
partial consolidation. This can yield measurements 


that are more representative of conditions around 
the target infrastructure—which may involve sig- 
nificant changes in soil strength due to installation 
and in-service loading. 

Full-flow penetrometers, such as the T-bar and 
piezoball with projected areas typically a factor 
of 10 greater than that of the shaft immediately 
behind the probe, provide potential for cyclic 
motion in order to remould the surrounding soil. 
They are often considered as applicable only for 
shallow uniform fine-grained sediments. How- 
ever, experience in layered carbonate material has 
shown that they provide consistent data to CPTs 
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in layered sediments, generally with T-bar and ball 
resistances showing slightly lower magnitudes of 
spikes in resistance (see Figure 3). 

The addition of pore pressure sensors on so- 
called ‘piezoball’ penetrometers, either as dis- 
crete button filters or continuous annular filters, 
enhances their potential as a stratification tool, 
and also allows field assessment of consolidation 
properties by means of dissipation tests (Mah- 
moodzadeh et al. 2015). 

As illustration of this potential, Figure 4 shows 
the range of penetration resistance mobilised in 
a carbonate silt, relative to a standard rate pen- 
etration test. The data are from the RIGSS JIP 
(White et al. 2017) and span a factor of 20 between 
fully remoulded conditions and those after full 
consolidation. 

The data from Figure 4 were obtained under 
laboratory conditions, in a centrifuge model test, 
although similar data may be acquired from in 
situ tests. In the carbonate silt, penetration under 
undrained conditions even at the very high rates 
associated with free-fall penetrometers, gives lower 
resistance than for drained conditions at a very 
slow penetration rate. In stronger soils, such as 
medium dense silica sand, undrained conditions 
will most likely provide the highest penetration 
resistance due to the dilative nature of such soils. 
The effect of sand density on the relative magni- 
tudes of drained and undrained penetration resist- 
ances is well illustrated by the penetrometer data 
presented by Chow et al. (2018). 

The very high resistances in sand mobilised 
under undrained conditions have been observed 
in field free-fall penetrometer tests, leading to 
rapid arrest of the penetrometer (Stark et al. 
2012). Although this limits the depth that can be 
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Figure 4. Penetration resistances mobilised in a carbonate silt through different penetrometer test procedures. 


explored, the information of shallow sandy sedi- 
ments with high (undrained) penetration resist- 
ance has value for design. With some additional 
inputs, for example knowledge of mineralogy and 
particle size of the sediments, the deduced pen- 
etration resistances may be interpreted in terms of 
relative density, in the same way as for static CPTs 
(White et al. 2018). 

Prior to cavitation the undrained strength of 
sand may be estimated using the framework of 
Bolton (1986) or a state parameter approach 
(Been et al. 1991). After cavitation, although this 
is unlikely to occur in deep water, an upper limit 
to the penetration resistance may be estimated by 
considering the cavitation pressure as a “back pres- 
sure” acting in conjunction with the geostatic effec- 
tive stress state. 

Improvements in control and testing procedures 
open the door to much more sophisticated seabed 
testing. Figure 5 shows schematically the range 
of shear strength data that may be acquired, rela- 
tive to strengths relevant for design of different 
offshore infrastructure. The diagram reflects the 
variations in penetration resistance arising from 
different testing procedures, as discussed with 
respect to Figure 4. The horizontal spread reflects 
changes in strength due to consolidation (left side) 
or disturbance and remoulding (right side), while 
the vertical axis signifies changes in strength due 
to shear strain rate. 

Modern robotic systems also have the con- 
trol potential to allow seabed testing that targets 
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stiffness measurement. For example, fatigue design 
of riser systems requires information on the vertical 
riser-soil stiffness, and how that varies with time and 
displacement amplitude of cyclic perturbations. 

For a steel catenary riser, the relevant stiffness 
may vary by 1 or 2 orders of magnitude through 
the touchdown zone as the displacement ampli- 
tude of the riser changes. At a given amplitude, 
the stiffness will also tend to reduce in the short 
term as the soil responds to cyclic shearing, but to 
increase with time due to consolidation (Clukey 
et al. 2017, Yuan et al. 2017). 

Future potential for field tests, either on the 
seabed or in recovered box core samples (Kelleher 
et al. 2010, Boscardin & DeGroot 2015), is dis- 
cussed in the following section, drawing on recent 
experience on Australia’s North-West Shelf and in 
the Caspian Sea. 


3 NOVEL SHALLOW PENETROMETERS 
FOR PIPELINE DESIGN PARAMETERS 


3.1 Background—RIGSS JIP 


The Remote Intelligent Geotechnical Seabed Sur- 
veys Joint Industry Project (RIGSS JIP) was initi- 
ated by the University of Western Australia (UWA) 
and is reaching the end of the 3 year program of 
activities. A focus of the JIP has been the develop- 
ment of new and improved techniques for in-situ 
geotechnical investigation of the upper few metres 
of the seabed. 
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The RIGSS JIP has pursued three ‘visions’, 
which are illustrated in Figure 6: 


1. The RIGSS SI: A remote SI platform with 
robotic control of intelligent tools gathering 
parameters targeted towards design. 

2. Earlier geotechnical definition in projects: 
leading to reduced uncertainty and risk, and a 
reduced need to carry multiple options through 
design. 

3. Direct geotechnical design: a design philosophy 
using in situ test data more directly to deter- 
mine the response of pipelines, foundations, 
and other geotechnical systems 


Together, these three ideas aim to allow more 
accurate forecasting of the behaviour of seabed 
infrastructure. New types of penetrometer can be 
shaped and manipulated in ways that more closely 
represent the infrastructure being designed. The 
resulting data provide the potential to eliminate or 
simplify the journey from measured resistance to a 
lab-based strength and back to a predicted resist- 
ance or capacity. 

A particular focus of the RIGSS JIP has been 
on shallow surveys that cover extensive areas, such 
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Figure 6. RIGSS JIP motivations (after White et al. 
2017). 


as for pipelines, where low-cost, remotely oper- 
ated SI tools and smart testing techniques offer 
potential to improve efficiency and deliver more 
valuable data. Intelligent tools—such as the shal- 
low penetrometers—give data that can be fed 
more directly into geotechnical design, reducing 
the timescale and uncertainty associated with the 
design outcome. 


3.2 Offshore box core testing 


Three types of ‘shallow’ penetrometers have been 
pursued within the RIGSS JIP. The toroidal and 
hemispherical (hemiball”) penetrometers were first 
described by Yan et al. (2011); more recently a ring- 
shaped variant on the toroid with a flat interface 
has been trialled. During a test, these devices are 
penetrated to a depth of less than a diameter (of 
toroidal bar, or hemiball) and are then subjected to 
one or more stages of rotation under maintained 
vertical load. Their shape and the interfacial slid- 
ing mode of failure resemble a pipeline, or other 
surface infrastructure such as mattresses or surface 
foundations. 

Devices at box core scale have been developed 
and trialled in the UWA laboratory on reconsti- 
tuted kaolin and carbonate silt samples. The sys- 
tem has also been taken offshore, for field trials 
on two surveys by the RIGSS JIP partners. The 
general design of the box core toroid penetrom- 
eter and the integrated data acquisition system are 
shown in Figure 7. The vertical force and torque 
on the penetrometer are monitored continuously, 
as are the pore pressures at multiple locations on 
the surface. 

The soil-interface resistance is derived from the 
measurements, in terms of both total and effective 


On-board DAQ 


Figure 7. Toroid penetrometer with on-board DAQ 
and 2-axis load cell (vertical force and torque). 


normal stresses. Dissipation stages allow the con- 
solidation coefficient to be determined for fine- 
grained soils, while the timing of rotation stages 
may be varied to deduce both drained and und- 
rained interface strengths. 

Box-coring operations during one of the recent nee 
offshore trials are shown in Figure 8. By utilising E Pasii 
multiple box core sleeves, sampling operations may Shallow 
be continued in parallel with shallow penetrome- wane Mable 
ter testing within a previously recovered box core aia alo 
sample. Depending on the drainage properties of 
the samples, a full set of penetrometer tests in the 
box core might take 1-3 hours. If this aligns with 
the cycle time for the vessel transit between loca- 
tions and box core recovery, then two sleeves can 
be alternated between sampling and testing. 

The box core actuator system is shown dur- 
ing testing within a box core sleeve in Figure 9. 
Another approach is to take large diameter tube 
samples from the box cores, and perform tests off 
the sampling critical path using the arrangement 
shown in Figure 10. 

The initial field trials provided valuable lessons 
to improve the procedures for deploying the tests 
and determining the best combination of tests to 
perform in a given soil type, to optimise the infor- 
mation gathered. The deck of a survey vessel is a 
challenging environment for performing precision 
testing, but vessel motions and changes in ambient 
temperature have had no detrimental effect on the 
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measurement quality emerging from the shallow 
penetrometer tests. To date, the testing equipment 
has required operation by a researcher familiar 
with the equipment and software controls. As the 
technology evolves, simpler systems will be cre- 
ated. We anticipate that shallow penetrometer test- 
ing could then be available on a basis similar to the 
existing Fugro DECKSCOUT and other box core 
penetrometer systems. 

A typical set of results is used to illustrate the 
performance of the toroid penetrometer (Figure 7), 
operated in a box core sample of carbonate silt. 
The initial stage of a toroid test involves vertical 
penetration of the device to a depth of typically 
20% of the diameter (Figure 11). The results are 
converted to a linear profile of undrained strength, 
S„ using the bearing capacity model set out by 
Stanier & White (2015). In this approach, the bear- 
ing factor, N,, is varied according to the depth and 
strength gradient, and a (small) adjustment is also 
made for soil buoyancy. An iterative process is 
required to reach s, because N, varies with s, itself. 
The minimal noise in the measured data is equiva- 
lent to less than 0.1 kPa of strength (Figure 11). 

After reaching the target depth, the vertical 
load on the penetrometer is maintained constant, 
while the excess pore pressure at the invert dissi- 
pates (Figure 12). The initial response—over the 
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Figure 11. Fitting of measured toroid penetration 
response in carbonate silt with analytical model: (a) 
measured vertical load; and (b) interpreted profile of 
undrained shear strength, s,. 
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Figure 12. Toroid dissipation in carbonate silt: 
(a) measured response; and (b) interpreted coefficient of 
consolidation, c.. 


first five seconds of the dissipation—shows a rise 
in pore pressure, typical for dilatant soils. During 
the subsequent 10 minutes, the response follows 
closely the analytical model set out by Yan et al. 
(2017), based on numerical analysis. By matching 
the curves at the 50% dissipation point, a consoli- 
dation coefficient of 65 m?/year is determined. 

The next stage of the test involves rotation of 
the toroid (Figure 13). Initially a high rotation 
rate is used to mobilise the undrained interface 
strength, including any initial peak but continuing 
towards the stable or residual value used in pipe- 
line design. The rotation rate is then reduced by a 
factor of 10. Rotation continues as the resistance 
rises towards the drained limit, controlled by the 
interface friction angle. 

The measured torque and vertical force are con- 
verted to interface friction ratio by dividing the 
torque by the effective radius (at which the result- 
ant of the circumferential resistance acts) and 
multiplying the vertical force by a ‘wedging factor’ 
(White & Randolph 2007) to give the total normal 
force on the interface. The resulting interface fric- 
tion ratio can be fitted by undrained and drained 
limits (Figure 13), which are key inputs to pipeline 
design. The rate of transition provides another 
indication of the consolidation coefficient, which 
may differ from the initial dissipation stage. 


E 
g 
¿8 
2 
E 
o 
E 
3 Undrained limit 
= - Drained limit 
0 20 40 60 80 
Displacement, 6 (mm) 
1.0 

a (b) Cy» %265.0m? /yr 
A 
= uo 

2 0.64 e 

o Pa 

E e“ 

8047 Ar” 

Ss 

= 

2024 —— Test 

T ---- Model 

0.0 
10% 10° 10° 10" 10° 
Dimensionless time, T'(-) 
Figure 13. Toroid rotation in carbonate silt: evolu- 


tion of interface friction, u with (a) displacement; and 
(b) dimensionless time. 


The undrained limit, if the soil has been nor- 
mally consolidated under the penetrometer vertical 
load, is the ‘c/p’ or normally consolidated und- 
rained strength ratio for the interface. The drained 
limit is tan(6,,,) where ô, is the residual interface 
friction angle. This interpretation is aligned with 
conventions for pipeline design (White et al. 2017, 
DNVGL 2017). 

The interface response can also be interpreted in 
effective stress terms using the pore pressure meas- 
urements (Figure 14). This provides useful confir- 
mation of the drained friction, particularly if the 
tests are curtailed before pore pressure equilibrium 
is reached. 

An additional type of test involves episodic rota- 
tions with intervening dissipations, which results in 
gradually increasing undrained resistance with each 
cycle (Yan et al. 2014, Boscardin & DeGroot 2015). 
The data may be interpreted within a consolidation 
framework, and used to support assessment of 
‘consolidation hardening’ by which pipeline axial 
friction can rise through cycles of movement. 

Overall, subject to a suitable box core sample 
being recoverable, a short series of shallow pene- 
trometers tests (e.g. 2-3 tests performed over several 
hours), supplemented with conventional miniature 
T-bar (or ball) penetrometer tests, can provide all 
of the geotechnical strength and consolidation 
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parameters required for pipeline design. We hope 
that these technologies will be taken forward by the 
RIGSS JIP partners over the coming years, allow- 
ing wider adoption in project practice. 


4 FREE-FALL PENETROMETERS 


4.1 Introduction 


Free fall penetrometers (FFPs) may be divided into 
different classes, according to the sophistication of 
instrumentation (ranging from just accelerometers 
to fully instrumented with tip and shaft load cells 
and pore pressure sensors). Recent developments 
have included two-stage combined FFP systems 
where free-fall penetration is followed by static 
penetration. In addition, extended base FFPs have 
been explored for soft sediments, as discussed later. 
The discussion below describes different types of 
FFPs, and then summarises interpretation in fine- 
grained sediments. 


4.2 Probe geometry 


A variety off FFPs are shown in Figure 15. They 
vary in mass and geometry from the 52 mm diam- 
eter by 0.215 m long 0.7 kg expendable bottom 
penetrometer (XBP, Stoll & Akal 1999) to the 
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Figure 15. FFPs: (a) CPT Stinger (Young et al. 2011) 
(b) University of Bremen FFCPT shown in long and short 
(inset) modes (Stegman et al. 2006) (c) Brooke Ocean 
“FFCPT-660’ (Mosher et al. 2007) and (d) BlueDrop 
(Stark et al. 2014). 


160 mm diameter (with a standard CPT tip) by 
23 to 35 m long 3200 kg CPT-Stinger (Young 
et al. 2011). Penetration is generally proportional 
to mass (or momentum) per unit area (Peuchen 
et al. 2017), with the XBP generally penetrating 
less than 0.3 m, and the CPT-Stinger capable of 
reaching 20 m of dynamic penetration followed by 
another 15 m of static penetration. 

A class of intermediate size probes capable of 4 
to 6 m of penetration in soft clays, 1 to 2 m pen- 
etration in stiff clays and silts, and less than 0.5 m 
penetration in sands is seeing increased use for 
shallow investigations in soft materials. These pen- 
etrometers are relatively portable and can be used 
from survey size vessel with a high-speed winch for 
deployment and retrieval, with diameters of 100 to 
200 mm, lengths of 1 to 6 m, and mass of 10 to 
500 kg. They include: 


e NAVFAC eXpendable Doppler Penetrom- 
eter (XDP) (Beard 1985, Orenberg et al. 1996, 
Thompson et al. 2002) 

e Seabed Terminal Impact Naval Gauge (STING) 
(e.g. Mulhearn 2003) 

e Brooke Ocean Free Fall CPT (FFCPT ) (Furlong 
et al. 2006) 

e Bremen Free Fall CPT (FFCPT) (Stegmann 

et al. 2006) 

NIMROD (Stark et al. 2009) 

LIR meter (Stephan et al. 2011) 

BlueDrop (Stark et al. 2014) 

Graviprobe (Geirnaert et al. 2013) 

Instrumented Free-Fall Sphere (IFFS) (Morton 

et al. 2016a) 

e SEADARTI (Peuchen et al. 2017) 


4.3 Sensors 


Historically FFPs were only equipped for accelera- 
tion or velocity measurements. With the need for 
higher quality measurements of the location of the 
seabed, soil strength, as well as inferences of soil 
type, additional sensors such as optical sensors, tip 
stress, sleeve friction, penetration pore pressure, 
and resistivity have been added to probes. 

The most efficient means of FFP operation is 
whereby the instrumentation package has suffi- 
cient power and storage for a series of tests. In a 
continuous test mode, where the penetrometer is 
repeatedly deployed and retrieved, the instrumen- 
tation package should have storage and battery 
capabilities for about 12 hours of testing. After this 
the package can be removed from the penetrom- 
eter for battery recharging and data download, or 
alternatively the package could be replaced with a 
spare system, allowing testing to continue without 
delay. 

Modern data acquisition systems allow for this 
mode of operation. For example, the UWA instru- 
mentation package shown in Figure 16 is suffi- 
ciently compact to fit within the smallest FFPs, but 
allows for sampling rates of up to 500 kHz and at a 
practical sampling rate of 1.5 kHz for FFP tests, up 
to 225 hours of data storage and 20 hours of con- 
tinued use before the batteries require recharging. 

All FFPs measure acceleration along an axis 
aligned with the body of the FFP (although 
often sensors with different measurement ranges 
are included to optimise resolution). The UWA 
instrumentation package shown in Figure 16 is an 
inertial measurement unit (IMU), which measures 
acceleration along each axis of a Cartesian coor- 
dinate system and provides independent measure- 
ments of the rotations about each axis of the same 
coordinate system. Transforming the measure- 
ments from the body reference frame of the FFP 
(which will be changing during an FFP test if the 
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Figure 16. UWA inertial measurement unit (IMU). 


FFP tilts by varying amounts) to a fixed refer- 
ence frame avoids the difficulty in identifying the 
component of the acceleration signal that is due to 
FFP rotation from that due to changing accelera- 
tion (Blake et al. 2016). 

O’Loughlin et al. (2014) showed that the correc- 
tions using this approach become appreciable at 
tilts in excess of 10°. Conical shaped penetrometers 
appear to tilt less than this threshold (Kopf et al. 
2007), but for other penetrometers, particularly the 
free-fall sphere penetrometer (described later), the 
tilts are likely to be much higher, such that an IMU 
approach is required. 


4.4 Interpretation using acceleration data 


The ultimate objective of a FFP test in fine- 
grained material is to assess the undrained shear 
strength s,. This may be derived from the tip resist- 
ance in the conventional way as for a static CPT, 
but with appropriate allowance for the high strain 
rates resulting from the high velocity penetration. 
Ideally, the FFP should measure the tip resistance 
directly. However, for FFPs that do not include 
a tip load cell, estimation of the tip resistance 
involves a number of steps and uncertainties. 

The tip resistance may be derived from the pene- 
trometer mass, m, times the measured acceleration, 
a = v(dv/dz) according to 


W, -mv(dyv/dz)- Q, - F, -F, 
A 


(1) 


dre? = 
tip 


where v is the FFP velocity, z the penetration, W, 
the submerged weight of the FFP in water, Q, the 
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frictional resistance along the shaft, F, the drag 
resistance (due to soil inertia), F, the buoyancy 
force equal to the effective weight of the displaced 
soil and A,,, the cross-sectional area of the tip 
(True 1976, Rocker 1985, O’Loughlin et al. 2004, 
Chow et al. 2017). 

The challenge with this approach is in correctly 
identifying and quantifying the magnitude of the 
various terms in Equation (1). A further compli- 
cation is that, since the undrained shear strength 
(derived from the tip pressure q, psp) contributes 
towards the shaft resistance, an iterative approach is 
needed in solving for the tip resistance. This may be 
avoided for extended base FFPs such as the free-fall 
sphere and STING, since the shaft resistance may be 
excluded from Equation (1). However, it may then 
be necessary to consider the additional soil mass 
that moves with the base (Morton et al. 201 6b). 


4.4.1 Hydrodynamic and soil drag 

Soil drag resistance can dominate interpretation of 
strength in weak seabeds at shallow embedment, 
and accounting for this parameter is necessary for 
accurate strength assessments as well as in probe 
design. Soil drag is calculated in the same manner 
as for hydrodynamic drag, as 
Fy =0.5C ¿PA yv? (2) 
where p, is the saturated density of the soil and Cp 
is the drag coefficient, the value of which depends 
on the penetrometer geometry. The density must 
be estimated (since samples are not taken) and 
there is uncertainty in the drag coefficient. 

Consideration of the acceleration trace during 
the free-fall in water phase allows the fluid drag 
characteristics, and its variation with Reynolds 
number for a particular geometry, to be established 
(Morton et al. 2016a, O’Beirne et al. 2017). It is 
common to estimate the soil drag coefficient as 
the same as the fluid drag coefficient, which tends 
to vary from about 0.15 (increasing with L/D) for 
cylindrical penetrometers with hemispherical tips, 
to about 0.26 for spheres. 

If the fluid and soil drag coefficient are assumed 
equal, the influence of the tether on drag char- 
acteristics should be considered. Depending on 
probe mass, geometry, fall height through water, 
and tether characteristics, tethered terminal veloci- 
ties may be half or less than untethered velocities, 
as indicated by offshore data in Figure 17. Upon 
seabed impact the tether may tend to go slack, 
changing the drag resistance implied by the probe 
impact velocity. 


4.4.2 Shaft frictional resistance 

For probes that only measure acceleration or 
velocity, the friction along the side of the probe 
must be subtracted from the total resistance to 
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Figure 17. Influence of tethering on penetration of 


NAVFAC XDP drop through 30 m of water into a low 
plasticity clay with s, of 10 to 20 kPa in the upper 0.75 m. 


assess tip resistance. Shaft friction on the side 
can be estimated based on the undrained strength 
through an adhesion factor, o, which is commonly 
assumed to be the inverse of the soil sensitivity. 
The total shaft friction at any given penetration is: 
Q, = YAA sut Reis, (3) 

The significant uncertainty in soil sensitivity 
(or 0), and how that varies with depth, will propa- 
gate through to the accuracy of the estimated 
tip resistance. The shaft friction is also found to 
exhibit much higher rate effects than the tip resist- 
ance (as discussed later) and hence a higher rate 
parameter Ry (Steiner et al. 2014, Chow et al. 
2017). The uncertainty in both the soil sensitivity 
and Ryan is the most significant factor for accurate 
estimation of soil strength using the accelerometer 
measurement. 


4.5 Cone tip resistance and derivation of s$, 


Improved estimation of soil strength can be 
obtained by measuring the FFP tip resistance 
directly with a load cell. Interpretation is similar 
to that for a static CPT, with the additional need 
to deduct drag resistance and to discount the soil 
strength for strain rate effects, according to: 


= q. FFP dp + u, (1 Oone) Ow 


g Ry ip N kt 
= Aneta pe Ones (4) 
Re sip N kt Na 
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where Q, ppp is the measured tip resistance, u, the 
pore pressure measured or estimated at the cone 
shoulder, 0%... the unequal area ratio, o, the over- 
burden stress, q, the drag resistance (equivalent to 
F/A ;, from Equation (1)), R,,,, the strain rate fac- 
tor for tip resistance, N,, the cone factor, Q,., the 
resulting dynamic net cone resistance and qnes the 
static net cone resistance from a conventional CPT. 


4.6 Viscous rate effects 


The extremely high penetration velocity of an FFP 
(especially at shallow depth) leads to very high 
strain rates in the soil that will enhance the soil 
strength beyond nominally undrained values. The 
effect of strain rate may be modelled using either 
a semi-logarithmic (or inverse hyperbolic sine 
function) or power law (including the Herschel- 
Bulkley formulation). The simple power law of 


„NB B 
MOE 
ref 


m E 


has generally been adopted as it is found to capture 
rate effects better than logarithmic functions over 
large ranges of strain rate (Biscontin & Pestana 
2001). Here 7 is the strain rate, 7, the refer- 
ence strain rate associated with the reference value 
of undrained shear strength and $ a strain rate 
parameter. The average strain rate may be linked 
directly to the normalised velocity, v/D. Due to the 
different rate effects observed for the tip and shaft 
resistance (see later, Figure 19) different strain rate 
parameters, Bj, and Bn are recommended for 
estimating R y ¿ya and Re, in Equations (3) and (4) 
respectively. 

The reference strain rate, and hence selec- 
tion of Vi and Dpp should correspond to nomi- 
nally undrained conditions, similar to those that 
would develop in a static cone penetrometer 
test. For instance selection of vi = 20 mm/s and 
D = 35.7 mm would result in a strength that 
would be comparable to that measured by a 10 cm? 
cone penetrated at the usual 20 mm/s. For an FFP 
with diameter of 100 mm, travelling at velocity, 
v = 10 m/s, v/D = 100 s”!, two orders of magnitude 
higher than in the static 10 cm? cone test. For this 
magnitude variation in strain rate, the strain rate 
parameter Ba is typically in the range 0.03 to 0.09 
for tip resistance (Lehane et al. 2009, O'Loughlin 
et al. 2013, 2016, Chow et al. 2017). 


(5) 


4.7 Example interpretation from test data 


An example interpretation from centrifuge experi- 
ments in kaolin clay (Chow et al. 2017) is provided 
in Figure 18 to Figure 20. The interpretation based 
solely on acceleration measurements (but with 
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Figure 18. Estimated s, profiles using the accelerometer 
method (after Chow et al. 2017). 
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Figure 19. Back-fitted rate parameters for (a) shaft resist- 
ance and (b) net tip resistance (after Chow et al. 2017). 
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Figure 20. Deduceds, profiles using tip load cell (after 
Chow et al. 2017). 


no account taken of any ‘tethering’ effects since 
these are negligible for the centrifuge model test) 
underestimates the strength deduced from static 
CPTs by approximately 50%, even when separate 
strain rate parameters (Bu and B,,,,) are applied, 
as established in direct measurements from the tip 
and shaft load cells of the FFP (see Figure 19). 
This large discrepancy is caused by the uncertainty 
in estimating the dynamic shaft resistance reliably 
(Chow et al. 2017). 

Figure 20 shows (for the same Chow et al. 2017 
centrifuge tests) that when the interpretation is 
based on the tip load cell and u, pore pressure 
measurements, s, values determined from static 
CPTs and FFP tests are essentially indistinguish- 
able. The interpretation on Figure 20 uses a 
median B,,, = 0.06, with variations in B,,, (reducing 
to Pup =0.035 and increasing to B,, = 0.085) leading 
to changes in the FFP s, interpretation that vary 
by less than +10%. Interestingly, the u, excess pore 
pressure response was mainly negative in the FFP 
tests and positive in the static CPTs, although the 
measured (negative) u, without adjustment was 
needed in Equation (4) for correcting the unequal 
area effect in order to provide the agreement in 
Figure 20. 

The negative u, measured during the dynamic 
penetration has been attributed to local effects due 


to the cone geometry and position of the u, sensor 
(Chow et al. 2014). The phenomenon may be con- 
sidered a result of Bernoulli effects, as illustrated 
by computational fluid dynamics analyses for free 
fall in water (Lucking et al. 2017, Mumtaz et al. 
2018). Negative u, values following embedment 
were also found in large deformation finite element 
analyses for soils that show strain rate dependency 
of strength (Sabetamal et al. 2016). This requires 
further experimental validation, and is particularly 
important if FFPs are to be interpreted to provide 
Robertson-style soil behaviour types. 


4.8  Penetrometer shape 


Where accurate determination of s, at shallow 
depths (e.g. < 1 m) is required, there may be ben- 
efits in employing “extended base' FFPs. Exam- 
ples include the plate-tipped STING (Mulhearn 
2003, Fawaz et al. 2016; Chow & Airey 2014; 
see Figure 21a) and the free-fall sphere (Morton 
et al. 2016a, b; see Figure 21b). Due to the rela- 
tively large tip area of these FFPs, drag resistance 
becomes a significant and often dominating com- 
ponent of the soil resistance. 

In addition to the better resolution in s, permit- 
ted by the larger tip area, there is essentially no 
shaft resistance on an extended base FFP, so that 
the complex calculation of dynamic shaft resist- 


Figure 21. 
et al. 2016), (b) free-fall sphere. 


Extended base FFPs: (a) STING (Fawaz 


ance is avoided. This allows s, to be determined 
indirectly from the acceleration measurements, 
meaning that this class of FFP does not require 
load cell measurements. 

Example interpreted s, profiles for the free-fall 
sphere are provided in Figure 22 for a lake-bed clay 
in Northern Ireland and a nearshore clay in the 
Firth of Clyde, off the West coast of Scotland. Sig- 
nificant penetrations were achieved, particularly in 
the very soft lake-bed clay, using impact velocities 
typically in the range 4 to 8 m/s. 
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Figure 22. Comparison of undrained shear strength 
profiles derived from free-fall sphere acceleration data 
and push-in piezoball penetration resistance: (a) a lake 
site (Lough Erne, Northern Ireland) and (b) a nearshore 
site (Firth of Clyde, Scotland) (Morton et al. 2016a). 
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The free-fall sphere s, profiles are seen to agree 
well with static piezoball tests on Figure 22, where 
the same piezoball factor was used (at each site) to 
calculate s, from the static and FEP net resistance, 
and the same strain rate parameter, B = 0.07 and 
drag coefficient, C4 = 0.26 were used for both sites. 
Interpretation of the Clyde tests—static and free- 
fall —required adjustment of the bearing capacity 
factor at shallow depths, as discussed in the follow- 
ing section. 

The sensitivity to uncertainty in B is demon- 
strated by Figure 23, which compares centrifuge s, 
profiles from free-fall sphere tests with equivalent 
static profiles for a reconstituted carbonate clay 
from Laminaria (Timor Sea); B is varied by +0.02 
from the base case B = 0.07 (used for both the cen- 
trifuge and field tests). The lower bound B = 0.05 
corresponds with the largest departure from 
the base case profile established using B = 0.07, 
although by less than 20%. This uncertainty is 
comparable to the differences that are commonly 
linked to uncertainty between different laboratory 
strength tests (Bienen et al. 2010). 


4.8.1 Shallow embedment correction factors 

For large diameter penetrometers, it is necessary to 
modify the bearing capacity factor, Nppp for shal- 
low embedment (e.g. Rocker 1985, Aubeny & Shi 
2006, White et al. 2010, Morton et al. 2016a). The 
bearing capacity factor tends to increase from the 
shallow foundation factor at the seabed interface 
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to the deep factor at depth. In soils with a constant 
strength, the deep factor is typically reached within 
approximately four diameters (depending on the 
normalised strength ratio s /yD). The shape of the 
transition to “deep” conditions will be influenced 
by the strength gradient and unit weight of the soil 
(e.g. Stanier & White 2015). 


4.9 Summary comments on FFPs 


In spite of the cost-effectiveness of free-fall pene- 
trometers (FFPs), compared with mobilising a sea- 
bed frame to conduct static penetrometer tests, the 
quality and usefulness of the data acquired need to 
be considered carefully within the context of the 
site investigation objectives. In the early stages of 
characterising the seabed, and particularly for spa- 
tially extensive surveys for pipeline routing, it may 
be sufficient to acquire data that merely distin- 
guishes rock (or cemented) outcrops, from sandy 
deposits all the way down to fine-grained sedi- 
ments of different strengths. Where soft sediments 
can be anticipated, quantitative strength data in 
the upper metre or so would be useful even at a 
preliminary SI stage. 

Lightly instrumented FFPs are sufficient for 
primary categorisation of the seabed material. 
Penetration of the seabed will be minimal for 
cemented crusts, and unlikely to exceed a fraction 
of a metre in most types of coarse-grained (silty 
sands and coarser) material, regardless of the min- 
eralogy or relative density (Stark et al. 2012). This 
may be sufficient during concept selection and 
pipeline routing studies. However, where anchors 
are anticipated, it may be difficult to distinguish 
between sandy sediments sufficiently thick for 
good drag anchor performance, and superficial 
sand layers overlying rock, resulting in much less 
certain anchor holding capacity. 

As in other methods of site investigation, the 
guiding principle must be to ensure free-fall pen- 
etration (and ideally deduction of the tip resistance 
profile) to depths compatible with the design tar- 
get. In fine-grained sediments, where quantitative 
assessment of the shear strength profile is impor- 
tant, the required accuracy needs to be considered 
in choosing the type of FFP. 

The new generation of combined dynamic 
and static penetrometers, where calibration of 
dynamic effects can be achieved through overlap- 
ping zones of dynamic and static data (Young 
et al. 2011, Randolph 2016), are an excellent cost- 
effective approach for moderate-sized foundation 
or anchoring solutions. However, the deploy- 
ment of such systems requires prior knowledge 
that the sediments are fine-grained and relatively 
low strength, excluding any sandy layers or other 
obstructions. Additionally, since calibration with 


respect to rate factors etc. is sensitive to the soil 
type, the correction may not be valid over the full 
depth of dynamic penetration. 

For assessing the shear strength of the upper 
1 m or so of the seabed, smaller FFPs, either 
free-falling piezocones or extended base devices, 
are more cost effective than larger FFPs. Ideally 
one or two independent static CPTs should be 
included for calibration, balancing the operational 
efficiency of FFP testing with the improved confi- 
dence and accuracy from calibration against data 
from static penetrometer tests (Steiner et al. 2012). 
Overall, though, for free-falling cone penetrom- 
eters, direct measurement of tip resistance, albeit 
under dynamic conditions, is essential, given the 
uncertainties associated with drag resistance at 
shallow depths and estimating the rate-enhanced 
shaft resistance. 


5 APPLICATION OF PENETROMETER 
DATA IN DESIGN 

5.1 Trends of indirect and direct penetrometer 

correlations 


Along with the development in geotechnical site 
investigation, which routinely includes in situ pen- 
etrometer testing, methods to use the acquired data 
more directly for foundation design have become 
widespread. The boundary between ‘indirect’ 
and ‘direct’ is not clear cut, but here the former is 
restricted to deriving simplified profiles of funda- 
mental soil properties such as shear strength or the 
equivalent (friction angle or relative density) for 
free-draining sediments. By contrast, direct design 
approaches derive foundation design parameters 
from the CPT data, such as modern approaches for 
axial pile capacity in sand as detailed in Recom- 
mended Practice 2Geo of the American Petroleum 
Institute (API 2011). 

For shallow foundations there are a range of 
approaches, from directly correlating the penetrom- 
eter resistance with the foundation capacity (e.g. 
Lee and Randolph 2011, Pucker et al. 2013, Bienen 
et al. 2015), using the cone tip resistance as input 
in numerical analysis (e.g. Schneider et al. 2018), to 
inferring the soil type from the penetrometer data 
and using the deduced strength in traditional bear- 
ing capacity predictions (e.g. Safinus 2015). The 
last approach might really be considered as “indi- 
rect’ except that the method to extract the layering 
and strength properties is fully automated. 

As with any other engineering application, 
though, the prediction method cannot increase 
the quality or relevance of the input data. Hence, 
in order to obtain accurate predictions, sufficient 
high quality penetrometer data are required at the 
target location in combination with a sound corre- 
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lation method. Furthermore, while computational 
power is ever increasing, the target application may 
still limit what is practicable for routine design (e.g. 
direct input of a CPT profile into large deforma- 
tion numerical analysis to obtain a jack-up spud- 
can load-penetration curve). 

Jack-up spudcans have been the focus of a 
number of proposed correlation methods recently, 
as a result of often sparse site investigation data 
available for a priori predictions and relatively high 
proportion of incidents and accidents (Osborne 
et al. 2006, Hunt 2008, Jack et al. 2013). The pro- 
posed approaches to using penetrometer data 
in design differ in the detailed treatment of soil 
behaviour, but also in the computational effort 
required. 

Assigning soil layers in the geotechnical design 
process retains an element of subjectivity that 
is difficult to remove. Automatic identification 
of primary geotechnical layers from in situ pen- 
etrometer data, for example following Robertson’s 
approach of categorising the soil behaviour type 
index (I, yy — Robertson & Wride 1998, I, — Rob- 
ertson 2016) to assign strength values, feeds into 
a top-down calculation to arrive at the predicted 
spudcan penetration resistance profile (Safinus 
2015). The method offers the advantage of captur- 
ing the evolution of the soil profile (and plug) with 
spudcan penetration, with an example provided in 
Figure 24. Limitations of the approach include the 
reliance on correlations of questionable accuracy 
to infer soil unit weight and strength parameters 
for carbonate sediments, in particular sands. 

The cone tip resistance profile can also be used 
directly to obtain the spudcan load-penetration 
curve via a correlation factor. With the bearing 
capacity factor N, of a deeply penetrated founda- 
tion of approximately 9.0 and recommended aver- 
age value of N, of approximately 13.5, a correlation 
factor of 0.67 is arrived at for clay (Osborne et al. 
2011). Similar direct correlation factors for spud- 
cans penetrating into siliceous and uncemented 
carbonate sand are provided in Pucker et al. (2013) 
and Bienen et al. (2012), respectively. This direct 
correlation method has been benchmarked against 
field data from offshore wind installations on sand 
sites in the North Sea (Edwards et al. 2013), with 
similar performance to predictions based on ISO 
(2012, previously SNAME) — see Figure 25. 

Layered soil profiles introduce the issue of scal- 
ing, as a large size object such as a spudcan will 
have an averaging effect, while a penetrometer 
will resolve finer detail of strength variation. In 
the guidelines originating from the InSafe JIP 
(Osborne et al. 2011) a strength averaging approach 
is adopted to account for the apparent size effect. 

Two other aspects of scale are important. The 
first involves differences in drainage regime for the 
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Figure 25. Comparison of the performance of direct 
CPT correlation and predictions based on ISO (2012). 


penetrating object compared with a penetrometer. 
The second concerns the different modes of fail- 
ure arising in strongly stratified profiles, i.e. with 
sand layers interleaved with layers of fine grained 
sediments. 

The drainage regime may be close to fully und- 
rained for a large diameter foundation such as a 
penetrating spudcan, even in sediments that are 
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Figure 26. Normalised enhancement of penetration 
resistance with non-dimensional velocity. 


essentially free-draining during a penetrometer 
test. These differences in drainage characteristics 
lead to variations in the mobilised resistance, as 
illustrated in Figure 4 and Figure 5. The guidelines 
resulting from the InSafe JIP (Osborne et al. 2011) 
recommend modifying the factor of N./N,, by the 
ratio between spudcan and penetrometer ‘qae val- 
ues arising from partial drainage, as illustrated in 
Figure 26. Values of q,,, are estimated from the 
consolidation curves for normalised velocities 
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V = vD/c, using the spudcan and penetrometer 
diameters. 

Erbrich (2005), Amodio et al. (2015) and 
Erbrich et al. (2015) provide detailed discussion of 
the effect of drainage on spudcan response, includ- 
ing additional consideration of cyclic degradation 
of the carbonate soils prevalent in areas of oil and 
gas developments offshore Australia (North West 
Shelf, Bass Strait). 

With respect to the different penetration mech- 
anisms that occur in stratified profiles, some 
methods (e.g. Safinus 2015) take specific account 
of effects such as squeezing of soft material over- 
lying stronger material, punch-through for ‘sand 
over clay” profiles, and allowance for a plug of 
stronger soil being trapped ahead of the pen- 
etrating spudcan. Simpler approaches are based 
on direct correlation to obtain an estimate of the 
spudcan load-penetration curve from the cone tip 
resistance, including consideration of the averag- 
ing distance. A method of this type is described by 
Bienen et al. (2015) for stratified ‘sand over clay’ 
profiles that may bear the risk of punch-through 
failure. 

Jack-up spudcans are only one application 
example, of course, with other relevant appli- 
cations affected by soil stratification including 
laterally loaded piles and anchor response. The 
example provided in Schneider et al. (2018) illus- 
trates the merit of using in situ penetrometer data 
as input into numerical analysis to obtain founda- 
tion capacity in soil with layering. Another exam- 
ple, but for suction caisson capacity, is given below. 

This section has illustrated a range of approaches 
to utilise penetrometer data in design. Penetrom- 
eter based methods need to be evaluated alongside 
more traditional design approaches, using data 
from actual foundation performance, in order to 
improve confidence in the methods and encourage 
further evolution. This also offers the opportunity 
of evidence-based selection of the most economi- 
cal prediction method, balancing an appropri- 
ate level of sophistication relative to the available 
input data. 


5.2 Direct and indirect application of 
penetrometer data in numerical analysis 


Most foundation and anchor design is based on 
‘interpreted’ penetrometer data, where simplified 
piecewise linear variations of shear strength are 
fitted to profiles of net penetrometer tip resistance 
using appropriate bearing (i.e. cone, T-bar, ball, 
etc.) factors. Schneider et al. (2018) discuss the 
potential errors that may arise from this approach, 
comparing results obtained using either an ideal- 
ised strength profile, or the actual variation of (fac- 
tored) net cone resistance. 
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Figure 27 shows the strength profile deduced 
from CPT data using a cone factor of N,, = 13.5, 
from the second example (C6) considered in Sch- 
neider et al. (2018). The CPT profile is compared 
with the corresponding idealised s, profile of 
s, = max(1.9, 1.43z) kPa, where z is the depth in m. 
Corresponding ratios of the idealised and ‘direct’ 
(i.e. from the CPT profile) shear strengths are 
shown in Figure 28. 

The idealised strength profile shown in 
Figure 27 might not be considered an appropri- 
ately ‘conservative’ idealisation for use in design. 
However, in practice such profiles are generally 
fitted (conservatively) through a number of CPT 
profiles, rather than being a strict lower bound to 
all profiles. The purpose here is to explore what 
potential over prediction of capacity might arise 
from the mismatch of the shear strength profiles in 
the upper few metres. 

For the shallow foundation systems considered 
by Schneider et al. (2018), the vertical capacity of 
strip foundations of widths 5 to 20 m estimated 
using the CPT data directly were some 15% lower 
than those based on the idealised s, profile. More 
significant differences were found for a foundation 
system compromising two linked skirted founda- 
tions, with skirt tips embedded 1.75 m, where the 
moment capacity using the CPT data was less than 
50% of that from the idealised profile. 
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ages for the idealised and ‘direct’ s, profiles. 


Considering the profiles of cumulative aver- 
age strength ratio shown in Figure 28, it might 
be expected that the capacity of a suction anchor 
would be relatively insensitive to the detailed 
stratigraphy observed from the CPT data, in par- 
ticular the weak zone between 2 and 5 m depth. 
However, there are still significant differences. 

Common applications for suction anchors for 
deep water developments include relatively small 
caissons for manifolds and pipeline end termina- 
tions. Typically, lateral loading for such caissons is 
applied near the seabed surface, leading to a rota- 
tional failure mode. 

Figure 29 shows a 4 m diameter caisson embed- 
ded to a depth of 10 m, with loading applied at 
a depth of 1 m at an angle of 5 ° from the hori- 
zontal. The corresponding upper bound failure 
mechanism (Murff & Hamilton 1993) is as indi- 
cated, with a conical wedge failure extending to a 
depth of about 6 m, below which there is a rotating 
spherical failure. 

Upper bound capacities evaluated using either 
the factored CPT data directly or the linearised s, 
profile shown in Figure 27 are 828 kN and 957 kN 
respectively. The nearly 15% difference may be 
attributed partly to the approximately 9% differ- 
ence in the cumulative average shear strength for 
the two profiles between 0 and 10 m. However, the 
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Average s, 6.7 kPa 7.3 kPa 0.92 
(0 to 10 m) 
Anchor capacity 

(rotating) 
Anchor capacity 
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828 kN 957 kN 0.86 


3041 kN 3278 kN 0.93 


weaker upper soil layer leads to further difference 
in capacity for a caisson with loading applied near 
the ground surface. By contrast, capacities for a 
purely horizontally translating caisson differ by 
just the difference in average shear strength over 
the relevant depth range. These results are summa- 
rised in Table 1. 

It is possible to obtain similar capacities by judi- 
cious choice of the idealised s, profile (for example, 
a crustal shear strength of 2.1 kPa, below which 
the shear strength is given by s, = 4.2 + 2z kPa). 
However, offshore design tends to follow a phased 
approach, with a geotechnical interpretive report 
providing simplified strength profiles for a range 
of possible foundation or anchoring systems, and 
detailed design undertaken in a subsequent engi- 
neering phase. The potential for significant over- 
estimation of capacities due to subtle limitations in 
the idealised strength profiles is evident. 


6 SUMMARY 


This paper has considered a number of issues per- 
taining to penetrometer testing and interpretation 
with respect to offshore geotechnical design. The 
important trends are for improved cost-effective- 
ness, timely acquisition of quantitative strength (or 


other design) data, and increased sophistication in 
testing and control procedures. 

In keeping with these trends, the paper has 
included extended discussion of free-fall pen- 
etrometers and the techniques required to obtain 
equivalent “static” strength or resistance param- 
eters. Similarly, the potential for integrating box 
core sampling and deck-based penetrometer test- 
ing in early phases of (geophysical focused) site 
investigation has been discussed. The manner 
of the box-core tests, with close control of load 
and displacement on different axes of motion, is 
extendable to seabed-based testing, consistent with 
the underlying objective of “bringing the labora- 
tory to the seabed’. 

A final consideration has been the manner in 
which penetrometer data should be utilised in 
design calculations. Important issues here are (a) 
to make appropriate allowances for the differences 
in scale between penetrometers, seabed layering 
and the design target; and (b) the increasing poten- 
tial to incorporate the full detail of CPT data in 
design calculations. 
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Inverse filtering procedure to correct cone penetration data 
for thin-layer and transition effects 
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ABSTRACT: This paper presents an inverse filtering procedure for developing estimates of “true” 
cone penetration tip resistance and sleeve friction values from measured cone penetration test data in 
interlayered soil profiles. Results of prior studies of cone penetration in layered soil profiles are utilized 
for developing and evaluating the inverse filtering procedure. The inverse filtering procedure has three pri- 
mary components: (1) a model for how the cone penetrometer acts as a low-pass spatial filter in sampling 
the true distribution of soil resistance versus depth, (2) a solution procedure for iteratively determining an 
estimate of the true cone penetration resistance profile from the measured profile given the cone penetra- 
tion filter model, and (3) a procedure for identifying sharp transition interfaces and correcting the data 
at those interfaces. The details of the inverse filtering procedure presented herein were developed with a 
focus on liquefaction problems, but the concepts and framework should be applicable to other problems. 
Example applications of the inverse filtering procedure are presented for four CPT soundings illustrative 
of a range of soil profile characteristics. The proposed procedure provides an objective, repeatable, and 
automatable means for correcting cone penetration test data for thin-layer and transition zone effects. 


1 INTRODUCTION but there are certain situations where the resulting 
“thin layer” and “transition zone” effects can be 
The cone penetration test (CPT) provides excellent sufficiently important to warrant evaluating. For 
stratigraphic detail and information for estimating example, thin layer effects can be important for liq- 
a wide range of soil properties, but the spatial reso-  uefaction methodologies, depending on the analy- 
lution of cone tip resistance (q,) and sleeve friction sis procedures, soil conditions, and seismic loading 
(£) measurements is still limited by the physical (as discussed in Boulanger et al. 2016). The use 
volume of soil around a cone tip that influences of simplified one-dimensional (1D) liquefaction 
those measurements. Measurements of q, are vulnerability indices (LVIs) can overestimate the 
most strongly influenced by soils within about potential for liquefaction induced deformations if 
10-30 cone diameters (d,) of the cone tip, which the predicted intervals of liquefaction triggering 
corresponds to influence zones of 0.35-1.3 m are primarily associated with numerous thin layers 
thickness for standard 10 cm? and 15 cm? cones. or transition zones. In other cases, the results of 
Measurements of q, and f, therefore depend on  ID-LVI' may be insensitive to thin layer and tran- 
the sequence and properties of all soils within the sition zones if those zones are a small portion of 
zone of influence, such that the cone acts as a low- the predicted intervals of liquefaction triggering. 
pass spatial filter on the true distribution of soil For nonlinear dynamic analyses (NDAs) of sites 
resistance in a soil profile. This physical low-pass with interbedded soils, the representative proper- 
spatial filtering removes information at the shorter ties assigned to the liquefiable interlayers can simi- 
physical wavelengths [m], corresponding to higher larly benefit from accounting for thin layer and 
spatial frequencies [cycles/m], that are necessary transition zone effects in some situations and be 
for defining sharp interfaces between soils with relatively unaffected in others. More commonly, 
different properties. The resulting spatial smooth- thin layer and transition zone effects are just one 
ing of information at interfaces in interbedded soil factor among several that can contribute to an 
deposits is well recognized in practice (e.g., Lunne accumulation of conservatism or bias in predicted 
et al. 1997, Mayne 2007) and has been the focus of behaviors (e.g., Boulanger et al. 2016, Munter et al. 
considerable study. 2017, Cox et al. 2017). 
The loss of detail at shorter physical wavelengths This paper presents an inverse filtering proce- 
during cone penetration in layered soil profiles may dure for developing estimates of “true” cone pen- 
not be of importance in some areas of practice,  etration tip resistance and sleeve friction values 
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from measured cone penetration test data. Results 
of prior studies are briefly reviewed and the availa- 
ble theoretical and experimental data for thin layer 
and transition zone effects in idealized two—and 
three-layer soil profiles are utilized for developing 
the inverse filtering procedure. The inverse filter- 
ing procedure and each of its three primary com- 
ponents are described, including: (1) the model 
for how the cone penetrometer acts as a low-pass 
spatial filter in sampling the true distribution of 
soil resistance versus depth, (2) the solution proce- 
dure for iteratively determining an estimate of the 
true cone penetration resistance profile from the 
measured profile given the cone penetration filter 
model, and (3) the procedure for identifying sharp 
transition interfaces and correcting data at those 
interfaces. Example applications of the inverse fil- 
tering procedure are then presented for four CPT 
soundings illustrative of a range of soil profile 
characteristics. The proposed procedure, which is 
easy to automate and perform, is shown to work 
well for a range of stratigraphies. It is hoped that 
future experience with application of the proce- 
dure in practice will lead to further improvements. 


2 PAST STUDIES OF PENETRATION IN 
LAYERED SOIL PROFILES 

Thin layer and transition zone effects have been 

studied extensively, including contributions from 


the authors listed in Table 1. These studies have 


Table 1. 


utilized elastic analyses, nonlinear analyses (cavity 
expansion and axisymmetric models), and physi- 
cal measurements (1 g physical models, centrifuge 
models, field data). In all cases except the elastic 
analyses by Yue and Yin (1999), these studies have 
focused on idealized profiles with two or three 
uniform soil layers in different sequences; e.g., a 
stronger soil over a weaker soil, a weaker soil over 
a stronger soil, a stronger soil layer embedded in 
weaker soil, or a weaker soil layer embedded in a 
stronger soil. 

The schematic in Figure 1 shows the case of 
a sand layer embedded in a clay deposit to illus- 
trate both the thin layer and transition zone 
effects. The measured tip resistance (denoted as 
q™) will smoothly increase as the cone approaches 
and enters the stronger layer and then smoothly 
decrease as the cone approaches and then enters 
the underlying weaker soil. The “true” tip resist- 
ance (denoted as q') is the value that would have 
been measured in this same soil if the measure- 
ment was free of the influence of the overlying 
and underlying weaker clay soils. The “transition” 
zones are those intervals near the layer interfaces 
over which q™ smoothly increases or decreases 
even though q' abruptly changes. The thin layer 
effect occurs when the peak q™ becomes smaller 
than the corresponding qt, with the error increas- 
ing as the stronger layer’s thickness decreases. The 
thin layer factor (K,,), defined as q' divided by the 
peak q” for the layer, therefore increases as layer 
thickness decreases. 


Past studies of cone penetration in layered soil profiles. 


Authors Primary focus 


Elastic analyses: 

Sayed & Hamed (1987) 
Vreugdenhil et al. (1994) 
Yue & Yin (1999) 


Nonlinear analyses: 

Van den Berg et al. (1996) 
Ahmadi Robertson (2005) 
Xu & Lehane (2008) 

Walker & Yu (2010) 

Mo et al. (2017) 


Physical data: 
Treadwell (1976) 
Meyerhof & Valsangka (1977) 
Foray &Pautre (1988) 
Canou (1989) 

Youd et al. (2001) 
Hird et al. (2003) 
Silva 8 Bolton (2004) 
Mlynarek et al. (2012) 
Mo et al. (2015) 
Tehrani et al. (2018) 


Spherical and cylindrical cavity expansion in layered elastic system 
Elastic solutions for stress distributions in layered elastic system 
Elastic solutions for stresses in a multi-layered system 


Axisymmetric penetration analysis in layered sand and clay 
Axisymmetric penetration analysis in layered sand and clay 
Spherical cavity expansion analogue for layered sand and clay 
Axisymmetric penetration analysis in layered clay 

Cavity expansion analysis for layered sand and clay. 


Chamber tests of cone penetration in layered sand 

Model tests of piles and cones in layered sand and clay 
Chamber tests of cone penetration in layered sand 
Chamber tests of cone penetration in layered sand 
Interpretation of field data 

Chamber tests of piezocones for thin sand/silt layers in clay 
Centrifuge tests of cone penetration in layered sand 
Chamber tests of cone penetration in layered sand and clay 
Centrifuge tests of cone penetration in layered sand 
Chamber tests of cone penetration in layered sand 
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Case #1 Case #2 Case #3 


H=0.7m 


H>1.3 m 


Figure 1. 
1995). 


Youd et al. (2001): Range estimated 
based on examination of field data 


1.8 | 


Ahmadi & Robertson (2005): 
Axisymmetric numerical solutions for 
sand embedded in clay (sy = 20 kPa), 
with o", = 70 kPa and Kọ = 0.5 


1.6 


90% = DR of sand 


1.4 


50 


Thin layer factor, Ky = (9'/Q" poar) 


1.2 3 
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Normalized thickness of strong layer, H/d, 


Youd et al. (2001): Range estimated 
based on examination of field data 
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Mo et al. (2015): Cavity expansion 
based solutions for sand at various DR 
embedded in clay (sy = 20 kPa) 


= Da of sand 


1.4 70- 


N 


1 0 
Normalized thickness of strong layer, H/d, 


1.2 


Thin layer factor, Ky = (q'/Q" poa) 


40 


Figure 2. Thin layer factors inferred from field data 
(Youd et al. 2001) compared to: (a) axisymmetric numeri- 
cal analyses by Ahmadi and Robertson (2005), and (b) 
cavity expansion based solutions by Mo et al. (2017). 
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Measured tip resistance, q” 


(9) ihin = peak resistance 
measured in a thin layer 


Depth 


qt = "true" resistance 
for the sand without 
influence of clay layers 


Schematic of thin layer effect for a sand layer embedded in a clay layer (modified from Robertson and Fear 


Thin layer factors from three different studies 
are plotted versus normalized layer thickness (H/ 
d.) in Figures 2a and 2b to illustrate the range 
of findings in the literature. The range presented 
by Youd et al. (2001), and shown in both figures 
for reference purposes, was inferred from exami- 
nations of field data, although the details of the 
field data and interpretation method were not 
described. The results shown for Ahmadi and Rob- 
ertson (2005) in Figure 2a are from axisymmetric 
nonlinear analyses of a sand layer with relative 
densities (Dz) of 30, 50 and 90% with o', = 70 kPa 
and K, = 0.5 (producing q' of about 3.2, 5.8, and 
22 MPa, respectively) embedded in soft clay with 
an undrained shear strength (s,) of 20 kPa (pro- 
ducing a q' of about 0.9 MPa). The corresponding 
thin layer factors increased with the D, of the sand 
layer, which alternatively can be identified as having 
q'strong’A'weak ratios of about 3.6, 6.4, and 24, respec- 
tively. Ahmadi and Robertson (2005) also showed 
their thin layer factors to decrease with increasing 
effective confining stress, which is consistent with 
the dependence of sand dilation angle on confin- 
ing stress used in their analyses. The results shown 
for Mo et al. (2017) in Figure 2b are based on cav- 
ity expansion analyses for a sand layer with D, of 
30, 50, 70, and 90% embedded in clay (s, =20 kPa), 
with the properties chosen to be equivalent to those 
used by Ahmadi and Robertson (2005). The cor- 
responding thin layer factors are similar to those 
of Ahmadi and Robertson (2005), but become 
steeper and exceed values of 2.0 at larger values 


of the normalized layer thickness. The Yon weak 
ratios for the cases analyzed by Mo et al. (2017) 
were not reported, but should be similar to those 
for the cases analyzed by Ahmadi and Robertson 
(2005). The results of these and other studies for 
idealized three-layer profiles produce K,, values 
that are less than about 1.1 when the strong layer 
thickness is greater than about 30 cone diameters, 
increase as the q'srono/Q'veax ratio increases, and can 
exceed values of 2.0 for layers that are less than 
about 10 cone diameters thick if the q'srone/Q' weak 
ratio is large enough. 

Transition zones in idealized two layer profiles 
can also be described in terms of the sensing and 
development distances. When the cone tip is in the 
upper layer, the sensing distance is defined as the 
greatest distance between the cone tip and the top 
of the underlying layer for which q™ in the upper 
layer is “affected” by the underlying layer. When 
the cone tip is in the lower layer, the development 
distance is defined as the greatest distance between 
the top of the underlying layer and the cone tip for 
which q” in the underlying layer is still “affected” 
by the upper layer. Specific criteria for determining 
sensing and development distances are often not 
reported, but appear to represent some degree of 
visually apparent effects (e.g., perhaps a few per- 
cent). Sensing and development distances and the 
equations describing how q” varies from q' rong tO 
iver ANA from (isca tO A‘ trong are often assumed 
to be mirror images of each other (e.g., Xu and 
Lehane 2008, Mo et al. 2015), which is an approxi- 
mation that implies equal influence of the soil 
resistance in front of and behind the cone tip. In 
reality, experimental and theoretical studies (e.g., 
Ahmadi and Robertson 2005, Tehrani et al. 2018) 
show that sensing distance in a strong layer over 
a weak layer is greater than the development dis- 
tance in a strong layer under a weak layer, which 
indicates that soils in front of the cone tip have a 
greater influence on penetration resistance than 
the soils behind the cone tip. Sensing and develop- 
ment distances in a strong layer adjacent to a weak 
layer increase as the ratio of the soil layer strengths 
increases (e.g., Xu and Lehane 2008). Sensing and 
development distances in a weak soil adjacent to a 
stronger soil are smaller than those for the stronger 
soil, and they decrease as the ratio of the soil layer 
strengths increases. For example, Walker and Yu 
(2010) show that q' for a soft clay layer embedded 
in stronger clay can be almost fully developed in 
layers as thin as 2-3 cone diameters. 

Application of thin-layer or transition zone cor- 
rections in practice is relatively uncommon due to 
a number of challenges. Their application to field 
situations is generally subjective, such that the cor- 
rections applied can vary significantly between 
different individuals analyzing the same data. The 
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ability to consistently distinguish between sharp 
interfaces and graded interfaces (e.g., upward or 
downward fining sequences) is uncertain. The 
procedures are difficult to automate, and time 
consuming to apply in the absence of an auto- 
mated processing method. These challenges, 
combined with the fact that the results may only 
have a modest effect for many design/evaluation 
problems, appears to be why their use is relatively 
uncommon. 


3 INVERSE FILTERING PROCEDURE 


Inverse filtering is widely used in image and signal 
processing for a wide range of measurement appli- 
cations (e.g., Cristobal et al. 2011). Inverse filtering 
can help restore or improve the quality of an image 
or measurement if a good model can be developed 
for the function that “blurred” the measurement 
and if the signal-to-noise ratio in the measurement 
is favorable. Inverse filtering often responds poorly 
to any noise present in the measurement because 
noise tends to be at high spatial frequencies and 
the blurred measurement tends to be weakest (i.e., 
have the lowest signal strength) at high spatial 
frequencies. 

The application of inverse filtering techniques to 
cone penetration data begins with the assumption 
that there is a “true” cone penetration resistance 
that would be obtained if the cone penetration test 
data were dependent solely on the soil properties at 
a point (i.e., measured by an infinitely small cone 
without particle size effects). The measured cone 
penetration resistance depends on soil properties 
within a zone of influence around the cone tip, 
such that cone penetration acts as a low-pass spa- 
tial filter in sampling the true profile; i.e., strong 
variations in soil properties over short distances 
correspond to short wavelengths (or high spatial 
frequencies) that are masked or filtered by the cone 
penetration process. An inverted cone penetration 
resistance is obtained by applying an inverse cone 
penetration filter to the measured cone penetration 
resistance profile. 

It is convenient to simplify notation for cone 
penetration resistances for the present purposes 
as follows. True, measured, and inverted cone 
penetration resistances are identified with super- 
scripts as qi, q”, and qi, respectively. The q” refers 
to the resistance after any correction for unequal 
area effects (1.e., pore pressure behind the cone tip) 
has already been applied, and all three terms are 
normalized by atmospheric pressure. The conven- 
tional subscripts for identifying cone penetration 
resistances as corrected for unequal area effects or 
normalized by atmospheric pressure (e.g., di) are 
omitted for clarity. 


The filtering effect of the cone penetration proc- 
ess can now be expressed as, 


an(2)=4'(2)*w.(2) 


where the asterisk indicates convolution of qt with 
the cone penetration filter (w,). Convolution refers 
to the integral of the point-wise multiplication 
of the two functions as a function of the amount 
that one of the functions is shifted relative to the 
other. The spatial filtering effect can alternatively 
be expressed as, 


(1) 


max 


w= J 


Zmin 


Q) 


The convolution integration limits, which are 
— to œ for the general case, are set equal to the 
depth limits for the CPT sounding (î.€., Znin tO Zana) 
which also ensures that the q” vector retains the 
same length as the q! vector. 

The inversion of this filtering process is com- 
plicated by the strongly nonlinear nature of w, 
and limitations on the highest spatial frequencies 
(shortest physical wavelengths) for which the inver- 
sion is meaningful. For cone penetration, the high- 
est spatial frequencies for which the measurements 
may contain meaningful information could be gov- 
erned by either the data sampling interval or the 
physical size of the cone. Higher spatial frequencies 
than are measureable can exist in the field, such as 
those associated with discrete jumps in gi across 
interfaces, but these higher spatial frequencies 
almost certainly cannot be reliably inverted from 
the measurements. For this reason, the inverse fil- 
tering procedure must include steps that remove 
any of these higher spatial frequency components 
from the solution, as discussed later. 

The inverse filtering procedure proposed herein 
has three primary components: (1) a model for 
how the cone penetrometer acts as a low-pass spa- 
tial filter in sampling the true distribution of soil 
properties versus depth, (2) a solution procedure 
for iteratively determining an estimate of the true 
cone penetration resistance profile from the meas- 
ured profile and cone penetration filter model, and 
(3) a procedure for identifying sharp transition 
interfaces and correcting the data at those inter- 
faces. The following sections address each of these 
three components. 


4 CONE PENETRATION FILTER MODEL 


Any cone penetration filter model needs to account 
for the primary influencing factors, recognizing 
that a perfect filter model with the full complexity 
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of factors is not yet realizable. The proposed fil- 
ter model for the current study is expressed as a 
function of the q' profile alone, though additional 
information from f, u,,, V, or other measurements 
may prove beneficial. The function forms and 
parameters for the current model were developed 
to be consistent with the body of results from prior 
studies regarding thin layer effects and sensing/ 
development distances (Table 1), including their 
dependencies on various soil profile characteristics 
as discussed in the previous section. 

The cone penetration filter (w,) model, shown 
in Figure 3, is the normalized product of two func- 
tions, w, and w,, as, 


WW, 


(3) 


w = 


e = — 
$ ww, 


where w,, w,, and w, are all functions of z’, which 
is the depth relative to the cone tip normalized by 
the cone diameter (d.), 
> z= “tip 


d 


e 


(4) 


where z,,, is the current depth of the cone tip. The 
dependence of w., w,, and w, on z' is omitted from 
notation for simplicity. 

The w, term accounts for the relative influence 
of any soil decreasing with increasing distance 
from the cone tip as, 


(5) 


Filter parameters: 
2'50,ref= 4-2, Mz50 = 0.5 
mz = 3,Mg=2 


.01 = (az qz'=0) 


Normalized depth from cone tip, z' 


0.2 0.4 0.6 0.8 1 


Normalized filter, w¿I(W.)z=0 


Figure 3. Normalized cone penetration filter versus 
normalized depth from the cone tip with lines for 


qlqi._ =0.01,0.1,1,10, and 100. 


where z’,, is the normalized depth at which 
w, =0.5C,, and the exponent m, is a parameter that 
adjusts the variation of w, with z”. The parameter 
C, is equal to unity for points below the cone tip, 
and linearly reduces to a value of 0.5 for points 
located more than 4 cone diameters above the cone 
tip as, 


C,=1 for 220 


alee for -4<z'<0 (6) 
=0.5 for z’<-4 
The value of z’, is computed as, 
7 E 1 
23) =1-+2(C,2% rep —1) 1 a (7) 
1 «e ua 
| q 


where the product C,Zz”;p corresponds to the 
value of Zz’. whenever q, is equal to q' at the cone 
tip (1.e., q!,_,). The parameter C, is equal to unity 
for points below the cone tip, and less than unity 
(0.8 is used herein) for points above the cone tip. 
Thus, z’5o,.¢ 18 the value of z’, for points below the 
cone tip whenever qi, is equal to q! at the cone tip. 

The w, term adjusts the relative influence that 
soils away from the cone tip will have on the pen- 
etration resistance based on whether those soils are 
stronger or weaker than the soil immediately at the 
cone tip. If the soil at a given depth is weaker than 
the soil at the cone tip, its relative influence on the 
penetration resistance is increased, and vice versa 
1f it is stronger than the soil at the cone tip. The w, 
term is computed as, 


where the exponent m, is a parameter that adjusts 
the variation of w, with q',/ q'y-0- 

The resulting filter model is shown in Figure 3 
as w, (normalized by w, at the cone tip) versus z’ 
for q',/ qi, _ values of 0.01, 0.1, 1, 10, and 100 for 
the baseline set of parameters: Z’ syer = 4.0, m, = 3.0, 
Ms, = 0.5, and m, = 2. The soils above the cone tip 
receive about one half the weight received by the 
soils below the cone tip, all else being equal (1.e., 
comparing the relative areas under the w, curves). 
For this parameter set, the filter model predicts 
that the measured penetration resistance will be 
controlled by soils within 2-3 diameters of the 
cone tip if they are far weaker than the soils fur- 
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ther away (e.g., q',/ q!,,_,= 100 at larger distances). 
Conversely, the measured penetration resistance 
will be significantly affected by soils as far as 15-20 
diameters below the cone tip if the soils at these 
larger distances are far weaker than the soils near 
the cone tip (e.g., q',/ q',_,=0.01 at the larger dis- 
tances). For more uniform soil profiles with only 
modest variations in q', the measured penetration 
resistance is controlled by soils within about 9 cone 
diameters of the tip. In addition, the asymmetry of 
the filter model is required to simulate the observed 
asymmetry in the sensing and development dis- 
tances for strong layers embedded in weaker soil. 

The filter convolution process is illustrated for a 
two-layer profile in Figure 4. For this illustration, 
the cone tip has reached the middle of a stronger 
layer embedded in a weaker soil profile, as depicted 
by the profile of qi. The variation of w, with depth 
is shown for that present cone tip depth. The q! vec- 
tor is point-wise multiplied by the w, vector and the 
product summed to obtain the value of q” for the 
present cone tip depth, which is shown as the single 
solid symbol on the right hand plot. This process 
is repeated for all other cone tip depths (with w, 
shifting accordingly) to arrive at the profile of q” 
shown as a dashed line on the right hand plot. For 
the cone tip at the middle of the stronger layer, the 
filter w, decreases with distance from the cone tip 
in either direction for points in the stronger layer 
(since q',/ q'._) = 1 throughout the layer), but steps 
up to larger values at the interface with the weaker 
soil because q',/ q',,_) << 1 for points in the weaker 
soil (which increases w, as shown in Figure 3). 

The numerical evaluation of the convolution 
integral involved two other details. First, the filter 
window was truncated at a length of 60 cone diam- 
eters, centered at the cone tip (i.e., -30 < z' < 30), 
for the examples presented in this paper. This 
truncation reduces computations and has minimal 
effect on results because w, is close to zero at these 
distances from the cone tip. Second, the compu- 
tation of w, by Equation 3 is restricted to points 
that fall within the depth limits of the CPT sound- 
ing (i.e., the filter window is truncated at the data 
boundaries). This restriction ensures that the total 
area under the filter remains equal to unity near 
the upper and lower limits of the CPT sounding. 

The behavior of the filter model is illustrated in 
Figure 5 showing q' and q” versus depth for three 
idealized soil profiles that each have four layers of 
a stronger soil interbedded in a weaker soil. The 
stronger soil has q' = 100 in all cases, whereas the 
weaker soil has qt = 1, 10, and 50 in Figures Sa, 
Sb, and Sc, respectively. The four stronger layers 
have thicknesses of 5, 10, 20, and 60 cone diam- 
eters in all cases. The digital data for these ideal- 
ized profiles was generated with a uniform 20 mm 
sampling interval. The peak q™ that is computed 
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Figure 4. Illustration of the convolution of q' with the cone penetration filter to obtain q” at a given point in a layered 
profile. 
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Figure 5. Values of qt, q” and q'” for idealized profiles with interlayers of a strong soil with q' = 100 embedded in a 
weaker soil with: (a) q' = 1, (b) q' = 10, and (c) q' = 50. Note that qi" almost perfectly overlays q'. 
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to develop in the stronger layers decreases with 
decreasing layer thickness and decreasing strength 
in the surrounding soils. 

Thin layer correction factors were subsequently 
derived using the above type of analysis for a uni- 
form strong layer embedded in a uniform weaker 
deposit (e.g., Figure 1), with the results summarized 
in Figure 6. The derived values of K,, increase as 
'srone/ Tweak Increases, but the rate of increase in Ky 
diminishes as cong! sos becomes larger. The K,, 
values approach unity for layers thicknesses greater 
than about 40 cone diameters, and are between 1.5 
and 1.9 for layers about 10 cone diameters thick 
with ‘one vear Of 10-100. These Ky values are 


qi / q” peak 


reasonably consistent with those of prior experi- 
mental and theoretical studies. The values of Ky 
increase rapidly as the thickness of the strong layer 
becomes less than about 5-10 cone diameters. 
Sensing and development distances were simi- 
larly derived for an idealized two-layer system hav- 
ing A upper Tower ratios ranging from 0.02 to 50. The 
sensing distance for the cone when it is in the upper 
layer (AZ n) and the development distance for the 
cone when it has entered the lower layer (Az,.,), 
were determined as the distances from the inter- 
face where the difference between q” and q! was 5, 
10, or 20%. The resulting values for Az,.,./d. and 
AZ ¿¿/d, are plotted versus 4' upper A ower în Figures 7a 


Solution for a uniform stronger layer 
in a weaker deposit based on: 
Z'50 ref = 4.2, Mz50 = 0.5, mz = 3, Mg = 2 
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Figure 6. Thin layer correction factors computed for a uniform stronger layer of thickness H in a uniform weaker 


deposit. 
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Figure 7. Sensing and development distances for a two layer system: (a) sensing distances, and (b) development 


distances. 
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and 7b, respectively. The AZ n/d. ranges from 2 to 
6 when the cone is sensing an underlying stronger 
layer (left side of Figure 7a) and can be as large 
as 10-20 when the cone is sensing an underlying 
weaker layer (right side of Figure 7a). The Az,../ 
d, ranges from 2 to 10 when the cone is develop- 
ing in an underlying stronger layer (left side of 
Figure 7b) and can be as small as 1 to 3 when the 
cone is developing in an underlying weaker layer 
(right side of Figure 7b). 

The functional forms of the filter and the calibra- 
tion of the filter parameters, as presented in this sec- 
tion, were iteratively developed to be consistent with 
the available experimental and theoretical data on 
thin layer and transition zone behaviors discussed 
in the previous section. The filter parameters can be 
adjusted to increase or decrease the thin layer effects 
or the sensing and development distances; for exam- 
ple, increasing Zi, Will cause the sensing/develop- 
ment distances to increase and the thin layer factors 
to increase for a given sand layer thickness. The 
parameter values adopted herein are considered 
reasonable values for general application, pending 
further experiences and validation studies. 


5 SOLUTION PROCEDURE 


5.1 Inversion for tip resistance 


Inversion of q” to obtain an estimate of q' requires 
an iterative solution procedure because the fil- 
ter is nonlinearly dependent on the unknown q. 
A method of successive substitutions as outline 
below was found to work well. The basic equa- 
tions are first rearranged to obtain the difference 
between q' and q” as, 
dq =q' q” (9) 
where q” is equal to the convolution of q' with the 
filter, leading to 


dq =q -q *w. (10) 
The value of qt can then be determined as, 

q S q” if, dq a 1) 

q' = q" ae (q as q * w.) (12) 


The above equation can now be solved by suc- 
cessive iterations as, 
gry =q" + (qg -q7 * w.) (13) 


where qi” is the result of the nt iteration. The 
iteration process is initiated with the first estimate 
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of qi set equal to q”. Iterations continue until the 
following error criterion is satisfied, 


Y llar, - a), 


Ja”), 


This solution procedure, without any 
adjustments, is not well constrained at spatial 
frequencies that are higher than justifiable based 
on the data sampling interval or the physical 
size of the cone. These higher-than-justifiable 
spatial frequency components can also impede 
convergence of the solution, as shown later. Two 
additional steps were therefore added to the 
solution procedure to remove these higher spatial 
frequencies and improve convergence; these 
additional steps are introduced in sequence below, 
after first illustrating performance of the solution 
procedure without either additional step. 

Performance of the above solution procedure 
(without the additional steps) is illustrated in 
Figure 5, which shows an idealized q' profile along 
with a q” computed by convolving q' with the base- 
line filter model. Also shown in these plots are the 
qi computed iteratively from q” with the same or 
“true” filter. For the cases in Figures 5a and 5b, the 
solution procedure converged and the differences 
between qi” and qi are negligible. These cases illus- 
trate how the solution procedure is essentially per- 
fect if the filter is known perfectly and the solution 
converges. For the case in Figure 5c, the solution 
procedure did not converge, but rather stabilized 
at a solution where q® included a small amount 
of low-level, high spatial frequency (short wave- 
length) noise in the stronger layers (barely visible 
as ripples in the qi"). The wavelength of this noise 
is similar to the cone tip length, which is when the 
solution process can become less stable. 

The potential effects of “noise” or the potential 
challenges with inverting information from very 
thin interlayers using the above solution procedure 
is further illustrated in Figure 8(a). This figure 
shows a profile of uniform soil with q” = 10 except 
for thin intervals that are 1.1, 1.7, 2.2, and 3.4 cone 
diameters thick and have q” = 12. The digital data 
were generated with a uniform 20 mm sampling 
interval, such that these depth intervals correspond 
to 2, 3, 4, and 6 data points with q” = 12. Inver- 
sion of this q” profile did not converge (1.e., meet 
the error criteria), but did stabilize at the solution 
shown in Figure 8a with peak qi values in the 
range of 30-40. These high qi values are sensitive 
to details of the filter model and are not reliable. 

The solution procedure therefore requires an 
additional smoothing step that removes some 
of the highest spatial frequencies (shortest wave- 
lengths) during the inversion process. After each 
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Inversion for a profile that has thin interlayers with q™ = 12 embedded in a uniform deposit having q™ = 10: 


(a) results using the first solution procedure, (b) results for the solution procedure with smoothing over the cone tip 
length, and (c) results for the solution procedure with smoothing followed by low-pass spatial filtering. 


iteration, qi’ is smoothed (or low-pass spatial fil- 
tered) by taking a moving average over a window 
of a specified number of data points. The smooth- 
ing window is defined as the larger of either three 
points or the ceiling (rounding up) of the cone 
tip length (i.e., 0.866 d.) divided by the data point 
depth spacing (i.e., Az). The first criterion governs 
for a standard 10 cm? cone and uniform 20 mm 
data sampling interval, whereas the second crite- 
rion governs if the data sampling interval is much 
smaller (e.g., 5 mm). In this regard, the solution 
procedures were tested for data sampling intervals 
of 1-50 mm to ensure they continued to perform 
well for non-standard conditions. The inclusion of 
this smoothing step removes spatial frequencies 
that cannot be reliably inverted, greatly improves 
the convergence rate, and eliminated any cases of 
non-convergence. For example, application of the 
revised solution procedure to the profile shown in 
Figure 8 produced the smoother and more rea- 
sonable results shown in Figure 8b. In addition, 
the error term is plotted versus iteration number 
in Figure 9 for the solution procedures used for 
Figures 8a and 8b, illustrating how the inclusion 
of smoothing greatly improved the numerical per- 
formance of the solution procedure. 

A second low-pass spatial filtering step was 
added to the solution procedure, although its effects 
are small for most situations. For this last step, the 
converged qi” from the inversion with smoothing is 
convolved with another low-pass filter, 
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Progress of the iterative solution procedure with 
and without smoothing during inversion for an 
idealized profile with thin zones of q” = 12 


embedded in a soil profile with q" = 10 


Inversion without any smoothing 


Error term 


Inversion with smoothing over a 3-point span 


ence criterion 


= Converg 


100 200 300 


Iteration number 


400 500 


Figure 9. Progress of the iterative soil procedure with 
and without smoothing during inversion. 


qi” =q"*w., (15) 
where w., is the same filter model as w, except that Zsoret 
is reduced to the length of the cone tip (¡.e., 0.866 d.). 
The application of this additional step in the inverse 
filtering of the profile shown in Figure 8 produced 
the slightly smoother result shown in Figure 8c. The 
results in Figure 8c illustrate that the overall solution 
procedure with smoothing during inversion followed 
by low-pass spatial filtering appears well-suited for 
handling high spatial frequency noise. 

Performance of the overall solution procedure 
(inversion with smoothing followed by low-pass 


spatial filtering) is illustrated in Figure 10 for the 
same idealized profiles examined previously (in 
Figure 5). The q' profiles still reasonably approxi- 
mate the q' profiles, though slightly rounded at the 
interfaces and slightly smaller than q' for the inter- 
layers that are only 5 cone diameters thick. 
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Performance of the overall solution procedure 
can also be expressed in terms of the “net” thin- 
layer factor that it produces for idealized two-layer 
systems, as shown in Figure 11. These net factors 
are computed as the peak qi in a thin layer divided 
by the peak q™ for that same layer, and thus are 
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Figure 10. Values of q', q” and q™ for three idealized profiles using the solution procedure with smoothing followed by 
low-pass spatial filtering. Stronger layers have q' = 100 and the weaker layers have (a) q'= 1, (b) q' = 10, and (c) q' = 50. 
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Net thin layer correction factors computed using inversion with low-pass spatial filtering. 
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Figure 12. Comparison of the thin layer correction factors from the solutions with and without the smoothing and 


low-pass spatial filtering steps. 


illustrative of how much amplification the inver- 
sion process may apply to the q™ in sand layers of 
various thicknesses. The K, aa curves for a range 
Of G'vrone/ weak ratios all reach their peak values at 
strong-layer thicknesses of 3-4 cone diameters, 
and decrease toward unity with decreasing layer 
thickness. The fact Ku tends to unity as the 
strong-layer thickness tends to zero reflects the 
fact that cone penetration measurements cannot 
provide meaningful information on soil properties 
when they vary strongly across interlayers that are 
less than about 2 or 3 cone diameters thick. The 
previously presented K,, values are overlain with 
the K,,,,.. values in Figure 12, illustrating how the 
K,, values rapidly increase toward large values at 
these small layer thicknesses, which relates to why 
inversion without smoothing or low pass spatial 
filtering performed poorly. The solution procedure 
with smoothing during inversion followed by low- 
pass spatial filtering produces equivalent K ne val- 
ues that are reasonable for strong-layer thicknesses 
that are greater than about 3—4 cone diameters and 
appropriately conservative for thinner layers where 
inversion is not reliable. 


5.2 Inversion for sleeve friction 


The inversion of sleeve friction (f) profiles could 
conceptually follow a similar process as used for 
tip resistance. The filter model for f, could have 
a different form and distribution. For example, 
examination of field data illustrates that f, is more 
sensitive to thin layers than q,, which would imply 
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a smaller zone of influence or greater weighting of 
data near the sleeve. Unfortunately, there are cur- 
rently limited data available to guide development 
of a separate filter model for f.. 

The strategy adopted herein was to develop fi" 
values from the qi values. This procedure assumes 
that the pairs of normalized tip resistance (Q) and 
normalized sleeve friction ratio (F) for the inverted 
and measured data lie along a radial line originat- 
ing from the origin of the Soil Behavior Type Index 
(1). The values of Q and F are computed as, 


q-o, | R Y 
= ys 16 
° | A a a 
F [> oor (17) 
q- Ov 
where 6,, is the total vertical stress, o”, is the 


effective vertical stress, and P, is atmospheric 
pressure. The stress exponent n is computed follow- 
ing the relationship recommended by Robertson 
(2009), 


n =(0.381/, +0.05,- 0.15) <1 


(18) 


and the value of I, is computed using the form rec- 
ommended by Robertson and Wride (1997), 


L =| (3.47-log(0)) +(1.22+108(2)) |” (19) 
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Figure 13. Procedure used to compute Fi given Q™ 
and F™ for the field measurements and the value of Qi” 
obtained from the inversion procedure. 


The I, value can be visualized as the radial dis- 
tance between any Q-F pair and an origin point 
located at Q = 2,951 and F = 0.0603, as shown in 
Figure 13. The measured q” and f” values are used 
to compute Q” and F™ values, and the inverted qi” 
is used to compute a Q value. The value of F' is 
then computed based on the assumption that the 
inverted point moved radially with respect to the 
I, origin, 


(3.47-10g(0""” ) 


=10 (3.47-1oe(0”)) 


(1.22+1og(F”"))-1.22 
Fur (20) 

The above procedure is schematically illustrated 
for a single data point in Figure 13. The value of 
fi is then computed from Fi using the definition 
of F. 


6 INTERFACE DETECTION AND 
CORRECTION 


The detection of sharp interfaces and correction 
of the data at those interfaces is a separate step 
because the inversion process does not reproduce 
the high-spatial frequencies associated with a step 
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in the qt profile (i.e., the smoothing during inver- 
sion followed by low-pass spatial filtering removes 
those spatial frequencies because they cannot be 
inverted reliably). Identifying sharp transitions is 
complicated by the fact that some interfaces may 
be sharp and others may be graded (e.g., upward 
fining sequences), and thus the criteria and process 
will involve some subjectivity and should be sub- 
ject to confirmation by borehole sampling data or 
knowledge of local geology. 

A sharp transition (or interface) is considered 
likely to exist if the rate of change in the logarithm 
of qi with respect to normalized depth is larger 
than a specified criterion. The rate of change 
across each discrete data sampling interval is com- 
puted as, 


„In (qi) în(a”) 
i Zin = z; 


(21) 


Note that the index for m corresponds to the 
intervals between measurement points; i.e., if there 
are N points in the q' vector, there are N-1 points 
in the m vector. The value of m that would be 
consistent with the existence of a sharp interface 
can be estimated using experimental and theo- 
retical estimates of the sensing and development 
distances. For example, if q changes by a factor 
of more than 2 over a distance of about 6 cone 
diameters (214 mm for a standard 10 cm? cone), 
then m will exceed 0.12 on average. On the other 
hand, if q smoothly changes by a factor of less 
than 10 over a graded interval that is about 1 m 
thick (or about 28 standard cone diameters), then 
m may not exceed 0.08 on average. Thus, a sharp 
interface may be expected to exist if m exceeds a 
specified threshold, m,. A reasonable value for m,, 
as adopted herein, may be on the order of 0.1, sub- 
ject to refinement based on site-specific sampling 
and geologic information. 

The transition zone over which q™ at a sharp 
interface is still blurred will also have smoothly var- 
ying m values. The m values both above and below 
the point where the maximum m is obtained will 
be smaller than the maximum m for that transition 
zone. For the present study, the transition zone is 
assumed to include any contiguous measurement 
points where m is greater than m/5. If the zone 
identified by the above criteria is less than 3 cone 
diameters thick, then is it is not considered a tran- 
sition zone. If the zone identified by the above cri- 
teria is greater than 12 cone diameters thick where 
q®™ is increasing, then the interval is truncated to 
12 cone diameters thick (centered on the original 
zone). If the zone identified by the above crite- 
ria is greater than 18 cone diameters thick where 
qi" is decreasing, then the interval is truncated to 
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Figure 14. Values of qt, q” and qi” for three idealized profiles using inversion with smoothing followed by low-pass 
spatial filtering and interface detection and correction. Stronger layers have q' = 100 and the weaker layers have (a) 


q' = 1, (b) q' = 10, and (c) q' = 50. 


18 cone diameters thick (centered on the original 
zone). Once the transition zone has been defined, 
the q™ and f® values at the top of the transition 
zone are assigned to all points in the upper 40% of 
the transition zone for penetration advancing into 
a stronger layer or the upper 60% of the transition 
zone for penetration advancing into a weaker layer. 
The qi’ and fi» values at the bottom of the transi- 
tion zone are assigned to all remaining points in 
the lower part of the transition zone. 

Application of the interface detection and cor- 
rection algorithm is illustrated in Figure 14 for 
the same idealized profiles presented in Figures 5 
and 10. The interface detection and correction 
algorithm does not perfectly remove the transition 
zone, since it does not capture the slow rates of 
change in q at the start and end of each transition 
zone for this idealized profile. A greater portion 
of the interface could be removed by reducing m,, 
but that can result in falsely identifying transition 
zones or computing overly thick transition zones 
when processing real CPT soundings. 


7 INVERSION EXAMPLES FOR FIELD 
DATA 


7.1 


Application of the proposed inverse filtering pro- 
cedure is illustrated in Figures 15-18 for cone 
soundings from four different sites. The inversion, 


Applications using the baseline model 
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low-pass spatial filtering, and interface detection 
steps are applied using the same baseline param- 
eters specified in the previous sections. The first 
example (Figure 15) is CPT UC-4 along Sand- 
holdt Road in Moss Landing, CA, USA where 
liquefaction-induced ground deformations were 
observed after the 1989 M, = 6.9 Loma Prieta 
earthquake (Boulanger et al. 1997). The second 
example (Figure 16) is CPT 1-24 along Cark 
Canal in Adapazari, Turkey where no surficial evi- 
dence of liquefaction was observed after the 1999 
M, = 7.5 Kocaeli earthquake (Youd et al. 2009). 
The third example (Figure 17) is CPT 45185 at 
St. Theresa's school in Riccarton, Christchurch, 
New Zealand where no surficial evidence of lique- 
faction was observed during the 2010-2011 Can- 
terbury Earthquake Sequence (Cox et al. 2017). 
The fourth example (Figure 18) is a CPT at Hin- 
ode Minami Elementary School, Urayasu, Japan 
where no evidence of liquefaction was observed 
following the 2011 M,, = 9.0 Tohoku earthquake 
(Cox et al. 2013). The data sampling intervals for 
these four CPT soundings were 50, 20, 10, and 
25 mm, respectively. The latter three sites are of 
interest because some degree of liquefaction would 
have been expected based on common engineering 
liquefaction evaluation procedures, as reported in 
the various references. The details of liquefaction 
evaluations for each site are beyond the scope of 
the present paper, except to note that thin-layer 
and transition effects are considered to be one 
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Measured and inverted q,, and I, profiles for CPT UC-4 at Sandholdt Road. 
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Figure 17. Measured and inverted q,, and I, profiles for CPT-45185 at St. Theresa’s School. 
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of several factors that can contribute to the over- 
prediction of liquefaction effects (e.g., Boulanger 
et al. 2016). 

Examination of these four examples illustrates 
that the proposed CPT inversion procedure is 
performing as expected. The inversion process 
has negligible effects on q or I, in intervals where 
the soil type or penetration resistance is relatively 
uniform. The inversion procedure has the greatest 
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effect where well-defined thin-layers of stronger 
material are detected. The inversion procedure 
increases q™ (relative to q”) by factors up to 2-3 
even for the thinnest strong interlayers at the highly 
interbedded sites, which reflects the upper limits 
that the present inversion parameters will produce 
(e.g., as illustrated by the net thin layer factors in 
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tional cone diameters. The inversion procedure was 
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effective in removing transition zones at clearly 
identifiable contacts, while the detection criteria 
left other zones of slowly increasing penetration 
resistance unmodified. 


7.2 Example using alternative filter parameters 


The sensitivity of the inverse filtering procedure to 
alternative sets of filter parameters was also evalu- 
ated, recognizing that there is uncertainty in the fil- 
ter model and individual parameters. The effect of 
individual parameter variations were examined in 
terms of how they affected the solutions for ideal- 
ized problems (e.g., Figure 14), sensing and devel- 
opment distances for idealized two layer profiles 
(e.g., Figure 7), net thin layer correction factors 
(e.g., Figure 11), and results for field CPT sound- 
ings. Alternative sets of parameters that are con- 
sistent with the body of available experimental and 
theoretical data can be developed, including sets 
that provide more or less aggressive corrections to 
measured data. 

For example, consider the effect of setting 
Z soret equal to 3.4 or 5.0 (+ 19% from the baseline 
value of 4.2), while keeping all other parameters 
equal to the baseline values. The corresponding 
Ku net values, as shown in Figures 19a and 19b, are 
smaller for Z's pe = 3.4 and larger for z',, ,.. = 5.0, 
with the differences being larger for smaller layer 
thicknesses. For a strong layer thickness of 3-5 
cone diameters, using Z';,,.. = 3.4 reduced the 
Kuna values by 8-18% (relative to those for the 
baseline set of filter parameters) whereas using 
Z soret = 5.0 increased the K, ne values by 6-18%. 

The effects of using the above Z’ sorp values on 
the inverse filtering of a field CPT sounding are 
illustrated in Figures 20a and 20b for CPT 45185 
at St. Theresa's school in Riccarton. The use of 
Z soret = 3.4 (Figure 20a) resulted in smaller q' val- 
ues in the numerous thin sand interlayers relative 
to those for the baseline case (Figure 17), whereas 
use Of Z’5),.. = 5.0 (Figure 20b) resulted in larger 
qt values. The differences in the inversion results 
for these two cases are consistent with the differ- 
ences in the corresponding net thin layer correc- 
tion factors. 


8 CONCLUDING REMARKS 


An inverse filtering procedure for developing esti- 
mates of the “true” cone penetration tip resistance 
and sleeve friction values from measured cone pen- 
etration test data was presented. The inverse filter- 
ing procedure has three primary components: (1) 
a model for how the cone penetrometer acts as a 
low-pass spatial filter in sampling the true distribu- 
tion of soil resistance versus depth, (2) a solution 
procedure to iteratively determine an estimate of 
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the true cone penetration resistance profile from 
the measured profile given the cone penetration 
filter model, and (3) a procedure to identify sharp 
transition interfaces and correct the data at those 
interfaces. The inverse filtering procedure was 
shown to produce equivalent thin layer factors and 
sensing/development distances that are consistent 
with the results of prior experimental and theoreti- 
cal studies. Example applications of the inverse fil- 
tering procedure to four CPT soundings illustrated 
that the model performs well for a range of soil 
profile characteristics. The inverse filtering proce- 
dure was shown to provide an objective, repeat- 
able, and automatable means for correcting cone 
penetration test data for thin-layer and transition 
zone effects. 

Further experience with application of the 
inverse filtering procedure can be expected to 
lead to improvements in components of the pro- 
cedure or improved guidance for its use in prac- 
tice. Issues worth further examination include 
how f, and q, may filter differently, how the filter 
model might depend on other specific properties 
(stiffness, strength, drainage conditions) or strati- 
graphic sequences, and how the inversion process 
or parameters might be adjusted based on site- 
specific borehole and geologic information. The 
present model was developed with a focus on liq- 
uefaction problems, whereas applications to other 
problems may identify different aspects that war- 
rant improvement. Regardless of advances, there 
will be practical limits to how well inverse filter- 
ing procedures, or any other technique, can cor- 
rect cone penetration test data given the nature of 
the cone penetration process, the infinite possible 
variations in geologic conditions, the presence of 
noise in measurements, and other complex proc- 
esses that influence the measurements (e.g., partial 
drainage, physical dragging of soil along with the 
cone). In this regard, the proposed inverse filter- 
ing procedure is intended to improve or enhance 
the field measurements, while recognizing that 
any inversion process will be neither unique nor 
perfect. 
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Use of CPT for the design of shallow and deep foundations on sand 
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ABSTRACT: A wide range of empirical correlations linking the Cone Penetration Test (CPT) end 
resistance q, and the resistance of shallow and deep foundations in sand have been published. Both National 
and European organisations are attempting to introduce standard methods into practice that unify these 
approaches. In this paper experimental data and finite element analyses are reviewed to examine the 
mechanisms governing foundation behaviour in a bid to move towards these unified approaches. For shal- 
low foundations and non-displacement piles, sand creep was found to affect correlations between q, and 
the mobilised bearing resistance. For pile foundations direct correlations between q, and pile end resistance 
that were dependent only on pile installation method are reported. In the case of shaft resistance, constant 
correlation factors between q, and average shaft resistance are possible for non-displacement piles. For the 
case of displacement piles, correlations that include the effects of friction fatigue are recommended. 


1 INTRODUCTION 


Whilst conventional bearing capacity and earth 
pressure approaches are widely used to design 
shallow and deep foundation in sand, many design 
codes are moving towards Cone Penetration Test 
(CPT) based design methods. This is as a result of 
a significant research effort in the area of founda- 
tion design in recent years. An issue facing both 
designers operating internationally and causing 
debate for those drafting unified codes such as 
Eurocode 7, is that many national recommenda- 
tions have been published linking CPT end resist- 
ance, q, with the bearing resistance of shallow 
foundations and piles. However, these values are 
rarely consistent, and in some cases can vary sig- 
nificantly. Whilst some of these differences may be 
caused by geology, pile types adopted, and a wide 
range of methods (averaging techniques) for esti- 
mating design q, profiles, it arises at least in part 
due to a lack of understanding of the mechanisms 
controlling foundation behavior. Even internally 
within some countries, there is ongoing debate sur- 
rounding CPT based design. 

Recent updates to the Dutch design code have 
caused significant debate within the geotechnical 
engineering community. Based on an interpreta- 
tion of static load test data from across the Nether- 
lands, CUR report 229 proposed a 30% reduction 
to the pile base reduction factor that will result 
in larger and longer piles from January 1st 2017. 
These changes are largely due to a lack of reli- 
able pile load tests data in the Netherlands as the 
country is unusual in that it does not routinely test 
the axial capacity of piles. This has been met with 
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some resistance from industry since historical pile 
failure rates are very low. 

In this paper, the results of experiments per- 
formed on foundations in sand and finite element 
analyses are compiled in an attempt to provide an 
insight into factors that may influence correlations 
between CPT q, and the behavior of both shallow 
and deep foundations in sand. 


2 SHALLOW FOUNDATIONS 


2.1 General description 


Routine design of shallow footings on sand is often 
undertaken using the conventional bearing capac- 
ity approach to calculate the ultimate bearing 
resistance (qu: 


dN 


aa q 


Gur =0.5yB S, d, N, + yD S (1) 
where: = unit weight of Soil, B = foundation width, 
D = foundation depth, S,,S, d, and d, are factors to 
account for footing shape and depth, whilst N, and 
N, are bearing capacity factors which depend on the 
friction angle ($) of the soil and the footing shape. 

Additional factors can be included to take 
account of situations such as sloping ground con- 
ditions and inclined or eccentric loading, although 
there is a strong argument that the latter should be 
treated using interaction diagrams as proposed by 
Gottardi and Butterfield (1993) and Houlsby and 
Cassidy (2002). Designers face key challenges in 
the application of Equation (1). These include the 
choice of appropriate shape and depth factors, and 
most importantly bearing capacity factors: 
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Figure 1. Typical bearing capacity factors for shallow 
footings. 


Although Randolph et al. (2004), note that 
the accuracy with which bearing capacity factors 
can be determined has increased substantially 
in recent years, it is clear from Figure | that the 
values increase substantially over the range of soil 
strength typically encountered. Because of the dif- 
ficulties in obtaining high quality samples, coupled 
with the challenges of interpreting soil strength 
parameters for the complex stress and strain paths 
experienced during loading at the relatively low 
stress levels applicable to footing design, greater 
reliance is placed on using empirical formulae link- 
ing Y and q, or using direct correlations linking q, 
and the soil bearing resistance. 


2.2 CPT based methods for shallow foundation 
capacity 


In addition to the challenges outlined above, a fur- 
ther driver towards the use of in-situ test data in 
shallow foundation design was identified by Bri- 
aud (2007) from interpretation of field test data. 
Briaud and Gibbens (1999) report tests performed 
on square footings where the footing width, B var- 
ied from 1 m to 3 m. The footings were founded 
0.75 m below the ground surface in recently depos- 
ited medium-dense sand. The site was in a lightly 
over-consolidated state (OCR = 2) following the 
removal of about 1.0 m overburden. The mean 
CPT q, resistance ranged from 5 to 7.25 MPa in 
the zone of influence of the footings. The pressure- 
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settlement response (including un-load and re-load 
loops) of three of the footings is illustrated in 
Figure 2a. It is apparent that for a given settlement 
s, the mobilised bearing pressure, q reduced with 
increasing footing width. Another feature of the 
test was that for values of q greater than 650 kPa, 
significant creep settlement occurred during main- 
tained load steps. 

When the mobilised pressure was normalised by 
the q, value averaged over the zone of influence, 
and he footing settlement divided by the footing 
width, a relatively unique normalised pressure- 
settlement response was obtained for the site, see 
Figure 2b. Noting that the unload-reload portions 


= 
ba 
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applied pressure, q (kPa) 


120 
settlement, s (mm) 
0.30 - 


0.20 


Normalised bearing pressure, q/q. 


Normalised settlement, s/B (%) 
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Figure 2. (a) Pressure-Settlement response for three 
footings (b) normalised pressure-settlement response. 


of the data were removed for clarity and the maxi- 
mum settlement for each load step were plotted, 
as it is clear from Figure 2a that the shape of the 
curve is affected by the load test procedure. Adopt- 
ing a definition of failure as being the pressure 
mobilised when the footing settlement reached 
10% of the footing width, q, , the data suggests the 
adoption of a direct method for estimation of the 
footing resistance of the form given in Equation 2 
with an a value of 0.20. 


(2) 


Briaud (2007) considered data from other test 
sites to investigate the effect of footing depth, D 
and found that the normalised pressure-settlement 
response was independent of both footing width 
and relative embedment (D/B). He suggests that 
whilst Equation 1 would produce good estimates 
of q, of footings in soil profiles where the soil 
strength increased linearly with depth, in over-con- 
solidated sand or in deposits where the near sur- 
face soil is unsaturated, the soils strength is often 
relatively constant with depth and the assumption 
that q, increases with footing width, B or footing 
depth, D is not valid. 

Based on a review of footing tests from the lit- 
erature, Eslaamizaad and Robertson (1996) found 
that the back-figured œ values varied with soil 
density, relative embedment and footing shape. 
Randolph et al. (2004) summarised the results of 
laboratory tests, field tests and numerical analyses 
performed on shallow footings and buried piles. 
They report a relatively wide range of œ values 
varying from 0.13-0.21. However, there was no 
evidence that o. varied with footing width or sand 
state. 

Finite Element (FE) analyses present an ideal 
environment in which to consider the mechanisms 
governing footing response and to perform sensi- 
tivity analyses for foundations. Lee and Salgado 
(2005) reported a significant study using the FE 
program ABAQUS in which they investigated the 
effect of footing width and relative density (D,) 
on the mobilised bearing resistance. The CPT q, 
values used to normalise the footing resistance 
were derived from a different program CON- 
POINT (Salgado and Randolph, 2001). Their anal- 
yses shown in Figure 3 indicate that o decreased 
when the relative density of the soil increased and 
the footing width reduced. The rate at which o 
increased with the footing width depended on the 
relative density of the soil, with an increase of 35% 
being noted for D, = 90% when the footing width 
increased from 1 m to 3 m, whilst the increase was 
only 5% for D, = 30%. 

The variability in suggested a values from previ- 
ous studies arises at least in part due to the limited 
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Normalised bearing pressure, a 
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Figure 3. ormalized Base Resistance q,) , /q, versus Rel- 
ative Density D}; (after Lee and Salgado 2005). 


database of footing tests from which to investigate 
factors which might influence the footing response. 
Large-scale footing tests are expensive and time 
consuming, and therefore, most field tests consider 
a relatively limited range of either footing width 
and/or depths in sand where the relative density is 
relatively constant. Gavin et al. (2009) compiled 
data from 22 field experiments on model and full- 
scale footings at five test sites. Data from the load 
tests performed by Briaud and Gibbens (1999) in 
Texas, Ismael (1985) in Kuwait, Anderson et al. 
(2007) at Green Cove, Gavin et al. (2009) from 
Blessington and Lehane et al. 2008, from Shenton 
Park were collated. The footing width varied from 
0.1 m to 3 m, the q, value (average over + 1.5B) was 
in the range 3,330 to 14,500 kPa, and the founda- 
tion depth varied from 0.1 m to 2 m below ground 
level, bgl. The normalised pressure-settlement 
response is set out in Figure 4a. 

Whilst many of the footing tests did not reach 
the normalised displacement level of 10%, the 
trend is for all sites to converge as s/B increases and 
tend towards a of approximately 0.2 at s/B = 10%. 
However, the initial stiffness response at the five 
sites varied considerably, and the data is recast in 
Figure 4b in order to examine the rate of mobilisa- 
tion of the bearing resistance. The data confirms 
that the initial pressure-settlement response is site 
dependent, with a tendency for the normalised 
resistance to mobilise most quickly for the tests 
in Texas and most slowly at Shenton Park. Also 
included in Figure 4b are foundation settlement 
measurements from 23 buildings as collated by 
Papodopoulos (1992). The measurements relate 
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Figure 4. (a)Pressure settlement response from five test 
sites (b) Initial response of footing tests (after Gavin et al. 
2009). 


to foundations with B between 0.5 and 21.7 m, 
founded in sand where q, ranged from 1800 to 
19,000 kPa. Despite the range of parameters con- 
sidered, the discrete measurements of maximum 
settlement are bounded by the experimental data 
presented in Figure 4b. 

To gain further insight into the mobilisation 
rate, the rate of degradation of the secant stiffness 
measured at four sites where small strain stiffness 
data was available are compared in Figure 5. It is 
of interest to compare the normalised settlement 
level at which the secant stiffness reduces to 20% 
of the small strain Young's modulus (E’/E, = 0.2). 
This occurs at s/B = 0.2%, 1% and 10% at Shenton 
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normalised settlement. 


Park, Texas and Blessington respectively. The 
stiffness degradation rate appears to be related to 
the rigidity index, I, (ratio of small strain shear 
modulus, G, to soil strength, q.) with high I, values 
resulting in rapid stiffness degradation. 

The relatively low applied pressure imposed by 
most regular structures ensures that the factor of 
safety against ultimate failure of these foundations 
is high. As a result of this, the focus of designers is 
often to accurately predict settlement under work- 
ing stresses. Settlement prediction models that 
require an estimate of the secant stiffness E’, of 
sand are in common use. A number of direct cor- 
relations between E”, and q, have been proposed: 


E =Ba. (3) 


Das (1983) compiled B values recommended 
by 13 sources that ranged from 1 to 3. However, 
Lehane et al. (2008) and others state that at rela- 
tively small strain levels there is a weak depend- 
ence between E”, and q, with the effects of stress 
level and ageing being dominant. Given that many 
foundations are designed for a maximum settle- 
ment often of the order of 25 mm, the resulting 
normalised settlement beneath foundations of 
width between 1 m and 10 m, results in s/B% in 
the range 0.25-2.5%. The variation of B values 
mobilised from the field tests described above, and 
shown in Figure 6, shows a very large range of 
operational B values at these normalised settlement 
levels, confirming that constant B values should be 
used with caution. It is worth noting that at the 
settlement levels typical for full-scale foundations, 
B values are typically higher than 3. 
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Figure 6. Variation of B (= E'/q.) with normalised 
settlement. 


2.3 Summary 


Due to the difficulty of sampling and testing the 
strength and stiffness properties of sand, direct 
correlation between the ultimate bearing capacity 
and settlement response of footings on sand and 
in-situ testing such as CPT offers a viable alterna- 
tive that appears to give consistent results. 

Data from field tests presented by Gavin et al 
(2009) suggest that the normalised bearing pres- 
sure normalised by CPT q,, mobilised at a foot- 
ing settlement of 10% of the footing diameter, 
a is 0.2. This agrees reasonably well with the 
findings from a larger database study by Mayne 
et al. (2012) that considered a wider range of sand 
types and foundation size and concluded that a 
constant o value of 0.18 was appropriate. Both 
studies propose simple non-linear elastic mod- 
els that allow the complete pressure-settlement 
response of the foundation to derived thus pro- 
viding important insights into the operation 
behaviour of footings, and particularly the rela- 
tively large stiffness response at typical operation 
pressure levels. 


3 BASE RESISTANCE OF PILES 


3.1 


In many design guides and codes the end bearing 
resistance (q,) mobilised by a deep footing in sand 
is calculated using a reduced form of Equation 1: 


(4) 


Background 


% = N, O, 
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Table 1. Recommendations for bearing capacity factors 
and limiting values for offshore piles (API 2007). 

q, limit 
Density N, (MPa) 
Loose e 
Medium 20 5 
Dense 40 10 
Very Dense 50 12 


where N, is a bearing capacity factor and 0’, is the 
vertical effective stress at the pile base. N, factors 
typically vary with g or sand density as shown in 
Table 1. Another common feature is the adoption 
of limiting upper-bound values. Randolph and 
Gouvernec (2011) note that these limiting values 
are included as field data suggests that N, reduces 
with increasing stress level. 

The N, values recommended for bored and cast 
in-place piles are typically assumed to be 50% of 
those derived for driven piles. 


3.2  Closed-ended driven piles 


Because of the similarities between the penetration 
mechanisms and the geometry of closed-ended 
piles and the CPT, a number of empirical correla- 
tions between the CPT end resistance q,, and q, 
have been proposed. Recent design methods for 
driven closed-ended or full-displacement piles in 
sand have been shown to have a relatively high reli- 
ability (Chow 1997, Gavin 1999 and Lehane et al. 
2005) and have been widely accepted in industry. 
These techniques generally estimate the base resist- 
ance at relatively large pile base settlement (s,), 
typically at 10% of the pile diameter, q,, ,, using an 
empirical reduction factor o: 


(5) 


Based on a database study Jardine et al. (2005) 
suggest that a, reduced from 0.63 to 0.43 as the 
pile diameter increased from 200 mm to 500 mm, 
Lehane et al. (2005) found that an a, value of 
0.6 gave the best-fit to a database of instrumented 
pile load tests with diameters ranging from 0.2 m 
to 0.68 m. Randolph (2003) and White and Bol- 
ton (2005) argued that once appropriate averaging 
techniques were adopted to derive design q, values 
and the effects of residual loads were accounted 
for, a constant 0, factor can be adopted which is 
independent of pile diameter and tended towards 
d, = q. at large pile base displacements. 


Gbo.1 = a, q. 


3.3 Open-ended driven piles 


For partial displacement (open-ended) pipe piles, 
model and full-scale pile tests reported by Lehane 


and Gavin (2001) and Foye et al. (2009) show 
that direct correlations between a, (based on the 
average pressure mobilised over the entire pile 
base area) and q, which are independent of pile 
diameter or sand state can be determined once 
the degree of plugging during pile installation are 
included. The plugging behaviour is best quanti- 
fied through the incremental filling ratio (IFR), 
which compares the rate of soil intrusion during 
pile installation with IFR = 1 for a fully coring pile 
(which causes minimal disruption) and IFR =0 for 
a pile with a fully formed plug, which prevents soil 
intrusion and results in what is effectively a closed- 
ended pile. 

However, in reality, plug development during 
installation is rarely recorded and the final plug 
length ratio, PLR =soil plug length/pile embedment 
depth is only known. In the field, plugging appears 
to be controlled by pile diameter, sand density and 
installation method. The majority of large diam- 
eter (D >500 mm), piles driven offshore appears to 
have PLR values close to one. Significant plugging 
seems to occur only in the case of smaller diameter 
piles, or piles installed by jacking. 

Gavin and Lehane (2005) present data shown 
in Figure 7 of plug stress mobilised during jack- 
ing strokes (closed-symbols) and static load tests 
(open-symbols) for pipe piles in jacked into loose 
sand. The normalised plug stress varies linearly 
with IFR from a minimum value in the range 0.15 
to 0.2 that is in keeping with values suggested by 
Lehane and Randolph (2002) from numerical anal- 
yses of fully-coring piles. As IFR reduced, 41,9. 
increased linearly. The trend was shown to be con- 
sistent over a range of installation methods (driv- 
ing and jacking) and sand sate (Gavin and Lehane 
2003). 

Lehane and Gavin (2001) report measurements 
of the annular stress mobilised during installation 
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Figure 7. Effect of Incremental Filling Ratio on the 
plug stress mobilised by open-ended piles in sand (after 
Gavin and Lehane 2005). 


of open-ended piles that were independent of IFR 
(with qan = qo). Lehane et al. (2005) propose that 
the average base stress (combining the plug and 
annular components) mobilised for an open ended 
pile be calculated using Equation 6: 


Co = 0.15 + 045 A, ¿yy (6) 


where A y =1— FFR (D,/D)’, and FFR is the IFR 
value at the end of driving. 

Equation 6 suggests that a, increases from = 0.15 
for a fully coring pile (IFR = 1) to 0.6 for a fully- 
plugged pile. 


3.4 Partial displacement screw injection piles 


Funderingstechnieken Verstraeten bv. performed 
three static compression load tests on screw injec- 
tion piles installed in dense sand at a site in Ter- 
hausen, Netherlands. The piles which had shaft 
diameters of 0.46 m, base diameters of 0.56 m and 
embedded lengths of between 20.2 m and 20.3 m 
were instrumented with strain gauges along their 
length. The purpose of the test was to assess recent 
changes in pile capacity factors introduced in the 
Dutch standard NEN-EN 9997-1 introduced on 
January 1st 2017 that reduced the a, values for all 
piles by 30%. The result was that for screw injec- 
tion piles the value decreased from 0.9 to 0.63. 

Estimates of the pile capacity at the test site were 
made using the pre-2017 design value and the piles 
were load tested to this capacity in an attempt to 
validate the old design approach. The CPT profiles 
at the test site are shown in Figure 8. The estimated 
pile capacity ranged from 5750 to 6100 kN. The 
load test on pile 1 was terminated an applied load 
of 5874 kN when the pile head settlement reached 
23 mm (i.e. less than 5% of the pile diameter). The 
other piles were loaded up to failure at ultimate 
loads of 6096 kN (Pile 3) and 6312 kN (Pile 5) 
causing pile displacements of 60 mm. 

The base pressure-settlement response of the 
piles is illustrated in Figure 9, showing that the ini- 
tial stiffness response of the three piles was similar. 
Pile 1 mobilised the highest resistance, 13.7 MPa 
despite not reaching failure. Pile 3 mobilised an 
ultimate base resistance of 12 MPa and Pile 5 had 
the lowest resistance of 10 MPa. 

The back-figured a, value depends on the 
design average q. value adopted. A comparison of 
values derived from the Dutch averaging method, 
where q, is averaged over a distance -8B to + 4B 
and assuming q, averaged over a distance + 1.5B 
above the pile base are shown in Table 2. Adopting 
the Dutch averaging technique the measured o, is 
1.12, 80% higher than the current value (of 0.63). 
Using the + 1.5B suggests that the ultimate end 
bearing resistance of these piles approximates q,- 
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Figure 9. Base resistance mobilised by gout injection 
piles at Terhausen test site. 
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Table 2. Comparison of base capacity factors back- 
figured from Terhausen test site using different CPT 
averaging techniques. 


q. Dutch 
Pile (MPa) OL, Dutch +1 5B O p:Dutch 
Pile 1 9.75 1.40 12 1.23 
Pile 3 10.90 1.10 15 0.80 
Pile 5 11.60 0.86 11.8 0.85 
Average 1.12 0.96 


3.5 Bored piles 


The earliest correlation between the end bearing 
resistance of bored piles and q, were suggested by 
(Meyerhof 1956; Meyerhof 1976; Meyerhof 1983). 
Based on theoretical and experimental studies on 
deep foundations, he introduced two reduction 
factors, C, for scale effects and C, to account for 
shallow penetration into dense strata to predict the 
ultimate end bearing resistance (q,,) of a bored 
pile: 

At =0.3 q, C, C, (7) 

The LCPC or French method (Bustamante 
and Gianeselli 1982) was developed from a data- 
base of 197 pile tests on driven and bored piles in 
a range of soil conditions. An a, value of 0.2 is 
recommended for bored piles in sand and gravel. 
The design q, is the average from +1.5B having 
excluded values that are in excess of + 30% of the 
average. De Cock et al. (2003) compiled a review 
of pile design practice in Europe and found that 
o. commonly ranged between 0.15 and 0.2, and 
typically did not depend on the diameter or the 
length of the pile. Eurocode 7, Part 2, suggests that 
a, values, which although independent of footing 
width and depth, reduce from 0.2 for q, values up 
to 15 MPa, to 0.16 for q, = 20 MPa. Lehane (2008) 
reported a database study of Continuous Flight 
Auger (CFA) piles where the pile length varied 
from 4 m to 10.5 m. The database contained both 
straight and expanded base piles and recorded a, 
values that increased from approximately 0.15 for 
4 m long piles, to approximately 0.4 for a 10.5 m 
long pile. 

Gavin et al. (2013) compiled a pile test database 
comprised of 20 static maintained load tests per- 
formed on non-displacement piles installed in sand 
where the piles were loaded to settlements in excess 
of 10% of the pile diameter. The diameter B of the 
piles ranged from 0.2 m to 1.5 m, while their length 
L ranged from 4 m to 26.5 m, with L/B in the range 
4 to 37. They were founded in sand where the CPT 
end resistance, Q,, sz value ranged between 2 MPa 
and 40 MPa. 


In the assessment of mobilised 0, values, the 
design qas) Was adopted. The variation of a, with 
pile diameter, length, relative density and CPT q. 
value is shown in Figure 10. Although there is con- 
siderable scatter in the results, there is no sugges- 
tion that a, varied in a consistent manner with any 
of the parameters considered in the assessment, 
with an average o value for the database piles of 
0.24. 

Tolooiyan and Gavin (2013) performed finite 
element analysis using PLAXIS to investigate 
the factors affecting a, for bored piles in sand. 
The sand was modelled using the Hardening Soil 
(HS) model described by Schanz et al. (1999) with 
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Figure 10. a, values back-figured from load test data- 
base (a) effect of pile length, diameter, and strength. 
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the HS model parameters calibrated from lab-test 
data. Cavity expansion analyses were performed 
using a procedure described by Xu and Lehane 
(2008) and Tolooiyan and Gavin (2011) in order 
to predict the CPT q, profile for Blessington 
sand. The FE generated values are compared in 
Figure 11 with a four typical q, profile measured at 
Blessington. It is clear that the FE model provided 
a reasonably good albeit lower-bound estimate of 
the measured CPT q, profile. 

The effect of pile width, B on the bearing pres- 
sure mobilised by piles in Blessington sand was 
considered by analysing a pile of fixed length of 
6 m with a diameter ranging from 0.2 m to 0.8 m. 
The piles were loaded until the settlement reached 
10% of the pile diameter, see Figure 12a. The max- 
imum end bearing resistance (=5,500 kPa) of all 
piles was similar. However, the settlement required 
to achieve this resistance increased in proportion 
to the pile diameter. The normalised pressure- 
settlement response is shown in Figure 12b. This 
reveals that the normalised stiffness response for 
the piles was very similar, with a = 0.31. 

Considering the effect of pile length in 
Figure 13, a tendency for a slight reduction in a, 
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with depth is noted with the value decreasing from 
0.34 to 0.31 as the pile length increased from 3 m 
to 8 m. The influence of CPT averaging technique 
(from + 0.75B to + 3.5B) technique is also consid- 
ered. However, for Blessington sand the effect is 
negligible. 

In order to investigate the effect of sand density 
on the mobilised a factor, sensitivity analyses were 
performed using three sand deposits. These were 
Tanta sand from Egypt which has an in-situ relative 
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density D, = 75% (reported by El Sawwaf (2005); 
El Sawwaf (2009)), Monterey sand from the United 
States with D, = 65% (Wu et al. (2004) and Yang 
et al. (2008)), and Hokksund sand from Norway 
with D, = 50% (Tefera et al. 2006). Synthetic CPT 
q. profiles were derived for these deposits using the 
procedure as for Blessington sand. The predicted 
CPT q, profiles are illustrated in Figure 14. 

The sensitivity analyses were performed using a 
fixed pile diameter (B = 0.4 m) and a pile length 
which varied from 4 m to 8 m. The pressure-settle- 
ment values predicted are shown in Figure 15. The 
highest q, values were measured in Tanta sand and 
the lowest were in Hokksund sand. The q, values at 
all sites increased as the pile length increased from 
4 m to 8 m. The increase was in the range 56% to 
77%, with the highest increase being in Tanta sand. 

When the bearing pressure mobilised at a pile 
base settlement of 10% was normalised by the CPT 
q. value averaged over + 1B, a, values in the range 
0.32 to 0.33 were determined. There were clear 
variations in the rate of mobilization at low set- 
tlement levels across the sites, with the normalised 
resistance developing more slowly as the relative 
density increased. 

The influence of CPT averaging technique and pile 
length on a, is considered in Figure 16. Consistent 
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trends were found for all sites where a, was reason- 
ably constant when q, was averaged over equal dis- 
tances above and below the pile base, see Figure 16a. 
When q, was averaged with a bias for values either 
above or below the pile base, See Figure 16b, higher 
variability and a more pronounced length bias was 
observed with the highest œ, values being inferred 
when using the Dutch average technique. 

On the basis of these analyses, it appears that 
an approximate constant a, factor of 0.3 would 
produce reasonable estimates of the end bearing 
resistance of bored piles in sand. This value is 50% 
higher than values typically used in practice and 
20% higher than the a, value of 0.24 inferred from 
the database study. To investigate one possible rea- 
son for the difference between the field response 
and FE analyses, it is of interest to consider the 
effect of loading rate on the mobilisation of œ. 
Gavin et al. (2013) describe load tests performed 
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Figure 16. Effect of CPT averaging technique and pile 
length on a, values in Hokksund Sand. 


on instrumented continuous flight auger piles 
installed in dense sand in Killarney, South-West 
Ireland. Load tests were performed on two piles, a 
450 mm diameter, 15 m long pile and an 800 mm 
diameter, 14 m long pile. The load test procedure 
involved a maintained load test (MLT) followed 
by a fast-loading, constant rate of penetration 
(CRP) test. The results of the MLT portion of 
the load test are shown in Figure 17a where it is 
clearly evident that when the applied base pressure 
exceeded 1500 kPa, the piles experienced creep 
during load increments. When the normalised base 
displacement reached 10% of the pile diameter, the 
a, factor approached 0.24. 

When the piles were reloaded in the CRP test (See 
Figure 17b), significantly higher base resistance 
was mobilised. Whilst the loading history would 
affect the initial pressure-settlement response, the 
a, factors mobilised in the fast loading tests (where 
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Figure 17. Effect of loading rate or test method on a, 
mobilized by CFA piles in sand. 


creep effects were minimised) exceeded 0.31. The 
soil models used in the numerical analyses did not 
model sand creep which clearly affected the MLT 
result and thus the mobilised base resistance. 


4 SHAFT RESISTANCE OF PILES 


4.1 Background 


The peak unit shaft resistance (t,) mobilised by a 
pile in sand can be estimated using earth pressure 
theory as: 

1, = K of tand, (8) 
where K is the earth pressure coefficient, o; is the 
in-situ vertical effective stress, and ô, is the soil- 
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pile interface friction angle. As with all earth pres- 
sure approaches, the difficulty with the application 
of Equation 8 is in the choice of an appropriate 
K value for design. For bored piles, Reese and 
O'Neill (1999) suggest K/K, (where K,, is the coef- 
ficient of earth pressure at rest), varies with the 
pile construction method, varying from 0.67 for a 
pile excavated using slurry, to 1.0 for a pile formed 
in a dry excavation. K, is notoriously difficult to 
measure, but may be estimated using the method 
proposed by Kulhawy and Mayne (1990): 


K, = 1- sing- Normally Consolidated 
K, = (1 — sing) OCR: — Over Consolidated 


(9) 


where g is the friction angle and OCR is the Over- 
Consolidation Ratio. 

For displacement piles, K will be changed dur- 
ing pile installation due to large stress changes as 
the pile base moves through the penetration depth 
and friction fatigue occurs during cyclic installa- 
tion. Values in the range K = 1-2 are often used 
in practice. Due to uncertainties regarding input 
parameters such as ¢’, OCR and ô, and the effect 
of installation method, the use of CPT based 
design methods cone Penetration Test (CPT) are 
increasing: 
1,= 0% q, (10) 

A range of o, values that depend on pile type 
are recommended in many design codes, with 
values typically being lowest for bored piles and 
highest for displacement piles. For example, in 
the Netherlands NEN 9997-1-2016 recommends 
a, value that range from 0.06 for bored or driven 
open-tube piles, to 0.01 driven concrete or closed- 
ended steel tubes and up to a maximum of 0.014 
for a driven cast-in-place piles. In Belgian prac- 
tice, summarized by Huybrechts et al. (2016), a, 
depends on q,, pile type and roughness. A limiting 
maximum shaft resistance of 150 kPa is imposed 
for q, values > 20 MPa. 

Intensive research on displacement piles 

reported in Jardine et al. (2005) and Lehane et al. 
(2005) show that the local shaft resistance is given 
by: 
T= (Ohe, AG;,) tan 6; (1) 
where: Oio is the fully equalized horizontal effec- 
tive stress after pile installation and Aoj,, is a com- 
ponent derived by dilation during loading. 

Chow (1997) examined profiles of o;, recorded 
by an instrumented pile installed at two sites and 
found that o; values at a given location on the pile 
were almost directly proportional to the q, value 
at that level and the distance from the level to the 


pile base (h) normalised by the pile diameter (D). 
These findings were incorporated into the widely 
used design method for displacement piles known 
as the Imperial College (IC-05) design method 
(Jardine et al. 2005) and a similar approach known 
as the University of Western Australia (UWA) 
method (Lehane et al. 2005), where: 
Ohe = 0.03 q. (h/Dy** (12) 

A minimum h/D value of 2 should be used is 
Equation 12. 

Equation 12 suggests that a, is highest near the 
pile tip and reduces with increasing distance from 
the pile tip. Lehane (1992) suggests that the dila- 
tion induced increase in horizontal stress (Aoj,,) 
could be predicted using cavity expansion theory: 


4G 5, 


Ad, == 


(13) 


where G is the shear modulus of the soil mass and 
6, is the horizontal displacement of a soil particle 
at the pile-soil interface. 

The IC-05 and UWA design approaches have 
been shown to provide more reliable estimates of 
the shaft capacity of piles and accurate predic- 
tions of the distribution of mobilised local shear 
stress on closed-ended displacement piles by Chow 
(1997), Gavin (1998), Schneider (2007) and others. 
Given the prevalence of driven open-tube piles, 
particularly in the offshore sector, both the IC-05 
and UWA methods allow for a reduction of shaft 
stress due to the lower displacement resulting from 
installation of these piles. Gavin et al. (2011) note 
that whilst the two approaches give very similar 
predictions for shaft capacity of closed-ended 
piles, differences in how they address the issue of 
plugging can result in significantly different esti- 
mates for open-ended piles. 


4.2 Driven cast-in-place piles 


Flynn and McCabe (2016) describe instrumented 
pile load tests performed on 3 driven cast-in-place 
piles installed at a site near Coventry, in the United 
Kingdom. The piles that were formed by driving a 
0.32 m diameter hollow steel tube with a sacrificial 
circular steel plate at the base were instrumented 
with strain gauges at four levels. When they reached 
their final penetration depths of between 5.5 m and 
7 m bel. the steel tube was filled with concrete and 
the steel casing was withdrawn. The CPT profile at 
the site is shown in Figure 18. The ground condi- 
tions comprise made ground and stiff sandy clay 
to approximately 1.8 m bgl. underlain by medium 
dense to dense sand to a depth of ~ 6.5 m. Below 
this depth the sand becomes increasingly gravelly. 
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Figure 18. CPT profiles at Coventry. 


The piles were load tested in compression between 
19 and 23 days after installation. 

The mobilisation of average shaft resistance 
(t,, = total shaft resistance/shaft area) during the 
load tests is shown in Figure 19. The three piles 
exhibited similar initial stiffness response with 
peak o, values in the range 0.094 to 0.14. 

A noticeable feature of the response is that rela- 
tively large normalised dis-placement was required 
to mobilise the peak capacity (between 3% and 
13% of the pile diameter) and in the case of Piles 1 
and 3, the resistance was still increasing up to the 
end of the load test. 


4.3 Continuous Flight Auger (CFA) Piles 


Gavin et al. (2009) presents the results of instru- 
mented load tests performed to study the devel- 
opment of shaft resistance on Continuous Flight 
Auger piles installed in sand. Ground conditions 
at the test site consist of approximately 2 m of 
mixed (sand, silt and clay) deposits overlying a 
deep deposit of sand. The CPT end resistance, q. 
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Figure 19. Normalised shaft resistance mobilised by 
driven cast-in-place piles (after Flynn and McCabe 2016). 
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Figure 20. CPT profiles for CFA pile tests at Killarney 
(after Gavin et al. 2009). 


measured in the vicinity of the test piles are shown 
in Figure 20. 

Two instrumented test piles were installed at the 
site. The first pile was installed using an 800 mm 
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Figure 21. Normalised shaft resistance mobilised by 
Continuous Flight Auger Piles (after Gavin et al. 2013). 


diameter auger to 14 m bel., and the second using 
a 450 mm auger to 15 m bel. The piles were instru- 
mented with strain gauges at four levels in order 
to separate base and shaft resistance components 
and to determine the distribution of shaft resist- 
ance along the pile. 

Static load tests in compression were performed 
and the average shaft resistance (t,,) mobilised 
during the static load tests of between 35 and 
36 kPa was almost identical on both the 450 mm 
and 800 mm diameter piles suggesting that scale 
effects were insignificant. The resulting a, ( = 1,/ 
ea) value of 0.008, shown in Figure 21 are similar 
to those used for the design of displacement piles 
in sand. The relatively large displacement required 
to mobilise the peak resistance is again a feature of 
the pile tests. 


4.4 Screw injection piles 


The average shaft resistance mobilised by the screw 
injection piles installed in dense sand at a site in 
Terhausen, Netherlands, described in Section 2.4 is 
shown in Figure 22a. The initial stiffness response 
of the piles which had shaft diameters of 0.46 m 
were remarkably similar. The load test on Pile 1 
was stopped before it reached peak resistance as 
the pile mobilised a much higher base resistance 
than the other test piles, see Figure 9. 
Notwithstanding this, it would seem that the 
ultimate shaft resistance of the piles was in the 
range 110 kPa to 130 kPa, However, displace- 
ments in excess of 10% of the pile shaft diam- 
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Figure 22. Shaft resistance (a) and normalised resist- 
ance mobilised (b) mobilised by Screw Injection Piles at 
Terhausen. 


eter were required to mobilise this resistance. The 
back-figured a, values shown in Figure 22b show 
that the Dutch standard NEN-EN 9997-1 recom- 
mended a, value of 0.09 would provide a reason- 
able estimate of the fully mobilised shaft resistance 
for these piles. 


4,5 Distribution of normalised shaft resistance on 
piles in sand 


Whilst the œ, values mobilised by the test piles 
described above conformed broadly with the con- 
stant values proposed in many codes and seemed 
to depend on pile type, with higher values gener- 
ally pertaining to driven piles, there remains some 
variation in o, values proposed by different codes. 
Some insight into possible reasons for this can be 
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determined by the instrumented load tests. The 
strain gauges on the piles allowed the local shear 
stress profiles to be determined. 

The normalised local shear stress profile along 
the driven cast-in-place (DCIP) pile (Flynn and 
McCabe 2016) is compared in Figure 23 to the 
profile predicted using the UWA-05 approach with 
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Figure 24. Comparison of distribution of normalised 
shear stress on CFA and Screw-Injection piles with pre- 
diction of UWA-05 method. 


ô= /,). It is clear that a method which includes for 
the effects of friction fatigue provides a very good 
match to the measured response and suggests that 
for piles where friction fatigue occurs during instal- 
lation that œ, should vary with pile geometry. 

The normalised local shear stress values for the 
CFA piles and a typical screw injection pile are 
shown in Figure 24. For these piles that do not 
experience friction fatigue during installation, a 
constant o, value is suitable to describe the shaft 
resistance. The value is lower than that applying 
to driven piles over a distance of 5D from the pile 
tip. Above this level the piles developed larger a, 
values. Thus suggesting that non-displacement 
piles with deep embedment lengths could mobilise 
higher average o, values than piles driven in the 
same deposit. 


5 CONCLUSIONS 


Whilst conventional earth pressure approaches 
remain in common use for the design of shallow 
and deep foundations in sand, researchers have 
highlighted a number of challenges related to the 
applicability of these methods. In all cases, obtain- 
ing high quality samples and determining opera- 
tion frictional angles over the range of stress and 
strain relevant for design remains an issue. For 
over-consolidated deposits, accurately determin- 
ing the earth pressure coefficient is essential and 
non-trivial. For shallow foundations, issues related 
to determining bearing capacity factors to address 
depth and width effects particularly for soil depos- 
its where the strength does not increase linearly 
with depth have been highlighted. For pile design, 
the impact of installation effects; for example 
friction fatigue which causes complex changes to 
in-situ horizontal stress regime around a pile and 
plugging effects that results in large changes to the 
strength and stiffness of the sand below the pile 
base have been quantified in recent field tests. 

Given that the CPT provides a continues indi- 
rect measurement of the strength and stiffness 
properties over the complete range of sand state, 
correlations between the cone end resistance q, and 
foundation behaviour are in common use and have 
been embedded in the design codes in many coun- 
tries. However, many of these codes give conflict- 
ing guidance on design. In this paper, results from 
lab and field experiments on instrumented piles 
and finite element analyses are used to explain the 
physical basis for the regional variations in CPT 
based approaches. 

For the design of shallow foundations a number 
of workers have proposed a values that vary with 
sand state and footing dimensions. Field tests 
performed by Briaud (2007), Gavin et al. (2009), 
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Mayne et al. (2012) and others suggest that unique 
site specific normalised resistance curves can be 
derived which are independent of footing geom- 
etry. A database of field tests collated in this paper 
suggests that at large normalised settlement levels 
(s/B = 5-10%), these normalised resistance curves 
converge and are independent of sand state. How- 
ever, the initial stiffness response of the foundation 
is strongly dependent on the stress history and 
knowledge of both the strength (q) and small- 
strain stiffness parameters are crucial for design. 

Considering the base resistance mobilised by 
piles in sand, the CPT q, value appears to be an 
ideal design tool. Whilst at very large pile displace- 
ments the base resistance, q, tends to the q, value, 
see White and Bolton (2001) and Randolph (2005). 
The exact displacement required depends on the 
pile installation method and in some cases could be 
several pile diameters. At displacement levels typi- 
cally considered in practice as representing failure, 
e.g. s/B = 10%, the stiffness response depends on 
the pile installation method. For low displacement 
pile types œ, ( = q,o,/q,) in the range of 0.15-0.2 
are typically adopted in practice. For displacement 
piles, q,/q, of 0.6 is recommended for closed-ended 
driven steel and concrete piles. A particular feature 
of field tests on shallow foundations and bored 
pile (i.e. where pre-stressing during installation 
did not occur) was that significant creep occurred 
during maintained load tests at high stress levels. 
Numerical analyses of these piles using soil models 
that do consider creep, showed ©, values around 
50% higher than those measured in maintained 
load tests. In quick load tests where creep was min- 
imised, œ, values similar to those in the finite ele- 
ment model were mobilised. Based on these results, 
if effects such as loading rate, the definition of fail- 
ure and residual loads are considered then higher 
œ, values can be adopted in design codes. 

When considering shaft resistance, a number 
of codes suggest constant a, ( = 1,,/q..,) values, 
with recommended values for displacement piles 
typically being higher than non-displacement piles. 
The case histories presented herein strongly sug- 
gest that a, values for driven piles should incorpo- 
rate a friction fatigue parameter. The absence of 
friction fatigue effects for non-displacement piles 
could result in some slender driven piles develop- 
ing lower o, than a non-displacement pile installed 
in the same soil deposit. 
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Evaluating undrained rigidity index of clays from piezocone data 


S.S. Agaiby & P.W. Mayne 
Geosystems Group, Civil and Environmental Engineering, Georgia Institute of Technology, Atlanta, USA 


ABSTRACT: A review on the evaluation of undrained rigidity index of clays (I, = G/s,) is presented, 
including laboratory testing, empirical correlations, and analytical methodologies. Using a hybrid spheri- 
cal cavity expansion—critical state framework, an expression is derived for obtaining the operational 
rigidity index (I,) directly from post-processing of CPTu data, specifically using the cone tip resistance 
and porewater pressure readings, or their normalized quantities. The evaluated rigidity indices are in 
reasonable agreement with reference laboratory tests and seismic-based in-situ approaches. The obtained 
values of I, are used to calculate the yield stress (0’,) profiles using three separate expressions obtained 
from the SCE-CSSM framework, based on: (a) net cone resistance: qae = 4, — Oyo; (b) excess porewater 
pressure: Au = u, — u,; and effective cone resistance: q, = q, — u,. The acquired value of I, is also input 
into the cone bearing factor (N,,) to obtain the undrained shear strength, where s, = q,.,/N,,. Case studies 
are presented showing that the CPTu profiles of o, and s, generally agree with laboratory testing by one- 
dimensional consolidation and triaxial compression mode, respectively. 


1 INTRODUCTION A more difficult issue lies in the selection of the 

correct shear modulus as its magnitude depends on 
The rigidity index (Ik) is an important input the level of shear strain. The initial shear modulus 
parameter for geotechnical applications involv- (G,=G,,,,) represents the tangent modulus at very 
ing bearing capacity, pile driving, porewater pres- small strains, but this applies to the nondestruc- 
sure generation, and piezodissipations. The value tive region. A secant modulus (G = 1/y,) represents 
of soil rigidity index is incorporated in various higher strain levels with G reducing with strains 
theories and analytical solutions involving cavity | (Mayne, 2007). As a compromise, Konrad & Law 
expansion, strain path method, and finite element (1987) and Schnaid et al. (1997) chose to use a 
analyses. For piezocone penetration into clays, the shear modulus at 50% mobilized strength (G;,) to 
magnitude of undrained rigidity index is often give an average response. 


needed in the interpretation of coefficient of con- It is evident that there are difficulties in prop- 
solidation (c,,) and its associated hydraulic con- erly selecting strength mode and mobilization level 
ductivity (k). of shear modulus values using laboratory-based 


Direct evaluation of rigidity index from its defi- techniques. These are affected by issues related to 
nition as the ratio of shear modulus (G) to shear sample disturbance, stress relief and high costs of 
strength (I, = G/s,) is quite elusive and difficult obtaining and testing quality samples. Therefore, 
(Krage et al. 2014). The selection of the appropri- itis of great interest and benefit to develop meth- 
ate means to measure G and/or s, is challenging and ods of obtaining the rigidity index based on direct 
requires careful evaluation. In the simulation of the | CPT measurements. 
piezocone advancement into the ground, it is difficult 
to assign the predominant failure mode(s) that exist 
around the penetrometer. Hence, the selection of the 2 EXISTING METHODS FOR ESTIMATING 
correct shearing mode and testing technique is not UNDRAINED RIGIDITY INDEX 
straightforword. Keaveny (1985) and Schnaid et al. 

(1997) recommended the usage of CK,UC triaxial | Keaveny and Mitchell (1986) proposed an empiri- 
compression test, while Konrad and Law (1987) pro- cal approach relating the rigidity index to the over- 
moted the pressuremeter test. Also, Teh and Houlsby consolidation ratio (OCR) and clay plasticity index 
(1991) and Yu and Mitchell (1998) deemed the triax- (PI). The methodology was based on results from 
ial compression mode as the most appropriate. triaxial CAUC test data on various clays where the 
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I, was defined using G., = E,,/3. The developed 
correlation can be expressed as: 
137 — PI 


al 23 


1p a2 Ps 
26 


Ikso = 


[1] 


Another means to estimate the rigidity index 
is via original Cam Clay derivation which was 
obtained by Kulhawy and Mayne (1990) based 
on routine soil parameters. An initial modu- 
lus was evaluated by differentiation as the strain 
approaches zero, then using this modulus value in 
a normalized form to evaluate undrained rigidity 
index as given by the following expression: 


R 


(2) i (42) 1010) [1+ In(OCR)]exp(A) 
3 a A(1- AJOCR* 


[2] 


where M = (6 sin@’)/(3-sing’) = slope of the fric- 
tional envelope for triaxial compression in q — p’ 
space, A = (1 — C/C.) = plastic volumetric strain 
potential, C, = swelling index, C, = virgin com- 
pression index, e, is the initial void ratio, and 
OCR = 0’,/o’,,. Typically, the value of A = 0.8 from 
load-unload-shear lab testing, although A = 1 in 
many natural clays tested in recompression, espe- 
cially at low OCRs (Ladd 1991). 

Mayne (2001) developed an expression for esti- 
mating the rigidity index based on CPTu data in 
clays from the hybrid spherical cavity expansion— 
critical state framework (SCE-CSSM). The I, 
expression was given by: 


La exp| 8) (15 2925)-2925] [3] 
(4, i u,) M 

However, as the values of net cone resistance 
and effective cone resistance are close, a line-by- 
line evaluation of data showed that the assessed I, 
profile was highly variable with depth. 

A recent empirical approach introduced by 
Krage et al. (2014) using the shear wave velocity 
profile and net cone tip resistance from SCPTu has 
been developed to evaluate I, at 50% strain level 
and can be determined from: 


(so = i 
E 


— 5 a [4] 
les) 


With consistent units used for G,, qae and o, 
terms. 
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Mayne (2016) developed an expression for rigid- 
ity index of clays from spherical cavity expansion 
theory which is dependent on the CPTu normal- 
ized porewater pressure parameter (B,). The I, 
expression is given by: 


, -exl | 


where B, =(u,—u,)/(q,—6,,). Obtained I, values can 
be restricted to the narrow range: 0.50 < B, < 0.70. 


2.93. B, 
(1-B,) 


[5] 


3 DIRECT CPTU SOLUTION FOR 
EVALUATING UNDRAINED RIGIDITY 
INDEX 


3.1 Original SCE-CSSM solution 


A hybrid formulation of spherical cavity expan- 
sion and critical state soil mechanics (SCE-CSSM) 
expresses the cone tip resistance (q,) and porewater 
pressure (u,) using closed-form equations, given by 
(Mayne 1991; Chen & Mayne 1994; Mayne 2007a): 


q, = o, + [(4/3)- (nl, +1) + z/2+1] 


-(M/2)-(OCR/2) - 0%, [6] 
u, =u, + [(2/3): (n1): (M): (OCR/2)* - 0] 
+ [I-(OCR/2)*]- o, [7] 


The hybrid SCE-CSSM model can be rear- 
ranged to express overconsolidation ratio (OCR) 
of the clay in three separate formulations using net 
cone resistance (qaet = q, — O,,), excess pore pres- 
sure (Au = u, — u), and effective cone resistance 


(Aer = — u): 
2 )- -0 lo C/A) 
OCR =2. (Ap - F)! 0, . 
(44) AnI +1) +27/241 
OCR =). (Au/ o%,)—1 qua y. 
o (2/3)-M -In(1,)-1 
(1/A) 
OCR= 2. 1 gei o 
1.95.M +1 o, 


Combining equations [8] and [9], the value of 
the rigidity index can be obtained in terms of 
normalized CPTu measurements and friction 
parameter M: 

1.5:0+2.925M -(U*-1) 
Ik = exp: > 
O-M-M. (U = 1) 


[lla] 


a 
Q 


osti | 


where Q = normalized tip resistance = (q, — 6,,)/0%,; 
U* = normalized porewater pressure = (u, — u,)/0%,,. 

Since the expression for I, is an exponen- 
tial form, the use of [11] in a line-by-line post- 
processing of CPTu data unfortunately results in 
highly variable profiles with depth, therefore a 
moving average is necessary for any practical use. 

A stable representation for [11] is obtained in 
the following format: 


1, = exp: [1 1b] 


1.5+2.925-M-a, ) 


M -(1-a,) 12) 


1.0 


where a, = (U* — 1)/Q = (u, —6,,)/(q, — Ovo). Hence, 
a, can be determined as a single value for any clay 
deposit by taking the slope of a plot of the param- 
eter (U* — 1) versus Q, or alternatively taken as the 
slope of (u, — 6,,) versus (q, — 6,,). Using regres- 
sion analyses, slightly different slope values for a, 
are obtained. 


3.2 Effective friction angle evaluation 


The derived expression for rigidity index depends 
on the value of the effective friction angle (6). In 
the event that laboratory-measured values from 
triaxial tests are not available, the effective friction 
angle can be evaluated using the NTH method. 
This is an effective stress limit plasticity solution 
for undrained penetration developed by Senne- 
set et al. (1989). In this method, a cone resistance 
number (N) is defined: 


m 


N -1 
4 


N, = = q, En 050 
1+N, B, 


o +a 


vo 


[13] 


where a’ = c’cotd’ = attraction, c’ = effective cohe- 
sion intercept, N, = K,: exp [(m — 2B)-tang] is the 
end-bearing factor for the cone tip resistance (q,), 
K, = (l+sinġ’)/(l-sinġ’) is the passive stress coeffi- 
cient, B = angle of plastification (—20° < B < +20°) 
which defines the size of the failure zone beneath the 
tip, and N, = 6 - tano” - (1 + tanọ’) is the porewater 
pressure bearing factor. The full solution allows for 
an interpretation of a paired set of Mohr-Coulomb 
strength parameters (c’ and 6”) for all soil types. 
For soft to firm clays, it can be adopted that 
c’ =0, thus the term N,, reduces to the well-known 
normalized cone resistance, Q = q,,.,/o%,. Further 
simplification is achieved by taking the angle B = 0 
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(Terzaghi equation) for the case of undrained 
loading at constant volume and an approximate 
deterministic expression given by (Mayne 2007b): 
Ø =29.5°. B°' [0.256 + 0.336. B, +logQ] [14] 
which is valid for the following parameter ranges: 
20°< y” < 45° and 0.1 < B, < 1.0. 


3.3 Undrained shear strength evaluation 


The operational value of rigidity index I, can be 
used directly to evaluate the profile of undrained 
shear strength of the clay with depth since it gives 
the cone bearing factor (N,,). The strength is 
obtained from: 


net 
Nu 


= [15] 


Pue 


where spherical cavity expansion theory expresses 
the N,, in terms of the rigidity index (Vesié 1977): 
Ny =((4/3)- (nl, +) +7/2+1] [16] 
Notably, the same input parameters (M and I) 
can be used in [8], [9], and [10] to obtain 3 inde- 


pendent profiles of OCR in the clay, adopting 
A=] 


4 CASE STUDIES VALIDATING THE Ik 
EVALUATION 


4.1 Ariake, Japan 


Ariake is a normally consolidated soft marine 
deposit located in Kyushu Island, Japan with 
OCR values ranging from 1.24 to 1.55 (Tanaka 
et al., 2001). The Ariake deposit is classified as 
a highly plastic clay with average water content 
ranging from 100 to 150% and liquid limit between 
110-120%. Figure 1 presents a representative 
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Figure 1. Piezocone sounding at Ariake: (a) cone tip 
resistance; (b) sleeve friction; (c) porewater pressure. 
(Tanaka et al., 2001). 


piezocone sounding conducted by Tanaka et al. 
(2001). Based on the piezocone data, an effec- 
tive friction angle was evaluated using the NTH 
method and the site has a characteristic effective 
friction angle 6’ = 32.2°, or M = 1.2. 

Figure 2 shows the evaluation of the slope 
parameter a, used in the derived I, solution where 
(u, — O) is plotted versus net cone tip resistance 
(Qe), giving a parametric value a, = 0.455. The 
slope value is used with the effective friction angle 
in [12] to give an operational rigidity index I, = 97. 

The obtained I, value is used to evaluate the 
cone bearing factor (N,,) per equation [16] for 
evaluating the undrained shear strength (s,). 
The value I, = 97 gives a corresponding N, = 10 
which provides an excellent agreement with the 
CAUC undrained shear strength data reported by 
Lunne et al. (2006) for the Ariake site, as presented 
in Figure 3. 

Applying equations [8], [9], and [10] of the 
hybrid SCE-CSSM solution to the CPTu results 
(I, = 97, 6 = 32.2°, A = 1), three assessments of 
stress history show consistent results, as seen in 
Figure 4. Overall, good agreement is observed 
when compared with laboratory measured o, and 
OCR profiles reported by Tanaka et al. (2001) and 
Lunne et al. (2006). 


4.2 Sandpoint, Idaho 


A new bridge and approach embankments were 
constructed as part of a realignment project for US 
State Highway 95 near Sandpoint, Idaho. The soils 
at the site consist of post-glacial alluvial deposits 
includingsoft silty clays with interbedded sand lay- 
ers to depths exceeding 80 m (Altaee and Fellenius, 
2002). The clay at Sandpoint has the following 
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Figure 2. Evaluation of slope parameter for proposed 


I, solution f [ (u,-0,,) / qaa] using CPTu data from Ariake, 
Japan. 
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Figure 3. Undrained shear strength profile for Ariake, 
Japan using the SCE-CSSM operational rigidity index 
value for cone bearing factor N,, (data from Lunne et al., 
2006). 
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Figure 4. OCR and preconsolidation stress profiles 
using the SCE-CSSM framework for Ariake, Japan (data 
from Tanaka et al. 2001; Lunne et al. 2006). 


characteristics and index values: liquid limit = 45.2 
+ 6.3%, plasticity index = 19.9 + 4.7%, and natural 
water content = 45.2 + 6.4%. Figure 5 presents a 
deep seismic piezocone sounding (SCPTu) extend- 
ing to depths of 80 m where the downhole shear 
wave velocity portion extends to 60 m (Mayne 
2005). An average effective friction angle o’ = 32° is 
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Figure 5. Seismic piezocone sounding at Sandpoint, 


Idaho (a) cone tip resistance, q; (b) sleeve friction, f; (c) 
porewater pressure, u,; and (d) shear wave velocity, V, 
(Mayne, 2005). 


evaluated using NTH method that compares well 
with CIUC triaxial tests ($' = 33°) made on undis- 
turbed samples (Mayne 2014). 

The predominant silty clay has a representative 
overconsolidation ratio (OCR) = 1.5 and plastic- 
ity index (PI) value of 20%. These values are used 
as input in the empirical equation [1] given by 
Keaveny and Mitchell (1986) to give an average 
I, = 170. The same friction angle (4) and OCR 
values are applied into equation [2] by Kulhawy 
and Mayne (1990) in addition to C, value of 0.60, 
A = 0.85 and initial void ratio of 1.12 to give an 
average I, = 127.5. The profile of the shear wave 
velocity is used to evaluate the small strain shear 
modulus (G,) which is used in Krage et al (2014) 
seismic procedure presented in equation [4] along 
with the cone tip readings to give an average rigid- 
ity index value of I, = 244. 

For Sandpoint, the plot of (u,-o,,) versus net 
cone tip resistance (q,.,) determines a slope value 
a, = 0.507. Together with the characteristic friction 
parameter M = 1.2, an operational rigidity index 
Ik = 217 is obtained for Sandpoint. 

Figure 6 presents a comparison between the val- 
ues of rigidity index obtained using four different 
expressions: three methods from the literature in 
addition to the proposed derived expression based 
on hybrid SCE-CSSM framework. 

It is clear that the presented new solution gives 
rigidity index value that is reasonable, comparable 
and within the same order of magnitude of other 
expressions from the literature. 

The evaluated I, value of 217 gives N,, = 11.1 
that provides a CPTu profile of s, in excellent 
agreement with the laboratory measured values 
from triaxial compression tests at the site, as pre- 
sented in Figure 7. 

Using the hybrid SCE-CSSM equations with 
derived parameter (Ip = 217 and @’ = 32°), three 
evaluations of stress history with depth are pre- 
sented in Figure 8. In the clay layers from 10 to 
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Figure 6. Comparison between different approaches 
for estimating rigidity index value for Sandpoint, Idaho 
test site. 
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Figure 7. Undrained shear strength profile for Sand- 
point, Idaho using SCE-CSSM solution and cone bearing 
factor N,, (data from Dean Harris, 2004, personal comm.). 


48 m and 66 to 80 m depth ranges, these gener- 
ally agree well and compare favorably with o, and 
OCRs obtained from one-dimensional consolida- 
tion testing. 


4.3 Ballina, Australia 


Ballina is a soft estuarine clay located in northern 
New South Wales in Australia. The clay has high 
plasticity with plasticity index value ranging 80% 
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Figure 8. OCR and preconsolidation stress profiles 
using SCE—CSSM solution at Sandpoint, Idaho (data 
from Altaee and Fellenius, 2002). 
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Figure 9. CPTu sounding in soft clay at Ballina, Aus- 
tralia: (a) cone tip resistance; (b) sleeve friction; (c) pore- 
water pressure (data from Pineda et al. 2014). 


and liquid limit value ranging 130% and water con- 
tent ranging 100% (Pineda et al. 2016). The clay is 
characterized by its high compressibility and low 
undrained shear strength as measured in triaxial 
compression tests. Figure 9 presents the readings 
of a piezocone sounding conducted by Pineda 
et al. (2014). A characteristic effective friction 
angle $ = 33.7? is evaluated the NTH method and 
piezocone data from the site. 

By plotting (u,-0,,) versus net cone tip resist- 
ance (qa) for Ballina soft clay, a slope value of 
a, = 0.50 is obtained. This determines an opera- 
tional rigidity index I, = 168. The obtained I, value 
corresponds to a cone bearing factor N,, = 10.74 
that provides nice agreement with CAUC labora- 
tory-measured s, reference values and field vane s, 
values at the site, as evident in Figure 10. 

Applying the SCE-CSSM equations with 
I, = 168 and ’ = 33.7? (A = 1), the three CPTu 
profiles give good agreement with each other at 
depths below 2 m, as presented in Figure 11. Very 
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Figure 10. Undrained shear strength profile for Ballina, 
Australia using the SCE-CSSM operational rigidity index 
value and cone bearing factor N,, (data from Pineda et al. 
2016). 
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Figure 11. OCR and preconsolidation stress predic- 
tion using hybrid SCE-CSSM framework with proposed 
I, expression for Ballina soft clay, Australia (data from 
Pineda et al. 2016). 


good agreement is also observed in comparison 
with laboratory-measured 6, and corresponding 
OCR profiles. 

5 CONCLUSIONS 


Using a hybrid spherical cavity expansion—critical 
state framework, it is shown that an operational 
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value of rigidity index (I,) is obtained from the 
cone tip resistance and pore water pressure read- 
ings, or their normalized quantities. Three case 
studies covering natural clays with different geolo- 
gies are used to demonstrate the effectiveness of 
the methodology. The assessed I, values are used 
to evaluate profiles of undrained shear strength 
and stress history 
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On the use of CPT for the geotechnical characterization of a normally 
consolidated alluvial clay in Hull, UK 


L. Allievi, T. Curran, R. Deakin & C. Tyldsley 
Arup, UK 


ABSTRACT: The A63 Castle Street Improvement scheme includes an excavation approximately seven 
metres deep within a layer of normally consolidated alluvial clay. The collection of good quality undis- 
turbed samples of this soil for laboratory testing proved challenging, therefore great reliance was put on 
site testing, especially on cone penetration tests. The procedure to calibrate and combine the data gathered 
from the field CPT and dissipation tests with all the ground investigation data is described. The use of 
CPTs provided a continuous profile with depth of the geotechnical properties of this extremely variable 
layer. Additional considerations are given on the effects of the use of a ul or u2 piezocone position for the 
measurement of pore water pressure. 


1 INTRODUCTION 


Typically, the geotechnical characterisation of fine 
grained deposits relies greatly on the results of 
laboratory tests such as triaxial and compressibil- 
ity tests. However, the collection of good quality 
samples for laboratory testing is not always pos- 
sible, especially in the soft deposits with a relevant 
fraction of coarse grained material. In such cases 
cone penetration testing is a very valuable and cost Figure 1. 3D visualization of the A63 Castle Street 
effective technique to derive the in-situ properties improvement scheme. 
of the soil. 

This paper describes how CPT tests have been 
used in the A63 Castle Street Improvement project the A63 will need to remain operative for the entire 
to characterise the mechanical properties of the duration of the works. 


alluvial clay. 
3 THE GROUND INVESTIGATION 
2 THE A63 CASTLE STREET AND GROUND CONDITIONS 
IMPROVEMENT PROJECT 


Two rounds of ground investigations were car- 
The Castle Street improvement scheme is the ried out for the Castle Street Improvement scheme 
enhancement of the A63 from the connection with between 2013 and 2016. The ground investigation 
the M62 to the Port of Hull, in the city of Hull, | works included exploratory boreholes and trial 
UK. The carriageway will be lowered by approxi- pits, window sampling, self-boring pressuremeter, 
mately 7 m into an underpass; a new integral cone penetration testing, pump testing, groundwa- 
road bridge will be constructed at the Mytongate ter monitoring and laboratory testing, including 
junction to carry the north-south traffic across triaxial and oedometer tests. 
the underpass and two new footbridges will be The geological conditions of the site are origi- 
constructed at Porter Street and Princes Quay to nated by a series of fluvial and glacial processes 
improve the pedestrian and cycling connectivity in which have resulted in a complex superficial 
a north-south direction across the A63. geology. 

The project is constrained by being into an urban The bedrock is Burnham Chalk Formation 
area with buildings and infrastructure located from the Upper Cretaceaous. The presence of a 
directly next to the working area and by the pres- glacial channel caused the erosion of the bedrock 
ence of cultural heritage features. Furthermore, at the east of the site, consequently the top of 
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chalk drops gently from -17 mOD at the west to 
-25 mOD at the east. 

Fluvio-glacial sands and gravels directly overly 
the chalk. A deposit of windblown (aeolian) sands 
is typically found above the glacial coarse grained 
deposit, however this is not present across the 
entire site. 

Glacial fine grained deposits are found above 
the aeolian sand, comprising two units. The lower 
unit is glacio-lacustrine material, deposited in a 
glacial impound lake behind a moraine dam; the 
upper unit is glacial till deposited in a more recent 
glacial phase. 

The thickness of the glacial deposits decreases 
towards the east, where a paleo-channel eroded the 
glacial till and subsequently deposited coarse grained 
alluvial material; this unit pinches out towards the 
center of the scheme at Mytongate Junction. 

A variable thickness of estuarine alluvial clay is 
found on top of the glacial deposits and the coarse 
grained alluvium across the entire site, with a layer 
of peat generally recognized towards the base of 
the unit. 

Sand lenses, bands and horizons are found 
irregularly within the glacial and alluvial deposits. 
These units are the results of fluctuations of the 
depositional environment and the variability of 
historical streams and watercourses. 

Made ground material of variable thickness 
and nature is found across the entire site above the 
natural deposits. 

Two main aquifers are found across the site: a 
shallower one within the superficial deposits and a 
confined and tidal-dependent one within the chalk. 
There is evidence that the fluvio-glacial sands and 
gravels and the aeolian sands are in hydraulic 
connectivity with the chalk; similarly, where the 
glacial deposits thin out at the east side of the 
site the coarse grained alluvium shows a slightly 
tidal-dependent behavior, evidence of some level 
of hydraulic connectivity with the deeper aquifer 
within the bedrock. 

Of all the geological sequence, the alluvial clay 
is the most challenging material for the design. It 
is a soft deposit with high silt and coarse grained 
fraction and characterized by high variability both 
laterally and vertically across the site. Lenses and 
pockets of organic material are found within this 
deposit and a layer of fibrous peat lies towards the 
base of the alluvium. 


4 UNDRAINED SHEAR STRENGTH 
OF THE ALLUVIAL CLAY 


Cone penetration testing was used in combination 
with a number of testing techniques to derive the 
undrained shear strength of the alluvial clay. 
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4.1 


Both unconsolidated (QUT) and consolidated 
undrained (CUT) triaxial tests were performed 
on undisturbed samples collected on site. How- 
ever due to the high silt content and the presence 
of sand pockets within the deposits, some level of 
stress relief was unavoidable for these samples. This 
effect may have resulted in low strength results in 
most of the quick undrained tests. 


Triaxial tests 


4.2 Cone penetration tests 


The undrained shear strength was derived from 
CPT tests using the expression c, = 4n? Npp Where qner 
is the cone resistance and N,, the cone factor value. 
It should be noted that the cone resistance was cor- 
rected to keep into account the pore pressure effects, 
through the relation q,=q,+u2(1-a), where q, is the 
measured cone resistance, u2 is the measured pore 
pressure and a is the net area ratio of the tip. 

The value of the N,, was calibrated using the 
shear strength derived from triaxial tests. A plot 
of undrained shear strength versus net cone resist- 
ance was prepared for each triaxial test; trend lines 
were identified across the deposit and preliminary 
N,, values were derived from the gradient of these 
trend lines. 

A review of the triaxial tests before the calibra- 
tion allowed the elimination of unreliable results, 
especially those performed on samples with sand 
pockets or with local variations of soil character- 
istics. The samples tested in the triaxial apparatus 
were split and described after the test and the avail- 
ability of these descriptions was instrumental for 
this stage of the ground characterization. During 
the calibration process, more reliance was put on 
the consolidated undrained triaxial tests rather 
than the quick undrained triaxial tests. 

Having isolated the more representative triaxial 
tests, it was found that the best correlation between 
triaxial test and CPT results was based on an N,, 
value of 20. 


4.3 Pressuremeter tests 


Two types of pressuremeter testing techniques were 
used during the ground investigation: Self Boring 
Pressuremeter (SBP) and Full Displacement Pres- 
suremeter (FDPM). The SBP drills a borehole into 
the ground as wide as the pressuremeter device; in 
the FDPM a pressuremeter cone is used, which is 
a special cone mounted on a CPT apparatus and 
pushed to testing depth. 

The limit shear strength mobilized in pressureme- 
ter tests equals the undrained shear strength when the 
test is completed in undrained conditions. A review 
of the pressuremeter tests allowed the tests com- 
pleted in undrained conditions to be distinguished 


from those performed in areas with local coarse 
grained pockets and therefore not undrained. 


4.4 Liquidity index 


The undrained shear strength of a fine grained 
material can be correlated with the liquidity index. 
A range of correlations are available in literature; 
the one proposed by Skempton & Northey (1952) 
was used in this case. 

Upper bound values of the liquidity index, 
resulting in lower bound undrained shear strength, 
were conservatively used. Based on a review of the 
tests results, a liquidity index increasing linearly 
from 0.23 at the top of the layer to 1.2 at 0 mOD 
and then constant with depth below 0 mOD was 
assumed. 


4.5 Skempton’s correlation 


In literature there is a number of correlations 
between undrained shear strength and effective 
vertical stress for normally consolidated depos- 
its. The relation c, = 0.11 + 0.0037PI proposed by 
Skempton & Henkel, (1953), was used. 

Based on the Atterberg limits for the alluvial 
clay, a plasticity index (PI) of 24 was used in the 
correlation. 

Figure 2 shows the undrained shear strength 
derived from all methods described above. For 
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Figure 2. Shear strength of the alluvial clay. 
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CPT derived shear strength, the plot shows upper 
and lower bound values for extreme results and the 
envelope of the highest density results (labelled as 
CPT typical envelope). 

The profile of strength derived from CPT shows 
that the upper part of the unit is characterized 
by higher strength; this corresponds to a zone of 
desiccated crust. Within this zone, the strength 
reduces linearly with depth until about 0.5 mOD; 
below this level, the deposit is generally very soft to 
soft until about -2 mOD, when a trend of strength 
increasing with depth begins. A step down in the 
strength is seen at around -5 mOD, however the 
trend of strength increasing with depth continues 
even below this level. 

The majority of the shear strength values 
obtained with different derivation methods fall 
within the typical CPT envelope for depths above 
-3 mOD. A number of consolidated triaxial tests 
result in higher values of shear strength, however 
most of these data were obtained with consolida- 
tion pressure in excess of the in-situ pressure, and 
are therefore not representative of the actual soil 
stress conditions. 

Between -3 and -6 mOD, some localized very 
low triaxial results can be seen within the softer 
zone. These results were noted from the historical 
data and were investigated further within the scope 
of the most recent ground investigation. Different 
sampling and testing methods confirmed the pres- 
ence of localized weaker layers. It is believed that 
these are due to variations in the composition of 
lenses and thin horizons of coarser material, as 
seen also in the classification data. 

It should be noted how of all testing methods 
and correlations, the Liquidity Index correlation 
and the Skempton curve provide the best fit with 
the typical lower bound CPT derived results within 
and below the crust respectively. 

Test results, borehole descriptions and split and 
describe samples all agree in showing great vari- 
ability in soil composition and coarse grained frac- 
tion. This is reflected in the scatter of the results 
obtained using the CPT data. 


5 STIFFNESS OF THE ALLUVIAL CLAY 


A strain level y between 0.1% and 0.01% was 
assumed in the stiffness derivation for the project. 
This was considered an appropriate level for 
the design of foundations and earth retaining 
structures. 

Two different methods of analysis of the CPT 
test results were used for the assessment of the 
stiffness of the alluvial clay: using correlations 
from the c, obtained from the cone resistance and 
using the data gathered using seismic cone testing. 


A simplified profile of the typical range of 
CPT derived shear strength was considered in the 
stiffness derivation and the correlations proposed 
by Kouftsoftas & Fischer (1980), based on Over 
Consolidation Ratio (OCR) and PI, were used. 
These correlations propose a ratio between shear 
stiffness G and shear strength c, for different strain 
levels. The elastic modulus can then be derived 
using the relation E = 2G(1 + v), where v= 0.5 in 
undrained conditions. A conservative ratio of 0.6 
between drained and undrained elastic modulus 
was assumed. 

Seismic CPT was also performed at the site. 
In this type of testing, the CPT cone is equipped 
with geophone sensors; seismic shear waves are 
generated at the surface and the sensors on the 
cone record the magnitude and arrival time of the 
seismic waves. A profile of the shear wave velocity 
with depth is obtained and this can be correlated 
to the soil small strain stiffness using the relation 
G, = pV?, where pis the soil density. The degrada- 
tion curves proposed by Seed & Idriss (1970) where 
used to derive the stiffness at the relevant strain 
level and undrained and drained elastic moduli 
were derived using the same relations proposed 
above. 

The stiffness obtained with CPT tests was com- 
pared to that derived from pressuremeter tests. In 
fact, the shear modulus G can be derived from the 
pressure/displacement curves for different strain 
levels and the elastic modulus can then be derived 
from the shear modulus using the same elastic the- 
ory relations described above. Only the results of 
the SBP were considered, since the interpretation 
of FDPM data generally resulted in lower stiffness 
values, probably due to the greater level of distur- 
bance relatively to the volume of soil tested caused 
during the advancement of the instrument. 

Figure 3 shows the drained elastic modulus 
derived with the different methods. Only the results 
obtained below the desiccated crust are shown in 
the plot. CPT derived lower bound values show a 
good correspondence with pressuremeter data and 
the trend with depth is similar to what is seen for 
the shear strength, with softer material below the 
crust and strength increasing with depth below 
-2 mOD. 

Seismic cone data show a greater scatter in the 
results. It is believed that this variability is a reflec- 
tion of the variability of the ground conditions, 
which have a greater impact in the results of the 
seismic cone rather than the pressuremeter because 
of the lesser volume of soil tested with this tech- 
nique. The results are mostly included within the 
typical CPT derived range, however, they tend to be 
in better agreement with the typical upper bound 
CPT derived values. A similar trend of increasing 
strength for depths greater than -2 mOD is found 
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Figure 3. Drained elastic modulus of the alluvial clay. 


also in the seismic cone data, however a reduction 
in the stiffness derived with this method is seen 
below -4 mOD. 

A simplified upper extreme CPT envelope is also 
plotted on the graph. Almost the entirety of the 
seismic cone results falls within this envelope. 


6 PERMEABILITY OF THE ALLUVIAL 
CLAY 


As described previously, the nature of the allu- 
vial clay is extremely varied, with silt and coarse 
grained lenses irregularly distributed within the 
deposit. The estimation of the permeability is 
important to predict the soil behavior during the 
excavation, before the construction of the perma- 
nent structures. 

The permeability of the alluvial clay was esti- 
mated using dissipation tests performed dur- 
ing the CPT tests and using the oedometer test 
results. The soil permeability can be derived from 
the coefficient of consolidation using the relation 
k = C*y,*m,. The coefficient of volume change m, 
can be derived indirectly from the cone resistance 
measured during CPT tests using the relation m, = 
[æn (q, — O)! (with o, empirical factor function 
of the cone resistance) or directly from oedometer 
test results. From a comparison between the two 
methods, it was found that the m, estimated with 


the oedometer tests is in good agreement with the 
upper bound value of m, estimated using the CPT 
test results. 

From the dissipation tests, the coefficient of 
consolidation was derived using the correlation 
T* = (C*0/(r2*N1,) proposed by Teh & Houlsby 
(1991), where T* = time factor for a given degree of 
pore pressure dissipation, C = coefficient of con- 
solidation, ¢ = measured time for dissipation for 
the same degree as 7*, J, = rigidity index, assumed 
equal to 160 for the alluvial clay, r = cone diameter. 

As demonstrated by Robertson et al. (1992), the 
coefficient of consolidation estimated with CPT 
data is a good estimate of the horizontal coefficient 
of consolidation C,, therefore the permeability esti- 
mated using the dissipation test results is considered 
to be the horizontal coefficient of permeability. 

On the contrary, because of the testing method, 
it is believed that the coefficient of permeability 
estimated using oedometer tests is representative 
of the vertical permeability of the soil. 

Figure 4 shows the value of horizontal and ver- 
tical coefficient of permeability estimated for the 
alluvial clay. The vertical permeability of the layer 
ranges typically between 10 and 107 m/s; the hor- 
izontal coefficient of permeability ranges between 
10% and 10° m/s. The difference between the two 
is representative of the soil composition; the pres- 
ence of lenses and pockets of coarser and more 
permeable material provides a preferential path for 
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Figure 4. Permeability of the alluvial clay. 
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the horizontal dissipation of pore water pressure, 
however this effect is much less relevant for the 
water movement in vertical direction. 


7 INFLUENCE OF PIEZOCONE POSITION 


All CPT tests performed included the measure- 
ment of the pore water pressure. However, differ- 
ent types of piezocone were used in the different 
investigations A number of tests used a piezometer 
in u2 position, on the shoulder of the cone, and 
some with piezometer in ul position, on the face 
of the cone. 

The piezometric profile measured with ul and 
u2 positions at the same location were compared 
and the results are showed in Figure 5. It is evident 
that the ul position tends to result in significantly 
higher measurements of pore pressure. 

Most of the correlations for CPT data available 
in literature have been developed for piezocone in 
u2 position, and the impact of using ul rather than 
u2 pressure measurements is most relevant for soft 
clays, where the recorded tip resistance is limited. 
Therefore, a correction factor based on Peuchen 
et al. (2010) was adopted for all ul pore pressure 
measurements before processing the CPT data. An 
example of the effect of this correction is presented 
in Figure 5. 
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piezocone positions. 


8 CONCLUSIONS 


When working with normally consolidated soft 
soils, obtaining good quality undisturbed samples 
for geotechnical laboratory tests can be difficult, 
slow and expensive and often the results obtained 
are not representative of the in-situ soil properties. 

Cone Penetration Tests provide a simple and 
cost effective method to obtain a continuous pro- 
file with depth of the ground conditions. Fur- 
thermore, when combined with other in-situ and 
laboratory testing techniques, an example of which 
is the work done for the Castle Street Improvement 
project described in this paper, CPTs can be used 
to derive the soil properties, such as strength, stiff- 
ness and permeability. 

When interpreting the results of CPT tests, it 
should be considered that because of the testing 
technique and instrument, the properties estimated 
are representative of the volume of soil immedi- 
ately close to the testing zone; care should be taken 
in extending the results of a limited number of 
tests to the entire layer and in choosing the design 
values of the estimated parameters. 

A good knowledge of the details of the test per- 
formed, such as the type of piezocone used for the 
measurement of the pore water pressure, is also 
important because this will affect the assessment 
of the soil properties. 
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New vibratory cone penetration device for in-situ measurement 
of cyclic softening 


D. Al-Sammarraie, S. Kreiter, F.T. Stáhler, M. Goodarzi & T. Mórz 


MARUM-Center for Marine Environmental Sciences, University of Bremen, Bremen, Germany 


ABSTRACT: A new type of vibratory cone penetration device has been developed to improve the 
geotechnical in-situ methods for evaluating the dynamic and cyclic properties of the soil. The new device 
controls displacement amplitudes in real time and is designed to test various cyclic loads that cover 
different configurations of vibratory pile installation and different magnitudes of earthquakes. Some soil 
layers reacted strongly to the induced cyclic loads with high reduction ratios RR of the cone resistance, 
while other layers did not react to cyclic loading. It was also found that even a distance of 50 cm does 
not guarantee a good correlation between CPT and Vibro-CPTu. Therefore two or more pairs of CPT 
and Vibro-CPTu should be conducted at close distances in order to minimize misinterpretations of the 
data, which are caused by small scale geological structures, such as the presence of inclined layers, cross 
bedding, or other heterogeneities. 


1 INTRODUCTION 


RR=]- (2) (1) 
In recent years there has been an increased interest d 


in using vibratory driving as a method for pile 


installation, especially for offshore structures where q„ = vibratory cone resistance; and 
where the well being of the sea mammals is of great q, = static cone resistance (Sasaki & Koga, 1983). 
concern. The method reduces noise and damage Early Vibro-CPTu devices used horizontal 


to the piles during driving as well as permits fast  down-hole vibrators, without a control of stress or 
pile installation (O’Neill et al., 1990). Vibratory strain (Sasaki & Koga, 1983, Sasaki et al., 1984, 
pile installation generates vertical vibrations that Shibata & Teparaksa, 1988, Tokimatsu et al., 1988, 
impose cyclic loads in the ground, which may cause Mitchell et al. 1988). However the applied horizon- 
the soil to liquefy (Nagomi et al., 1997). Liquefac- tal loads sometimes led to a gap at the cone-soil 
tion is the loss of soil strength due to an increase interface leading to debatable results. To overcome 
in pore water pressure and the resulting loss of this gapping problem, vertical down-hole vibra- 
shear strength during cyclic loading (Seed & Idriss, tors were used in more recent studies (Wise et al., 
1971). Fluidization is a type of liquefaction where 1999, McGillivray et al., 2000, Mayne, 2000). The 
the soil changes from its normal state to a quasi- only constant parameter of these vibrators is the 
fluid state under ongoing cyclic loading (Bernhard, energy. However the variation of the displace- 
1967). Fluidization is related to the displacement ment amplitudes with depth and material was not 
amplitude and frequency of vibration, and it may determined. Other recent studies by Jorat et al., 
occur during vibro piling (Rodger & Littlejohn, (2015) and Kluger et al., (2016) employed the 
1980). The prediction of the soil behavior during use of distance controlled method to apply up- 
vibratory pile installation is uncertain and depends hole vertical cyclic loads. Since the cyclic motion 
on empirical or combined theoretical and semi- of the rod was hydraulically driven up-hole, the 
empirical approaches (Nagomi et al., 1997). actual cyclic movement of the cone may vary with 
Nevertheless there have been some attempts to depth. Uncertainties in the applied amplitude lead 
directly evaluate the soil dynamic behavior and the to uncertainties in the interpretation of the effect 
liquefaction resistance in-situ by utilizing a special of Vibro-CPTu on the cone resistance. For this 
type of cone penetration test, the piezovibrocone reason a new vibro cone system has been devel- 
or Vibro-CPTu, that mechanically induces cyclic oped. The main advantage of the new system is 
loads in the soil while penetrating it (Sasaki & the 500 Hz acceleration measurements in the cone, 
Koga, 1983, Shibata & Teparaksa, 1988). Sasaki which allow to determine the displacements in situ. 
and Koga (1983) proposed the reduction ratio RR This study presents the first tests of the real time 
as an index for soil liquefaction resistance: controlled Vibro-CPTu concept. In this paper, we 
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compare the results of three pairs of static CPTu 
and Vibro-CPTu tests, performed with two differ- 
ent vertical vibration amplitudes and two differ- 
ent frequencies. The reduction ratios for the cone 
resistances are calculated, and the values for the 
actual penetration velocity and amplitudes are pre- 
sented at different penetration depths. 


2 METHODOLOGY 


2.1 Vibro Crawler 


The vibro crawler has a high speed hydraulic sys- 
tem controlled in real time with 5 kHz (Fig. 1). The 
controller is compatible with bigger CPT frames— 
currently under construction. The cone is equipped 
with an inertial (navigation) system consisting of a 
3-axis gyroscope and 3-axis accelerometer sensor 
working with 500 Hz. The presented tests were dis- 
placement controlled by a distance sensor at the 
hydraulic cylinder. The acceleration data was for 
this first study only recorded for post processing. 


2.2 Test scheme 


The test area is located in Bremen, Germany where 
the soil is mainly composed of dense sands, with 
medium to coarse grains (Fig. 2). 

Three pairs of static and vibratory cone penetra- 
tion tests were conducted at three locations spaced 
4 m apart. The space between the static CPTu and 
Vibro-CPTu was 50 cm for P1 and 80 cm for P2 
and P3 (Fig. 3). The used cone and the rod have 
a cross sectional area of 5 cm?. In static mode, the 
cone is pushed at a rate of 2 cm/s. In case of vibra- 
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Figure 1. Vibro crawler system. 
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Figure 3. Map of test field using UTM zone 32. The 


two cores are from Triebeneck (2017). The dotted line is 
the correlation section shown in figure 9. 


Table 1. Test scheme of Vibro?CPTu and static CPTu, 
where f = frequency; and e, = displacement amplitude. 
type J [Hz] e, [mm] Location 
SCPT* P1 P2 P3 
VCPT* 15 +0.25 P1 
VCPT* 10 +0.25 P2 
VCPT 10 +0.5 P3 
1.994 
1.995 
1.996 
E. 1.997 
$ 
2 1.998 
jo] 
1.999 
2.000 
2.001 NA ee ee | I 
0.0 0.3s 0.0 0.3 s 0.0 0.3 s 
time [sec] time [sec] time [sec] 


Figure 4. Displacement for the three Vibro-CPTu runs. 


tory mode the sinusoidal vibration with different 
amplitudes is also added to an average velocity of 
2 cm/s (Table 1, Fig. 4) 


2.2.1 Reduction ratio 

The reduction ratio RR was calculated using equa- 
tion (1). RR values, where the lateral correlations 
of two tests were unclear, are omitted. The reason- 
ing is explained in more details in the discussion. 


2.3 In-situ displacement 


The acceleration data is used to derive the in 
situ displacement amplitude. The displacement 
amplitude is obtained by double integration of 
the acceleration. The noise of the raw accelera- 
tion data is too high to use them directly (Fig. 5). 
The data is refined by exploiting the well-defined 
cyclic character of the vibratory push. The noise is 
reduced by averaging the result of multiple cycles 
over a certain depth interval. This requires that 
the cycles are measured at similar material that is 
only marginally changing during the rod penetra- 
tion in this interval. The averaged points have all 
exactly the same phase in the vibration cycle. We 
call this “stacking” following the naming of a simi- 
lar processing step in reflection seismic. The tech- 
nique is also comparable to the working principle 
of lock-in amplifiers. 

This stacking is done for three cycles in row, 
with a stacking factor of 100, so each point in the 
red curve is the average of 100 raw data points 
from different depths (Fig. 5). The averaged cycles 
were gathered over a total depth of 0.4 m, and it 
was established that there is no significant change 
in the soil behavior over that depth. 

The refined data is then integrated to get the 
velocity and displacement. Knowing that the 
underlying movement is uniform, the average value 
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gray and refined acceleration for 100 x 100 stacked data 
points in red for depth of 2-2.4 m for location P1. 


of the stacked acceleration data was subtracted 
before integrating the data. The integration con- 
stants, initial velocity and initial displacement were 
obtained from the differentiated displacement data 
and the actual displacement data, respectively. For 
the comparison of the cyclic displacement ampli- 
tude, the trend of the uniform movement was 
subtracted. 


3 RESULTS 


3.1 Vibro cone performance 


The Vibro-CPTu system is able to apply an 
amplitude of +0.25 mm until 6 m depth, and 
there is no significant influence of the penetra- 
tion depth (Fig. 6). The resulted velocities from 
the acceleration and displacement sensor are 
shown in Figure 7. The velocity derived from the 
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Figure 6. Amplitude of vibration at different depths 
derived from the displacement and acceleration sensors 
for Pl. 
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Figure 7. Velocity of vibration at different depths 
derived from the displacement and acceleration sensors 
for Pl. 


displacement sensor was equal to 20 mm/s and the 
resulted velocity from integrating the acceleration 
sensor had an average value of 20 mm/s at all three 
tested depths. 


3.2. Vibro-CPTu results 


The soil behavior type SBT has been identified 
according to Jefferies & Davies (1991) (Fig. 8) and 
is used for correlating the three SBT profiles with 
core RKS2 by Triebeneck (2017) (Fig. 9). 

In test location P1 there are two layers that 
suffer from relatively high reduction in the cone 
resistance. The zones are shadowed in Figure 10 
and named Zone 1 and Zone 2. The same zones 
are also evident for test location P2 in Figure 11. 
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beneck (2017). Patterns of SBTs are for visualization pur- 
poses only. 
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Figure 10. Soil behavior type SBT after Jefferies & Dav- 
ies (1991), Cone resistance qc and reduction ratio RR 
over depth for location Pl. 
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Figure 11. Soil behavior type SBT after Jefferies & Dav- 
ies (1991), Cone resistance qc and reduction ratio RR 
over depth for location P2. 


Although the vibration frequency was lower than 
for PI, the reduction ratio RR values are higher in 
the soil layers at Zone 1 and 2 (Table 2). Zone 1 in 
location P3 has only small RR values although the 
vibration amplitude was the highest in the study 
(Fig. 12, Table 2). 

At the test locations P2 and P3 there is a layer 
with high reduction ratios shadowed and named 
Zone 3, which is not present in location Pl. 


Table 2. Maximum reduction ratio values. 


Reduction ratio RR 


Location Zone | Zone 2 Zone 3 
Pl 0.5 0.8 0.1 
P2 0.7 0.59 0.6 
P3 0.2 0.85 0.3 
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Figure 12. Soil behavior type SBT after Jefferies & Dav- 
ies (1991), Cone resistance qc and reduction ratio RR 
over depth for location P3. 


4 DISCUSSION 


4.1 Vibro cone 


The observed results in Figure 6 and 7 were unex- 
pected, since it was presumed that the amplitude 
of the displacement cycles would decrease with 
increasing the depth of penetration (Kluger et al., 
2016, Moore, 1987). This presumption relied on 
the expected increment of the axial deformation 
and buckling of the rod as it penetrates deeper in 
the ground. Therefore the 6 m depth of penetra- 
tion was not deep enough to cause big deforma- 
tion in the rod and thus no noticeable reduction 
was observed in the displacement amplitude. The 
total applied hydraulic force increases as the depth 
of penetration increases. The amplitude of cycles 
of the not shown hydraulic force remains surpris- 
ingly constant even though it is the displacement 
which is controlled. However as the cone pen- 
etrates deeper in the soil a loss in the real resulted 
displacement amplitude is expected, due to rod 
deformation. The real time controller is designed 
to compensate for such an amplitude loss in the 
future and the in situ acceleration is expected to be 
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a sensitive tool to detect the onset of rod extensive 
buckling during cyclic loading 


4.2 Field tests 


Accurate values of the RR rely on Vibro-CPTu 
and CPTu within the same sediment material. Two 
closely positioned CPTu profiles should therefore 
perfectly correlate. One main result of this study is 
that even a distance of 50 cm does not guarantee 
a good correlation. This is probably caused by the 
high energy in the environment during the sedi- 
mentation of the sand, which led to short range 
local changes in material and stratigraphy. Those 
changes include variations in depth and thickness 
of the same soil layer over very small lateral dis- 
tances (Biryaltseva et al., 2016, NGI, 2014, Triebe- 
neck, 2017). These variations may include inclined 
sand layers, local absence or presence of certain 
layers and internal crossbedding of some layers 
which may additionally influence the correlation 
of CPTu and the determination of RR. 

Local stratigraphic changes are recognized by 
similar patterns of two CPTu profiles at a shifted 
depth. Evidence of those changes is observed for 
the sand layer at Zone 2 at test locations P1 and 
P3 (Fig 10 & 12). At Pl a local increase in the 
static cone resistance is observed at 6.3 m, which 
becomes evident at 6.5 m for the Vibro-CPTu. 
At P3 similar observations are made below 5.9 m 
depth for the static and vibratory cone resistance. 
The high values for the reduction ratios observed 
for these zones, are therefore not caused by cyclic 
loading during Vibro-CPTu; but rather due to mis- 
correlation of the CPTu data. Such observations 
are in contrast to Zone 2 in location P2 (Fig. 11), 
where static and Vibro-CPTu show similar pat- 
terns, without any evidence of shift in depth. This 
indicates that the values of RR for Zone 2 in P2 
are probably accurate, whereas the RR in P1 and 
P3 may be influenced by the effect of geological 
structure, similar to the effect described in Boul- 
anger et al. (2016). 

Good correlations are also observed in Zone 3 
at test location P2 and P3 (Fig. 11 & 12); where the 
same pattern of CPTu and Vibro-CPTu is evident 
at the same depth. The considerable reduction in 
the cone resistance is therefore very likely caused 
by the cyclic loading of Vibro-CPTu. 

The uncertainty of testing the same material 
leads us to the point, that one pair of static and 
vibratory CPT is in most cases insufficient for 
accurate conclusions on the soils cyclic behavior in 
sands. Two or more pairs of CPT should be con- 
ducted at small distances to allow the distinction 
between the cyclic soil behavior and local changes 
in soil state or composition. Small depth shifts in a 
scenario with high data density will probably allow 


for even better RR results, especially on test sides 
with inclined layers. 

Two pairs of CPT and Vibro-CPT profiles 
at Pl and P2 show the same pattern for Zone 1 
(Figs. 10 & 11). A considerable reduction in the 
cone resistance seems to be apparent at Zone 1 for 
both P1 and P2. Therefore it is concluded that the 
sand layer at Zone 1 is weak against cyclic load- 
ing during Vibro-CPTu and has experienced cyclic 
softening. Nevertheless only very small reduction 
in the cone resistance was observed at Zone 1 for 
the third testing location P3 (Fig. 12), although the 
Vibro-CPTu at P3 used a higher amplitude. This is 
probably caused by a local change of the sediment 
material or state that lead to a lower susceptibility 
to cyclic soil softening of Zone 1 at P3. 


5 CONCLUSION 


In this study a new tool, vibro crawler, has been 
developed to investigate the cyclic behavior of 
the soil. The new device proved to generate con- 
stant amplitudes until the final depth of penetra- 
tion. Two sand layers reacted to the applied cyclic 
loads by showing high values of the reduction 
ratio. It was found that local stratigraphic changes 
have large effect on the response of CPTu and 
Vibro-CPTu. One suggested way to minimize their 
effect, is to conduct two or more pairs of CPTu and 
Vibro-CPTu at small distances. This could help in 
differentiating between the cyclic soil behavior and 
local changes in soil composition or state. 
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ABSTRACT: The aim of the paper is to illustrate and compare the results of CPTu and DMT tests 
carried out for a case study at Mirabello (Ferrara Province, Italy), a small municipality strongly affected 
by liquefaction phenomena during the 2012 Emilia earthquakes. The research site, that did not liquefy, is 
composed by silts and sandy silts in the shallow subsurface and by clays in lower layers. The paper com- 
pares the geotechnical parameters estimated from CPTu and DMT tests. The study also investigates the 
CPTu-DMT correlations according to available references (Robertson 2009, Ouyang & Mayne 2017). 


1 INTRODUCTION 


In the field of site investigations, the last decades 
have seen a massive migration from the traditional 
practice based on drilling, sampling, and laboratory 
testing towards in situ testing, which often today rep- 
resents the major component of an investigation. In 
situ tests, not requiring a borehole, are fast, econom- 
ical, reproducible, highly informative, particularly 
the electrical cone penetration test (CPT), the piezo- 
cone penetration test (CPTu), and the flat dilatom- 
eter test (DMT). The instrumental accuracy of 
CPT/CPTu and DMT is “laboratory-grade”, unlike 
“older” techniques such as the standard penetration 
test (SPT). In situ tests are particularly helpful and 
represent the state-of-practice in sands and, in gen- 
eral, in geomaterials difficult to recover. Obviously 
laboratory research remains fundamental, also for 
understanding and advancing the in situ techniques. 

One notable emerging trend, addressed in recent 
papers (e.g. Marchetti 2015, Burlon et al. 2016), 
is the increasing diffusion of a “multi-parameter/ 
multi-test approach” in site investigation practice, 
based on the combination of different in situ tests, 
particularly CPTu and DMT. Significant examples 
of in-situ multi-parameter/multi-test approach are 
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the methods based on the combined use of DMT 
and CPT or CPTu for estimating the overconsoli- 
dation ratio (OCR) in sand (Monaco et al. 2014) 
and for liquefaction assessment (Marchetti 2016). 
Despite this increasing trend, and the use of the 
CPT and the DMT for over 30 years, relatively lit- 
tle has been published regarding comprehensive 
correlations between the two in situ tests. The 
CPT-DMT relationships are investigated through 
the checking of CPT and DMT data consistency. 
In May 2012, a wide area of the Po river plain 
(Emilia-Romagna region, Northern Italy) was 
struck by a seismic sequence, culminated into 
two major events of magnitude M, 5.9 and M, 
5.8 on May 20 and 29, respectively. The earth- 
quakes caused extensive damage to constructions 
over a widespread area. Large ground deforma- 
tions and extensive liquefaction phenomena were 
reported in several areas (Caputo & Papathanasiou 
2012, Emergeo Working Group 2013, Fioravante 
et al. 2013, Vannucchi et al. 2012, Facciorusso 
et al. 2016), including the small municipality of 
Mirabello (Ferrara). In the following months, 
several site investigation programs were carried 
out, both for research purposes and for the recon- 
struction/restoration of damaged buildings. 


This paper illustrates and compares the results of 
CPTu and DMT tests carried out at a site located 
in Mirabello, assumed as a case study representa- 
tive of soil conditions commonly found in this 
area. The results of previous mechanical cone pen- 
etration tests (CPTM) were also considered. The 
site, which did not show evidence of liquefaction 
during the May 2012 earthquakes, is composed by 
silts and sandy silts at shallow depths, followed by 
clay layers. 

The paper compares the geotechnical param- 
eters obtained by CPTu and DMT tests in a rela- 
tively homogeneous geological setting. The study 
also investigates the CPTu-DMT correlations 
according to available references (Robertson 2009, 
Ouyang & Mayne 2017). 


2 GEOLOGICAL SETTING 


The research site belongs to the alluvial plain 
of the Emilia-Romagna Region, northern Italy, 
corresponding to the southern portion of the 
Apennines foredeep basin. The compressive tec- 


Fluvial channel sandy 
silt (XVIII century A.D.) 


Fluvial channel fine-grained 
sand and silt (XVI century A.D.) 


Figure 1. 
the in situ tests. 
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tonic structures active in the area generate a sig- 
nificant seismic activity. During the May 2012 
earthquakes, liquefaction was particularly com- 
mon within fluvial paleochannel sand bodies. The 
study sediments were deposited into the channel of 
the Reno River in recent historic times. The Reno 
is the largest river outflowing the Northern Apen- 
nines and transported into the plain a large sedi- 
ment load, particularly rich in fine grained sand 
and silt. Historic written record documents that 
the outcropping sediments (Fig. 1) and the upper 
portion of the analyzed terrains were deposited by 
the Reno River, between about the years 1500 and 
1763 AD. 

Correlation with adjacent continuous cores 
(Cibin & Segadelli 2009) supports an accurate 
interpretation of the study succession, which can be 
subdivided into several intervals. From the surface 
to 4 m, intercalation of prevailing silt, sand, and 
argillaceous silt, deposited during the abandon- 
ment phase of the Reno River channel, in the first 
half of the XVIII century. From 4 to 9.5 m, fine 
grained sand and silt, recording the main phase of 
fluvial activity, during the XVI and XVII centu- 


Mirandola Bondeno 


Finale Emilia Mirabello 
A Ferrara 


“Sant Agostino 


Mirabello, 
A 


Fluvial channel sand and O CPTM test 
silty sand (XVII century A.D.) @ CPTu test 


Crevasse splay and O DMT test 
natural levee sand and silt. O other tests 


Geologic map of Mirabello (Italy) from the seismic microzonation study (Geotema 2014) and location of 


ries AD. From 9 to 15 m, argillaceous sediments 
deposited into moist interfluvial depressions and 
marshes, rich in organic clay and peat, particularly 
between 13 and 14 m. The unit lacks significant 
pedogenesis alteration. The peat interval at 14 m 
was dated to about 5000 yrs BP by '*C in nearby 
cores (Cibin & Segadelli 2009). Between 15 and 
20 m, silty clay and silt, deposited between 10.000 
and 5000 years ago, into interfluvial plain environ- 
ments, are developped. Several pedogenized hori- 
zons were described in adjacent logs. Beyond 20 m, 
silt and sand deposited into the synglacial plain. 
The top of the Glacial unit is marked by a mature 
palaeosol, rich in carbonate concretions. 


3 SITE INVESTIGATION BY CPTU 
AND DMT 


The Mirabello site was investigated in 2014-2016 
by two CPTu soundings, to 30 m depth, and one 
DMT sounding, to 21.60 m depth. The results of 
two CPTM soundings to 7-20 m depth, previously 
carried out in the area, were also available. 

The location of all in situ tests in the study area 
is shown in Figure 1. The interpretation of CPTu, 
CPTM and SDMT results allowed recognizing the 
following stratigraphic sequence from the ground 
surface: 


— an upper soil layer, of thickness variable between 
8 and 10 m, mostly composed of silts and sandy 
silts, corresponding to the Reno River channel 
deposits; 

— a lower clay layer extending to the maximum 
investigated depth (= 30 m), including sand lay- 
ers in the bottom portion. 


The ground water level is at a depth of 1.65- 
2.40 m below ground surface. 


Figure 2 shows the profiles of the corrected 
cone resistance g, (CPTu) or of the cone resist- 
ance q, (CPTM), of the sleeve friction resistance 
fand of the pore pressure u (CPTu) provided by 
all CPTu and CPTM soundings. The plot also 
includes results from CPTu data interpretation, 
i.e. the profile of the Soil Behavior Type Index 
1, calculated from the normalized cone resistance 
O, and the normalized friction ratio F, accord- 
ing to Robertson & Wride (1998), and of the 
undrained shear strength c, in clays (Lunne et al. 
1997). 

Figure 3 shows the results obtained from DMT, 
in terms of profiles with depth of various param- 
eters provided by the usual DMT interpretation 
(Marchetti 1980, Marchetti et al. 2001), i.e. the 
material index 7, (indicating soil type), the hori- 
zontal stress index K, (related to stress history/ 
OCR), the constrained modulus M and the und- 
rained shear strength c, (in clay). The two nega- 
tive peaks observed in the horizontal stress index 
diagram at about 15 and 20 m correspond to two 
increases of the material index. The lower one 
correlates with the highest measured value of the 
dilatometer modulus, exceeding 30 MPa. Strati- 
graphic correlation with adjacent cores suggests 
that these layers correspond to paleosol levels. 
The lower well developed one marks the top of 
the syn—and late glacial deposits and is rich in 
calcareous concretions, largely stiffening the geo- 
technical properties of the layer. Correlations with 
the granulometry measurements on samples sug- 
gest that the material index terminology tends to 
underestimate the amount of silt sized granular 
components, but this is reasonable, since J, is a 
mechanical soil behavior index and not a grain 
size distribution index. 

The CPTu and DMT profiles (Figs. 2 and 3) 
provide a consistent soil characterization in the 
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Figure 2. 


Profiles with depth of parameters measured by CPTu and CPTM and obtained by CPTu interpretation. 
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upper silty-sandy interval and in the lower clayey 
layer. The soil variability in the upper layer is jus- 
tified by the local geology. In particular, the pro- 
files of CPTu 382 clearly highlight the presence 
of sands, since this sounding belongs to the bed 
of the latest Reno paleochannel, while the other 
CPTu and the DMT, where the shallow soils are 
mostly silty sands and clays, are related to the 
levee of this ancient river. The interpretation of 
DMT results in clay indicates that the deposit is 
slightly overconsolidated, probably because of 
the subaerial exposure and strong pedogenesis 
alteration. 


4 CPTU-DMT COMPARISONS 


Robertson (2009) reviewed published results of 
mutually close CPT and DMT soundings, as well as 
existing correlations for geotechnical parameters. 
He proposed preliminary correlations between the 
main normalized parameters of the CPT and the 
DMT. The DMT horizontal stress index K, and 
the CPT normalized cone resistance Q, were nor- 
malized in a consistent manner, using the vertical 
effective stress (i.e. assuming the stress exponent 
for stress normalization equal to 1, as originally 
proposed by Robertson 1990). 

Correlations were tentatively established by con- 
sidering the three “intermediate” DMT parameters 
material index /,, horizontal stress index K, and 
dilatometer modulus E, (Marchetti 1980). These 
parameters were related to the CPT normalized 
cone resistance Q,,, the normalized friction ratio 
F, and the Soil Behavior Type Index Z.. The above 
parameters are defined as follows: 


Profiles with depth of parameters obtained by DMT interpretation. 
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where p, = corrected first DMT pressure read- 
ing, p, = corrected second DMT pressure reading, 
q, = corrected cone resistance, f, = sleeve friction 
resistance, u, = pre-insertion in situ equilibrium water 
pressure, O, = pre-insertion in situ total vertical stress, 
©.) = pre-insertion in situ effective vertical stress. 

The CPT-DMT correlations proposed by Rob- 
ertson (2009) can be summarized as follows: 


E, = VOUS ore) (7) 
K, =0.3(0,,)° +1.05when J, > 2.60 (8a) 

p= A when 1, < 2.60 (8a) 
E, 16,5 =50, (9) 


The value J. = 2.60, roughly correspond- 
ing to J, = | based on Eq. (7), is assumed as an 


approximate boundary between sand-like and 
clay-like soils (sandy silt to silty clay), according to 
Robertson & Wride (1998). In a general sense, CPT 
and DMT results are drained in sand-like soils and 
undrained in clay-like soils. 

The Mirabello site provides a good test for 
the Robertson (2009) CPT-DMT correlations, 
since the soils range from sand, silt and sandy 
silt to clay. A comparison between measured 
and predicted DMT parameters /,, Kp, Ep with 
depth based on the closest CPTu profile (CPTu 
382), using Eqs. (7) to (9), is shown in Figure 4. 
Although CPTM 36 is even closer to DMT 384, 
the CPT-DMT correlations proposed by Rob- 
ertson (2009) are not valid for mechanical cone 
penetration test results. Moreover, CPTM results 
are characterized by a lower accuracy when com- 
pared to CPT or CPTu data (e.g. see the high 
variability of the sleeve friction resistance f, in 
Fig. 2). The comparison between the measured 
DMT parameters and those predicted from the 
CPTu data using the Robertson (2009) corre- 
lations show reasonable trends of correlation, 
particularly in the lower clay layer. Some “mis- 
matching” in the superimposed profiles is pos- 
sibly due to the different thickness of the upper 
silty/sandy-silty/sandy layer at the locations of 
the DMT and the CPTu, due to the narrow and 
elongated nature of the channel sedimentary 
body. In the upper silty layer DMT 384 and CPTu 


MATERIAL 
INDEX 


DEPTH (m) 
DEPTH (m) 


HORIZONTAL STRESS 
INDEX 


382 cannot provide a good fit since CPTu 382 is 
more sandy, corresponding to the bed of the lat- 
est Reno paleochannel. 

Ouyang & Mayne (2017) explored the relation- 
ships between the net cone resistance q,, and the 
excess pore pressure Au,, measured in a CPTu test, 
and the pressures p,, p, measured in a DMT test, 
in soft clays. 

The relationships proposed by Ouyang & 
Mayne (2017) are based on an assumed spheri- 
cal cavity expansion mechanism for both devices, 
and supported by field measurements at 27 clay 
sites. 

The net cone resistance q,,,, defined as: 
lnet = 4, — Fro (10) 
is linked to the DMT pressure readings p,, p, by the 
following relationship: 


ner = 2-93 p, —1.93 p, — Uy (11) 

Figure 5 shows a comparison of the profiles 
of the net cone resistance directly measured by 
CPTu and predicted by DMT using Eq. (11) in the 
bottom clay layer. The two profiles are in rather 
good agreement, as observed by Ouyang & Mayne 
(2017) in various clays sites. The DMT data found 
a reasonable fit with the results obtained by CPTu 
382. 


DILATOMETER 
MODULUS 


—estimated from 
CPTu 382 


Figure 4. Comparison between profiles with depth of parameters /,, Kp, Ep measured by DMT and predicted using 
the CPT-DMT correlations by Robertson (2009) at Mirabello site, Italy. 
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Figure 5. Comparison between profiles with depth of 
net cone resistance q,,, measured by CPT and predicted 
using the CPTu-DMT relation by Ouyang & Mayne 
(2017) at Mirabello site, Italy. 


5 CONCLUSIONS 


The comparisons of the CPTu and DMT tests 
carried out for a case study at Mirabello (Ferrara 
Province, Italy) provide a consistent soil charac- 
terization in the upper silty-sandy clayey interval 
and in the lower clay one. However a certain het- 
erogeneity is detectable in the upper layer and it is 
justified by the variability of the local geology. 

The geotechnical parameters estimated from 
CPTu and DMT tests, according to available refer- 
ences (Robertson 2009, Ouyang & Mayne 2017), 
show a reasonable agreement, especially in the 
lower clay layer, when the electrical piezocone tip 
is used. 

As noted by Marchetti (2011), the ultimate 
scope of all soil characterization studies is the 
determination of reliable soil parameters that the 
engineer can use in design. Soil information is 
vital for the designer, but costly to obtain, hence 
procedures and methods helpful for extracting as 
much information as possible from the field data 
represent a precious contribution. Correlations 
interconnecting the CPT or CPTu with the DMT, 
while not serving directly to determine design soil 
parameters, are useful in that translation formulas 
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permit (1) the use of interpretation methods or 
charts developed for one test with the results of the 
other test, and (2) converting a database available 
for one test (e.g. liquefaction) to a database for the 
other test. 

However, while correlations such as the ones 
developed by Robertson (2009) are presented as 
a framework for future refinements, intrinsic lim- 
its exist to the accuracy of the CPT-DMT trans- 
lations, which, despite further refinements, are 
bound to remain of an approximate nature. This 
difficulty is attributed by Marchetti (2011) mostly 
to the different sensitivity to stress history of the 
representative normalized CPT and DMT param- 
eters, being K, from DMT much more sensitive to 
stress history than the normalized cone resistance, 
as demonstrated by several studies. 

The higher sensitivity of K, to stress history 
plays an important role when CPT or CPTu and 
DMT parameters are used in combination (not as 
an alternative), e.g. for estimating OCR in sand 
(Monaco et al. 2014) or for liquefaction assessment 
(Marchetti 2016), according to a most effective in- 
situ multi-parameter/multi-test approach. 
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ABSTRACT: This paper presents the results of liquefaction potential evaluation for various sandy 
sites, with high seismic risk, where soil liquefaction is a major concern for all structures supported on 
these kinds of soils. There are many methods available for these calculations, based on different site 
investigation techniques. The Cone Penetration Test (CPTU) provides ideal data for this purpose, due to 
its repeatability and reliability. CPTU based methods on soil liquefaction assessment are important not 
only to identify liquefiable layers, but also their state in situ. This paper looks at results of liquefaction 
analyses on different sites susceptible to liquefaction, using CPTU based methods and also compares 
them with methods that are Standard Penetration Test (SPT) based, but using SPT data derived from 


correlations to CPTU results. 


1 INTRODUCTION 


Evaluating the liquefaction characteristics of soils 
is one of the major challenges in geotechnical 
engineering, when it comes to the design of struc- 
tures supported on saturated or partially saturated 
sandy and silty soils. In response to an earthquake 
shaking or sudden stress changes the strength and 
stiffness of these soils can be dramatically reduced. 
Over the years, many advances have occurred in 
evaluating the liquefaction potential of soils. Most 
importantly, there has been significant advance- 
ment since the early 1980s in CPT—based lique- 
faction potential identification procedures with 
the work of Robertson & Wride (1998), Moss et al. 
(2006) and Idriss & Boulanger (2008, 2010). Also, 
developments have taken place in SPT—based 
procedures, the most recent updates include those 
by Idriss & Boulanger (2008, 2010) (Idriss & Bou- 
langer, 2014). 

To evaluate the potential for soil liquefaction it 
is important to determine the soil stratigraphy and 
in-situ state of the deposits (Lunne et al. 1997). As 
they are able to identify all types of soils, CPTU 
and SPT are the most commonly used methods for 
site investigations in all kinds and sizes of projects. 
CPTU’s ability to define a continuous soil profile, 
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to identify thin layers, its repeatability and also 
accuracy of data acquisition makes it an ideal test 
for soil characterisation, and especially liquefac- 
tion potential evaluation. All methods used in this 
paper evaluate liquefaction potential by comparing 
the earthquake-induced cyclic stress ratio (CSR) 
with the cyclic resistance ratio (CRR) of the soil. 
The soil's CRR is correlated to CPTU and SPT 
penetration resistances after application of proce- 
dural and overburden stress corrections (Idriss & 
Boulanger, 2008, 2014). The liquefaction potential 
is evaluated by using a deterministic relationship 
expressed as a factor of safety (FoS), defined as the 
ratio of the capacity of soil to resist liquefaction, 
CRR, to the seismic demand imposed on it, CSR 
(Seed & Idriss, 1971), which predicts liquefaction 
of soils for values FoS<1.0. CRR is calculated for a 
7.5 magnitude earthquake and scaled to the design 
earthquake by a magnitude scaling factor (MSF). 
In this paper, FoS has been computed applying 
the most widely used CPTU and SPT based lique- 
faction triggering procedures—for CPTU: Robert- 
son & Wride (1998), Jefferies & Been (2006), Idriss 
& Boulanger (2008) and Idriss & Boulanger (2008) 
using fines content, FC determined from Robert- 
son & Wride (1998). For SPT: Cetin et al. (2004), 
Idriss & Boulanger (2004) and Youd & Idriss 


(2001). In the end, to predict the potential of liq- 
uefaction to cause near surface damage at the sites 
considered in this paper, the liquefaction potential 
index, LPI (Iwasaki et al, 1978, 1981, 1982) is cal- 
culated based on the method developed by Toprak 
& Holzer (2003). 

This paper uses selected data from sites suscepti- 
ble to liquefaction, where in situ site investigations 
using CPTU tests were carried out, with great suc- 
cess on identifying the soils’ geotechnical proper- 
ties and locating the liquefiable silty sandy layers 
within the soil profiles. The purpose of the paper is 
to suggest that the use of CPTU to identify liquefi- 
able layers is reliable and the results obtained from 
liquefaction triggering procedures are very satis- 
factory, and in good agreement with SPT based 
methods. 


2 SITES SPECIFIC DATA PROCESSING 


2.1 Geotechnical conditions 


For the purpose of this paper, results from 50 CPTU 
tests (from 8.0 m to 40.0 m depth) carried out as 
part of geotechnical site investigation programs for 
8 different sites, in areas susceptible to liquefaction, 
are considered. All sites are mainly sand and silty 
sand deposits with a high evaluated seismic risk. 
The groundwater level is measured close to the 
ground surface, varying from site to site from 0.8 m 
to 2.0 m, for all sites, except site A, where ground 
water level is 10.0 m below ground surface. Accord- 
ing to geophysical test results carried out on these 
sites, the earthquake magnitudes vary from M=6.9 
to M= 7.5, and the peak horizontal accelerations at 
the ground surface generated by the earthquakes, 
PGA, vary from 0.273 g to 0.3 g. 

To include a summary table for all tests, present- 
ing the geotechnical properties and all results from 
liquefaction analyses, would take too much space, 
but full data details are available from the authors, 
for all interested readers. Summary tables of some 
important parameters are presented below. 

Figure | shows a typical CPTU profile from one 
of the sites considered, where the liquefiable layers 
are easily distinguished. 


2.2 Soil behavior type index, 1, fines content, FC, 
and penetration resistance from SPT, (N) o 


The response of soils to seismic loading varies with 
soil type and state, including void ratio, stress his- 
tory, etc. It is possible to estimate soil type and 
grain characteristics directly from CPTU results 
(Lunne et al. 1997) and also an idea of derived 
fines content, FC. Boulanger & Idriss (2004) cor- 
rectly distinguished between sand-like and clay-like 
soils behaviour (Robertson & Cabal, 2015). The 
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Figure 1. Typical CPTU profile (T1 CPT 01). 


soil behaviour type index, I, for the calculations 
in this paper is defined using Robertson & Wride 
(1998) method, which suggests estimating behav- 
iour characteristics using the normalized soil 
behaviour chart SBT, of Robertson (1990). Rob- 
ertson & Wride (1998) suggested that the bound- 
ary between sand-like and clay-like behaviour is 
around I, = 2.60. Furthermore, Robertson (2009) 
suggested that when 1.<2.50 soils are assumed to 
behave as sand-like and when I, > 2.70 soils behave 
as clay-like. For values in between, 2.5 < 1.<2.70, 
soil behaviour is represented as a transition from 
predominately sand-like to predominately clay-like 
(Robertson & Cabal, 2015). Robertson & Wride 
(1998) suggested zones in which soils are suscep- 
tible to liquefaction based on the normalized soil 
behaviour chart, Robertson (1990), and so the 
chart was updated showing the zones of potential 
liquefaction/ softening based on CPTU data (Rob- 
ertson & Cabal, 2015). 

All data from CPTU tests used for calcula- 
tions in this paper are printed out in the updated 
chart, considering different values of FC, which 
are calculated based on 2 different methods: FC, 
by Robertson & Wride (1998) and FC, by Suzuki 
et al. (1998). 


FC < 15%, which corresponds to I, < 2.05; 15% < 
FC < 35%, which corresponds to 2.05 < I, < 2.6; 
35% < FC < 55%, which corresponds to 2.6 < 1, 
< 2.95. 


The SPT penetration resistance, N used in the 
SPT-based liquefaction triggering procedures is 
defined from Robertson & Wride (1998) and Jef- 
feries & Davies (1993). Both methods derive it 
from CPTU data. The reason why it is preferred 
to derive Ne from CPTU, rather than SPT itself, is 
because the data from CPTU are more reliable and 
continuous, so giving a larger data basis. 


Table 1 presents a summary of derived geotech- 
nical parameters from the different sites that are 
needed to assess liquefaction potential; only data 
from liquefiable layers are considered. 

The updated chart, Robertson & Cabal (2015), 
used for classification of liquefiable soils in all 
sites considered is based on the normalized cone 
resistance,Q,, (see Robertson & Cabal 2015), 
(Figs. 2a, b, c) calculated using a stress exponent that 
varies with soil type via I „ whereas the recommended 
chart for estimating CRR; ; is based on a normalized 
cone resistance based on a variable stress exponent, 
updated to allow for a variation of the stress expo- 
nent with both SBT,, I, and effective overburden 
stress (Robertson 2009, Robertson & Cabal 2015). 

Soils are divided into coarse grained soils: CD & 
CC, cyclic liquefaction possible depending on level 
and duration of cyclic loading and strength loss 
possible depending on loading and ground geom- 


Table 1. Summary of geotechnical parameters. 

L L FC, FC, Ni Niso 
Sites (var.)* (av.) (av) (av) (var.)* (av) 
A 1.74-3.49 2.61 23.07 24.59 1-26 11:25 
G 1.42-3.28 2.35 13.87 17.24 1-20 10.95 
H 1.53-3.25 2.39 15.94 19.12 2-20 10.04 
L 1.43-2.86 2.42 28.4 28.50 5-20 10.08 
P 1.39-3.41 2.40 17.13 19.55 2-28 13:11 
S 1.55-3.29 2.42 36.11 32.85 1-20 4.448 
TI 1.50-3.30 2.40 35.73 32.40 2-21 5.873 
T2 1.81-3.63 2.72 51.05 44.37 1-21 4.730 


* Variation of the values (min-max) for each site 
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Normalized SBT, chart, Q,,-FR using gen- 


eral large strain “soil behavior descriptors” for FC<15%. 


etry (1.2.50); and fine-grained soils: FD & FC, 
cyclic softening possible depending on level and 
duration of cyclic loading and strength loss pos- 
sible depending on soil sensitivity, loading and 
ground geometry (I, >2.70) (Robertson & Cabal, 
2015). 

The data presented in Figures 2 a, b, c, are for 
values of fines content varying from FC < 15%, 
15%< FC <35% and 35%< FC <55%, respectively. 
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Figure 2b. Normalized SBT, chart, Q,,-FR using gen- 
eral large strain “soil behavior descriptors” for 15 < FC 
< 35%. 
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Figure 2c. Normalized SBT, chart, Q,,-FR using gen- 
eral large strain “soil behavior descriptors” for 35 < FC 
< 55%. 


All points plotting above the transitional zone 
(Q.5<1,2.70) represent soils under drained con- 
ditions and all points plotting below it represent 
soils under undrained conditions. Considering the 
S shaped line as a boundary for dilative and con- 
tractive soils, all points plotting above it represent 
dilative soils, whereas all points plotting below this 
curve represent contractive soils. 


3 LIQUEFACTION ANALYSIS 


3.1 


As mentioned above the liquefaction potential 
based on CPTU data is evaluated from the value 
of Factor of Safety (FoS), obtained by the follow- 
ing 4 methods: 


1. FoS,-Robertson & Wride (1998), which uses 
CSR as proposed by Seed & Idriss (1971) (called 
CSR, in the figures) and CRR, proposed by 
Robertson & Wride (1998), using FC; 

. FoS,-Jefferies & Been (2006), which uses CSR as 
proposed by Seed & Idriss (1971) (called CSR, 
in the figures) and CRR proposed by Jefferies & 
Been (2006), using FC); 

. FoS,-Idriss & Boulanger (2008), which uses 
CSR as proposed by Idriss & Boulanger (2008) 
(and called CSR, in the figures) and CRR pro- 
posed by Idriss & Boulanger (2008) using FC; 

. FoS,-Idriss and Boulanger (2008), which uses 
CSR as proposed by Idriss & Boulanger (2008) 
(and called CSR, in the figures) and CRR pro- 
posed by Idriss & Boulanger (2008) using FC.. 


Liquefaction potential based on SPT values 
(estimated from the CPTU results) is evaluated 
from the value of Factor of Safety (FoS), obtained 
by the following 3 methods: 


1. FoS,-Cetin et al. (2004), which uses CSR pro- 
posed by Seed & Idriss (1971), where stress 
reduction factor, ry is used after Cetin et al. 
(2014) and CRR, proposed by Cetin et al. (2004) 
deterministic; 

. FoS,-Idriss & Boulanger (2004), which uses 
CSR and CRR proposed by Idriss & Boulanger 
(2004); 

. FoS,-Youd et al. (2001), which uses CSR and 
CRR proposed Youd et al. (2001). 


Figure 3 presents liquefaction analysis results 
based the data from a CPTU test. 


Methods and data input 


3.2 Results of calculations 


All CPTU data based calculations for this paper 
are computed using Datgel-CPT Tool gINT. All 
SPT data based calculations are computed using 
Settle? Version 4.0-Liquefaction Analysis. 
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Figure 3. Results of CPTU liquefaction analysis(T1 
CPT 01). 


Table 2 presents a summary of the results from 
all sites from the liquefaction analyses, expressed 
by the average value of FoS from each method of 
calculation, based on CPTU and SPT data and 
Liquefaction Potential Index, LPI results derived 
from FoS, for both CPTU and SPT based methods. 

The CPT—based methods used for these lique- 
faction analyses assess the CRR; ; by estimating the 
clean-sand equivalent normalized cone resistance, 
(qai n) Which depends on behaviour characteristics 
of the soils, fines content and many other factors, 
in order to avoid different results for CRR, in silty 
sands and clean sands. In Figure 4 is presented the 
distribution of data for various values of fines con- 
tent, determined by I, correlations. All the data plot- 
ted in the Figure 4 is from liquefiable layers only. 

In Figure 5, results from different CPT—based 
methods are compared to the CRR curve derived 
from Idriss & Boulanger (2004). The results of 
these calculations are in good agreement with the 
triggering curve derived from Idriss & Boulanger 
(2004). 

An updated graph from Idriss & Boulanger 
(2004) for our soil conditions is presented in 
Figure 6. The CRR curves are developed from 
the SPT—based methods mentioned above, using 
the necessary parameters for calculations, only for 
liquefiable layers of soils, for all sites considered 
in this paper. Curves | to 9 present the results, 
obtained from each calculation method for differ- 
ent fines content, as follows: 

10%<FC < 15%; 15%<FC < 35%; 
35%<FC < 55%. Curve 10 in this graph is the 


Table 2. Summary of FoS and LPI from liquefaction 
analysis based from CPTU and SPT data. 


From CPTU analysis* From SPT analysis* 


Sites FoS, FoS, FoS, FoS, LPI FoS, FoS, FoS, LPI 


A 03 0.1 03 03 29 03 05 05 20 
G 03 04 03 02 29 06 0.7 06 18 
H 03 03 03 02 29 05 0.6 0.6 17 
L 0.5 03 05 04 16 05 0.6 06 17 
P 0.5 0.4 06 04 22 04 04 04 23 
S 04 03 04 04 22 03 05 0.4 23 
TI 04 04 04 04 26 03 05 04 22 
T2 04 03 04 03 29 03 04 04 24 


* Average of the values for each site, considering all lique- 
fiable layers for each test. 
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Figure 4. Results of CPT—based triggering correla- 
tions for the sites considered in this paper, for different 
values of FC (%) determined by I, correlations. 
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Figure 5. 


Distribution of data from CPT—based trig- 
gering correlations for the sites considered in this paper. 


original Idriss & Boulanger (2004) curve, whereas 
curve 11 is obtained from SPT—based calcula- 
tion methods carried out for the purpose of this 
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Figure 6. Results of SPT—based triggering correla- 
tions from different methods used for liquefaction poten- 
tial evaluation of the sites considered in this paper, for 
different values of FC (%) determined by I, correlations. 


a 
T2Ste | 


| 6ste_ | H% || Pse | 


LSte 


| 14Ste | 


Figure 7. Distribution of LPI results obtained by Rob- 
ertson & Wride (1998) method for all sites. 


paper. The CRR curves shift up to the left as the 
FC increases, with the maximum shift occurring 
for fines content varying from 35% to 55%. All 
the data points falling in the left side of the curves 
represent the liquefiable soils; meanwhile the data 
points in the right would represent the non liquefi- 
able soils. 

To predict the potential of liquefaction to cause 
damage at the surface level, Liquefaction Potential 
Index, LPI is evaluated for each test using the pre- 
dicted factors of safety, taking into account depth 
of the tests (the soils below 20.0 m depth are not 
considered in LPI evaluation) and thickness of the 
layers (Iwasaki et al. 1978). 

In Figure 7 are presented the results obtained by 
the LPI evaluation, based on the method proposed 
by Toprak & Holzer (2003). 


The risk from liquefaction phenomena, based 
on LPI results is categorized as: 


Low risk—LPI < 5- green band; 
High risk- 5 < LPI < 15- orange band; 
Very high risk—LPI > 15- red band. 


As presented in the Figure 7, the LPI mostly 
shows zones with high to very high risk for lique- 
faction potential. The results are consistent with 
the low factors of safety obtained by all methods 
of calculations based on both the CPTU and the 
SPT derived data. 


4 CONCLUSION 


Data from 50 CPTU tests, carried out in 8 different 
sites susceptible to liquefaction have been used to 
perform the analyses presented in this paper, with 
the main focus on the use of CPTU to identify 
the liquefiable layers and evaluate the liquefaction 
potential of sandy and silty deposits. 7 different 
methods to assess the liquefaction potential in 
terms of the factor of safety, FoS, based on CPTU 
and SPT penetration resistance data, were used 
and all results obtained were compared to each 
other. SPT penetration resistance was derived from 
CPTU data, because CPTU tests provide continu- 
ous and more reliable data in terms of penetration 
resistance. The input values for these calculations 
were corrected for soil behavior characteristics, 
fines content and other factors, which might affect 
the results for different kind of soils. All liquefiable 
layers along the soils profile were detected by all 
methods used in this paper, and similar values of 
FoS and LPI are obtained. 

Curves derived from cyclic stress ratio (CSR) 
and cyclic resistance ratio (CRR) results obtained 
from these calculations are in good agreement with 
curves derived from historic CPTU and SPT data 
basis from Idriss & Boulanger (2004), predicting 
higher potential of liquefaction in cohesionless 
soils with higher content of fines. The CRR values 
obtained by CPT—based methods are higher than 
CRR values obtained from SPT—based methods, 
but also the CSR values from CPT—based meth- 
ods are app. 30% higher than CSR values evaluated 
from SPT—based methods. For the relative per- 
formance between CPTU and SPT based methods, 
CPT—based liquefaction triggering procedures 
are less conservative, although they may lead to 
lower values of FoS, in cases of predicted factors 
of safety lower than 0.5. 

To conclude, providing continuous data and 
having the ability to define all the thin layers within 
a soil profile and their geotechnical parameters 
makes CPTU a reliable and useful test for liquefac- 
tion potential evaluation. But, considering that all 
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CPT—based methods are simplified procedures, 
the results obtained should be used carefully, in 
accordance with the sites and projects specifics. 
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Dutch field tests validating the bearing capacity of Fundex piles 
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ABSTRACT: In 1939, Boonstra was the first to base the tip bearing capacity of foundation piles on the 
CPT cone resistance. Since then, many engineers and scientists have proposed improved design methods 
for the bearing capacity of foundation piles, such as the Dutch Koppejan method. This method holds a 
mistake in the q,-averaging method. Its tip resistance is based on the cone resistance of an assumed zone 
between 8D above the tip and 4D below the tip, while several researchers show that this should be in a 
zone between 2D above the tip and 8D below the tip. In the Netherlands, Belgium and France a field test 
has been performed indicating that the currently used design method in the Netherlands (the Koppejan 
Method) was about 30% too high for the tip resistance. This, and also the current q, -averaging method, 
conflict with the findings of Boonstra, Plantema, Huizinga and White Bolton. Besides, in the field test, 
the residual stresses in the piles after installation were completely ignored, in fact, not even measured. 
Nevertheless, the Dutch Norm Commission Geo-Engineering decided to reduce the bearing capacity of 
foundation piles in the Netherlands, unless other field tests prove otherwise. Since this reduction is very 
drastic and since no serious problems due to the use of the unreduced bearing capacity were recorded, the 
geotechnical contracting company Funderingstechnieken Verstraeten BV has performed field tests on six 
Fundex piles, and asked the engineering company BMNED to assist with these tests and the design. The 
aim was to prove that, at least for Fundex piles, a reduction of 30% is too much. The Fundex Pile Tests in 
Terneuzen show that, especially for the grouted Fundex piles, the pile type factor should not be reduced 
in combination with the current q -averaging method. 


1 INTRODUCTION 


1.1 Early cone penetration testing 


The cone penetrometer was initially developed 
around 1930 by Pieter Barentsen, who was a civil 
engineer at the Department of Civil Works (Rijks- 
waterstaat) in the Netherlands. The mechanical 
cone consisted of a rod, with a conical tip, inside 
a sounding tube. The Delft Laboratory of Soil 
Mechanics (now Deltares Delft) created a frame- 
work for this CPT apparatus in order to be able to 
make deep investigations in the soil, see Figure 1. 
In 1939, Boonstra implemented even a CPT 
apparatus in six foundation piles (see Figure 2), in 
order to measure the cone resistance both before 
pile driving and after pile driving and also to meas- 
ure the pile bearing capacity. He was also the first 
to conclude that the CPT cone resistance, below 
the tip, after the pile installation (q,) can be higher 
than the CPT cone resistance (q,) before the pile 
installation He also concluded that the tip bearing 
capacity of a foundation pile is rather similar as 
(the lowest values of) the CPT cone resistance q, = 
min(q,) (Figure 3). Figure 1. Dutch mechanical cone. 
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Figure 2. CPT apparatus inside a foundation pile. 
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Figure 3. Tip resistance versus CPT value (Boonstra, 
1939). 


Plantema (1948) also concluded that q, = 
min(q,), based on a field test on a jacked square 
concrete pile. 

Huizinga (1951) also found q, = min(q,) 
(Figure 4) and was the first who looked at a certain 
influence zone around the pile tip, although no spe- 
cific averaging procedure was detailed by Huizinga. 

In 1953, Begemann proposed to measure the 
shaft friction with a separate device, a friction 
sleeve, located just above the cone. 
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Figure 4. Tip resistance versus CPT value (Huizinga, 
1951). 


The friction ratio was used for the first time to 
classify the soil types. Fugro was first to introduce 
the electric cone in 1965 for routine soil investiga- 
tion (Massarsch, 2014). Since then, many engineers 
and scientists have proposed improved design 
methods for the bearing capacity of foundation 
piles. The biggest difference between these methods 
is found in the definition of the influence zone. 


1.2 Dutch design method 


Prandtl (1920) gave an analytical solution for the 
bearing capacity of a soil under a limit pressure, 
p, causing kinematic failure of the weightless 
infinite half-space underneath, having a friction 
angle @ and cohesion c. The solution of Prandtl 
was extended by Reissner (1924) for a surround- 
ing surcharge, g, and was based on the same failure 
mechanism. Keverling Buisman (1940) and Terza- 
ghi (1943) extended the Prandtl-Reissner formula 
for the soil weight, y 

Meyerhof (1951) was inspired by the logarith- 
mic spiral shaped shear band in the Prandtl-Wedge, 
and assumed that there would be a shear band fail- 
ure at the pile tip following this logarithmic spiral 
all the way back to the pile shaft (Figure 5). 

Van Mierlo & Koppejan (1952) adopted this 
logarithmic spiral shaped shear band. They pro- 
posed an influence zone of 5 to 8 D above the pile 
tip level and 0.7 to 4 D underneath the pile tip 
(Figure 6). 


102 


Previous theory Present theory 
DEEP FOUNDATION 


Figure 5. CPT Tip failure mechanism (Meyerhof, 1951). 


Figure 6. Logarithmic spiral shape failure mechanism 
around a pile tip (Van Mierlo & Koppejan, 1952). 


Begemann (1963) added an averaging method, 
based on the following three assumptions: 


1. The logarithmic spiral is subdivided into three 
areas: I, II and III, 

2. The contribution to the pile tip resistance for 
area I is equally important as for area II, 

3. The contribution to the pile tip resistance for 
area I and II is equally important as for area III. 
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The Dutch design code has added some cor- 
rection factors, which led finally to the following 
equation: 


1 1 1 
4, =3 aps erae oaeiae T de): 0) 


where: 

q, = the pile tip (base) resistance, 

latay = the average value of q, in area I, where the 
lowest possible result shall be chosen in the area 
0.7 to 4 D, 

leira = the average value of the cone resistance 
in area II, where the cone resistance to be taken 
into account shall not increase the q, values 
below 

leag = the average value of the cone resistance 
in area III where the cone resistance to be taken 
into account shall never increase the q, values 
below, starting from the end-value of q. rravg 

a, = the pile type factor (e.g., 1.0 for driven piles, or 
0.5 to 0.6 for bored piles) 

B = the pile tip factor (e.q., 1.0 for standard con- 
crete piles and decreases for piles with an 
increased pile tip area) 

s = the shape factor of the pile tip (1.0 for square 
and circular pile tips and lower for more rectan- 
gular or elliptical pile tips). 


Over the years, the Begemann’s averaging 
method got adapted in the Netherlands. This 
method is now named after Koppejan, even though 
Koppejan’s paper was published in collaboration 
with Van Mierlo and even though the averaging 
method of Begemann was not implemented by 
Koppejan. The Koppejan method is also called the 
Dutch method. 

The major problems with the Dutch method are 
that there is no scientific evidence for this method, 
the failure mechanism (the soil slides into the pile 
shaft) is kinematically impossible and the failure 
mechanism and location of the failure zone (with 
relative shear stress: T/T ax = 1.0) contradicts with 
numerical calculations, see Figure 7, (Van Baars, 
2017), which shows that the plastic zone and most 
failure is not above, but below the pile tip. 


1.3 Other design methods 


Most other design methods assume an influence 
zone which is far lower than the Dutch influence 
zone. De Beer (1963), for example, used an influ- 
ence zone which is completely below the pile tip 
(Figure 8a), which became the basis of the Belgium 
method. The French method uses an influence 
zone from 1.5 D below to 1.5 D above the pile tip. 
This is not only in use in France but worldwide and 
in other methods as well (e.g. Fugro-05). White 
and Bolton (2005), after studying a large amount 
of field tests, concluded that the influence zone is 
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Figure 7. Relative shear stress (failure zone) around 
the pile tip: In-plane (left) and out-of-plane (right) 
(Van Baars, 2017). 
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White & Bolton (2005). 


from 2D above the pile tip to 8D below the pile 
tip (Figure 8b). They also concluded that the pile 
type factor a, should not be 1.0, but 0.9 for normal 
driven piles. 

There are other well-known design methods, 
for example Fugro-05 (from Fugro), ICP-05 (from 
Imperial College), UWA-05 (from the University 
of Western Australia) and NGI-05 (from the Nor- 
wegian Geotechnical Institute). These methods 
were all published at the Ist International Sym- 
posium on Frontiers in Offshore Geotechnics in 
Perth, September 2005, and discussed by Clausen 
at all (2005). 


2 FIELD TESTS AND CONSEQUENCES 


2.1 


In order to be able to compare the pile design 
methods used in the Netherlands, Belgium and 
France, existing well instrumented field tests have 


Field tests 
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been combined and re-examined. The results of 
these field tests are published in report CUR 229 
(2010), in Van Tol et al. (2010) and in Van Tol 
(2012). The conclusion was drawn that the meas- 
ured tip bearing capacity was 13% higher than pre- 
dicted for France (but France has a pile type factor 
of a, = 0.5 for precast driven piles!), 25% too low 
for Belgium and 30% too low for the Netherlands 
(Figure 9). The authors concluded from these tests 
that in the Netherlands the pile type factor a, had 
to be reduced for all piles with 30%. 


2.2 Consequences 


There are two very big problems with this 
conclusion: 


1. The errors in the influence zone and in the aver- 

aging method of the Dutch method are still not 

solved, and these do influence strongly the pre- 
dicted bearing capacity. 

. The residual stresses in the piles of the existing 
field tests were not measured and assumed not 
to play an important role. An incorrect assump- 
tion might strongly reduce the measured tip 
bearing capacity of the piles, and therefore the 
pile type factor. 


The residual force is a summation of the stresses 
which remain at the pile tip after installation of the 
pile, which are balanced out by the shear stresses 
along the pile shaft. Because of the installation 
there is always a remaining stress at the pile tip 
(Alawneh et al, 1996). Hunter & Davisson (1969) 
and White & Bolton (2005) have shown that the 
residual force can be even as high as 40% or 45% of 
the total tip bearing capacity of the pile. 

The ignoring of the residual stresses leads auto- 
matically to an underestimation of the tip bearing 
capacity of a pile and an overestimation of the 
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Figure 9. Tip bearing capacity for the field tests: meas- 
ured values (vertical axis) versus calculated values (hori- 
zontal axis) (Van Tol et al., 2010). 


shaft bearing capacity of a pile (since the measured 
total load at failure is known). 

Despite all the field test results published by 
Boonstra, Plantema, Huizinga and White & Bol- 
ton, despite the mistake in the influence zone of 
the Dutch Method and despite the effect of the 
unknown residual stresses in the mentioned field 
tests, the Dutch Norm Commission Geo-Engi- 
neering decided nevertheless (Hannink et al, 2015) 
to reduce the tip resistance with 30% from January 
1st, 2016, which was postponed until January 1st 
2017 (Van Seters, 2015). 


3 FUNDEX PILE TEST TERNEUZEN 


3.1 


Since this reduction is very drastic and since no 
serious problems due to the use of the unreduced 
bearing capacity were recorded (Van Baars, 2015), 
the geotechnical contracting company Fundering- 
stechnieken Verstraeten BV decided to perform 
field tests on their Fundex piles, and asked the engi- 
neering company BMNED to assist with these tests 
and its design. The pile tests were performed at the 
location of BMNED in Terneuzen, in the South- 
west of the Netherlands. The aim was to prove that 
for Fundex piles, a reduction of 30% is too much. 
Fundex piles are augered cast in place concrete 
full displacement piles, with a lost steel screw 
shaped tip (Figure 9). Six Fundex piles have been 
tested: three Fundex piles, type 460/560 (shaft 
diameter/tip diameter) without grout injection, 
and three identical Fundex piles with additional 
grout injection. For the grouted Fundex piles, the 
shaft becomes as wide as the tip, which gives a 
larger shaft and higher total shaft bearing capacity. 
The pile head level was at NAP +1.3 m, the pile 
tip level was at NAP -18.7 m. NAP is about Main 
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Figure 9. Boring of fundex pile. 
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Figure 10. CPT at test field; vertical scale is NAP +3 m 
to NAP —23 m; horizontal scale of left box is q, = 0 to 
q. = 20 MPa; horizontal scale of right box is R, = 0 
to R¡=7. 


Sea Level (MSL). Strain gauges were installed at 
5 different levels, including near the pile head and 
near the pile tip. 

Borings and CPT’s were made, showing sand all 
over, with down to NAP — 5 m, sand with higher 
portions of silt and clay and mostly q, < 4 MPa. 
Between NAP-5 to —7 m and NAP-10 to —11 m, 20 
MPa < q, < 30 MPa. Near the pile tip q, = 14 MPa 
(Figure 10). Three CPT’s were made for each pile. 

A Kentledge system was used to load the piles 
(Figure 11). Three hydraulic jacks were used which 
can each load up to 250 tons. The failure load, 
or bearing capacity, is defined as the load at 10% 
displacement (56 mm) of the equivalent pile tip 
diameter. 


3.2 Test results 


Before the Dutch Norm Commission Geo-Engi- 
neering decided about the 30% tip reduction, the 
following parameters had to be applied for this 
pile: a, =0.9, B=1.0, s = 1.0, œ, = 0.009. 

Table 1 shows the measured bearing capacities 
of the three non-grouted and the three grouted 
Fundex piles, both absolute and in percentage 
of the calculated values, based on the current q,- 
averaging method and the unreduced (old) Dutch 
design method. Both the values for the measured 
total bearing capacity and the measured tip bear- 
ing capacity are listed in the table. 

The results from the Fundex pile tests indicate 
that the measured total bearing capacity is, for 5 
of the 6 piles (not Pile 06) in the range of the old 
Dutch design method. 


Diepte ln meter tax. NAP 


Figure 11. Applied Kentledge load system. 
Table 1. Measured bearing capacities. 

Total Tip only 
Bearing capacity kN % kN % 
Pile 02 Fundex 5738 106% 2310 69% 
Pile 04 Fundex 5044 94% 2385 77% 
Pile 06 Fundex 3836 73% 2691 88% 
Pile 01 F. Grouted* 6078 9% — - 
Pile 03 F. Grouted 6104 100% 2931 140% 
Pile 05 F. Grouted 5748 100% 2464 121% 


* There were some sensor problems for Pile 01. 


Looking closer to the results of only the tip 
bearing capacity, we see a big difference between 
grouted and non-grouted Fundex piles. For 
non-grouted Fundex piles, the pile tip is indeed 
underperforming and in agreement with the pro- 
posed reduction of the Dutch Norm Commission 
Geo-Engineering, but for grouted Fundex piles, 
the tip is overperforming and thus a reduction of 
30% of the tip resistance will lead, to incorrect and 
underestimated values. 
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4 CONCLUSIONS 


The position of the influence zone and the averag- 
ing method of the Dutch method are not correct. 

The decision of the Dutch Norm Commission 
Geo-Engineering to reduce the tip resistance with 
30%, in combination with the current q, -averaging 
method, conflicts with the findings of Boonstra, 
Plantema, Huizinga and White & Bolton. This 
decision was largely based on the discussed field 
tests, in which the residual stresses were assumed 
to be near zero. This assumption can lead to an 
underestimation of the tip bearing capacity of a 
pile. 

The Fundex Pile Tests in Terneuzen show for 
the grouted Fundex piles, that the pile type factor 
a, does not have to be reduced for the current q,- 
averaging method. 
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Estimation of spatial variability properties of mine waste dump 


using CPTu results—case study 
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ABSTRACT: The paper deals with application of CPTu test results for the probabilistic modeling of 
lignite mine waste dump soils. The statistical measures are obtained using the results from four CPTu tests 
performed in a close range in the lignite mine dumping ground in Belchatow (Central Poland). Both the 
tip resistance q, as well as local friction f, are tested. Based on the mean values, standard deviations and 
new classification nomogram of measured quantities, the specific zones in the dumping site profile are 
distinguished. For all three zones, based on normalized de-trended values for q, and f, both vertical and 
horizontal scales of fluctuation are estimated. The obtained results allow the description of dumped soil 


parameters using Random Fields. 


1 INTRODUCTION 


In the last decades there has been a growing need 
to reclaim or use for industrial purposes mine waste 
dump areas (Wysokiński 2010, O’Brien et al. 2017). 
This involves the development of a methodology 
for the geotechnical research of dumped soils. The 
problem applies to all areas where soil being the 
by-product of open-pit mines is deposited. 

In the case of lignite mine waste dump soils, the 
basic difficulty in their management lies in their 
strong variability. Research and interpretation 
activities performed for these soils usually focus 
mainly on the characterization of local geologi- 
cal, physical and chemical characteristics of these 
media. The research is typically based on labora- 
tory tests with test specimens taken separately from 
selected points of the waste dump area (Eswaran et 
al. 2002, Borecka 2007, Hawley 8 Cunning 2017). 
It seems that for such a study additional in-situ tests 
providing information on variability of properties 
of dumped soils in a continuous manner should 
be made. Combining information from these two 
sources is necessary for correct design of geo- 
technical structures located in waste dump areas. 
The randomness which is often present in the soil 
dumping process also indicates that in designs a 
probabilistic approach should be employed. 

In the last decades methods based on probabil- 
istic modeling of soil behavior have been strongly 
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developed. The main purpose of these methods 
is to estimate risk associated with erecting struc- 
tures on media with spatially variable properties. 
Recently, methods that combine Monte-Carlo 
simulation with Random Field Theory seem to 
be of particular interest (Griffiths & Fenton 2001, 
Fenton & Griffiths 2003). These techniques have 
been successfully used for natural soils. So far, they 
have been used to analyze the reliability of bear- 
ing capacity of strip foundations, slope stability or 
deep excavation support (Vessia et al. 2009, Vardon 
et al. 2016, Kawa et al. 2017, Puta et al. 2017). 

Simultaneously, procedures allowing identifica- 
tion of the so-called fluctuation scales have been 
developed. Fluctuation scales, defined as param- 
eters of a random field correlation model, seem 
to be a convenient measure of spatial variability 
of the field properties. Since the number of obser- 
vations necessary to identify fluctuation scale is 
significant, some studies (e.g. Lloret-Cabot et al. 
2014) suggested using tests characterized by long, 
continuous data series (e.g. CPT, CPTu). 

The focus of the present paper is to determine 
the fluctuation scales for the dumping soil. Both 
vertical as well as horizontal scales of fluctuation 
are measured —the results are presented graphically 
and discussed. The Random Fields of soil param- 
eters generated based on measured fluctuation 
scales can be further used for reliability analysis of 
geotechnical constructions formed in dumping site. 


2 STATISTIC MEASURES OF A RANDOM 
FIELD 


According to the Random Field Theory for the 
description of a random variable in the field, two 
sets of statistic information are needed, i.e. point 
value statistics and a spatial correlation function. 
The point statistics can be fully described know- 
ing the probability distribution (usually given in 
the form of a probability density function). If the 
distribution is not fully known it is often assumed. 
For soil properties, normal, lognormal or bounded 
distribution are typically chosen. Their parame- 
ters, i.e. mean and variance, can be easily identified 
form a data series using their commonly known 
unbiased estimators: 


= 


where X, = the measured value of parameter; 
k =the number of observations; [i == mean value 
of parameter; G = standard deviation. 

To extend the description of the point statistics 
to the random field, information on the correlation 
structure is needed. This is often provided using a 
correlation function. In geostatistics a two-dimen- 
sional exponential function by Markov is often 
used. It can be expressed as the function of hori- 
zontal (7) and vertical (7,) lags as: 


| 


The basic parameter for all correlation functions 
is the so-called fluctuation scale (Vanmarcke 1983, 
2010), i.e. the length within which the correlation 
between two points is significant. In equation (2) it 
is denoted as Ox and @ for the horizontal and ver- 
tical directions, respectively. Often, due to a small 
amount of data, the estimation of the fluctuation 
scale is not an easy task. This is not a problem 
in the case of a CPTu test, at least in the vertical 
direction: the test is characterized by long, vertical 
data series. 

The detailed algorithm for determining the 
value of fluctuation scale based on CPT data series 
has been presented in the work by Lloret-Cabot 
et al. (2014). According to that algorithm, the 
value of the vertical fluctuation scale is obtained 
by fitting the theoretical correlation model to the 
experimental correlation function. The latter can 
be estimated as: 
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where X, = the value of the parameter (in CPTu, 
eg., q, or f); k = the number of observations; 
7, = depth of CPTu, as a multiplication of the 
observation number j = 1, 2, ..., k by length of 
adopted testing step 7, =jAT. 

Because it is assumed that the expected value and 
the variance of the random variable have the same 
value at all points of the field, the observations show- 
ing a trend need to be subjected to de-trending (usu- 
ally linear or quadratic, e.g. Uzielli et al. (2006)) and 
normalizing prior to using equation (3). The same 
methodology, assuming a linear trend for obtained 
CPTu results, has been used in the present work. 

The identical methodology can be also used 
for estimating the value of the horizontal fluctua- 
tion scale. In that case all the considered CPTu 
tests need to be performed in a very small area. 
It should be noticed that, in the case of natural 
soils, the value of the horizontal fluctuation scale 
is usually several times greater than the vertical one 
(Kawa & Lydzba 2015). 


3 CHARACTERISTIC OF DUMPED SOIL 


Dumped soil is a specific anthropogenic medium 
with a very diverse structure. It is produced as a 
result of the mining, transport and deposition of 
coal-bed overburden in open-pit mines. The proc- 
ess of formation of dumping soil can be divided 
into three stages. During the first stage—the 
mining process—the original structure of the nat- 
ural soil is destroyed. In the second stage—the 
transport—the soil is further transformed as the 
result of various external factors. The third stage is 
the deposition process, which additionally results 
in accidental mixing of the soil (Dmitruk 1965, 
Hawley & Cunning 2017). 

During all three stages described above, the soil 
is subject to the process of reconstruction of the 
original structure, loosening, agglomeration and 
fragmentation. The whole process results in mixing 
of lithologically different layers of the overburden 
of the bed. 

Based on literature (Dmitruk 1965, Rybicki et 
al. 2002, Baginska et al. 2017) three main types of 
mine waste dump soils can be distinguished: 


— Type I—a medium with characteristics similar 
to granular soils, made of non-cohesive soils 
(sand, gravel); 

— Type II—a medium with characteristics similar 
to cohesive soil, built of blocks of cohesive soil; 

— Type III granular-cohesive medium with mixed 
characteristics, consisting of a mixture of granu- 
lar and cohesive soils. 


In order to control the current composition, 
conditions and spatial arrangement of the soils in 


the waste dump, CPTu tests are often performed 
in waste dump soils after deposition. A large exist- 
ing CPTu database allows the use of these results 
to determine the statistical measures of deposited 
soil. 

The present paper is based on the results of 
4 CPTu tests performed in close range in the area 
of waste dump of the lignite mine “Belchatow” 
(central Poland). CPTu test points were dis- 
tributed along the straight line at the distances 
shown in Figure 1. This specific arrangement was 
intentionally assumed in order to allow for the 
determination of the vertical and horizontal fluc- 
tuation scales of q, and f.. 

The mean values of measured q,, f, and their 
quotient friction ratio R, = (/,/4,)100% along the 
profile are presented in Figure 2. 

As shown in Figure 2, although the tests were 
performed in a very “chaotic” soil they appear to 
be quite similar to each other. In all results, three 
horizontal zones with similar R, values can be 
distinguished. 

The results obtained in these three zones ware 
presented in a nomogram proposed by Bagińska 
et al. (2016) for the initial classification of dumped 
soil (Figure 3) indicating that each of the zones 
seem to contain different types of dumped soil. 
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Figure 1. Arrangement of CPTu test points with q, 
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Rp= (f,/ 4.) 100% 


A:0.5m+3.0m 
B:4.0m+6.0m 
C: 7.0 m + 10.0 m 


4c [MPa] 


EED e ce 
TYPE II 


Figure 3. Classification nomogram for waste dump 
soils. 
Table 1. Mean and standard deviation (SD) of R, and 


[sy in the zones distinguished in the profile of the dump 
site. 


Ry I ser 
Depth Mean SD Mean SD 
Zone [m] [Yo] M E E 
A 0.5 + 3.0 0.62 0.06 2.21 0.15 
B 4.0 + 6.0 7.61 0.86 2.99 0.08 
C 7.0+10.0 4.46 0.71 2.82 0.09 


Zone A (0.5+3.0m) contains soil classified as type 
I, in zone B (4.0+6.0m) there is soil of type II and 
below (7.0+10.0m) in zone C there is soil having 
the characteristics between types II and III. For 
these three zones the variability of Is was also 
analyzed. The J;,, can be express as (Robertson 
1990): 


YA 


z | 2) +(logR,+1.22) — (4) 


where q, = cone resistance; p, = atmospheric pres- 
sure in same units as q; and R, = friction ratio 
R,= (f,/ q,)100% with f, = local friction. The result 
of the variability of R,and /,,, in individual zones 
are presented in Table 1. 


SBT 


postal 
3.47 — log 


4 DETERMINATION OF STATISTICAL 
MEASURES FOR THE DEPOSITED SOILS 


Determination of all the random field parameters 
was performed for zones B and C of the considered 
dump site. Zone A was omitted in further analyzes 


due the fact that it is strongly affected by passing 
of a stacker. As the effect of that passing signifi- 
cant growth of measured quantities as well strong 
nonlinearity of q, and f, trends are observed. 

The obtained distributions of measured values 
of q, and f, for zones B and C are shown in the 
form of histograms in Figure 4. None of the dis- 
tributions are symmetric. The distributions of q, in 
both zones are skewed to the left, and in the case of 
fs the distribution is skewed to the right in zone B 
and skewed to the left in zone C. Asymmetry of the 
distributions could be caused by the presence of 
more than one component in the respective zones: 
since deposited soil is in fact a mixture of different 
soils, it can be assumed that, despite the distinction 
of “similarity” zones, within each of them more 
than one component can appear. 

In addition to the point statistics for zones B 
and C, the vertical and horizontal fluctuation 
scales were also determined. In the first stage of 
the analysis a linear trend has been subtracted 
from the values of q, and f, (in order to calculate 
vertical scale for each test, the trend has been 
determined separately). The obtained values q. 
and f, for all test points, and an average linear 
trend in the zones B are shown in Figure 5 and 6. 
In the next step, for de-trended values, the stand- 
ard deviation o,,, has been determined and all the 
values have been normalized by dividing by that 
value (for vertical scale once again the data form 
each test were normalized separately). Finally, for 
the de-trended normalized values, the experimen- 
tal correlation function (3) has been determined. 
The vertical scale of fluctuation has been identified 
by fitting Markov model (2) to the obtained mean 
correlation function. Experimental functions and 
the Markov model fits for all the zones and both q, 
and f, are shown in Figures 5c, 6c and 7. For both 
q, and f, the obtained values of fluctuation scale 
are very similar. 
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Figure 4. Histograms of q, and f; a) zone B, b) zone 
E; 
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Figure 5. Zone B: a) q, measurements with determined 
linear trend; b) de-trended measurements of q,; c) esti- 
mated correlation functions for de-trended normalized q, 
values (grey), their mean (black) and best fit of Markov 
model (dashed). Obtained values of vertical fluctuation 
scale 6z, specified in the figure. 
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Figure 6. Zone B: estimated correlation functions for 
de-trended normalized f, values (grey), their mean (black) 
and best fit of Markov model (dashed). Obtained values 


of vertical fluctuation scale 62, specified in the figure. 
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Figure 7. Zone C estimated correlation functions for 


de-trended normalized: a) q, values (grey); b) /, values 
(grey), their mean (black) and best fit of Markov model 
(dashed). Obtained values of vertical fluctuation scale 
62, and 82, specified in the figure. 


Horizontal scale fluctuations were obtained 
using the same technique. This time the de-trending 
was done by subtracting the average trend function 
from all results in the given zone, and normaliza- 
tion by dividing all values by a single value of 
standard deviation determined for the given zone 
(separately for q, and f). De-trended and normal- 
ized (divided by their standard deviation) values 
were the basis for determining the value of the cor- 
relation function. Due to relatively large distances 
between the testing points and their small number, 
instead of a quasi-continuous correlation function 
obtained in the vertical case, here only a few point 
values being the mean correlation between data 
form points distant by a specified horizontal lag 
value has been obtained. The horizontal fluctua- 
tion scale was obtained once again by fitting these 
points with the Markov model (2). Calculations 
were made for both q, and f.. The results are shown 
in Figures 8, 9 and are summarized in Table 2. 

Due to the already mentioned small number of 
points and the quite long distance between them, 
the obtained fit is not always a unique one. Often 
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Figure 8. Obtained point values of experimental hori- 


zontal correlation function in zone B for: a) q,; b) f, and 
best fit of Markov model. Obtained values of horizontal 


fluctuation scale 6x,,, Ox, specified in the figure. 
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Figure 9. Obtained point values of experimental hori- 
zontal correlation function in zone C for: a) q,; b) f and 
best fit of Markov model. Obtained values of horizontal 
fluctuation scale 6x,,, 0x, specified in the figure. 


Xg 


Table 2. Obtained values of vertical and horizontal fuc- 
tuation scales. 


Oz Ox 
Depth qe Í qe q 
Zone [m] [m] [m] [m] [m] 
B 4.0 + 6.0 0.216 0.199 0.802 0.073 
E 7.0 + 10.0 0.149 0.179 3.487 0.059 


Figure 10. Random fields of q, generated for: a) zone 
B; b) zone C. 


the only significant point that determines the fit 
is the first point showing the correlation value for 
data distant by Im. This point shows a strong cor- 
relation for q, in zone C and the value of horizontal 
fluctuation scale obtained for that case seems to be 
the most reliable one. In zone B the point shows a 
weak but positive correlation: the horizontal scale 
value obtained in this zone is probable but because 
of the low correlation it is not certain. To improve 
the reliability of these results (particularly the lat- 
ter one) more points with correlations for even 
smaller distances should be given. The results for 
f.are not unique (a very similar fit can be obtained 
for different value of fluctuation scale); they are 
also significantly different than obtained for q, and 
thus seem to be not reliable. They should be also 
checked with greater number of points. 


5 RANDOM FIELDS 


Based on the obtained results of the vertical and 
horizontal scale of fluctuation q, value, random 
fields have been generated using the Fourier Series 
Method (Jha & Ching 2012). Although the distri- 
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butions shown in Figure 4 deviate from the sym- 
metric Gaussian distribution, for the purposes 
of random field presentation they are considered 
Gaussian. 

An exemplary realization of the random field 
generated for the values of fluctuation scales 
obtained for q, for both zones (Table 2) was pre- 
sented in Figure 10. As can be seen, the obtained 
images differ from each other; Zone B, where the 
horizontal fluctuation scale is only four times 
higher than the vertical scale, has a much smaller 
horizontal orientation than zone C where the hori- 
zontal scale is 20 times higher than the vertical one. 


6 CONCLUSIONS 


In this paper, the procedure of identification of 
random fields for lignite mine waste dump soils 
based on results from CPTu testing has been pre- 
sented. Based on the in-situ data the vertical and 
horizontal scale of fluctuation for the assumed 
Markov correlation model have been estimated. 

The following conclusions can be drawn from 
the paper: 


Lignite mine waste dump soil is a medium with 
strong spatial variability of parameters. In this 
case, the probabilistic approach within the 
Random Field Theory seems to be particularly 
adequate. 

The values of vertical fluctuation scale obtained 
for q, and f, are similar (see also Bagińska et 
al. 2016).whereas horizontal scales for q, and f, 
have different values. The presented results show 
that only measurements of q, provide a reliable 
source of information for determining the hori- 
zontal fluctuation scale. The phenomenon of 
different scale values for different parameters 
(particularly in the horizontal direction) requires 
further research; 

The obtained values of vertical scales of fluctua- 
tion are comparable to values found in natural 
soils (Uzielli et al. 2006, Puta et al. 2017) whereas 
obtained horizontal scales are either similar 
(zone C) or different (zone B) then expected 
for natural soils (Cherubini 1997). The small 
amount of data and the procedure used can give 
rise to some doubts as to the correctness of the 
obtained values. For reliable determination of 
the horizontal scale of fluctuations in this case, 
a greater number of closer located points are 
needed. 

The obtained histograms of q, and f, (Figure 4), 
which may indicate the presence of more than 
one constituent, induce the authors to further 
analyze the dumped soil with use of segmenta- 
tion technique (Lydzba et al. 2018). 


The article was based on the CPTu data meas- 
ured by PGE Mining and Conventional Energy 
S.A. - Branch of Bełchatów Coal Mine from 
Poland. 
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Strength parameters of deltaic soils determined with CPTU, 
DMT and FVT 


L. Batachowski, K. Miedlarz & J. Konkol 
Faculty of Civil and Environmental Engineering, Gdansk University of Technology, Gdansk, Poland 


ABSTRACT: This paper presents the results of soil investigation in soft, normally consolidated organic 
soil in the estuary of Vistula river. The analysis concerns clayey mud and peat layers interbedded with 
loose to medium-dense sands. Several Cone Penetration Tests with pore water measurement (CPTU), 
Dilatometer Tests (DMT) and Field Vane Tests (FVT) were performed on the testing site. The cone factor 
N,, was estimated using the results of FVT and peak values of undrained shear strength. The proposition 
of N,, change due to normalized Friction ratio (F) has been given. The possible value of cone factor N,, 
for organic soils was also suggested. The undrained shear strength of Jazowa clayey mud and peat have 
been compared with DMT estimates proposed by various researchers. Finally, the structural soil sensitiv- 
ity of Jazowa deltaic soils was determined on the basis of residual shear strength obtained from FVT and 
the measurements of sleeve friction. 


1 INTRODUCTION — 0.0-0.7 m: working platform layer, 
— 0.7-1.8 m: silty and sandy clays, 
1.1 Aim of this research — 1.8-2.7 m: clayey mud, 


— 2.7-4.0 m: peat, 

— 4.0-7.8 m: loose to medium-dense sand, 

— 7.8-14.5 m: clayey mud layer intersected with 
some peat and sand inclusions 

— 14.5m the roof of dense Pleistocene sand. 


The research conducted at Jazowa site is related to 
extensive infrastructural works on soft subsoil. The 
aim of the study is to establish some local correla- 
tions concerning the interpretation of in situ tests 
in soft organic soils. Some correlations concerning 
the parameters of organic soils in Central Poland The soil profile is presented in Figure 1 with 
based on advanced in-situ tests were elaborated by typical CPTU sounding results. 

Lechowicz (1997), Mtynarek (2006), Rabarijoely 

(2008) & Zawrzykraj (2017). The set of CPTU, 


DMT and FVT was performed on the trial field q,IMPa] F [%] u, [kPa] 
near the S7 highway, currently under construction. or (ee A 
The aim of the research is to calibrate the cone fac- ML 
tors using undrained shear strength on the basis oH[] ? 
of FVT and to compare the profiles of undrained as i 
shear strength obtained with different in-situ tests. 
Finally, the soil sensitivity based on CPTU and SMI) ș 
FVT is additionally examined. i: 
OH 
1.2 Testing site description SM 
The trial field is localized in the delta of Vistula i 
river near Elbląg city, Poland. Alluvial soils lay- Š 
ers as mud and peat with sandy interbeddings can B 
be recognized up to 14-15 m depth below ground a 
level. Below 15 m some compacted Pleistocene 
sands were found. Quite regular subsoil structure sw 
was detected in the trial field area with drillings 


and preliminary CPTU tests. According to soil 
classification charts and drillings the following lay- Figure 1. Typical CPTU profile for Jazowa testing site 
ers can be distinguished in the subsoil: (sounding no. 4). 
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2 IN SITU TEST RESULTS 


2.1 CPTU and DMT soundings 


Totally 13 CPTU and 8 DMT sounding have been 
performed at Jazowa testing site. They were per- 
formed from the working platform in regular net 
with side length of 2 m. The typical results of 
CPTU soundings are given in Figure |. 

Typical results of DMT according to the inter- 
pretation proposed by Marchetti (2001) are given in 
Figure 2. One should notice that the value of lateral 
stress K, for deeper clayey mud layer is close to 2 
which indicate normally consolidated soil deposit. 
The Kpu values for the upper peat and clayey mud 
layer suggest their slight preconsolidation. 


2.2 Vane test results 


Two electrical FVT using 7.5*13.0 cm tapper tips 
were conducted as supplementary field investiga- 
tion at the testing site. The profiles of measured 
undrained shear strength with maximum and resid- 
ual values are given in Figure 3a. The FVT results 
have been corrected due to disturbance, anisotropy 
and rate effects. For clayey mud layers, correction 
factors have been applied taking into account plas- 
ticity index and Bjerrum relation (Terzaghi 1996). 
For upper mud layer, with a plasticity index (p) of 
49%, a factor of 0.7 was adopted while for lower 
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layer, with plasticity index of 27.4%, a factor of 
0.9 was applied. For peat inclusions the correction 
factor of 0.5 has been used (Golebiewska 1983; 
Landva & La Rochelle 1983, Hanzawa 1994, Long 
2005). The maximum and residual profiles of und- 
rained shear strength with applied correction fac- 
tors are presented in Figure 3b. 

For upper soft soil deposit generally constant 
value of c, can be observed and it is reasonable due 
to slight preconsolidation of the soil. On the other 
hand, for deeper mud layers nearly linear increase 
of undrained shear strength with depth can be seen. 


3 CALIBRATION OF CONE FACTORS 


For each CPTU sounding the subsoil was classi- 
fied into thin layers typically 0.3-0.4m thick in the 
vicinity of vane tests. For each layer the average 
normalized friction ratio F, and soil type behavior 
index J, have been calculated. 


3.1 N,, factor 


Cone factor during undrained cone penetration is 
defined (Lunne 1997) as: 
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Figure 2. Typical DMT results for Jazowa trial field (sounding no.5). 
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Figure 3. Uncorrected shear strength from the FVT (a) 


and corrected values (b). 


where N,,=cone factor; q, = average corrected cone 
resistance; 0, = total vertical stress; c, = undrained 
shear strength. 

Here, the maximum shear strength after correc- 
tion from FVT at the corresponding depth is used 
as a reference one. The N,, —/, relation obtained 
from sounding no.4 for given soil layers is shown 
in Figure 4a. It can be seen that the cone factor 
is generally increasing with friction ratio and N,, 
is decreasing with soil type behavior index /., see 
Figure 4b. 

To provide the sufficient relation between 
N,, and F, and N, and J, the analysis have been 
performed on average values obtained from all 
13 CPTU tests performed at the site. The average 
values of N,, factor were calculated for each layer 
and the results are summarized as a function F, in 
Figure Sa and as a function of 7, in Figure Sb. 

As one can see, The N,—F. provides signifi- 
cantly better correlation with high coefficient of 
determination equal to 0.871. The N,—F, relation 
can be described as: 


N,, =1.242 x F + 7.803 (2) 
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Figure 5. N,,—F, (a) and N,,—J, (b) relations based on 


averaged 13 CPTU soundings. 


where: N, = cone factor; F, = normalized friction 
ratio. 


3.2 N,, factor 


Cone factor can be also calculated on the basis of 
excess pore water pressure defined as: 
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Figure 6. N,—F. (a) and N, —/Z, (b) relations based on 


averaged 13 CPTU soundings. 


Ny, = = (3) 


where N,, = cone factor; u, = average pore water 
pressure registered on shoulder filter element dur- 
ing penetration; u, = hydrostatic pore water pres- 
sure; c, = undrained shear strength of soil. 

The field measurements of u, are characterized 
by high scatter of data and negative registered pres- 
sure up to 3,5 m, see Figure 1 for instance. Con- 
sequently, the analysis have been performed only 
for the deeper clayey mud layer. As in the case of 
N,, factor, the results are compiled for all profiles 
and the average values form the measurement have 
been used. The corrected maximum shear strength 
from FVT at the corresponding depth is used as a 
reference value. 

The relationship between N, and F. is shown 
in Figure 6a and between N,, and J, in Figure 6b. 
As can be seen, considerably higher scatter of cone 
factor N,, was found due to irregularities in the 
registered pore water pressure u,. In both relation- 
ships the N,, is ranging between approximately 
2.16 and 4.17 with average value of 3.06. 


3.3 Undrained shear strength 


Undrained shear strength c, for clayey mud 
obtained from FVT is compared with CPTU assess- 
ment with N,, after Equation 2 in Figure 7a. The 
additional estimations of c, used in the comparison 
are based on DMT and Unconsolidated Undrained 
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Figure 7. Undrained shear strength of Jazowa soft soil 


deposits estimated with different methods (a) and soil 
sensitivity assessed from CPTU and FVT (b). 


(UU) triaxial compression tests. Two DMT esti- 
mates are based on Marchetti (2001) proposition: 


Cu 


=0.22x (0.5% Ko) (4) 
Oo 


where c, = undrained shear strength; o”, = effective 
vertical stress; K,, = horizontal stress index, and 
Lechowicz (1997) equation: 


1.20 


£ = § x (0.45 Kyyr) (5) 
0 
where c, = undrained shear strength; o”, = effec- 
tive vertical stress; S = normalized undrained shear 
strength for normally consolidated state equal to 
0.4 for organic soils (Lechowicz 1997); Kpr = hor- 
izontal stress index. 
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In DMT-based estimates of c, the average distri- 
bution of Kpy is used. As one can see, the back- 
calculated CPTU estimation fits well into the FVT 
results and UU results. Lechowicz proposition also 
corresponds to the other results. On the other hand 
the Marchetti (2001) formula underestimates the c, 
in the considered soft soils. 


4 SOIL SENSITIVITY 


The last analyzed aspect of strength parameters is 
related to the soil sensitivity which was estimated 
using two approaches. In the first one the results of 
FVT with the maximum and residual value of shear 
strength have been applied. The second approach 
uses the undrained shear strength estimated from 
the cone factor N, calibrated in the present study 
and the sleeve friction. 

The residual shear strength is assumed as a aver- 
aged sleeve friction value in a given layer from all 
conducted CPTU tests. The comparison is pre- 
sented in Figure 7b. One can notice that for deeper 
soft soil deposits the sensitivity obtained from 
CPTU correlation fits well the trend outlined by 
FVT tests. However the results for upper mud and 
peat layer are quite dispersed and the soil sensitiv- 
ity obtained with CPTU is underestimated. 


5 CONCLUSIONS 


Distinct relationship between the N, and F, (I) 
parameters for organic soils in the delta of Vistula 
river was found in the present study. In this particu- 
lar case, the N, factor is more suitable for calculat- 
ing the undrained shear strength than N,,. In case 
of the N,, factor, no specific correlation between 
the parameters N, and F, (I) was determined. 
Particular measurement points are quite dispersed 
and the determination of any relation between 
them is practically impossible, so the constant 
value of N, = 3.06 was proposed. For this reason, 
the N,, factor was used for further calculations. 

In this research site, the Lechowicz (1997) DMT 
formula was able to correctly estimate undrained 
shear strength. The undrained shear strength pro- 
file from CPT test, shown in Fig. 7a, was prepared 
relying on the N, factor given by Equation 2. It 
can be noticed that they correspond to values 
obtained from the vane test and are similar to the 
triaxial UU compression test results. Similar situ- 
ation is in case of the soil sensitivity. The profile 
obtained from CPT is close to the values outlined 
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from FVT and the sensibility of clayey muds and 
peats in deeper layers is rather low and generally 
does not exceed 4. 
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Estimation of the static vertical subgrade reaction modulus k, from CPT 


N. Barounis & J. Philpot 
Cook Costello, Christchurch, New Zealand 


ABSTRACT: A methodology for the estimation of the static vertical subgrade reaction modulus (k,) for 
cohesionless soils from the Cone Penetration Test (CPT) has been introduced in 2013 (Barounis et al.) and 
2015 (Barounis and McMahon) and has recently been integrated (Barounis and Philpot, 2017). In this 
paper, the conclusions from the early two papers are utilized for developing an integrated methodology 
based on the correlation between q, and N¿, (Robertson, 2012). The fundamental concepts and the theory 
of the proposed methodology are presented with a step-by-step procedure in this paper. The methodology 
returns one value termed K, which is the equivalent spring stiffness for any foundation depth and shape 
under consideration. The methodology produces values that are as conservative as the traditional SPT 
approach proposed by Scott (Scott, 1981). The methodology is applied on numerous sandy sites in New 
Zealand for different foundation typologies. 


1 INTRODUCTION is imposed on it due to the applied stress, analo- 
gous to a spring shortening at some imposed load. 
As an initial step for facilitating the earthquake- In structural engineering applications, k, is used to 
resistant design of a building and its foundations, model the soil stiffness in the vertical plane when 
the static spring stiffness, or static vertical subgrade  soil-foundation-structure interaction considera- 
reaction modulus, on the surface of an assumed tions are included in the structural analysis. Typi- 
homogeneous half-space is typically evaluated cally, as best practice suggests, structural engineers 
for the given site. Then, by applying numerous adopt k, values recommended by a geotechnical 
dynamic modification factors to the static spring engineer. The structural engineer further tests 
stiffness (ASCE 41-13), the dynamic spring stiff- the sensitivity of the model for k, values ranging 
ness can be evaluated. Dynamic modification fac- between 0.5 k, and 2.0 k, (ASCE 41-13, 2014). The 
tors are applied to account for the frequency of the geotechnical engineer needs to assess the k, range 
excitation force, the embedment of the foundation for the particular situation. These values are also to 
and the foundation shape. The most fundamental be accompanied by ultimate foundation capacity 
step in this process for the structural engineer, isto estimations. 
determine if the foundation system under analysis A methodology for the estimation of k, for 
is rigid or flexible. Many references are available for sands from the Cone Penetration Test (CPT), as 
facilitating this step (refer to ASCE 41-13, 2014or an alternative to the conventional estimation rely- 
ACI 336). Thus, the estimation of the static spring ing on SPT as proposed by Scott (Scott, 1981) for 
stiffness is an important step in undertaking both a 300 mm plate, was proposed by Barounis et al. 
static and earthquake resistant design of foun- (2013). From recent research on the applicability 
dations. This paper is focused only on the static of the proposed CPT methodology (Barounis and 
spring stiffness of flexible foundation systems. Armaos, 2016), it was demonstrated that the pro- 
The static vertical subgrade reaction modulus k, duced k, values are stiffer than the values produced 
is a conceptual relationship, which is defined as the by Scott. The stiffer springs from CPT are con- 
soil pressure exerted o divided by the deflection 6  servative for the seismic response of the structure, 


(Bowles, 1997). while the softer springs from SPT are conservative 
for foundation deformation and their effects to the 
k, =-(MN/m?) (1) superstructure. 


This paper presents an integrated methodology 

The static vertical subgrade reaction modulus for the estimation of k, values for flexible shallow 

is not an actual engineering property of the soil, foundations on cohesionless soils based on the cor- 
such as Poisson's ratio, as it varies with the width relation between q, and N¿, (Robertson, 2012). The 
and shape of the foundation (Terzaghi, 1955). methodology produces similar values to the SPT 
The principle underlying the definition of k, is the method proposed by Scott for the K3 of a 300 mm 
resistance a soil layer provides as some deflection plate. The final value, corrected for foundation 
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shape, K, is similar to the value produced by using 
the conventional SPT-based method by Scott. 

For a detailed explanation of the background 
theory to the methodology, please refer to previ- 
ous papers from Barounis et al. (2013, 2015, 2016 
and 2017) on this topic. The additional theoreti- 
cal basis for the method is explained in the next 
paragraph. 


2 INTEGRATED METHODOLOGY FOR 
ESTIMATING THE MODULUS OF 
SUBGRADE REACTION K, 

2.1 Fundamental assumptions, advantages and 

theoretical basis of the methodology 


The fundamental assumptions and theoretical 
basis for the proposed methodology and its advan- 
tages are the following: 


— The methodology is applicable to cohesionless 
soils, only when tested with a CPT that meas- 
ures penetration resistance at 10 or 20 mm incre- 
ments with a 35.7 mm diameter cone. 

The theory of springs in series is assumed, modi- 
fied to consider the configuration of soil layers. 
This means that the equivalent spring stiffness 
K,, can be estimated by using the proposed 
methodology. 

The range of SPT N¿, values is limited to between 
0 and 50 blows. No extrapolation over 50 blows 
shall be adopted in any case. Thus, an SPT Neo 
of 50 is considered to be effective refusal. 

This upper bound value of SPT produces a max- 
imum Ksproy (Spring for a 300 mm plate based 
on Scott) value of 90 MN/m:. Thus, any k, value 
produced using this methodology for the actual 
foundation cannot exceed 90 MN/m?. 

If values larger than 90 MN/m? need to be 
adopted, either for the 300 mm plate, or for the 
actual foundation, then actual plate load tests 
and further site investigations will need to be 
performed to prove that the subgrade modulus 
exceeds this value. 

The corresponding q, (cone tip resistance in 
MPa) value for any soil with I, (soil behavior 
type index) between 1.00 and 2.60 is related 
to the SPT N,, according to the correlation by 
Robertson, as shown in Figure 1. This figure 
shows that for increasing I, values (increasing 
fines content) at effective SPT refusal, the cor- 
responding q, value reduces from 35.4 MPa for 
I, = 1.00 to 12.5 MPa for I, = 2.60. As the fines 
content increases and for a given N, value, the 
cone resistance and the spring stiffness reduces, 
along with the soil stiffness E, (refer to Figure 1). 
The methodology is applicable for circular, 
square, continuous or rectangular shallow 
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Robertson (2012) Correlation 


qc (MPa) 


Figure 1. Relationship between q, and N for I, between 
1.00 and 2.60. 


foundations, founded at any shallow depth in 
the ground including at the ground surface. 
The equivalent modulus K,, for any founda- 
tion shape is estimated based on the simplified 
formulae provided by Poulos and Davis (Xiao, 
2015) that computes the vertical stress distribu- 
tion beneath the centre of the foundation. 

By using the Poulos and Davis (Xiao, 2015) for- 
mulae, essentially a weighting factor is applied 
to every 10 mm or 20 mm long spring. Hence, 
the soils nearer the foundation become more 
critical to the overall response than the soils sub- 
stantially deeper, or outside the pressure bulb of 
the foundation. 

The methodology considers an influence depth 
under any foundation configuration to be the 
depth at which the vertical stress increase from 
the foundation becomes equal to 20% of the ver- 
tical effective stress (20% rule). 

The methodology is sensitive to stiffness inver- 
sions, i.e. dense soils overlying loose soils. The 
methodology is also sensitive when denser soils 
are present at some depth from the foundation 
(within 20% influence depth). In general, the 
methodology produces good results, even for 
highly stratified soils or for sandwiched layers of 
contrasting stiffness. 


The methodology is presented in Figure 2. 
Detailed explanations for each step of the method- 
ology are given in the subsequent paragraphs. 


2.1.1 Ist Step: Estimation of Kpr Stiffness 

In this first step, the spring stiffness of the 10 mm 
long soil element is estimated. As per equation 1, 
the spring stiffness is the cone resistance q, divided 
by the displacement. For a CPT with 35.7 mm 
diameter and a 10 mm incremental penetration: 


Kop, = 1009, (2) 


Step + Equation Units Notes 


For 10mm increment: 
Kepr=100q- 

For 20mm increment: 
Kcpr=50qe 


MN/m? CPT spring stiffness 


Conversion to 300mm plate spring 


3 
Ma stiffness 


Kerr (0.3)-0.119Kcpr 


Kerr (spt0.3)= Kerros) / CF 
where for 10mm 
increment: 
CF=0.668(10(-127-02821)) 
and for 20mm increment: 
CF=0.334(10(-127-02621)) 


Conversion to a similar SPT spring 
stiffness for a 300mm plate as per 
Scott’s correlation, Kspr (0.37 1.8Neo 


MN/m? 


Equivalent spring stiffness for a 


YE, Izk 300mm plate considering an 
4 Keg20% = = MN/m: | influence depth as per the 20% rule 
q n 
Lies [Zi that corresponds to the foundation 
geometry under analysis 
5 Kr=Ksqx (m+0.5)/(1.5m) MN/m? Shape correction for the given 


where m = L/B foundation geometry under analysis 


Figure 2. Excerpt from Barounis et al. (2017) paper 
summarising the five key steps of the methodology. 


This conversion is applied for every q, measure- 
ment until the final CPT depth. 


2.1.2 2nd step: estimation of the spring Kerpa for 

a 300 mm plate by conversion from step 1 
In this step, a conversion takes place from the CPT 
spring to the equivalent 300 mm diameter plate 
spring. This is undertaken according to the for- 
mula proposed by ACI (ACI 336, 2002) and Bow- 
les (Bowles, 1997), which relies on principles earlier 
presented by Terzaghi (1955): 


— =0.119Ko; (3) 


D, 
Kerr 300 "73 


CPT 


K 


cPT(0.3) — 


where Depr is the diameter of the CPT cone in 
mm. This is consistent with the subgrade reaction 
modulus theory as a greater loaded area produces 
lower subgrade reaction values (Terzaghi, 1955 
and Bowles, 1997). 


2.1.3 3rd step: conversion to a similar SPT spring 
Stiffness value depending on I, by means of CF 

In this step, a reduction of the spring stiffness is 
undertaken by using a conversion factor CF. This 
reduction results in the CPT spring value coincid- 
ing with the value estimated from Scott’s method. 

Robertson (2012) published a correlation 
between q, and SPT N,, with the soil behavior type 
index I, (Robertson, 2015). The relationship is the 
following: 


(+ 


Pa = 10(0.127-0:2824,) 
Na 


(4) 


where q, = q, for cohesionless soils and p, = atmos- 
pheric pressure. 
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By substituting I, values between 1.00 and 2.60 
that correspond to the range of cohesionless soils, 
p, of 101 kPa, and SPT N, from 0 to 50 as per 
the assumptions in section 2.1, the relationship is 
depicted in Figure 1. 

By dividing the Kepro.) With K gpro. 3) the stiffness 
ratio of the CPT spring for the 300 mm plate is 
compared to the SPT spring for the same 300 mm 
plate. This ratio can be defined as a Conversion 
Factor (CF): 
Kerros) 


Ksrrios) 


_0,119(1004,) 11.9, 
1.8N y 1.8N 6 


=6.614 
No 


(5) 


And by solving equation (4) for q, and substitut- 
ing in (5) we have: 


CF 


CF = 6.61(0.101(100-12-0282))) (6) 


CF = 0.668 (1007-9 2821, )) (7) 


Similarly, for a 20 mm incremental penetration: 


CF =0.334(10(-127-0:2821,)) (8) 


This means that CF is dependent on I, and the 
incremental testing depth. Applying the CF to 
the Kopros returns a similar spring stiffness for a 
300 mm plate diameter to the SPT-based method 
from Scott (1981). By using the symbol Keprspros) 
for the SPT spring stiffness produced by the CPT 
approach, the equation becomes: 


K 


_ “cpr (0.3) 


Kerrísero 3 CF 


(9) 


The value of CF can be taken from equations 
7 or 8 depending on the CPT incremental testing 
depth. 


2.1.4 4th step: Equivalent spring stiffness K, 

for a 300 mm plate 
The general theory of springs suggests that the 
equivalent spring stiffness K,, of an infinite chain 
of springs is given by the formula: 


AM 


n 


kik,...k, 
k+k+..+Kk, 


i=l Í 


He 


i=l ¢ 


(10) 


ey 


It must be recognized that equation 10 is insen- 
sitive to the configuration of soil layers. In other 
words, the equivalent spring stiffness would return 
the same value regardless of the sequence with 


which the soil layers are configured. The assump- 
tions underlying this formula maybe appropriate 
to be used in structural mechanics; however, it does 
not accurately capture the soil and foundation 
behavior, especially when looser soils are located 
near the foundation level, or when very dense soils 
are located at some depth below the foundation, 
but within the 20% influence bulb. Also, from a 
numerical perspective, it is impossible for common 
software to compute the product of 100 individual 
springs per 1m of CPT. For these reasons, it is pro- 
posed to model and capture any layer configura- 
tion by using the Boussinesq theory in accordance 
with the simplified formulae proposed by Pou- 
los and Davis (1974) as presented in Xiao (Xiao, 
2015). In essence, the Boussinesq methodology is 
used to apply a weighting factor to every Keprspro) 
spring within the influence bulb of the foundation. 
As depth increases, the associated spring stiffness 
value becomes less significant for the foundation 
behavior. Thus, dense deeper soils may not provide 
substantial stiffness to the foundation, or loose 
deeper soils may soften the spring substantially. 
The weighting factor is the well-known influence 
factor I,, which takes the value of 1.0 at the foun- 
dation depth and diminishes to values that tend to 
zero with increasing depth. 
The proposed formula has the following form: 


Kom = LE (11) 


Where L,, is the influence factor that corresponds 
to a spring stiffness K; at depth z; Equations 12-15 
show influence factors for circular, square, con- 
tinuous and rectangular foundations, respectively 
(Xiao, 2015): 


¿=(4-0") 1 l l (2) 
) 


esta ~ (13) 
z=(q-07|1 - i (14) 
eas 


Table 1. Shape correction factors for various founda- 
tion shapes. 


Foundation shape Shape correction 


Circular 1.0 
Continuous (m + 0.5)/(1.5 m), m = L/B, tends 
to 0.67 when L/B > 5 
Square 1.0 
Rectangular (m + 0.5)/(1.5 m), m = L/B 
eo 0848 
| Care| 
1 

2=(q-o/)|1 (15) 


where B, L and z are respectively the breadth, 
length and depth below the foundation in metres, 
(q — 50 is the net applied foundation pressure in 
kPa, q is the gross exerted foundation pressure in 
kPa and o, is the effective stress at the foundation 
depth in kPa. Equation 11 is applied to the depth 
z at which the stress increase from the net applied 
pressure equals 20% of the vertical effective stress. 


2.1.5 5th step: correction for shape of foundation 

In this step, the final foundation spring stiffness 
value K, is estimated. From the four previous steps, 
a similar spring stiffness value to the SPT approach 
has been established. The application of a correc- 
tion factor for the shape of the foundation with 
length L and breadth B will also result in a simi- 
lar corrected spring as for the SPT approach. The 
shape correction factors are presented in Table 1. 
K+ is determined from the equation: 


K; = SpK oyo% (16) 


3 EXAMPLE CALCULATIONS: FOUR 
SANDY SITES IN CHRISTCHURCH 


The proposed methodology has been applied on 
four different sandy sites in Christchurch, New 
Zealand. The foundation shape, dimensions, 
applied pressures and other key information are 
presented in Figure 3. 

The summary of results from the proposed 
methodology are presented in Figures 4-6. Note 
that the K cprspro Values do not exceed 90 MN/m*. 

The results of the proposed methodology for 
the four sites and their agreement with Scott's 
approach are presented in Tables 2 and 3. The bar 


A Applied | GWT | Influence Depth 
Site ooann ee O TEE Pressure | Depth | (20% Rule} 

E (kPa) | (m) (m) 
1 | Rectangular | 10 5 0 50 0.6 7.56 
2 Continuous 10 2 0 50 1.0 3.81 
3 Square 5 5 0 50 12 5.96 
4 | Circular | N/A 5 0 50 LO 5.16 

Figure 3. Excerpt from Barounis et al. (2017) paper 


summarising foundation typologies for the four sites. 


Site Comparison 


qc (MPa) 
0 10 20 30 40 
0 
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3 
3 
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Figure 4. Comparison of q, across all sites. 
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Figure 5. Comparison of influence depths (20% rule) 


across all sites. 
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Site Comparison 
KcpT(sPTO.3) (MN/m^3) 


0 30 60 90 120 
0 
1 
2 
3 
E 
g4 Site 1- 
(o) Rectangular 
2 
3 Site 2 - 
Continuous 
6 —— Site 3 - 
4 Square 
7 a 
FSE — Site 4 - 
S Circular 
8 
Figure 6. Comparison of Keprspro3) Values across all 


sites. 


Table 2. Foundation shape, equivalent spring stiffness 
and foundation spring stiffness. 


Site Foundation K..20% Kp 

# shape (MN/m?) (MN/m?) 
1 Rectangular 30.07 25.06 

2 Continuous 21.14 15.51 

3 Square 37.67 37.67 

4 Circular 28.86 28.86 
Table 3. Depth weighted N,, and q, values and spring 


stiffness produced by Scott (1981) methodology. 


d, 

Site K.20% K, 

4 Noo de No (Scott) (Scott) 
1 17 8.13 0.49 30.07 25.06 
2 12 537 046 21.14 15.51 
3 21 10.56 0.50 37.67 37.67 
4 16 7.45 0.47 28.86 28.86 


above the Ny and q. values in Table 3 indicates 
that these are depth weighted values by using the 
Poulos and Davis (1974) influence factors. These 
values are equivalent N¿, and q. values for the 
influenced soil layers as a whole. These are plot- 
ted in Figure 7 indicating the values are consistent 
with the predominant soil conditions encountered 
at all four sites. 


Robertson (2012) Correlation 


qe (MPa) 


Figure 7. Relationship between q, and Ne for I, between 
1.00 and 2.60 with depth weighted values plotted for all 
four sites. 


4 CONCLUSION 


An integrated methodology for the estimation of 
static spring stiffness from CPT has been presented 
for flexible shallow foundations on cohesionless 
soils based on the relationship between q. and 
N¿ (Robertson, 2012). The methodology can be 
applied to estimate the equivalent spring stiffness 
Koa, for a flexible shallow foundation and then 
subsequently estimate the K, value for the actual 
foundation size and shape. The methodology can 
only be applied for SPT values ranging from 0 to 
50, corresponding to a q, that depends on I,. For 
facilitating a Winkler foundation type of analysis 
applicable to flexible foundation systems, ulti- 
mate foundation capacity estimations also need 
to be undertaken by a geotechnical engineer as 
per well-established available methodologies. The 
methodology is expected to return similar values, 
in alignment with the SPT approach as per Scott 
(1981). However, more research, that includes sen- 
sitivity analysis for the proposed methodology, 
needs to be undertaken to verify the methodology 
returns reliable spring values for all possible soil 
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configurations. For assessing K,, one should not 
rely on one methodology. A number of methods 
should be applied, of which this could be one. 
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Estimation of in-situ water content and void ratio using CPT 


for saturated sands 


N. Barounis & J. Philpot 
Cook Costello, Christchurch, New Zealand 


ABSTRACT: The CPT is used extensively for site characterization, soil profiling, determination of 
groundwater conditions and the estimation of geotechnical parameters. The geotechnical parameters that 
can be estimated by using the CPT include bulk unit weight, shear strength and stiffness, among many 
others. Best practice suggests the CPT is to be used in combination with laboratory testing, when the 
budget and timeframes allow for such testing to be undertaken. For low risk projects in New Zealand, such 
testing is not undertaken due to a restricted budget. Typical soil classification tests, such as water content, 
bulk unit weight, sieve analysis and plasticity index, are not commonly performed for such projects. These 
parameters are important for characterizing the soil behavior, in both static and dynamic conditions. This 
paper proposes a methodology for estimating the in-situ water content, void ratio, dry unit weight and 


porosity from CPT for saturated sands. 


1 INTRODUCTION 

The CPT is a well-established, strain-controlled 
failure test that is typically performed by pushing 
a 35.7 mm diameter penetrometer, with a conical 
tip and an apex angle of 60°, vertically into the 
ground at a penetration rate of approximately 
20 mm/s. The tip resistance stress of the cone q, 
and the sleeve friction resistance f, (both in MPa), 
are recorded versus the testing depth. Typically, q. 
is recorded against an incremental penetration of 
2 mm to 10 mm. Other cone sizes and geometries 
are also available for pushing through dense gravels 
and deep soils. 

The CPT is used extensively for delineating soil 
stratigraphy and estimating geotechnical param- 
eters including bulk unit weight, relative density, 
cohesion, angle of friction and shear modulus 
(Robertson and Cabal, 2015) for a wide range of 
soils. The correlations for geotechnical parameters 
from CPT are semi-empirical and vary in both reli- 
ability and applicability (Robertson and Cabal, 
2015). CPT is also a well-established test for evalu- 
ating the liquefaction potential (Robertson and 
Cabal, 2015). 

This paper presents an alternative methodology 
for estimating water content, void ratio, dry unit 
weight and porosity based on the well-established 
bulk unit weight correlation published by Robert- 
son & Cabal (2010). Based on this correlation, the 
bulk unit weight (y) of each soil layer is estimated 
depending on the recorded q, (cone resistance, cor- 
rected for pore water effects) and f. The correlation 
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for the bulk unit weight is expressed by Equation 1 
(Robertson & Cabal, 2010): 
] + 1.236 (1) 


= 


where R, = friction ratio = (f/q,)100%; y, = unit 
weight of water, in same units as y; and p, = atmos- 
pheric pressure, in same units as q, 

Prediction of the soil behavior is achieved by 
means of the normalized Soil Behaviour Type 
(SBT,) (Robertson and Cabal, 2015) for soils 
ranging from clays and silts to sands and gravels. 
Thus, a soil profile to the final testing depth can be 
inferred, accompanied by the corresponding bulk 
unit weight. This procedure enables the geotechni- 
cal engineer to produce a continuous estimate of 
the total overburden stress. By delineating the loca- 
tion of the groundwater table, effective overburden 
stress can be also estimated. 

In the absence of laboratory results for any given 
project, the water content, void ratio, dry unit 
weight and porosity are four important parameters 
that are usually overlooked. These parameters are 
important for characterizing the soil behavior, in 
both static and dynamic conditions. 

In this paper, a simple methodology is proposed 
for estimating the in-situ water content, void ratio, 
dry unit weight and porosity from CPT. The theo- 
retical background, limitations and advantages of 
the proposed methodology are discussed in the 
next paragraphs. 


4 


—=0.27| logR, |+0.36 Pa 


w 


2 THEORETICAL BACKGROUND OF THE 
PROPOSED METHODOLOGY 


2.1 Soil phase relationships and limitations 


The proposed methodology has the following 
important limitations: 


— It is only applicable for non-crushable, inor- 
ganic soils: clays, silts, sands, gravels and their 
mixtures, for which the specific gravity G, val- 
ues can be reliably assumed, or determined. 
Organic soils, fill material, crushable soils and 
peats are excluded from applying the proposed 
methodology. 

— It is only applicable for saturated soils below 

groundwater level, or in other words when the 

saturation ratio S, equals 1. This is an assump- 
tion, as there may be a zone of partial saturation 
immediately below the water table where the sat- 
uration ratio may be slightly below 1; however, 
this assumption is considered to be appropriate 
for use in simplified analysis. For the methodol- 
ogy to return reliable results, the location of the 
groundwater table needs to be determined at any 
given site during testing. Best practice suggests 
the groundwater level to be measured by the 
CPT (u, pore pressure or dissipation tests) and/ 
or by water level observations in boreholes, wells 
or standpipes. Where the budget allows, P-wave 
geophysical methods could be incorporated to 
more accurately locate the depth at which full 
saturation occurs and make the applicability 
of the proposed methodology more reliable. 

The methodology shall not be applied to soils 

located above the groundwater level. 

This paper applies the proposed methodology to 

two sandy sites due to the relatively high level 

of confidence in the assumed G, value of 2.65 

for sands. The methodology may be extended 

to other inorganic soils; however, it is recom- 
mended that the underlying assumptions are 
calibrated for different inorganic soil types. The 
intention is to undertake further research for the 
methodology to be validated in saturated inor- 
ganic fine-grained soils at a later stage. The sup- 
porting theory of the proposed methodology is 
based on classical soil mechanics (Bowles, 1997). 


For any inorganic soil, there are five parameters 
that need to be determined (e, w, G, S, and y). 
From these five parameters, G, can be assumed (or 
determined in the laboratory), and S, is assumed 
to be equal to 1 below a certain depth, as explained 
above when the soil is fully saturated. The bulk 
unit weight y can be estimated from the relation- 
ship shown in Equation 1 by Robertson & Cabal 
(2010). Thus, there are only two unknowns to be 
determined: water content w and void ratio e. 
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The water content w (%), saturation ratio S, void 
ratio e and the specific gravity G, of the soil solids 
are interrelated by the following relationship: 


wG, 
e=— 
S 


r 


(2) 


which, for saturated conditions (S, = 1), simplifies 
to: 
e=wG 


i (3) 

A specific gravity of 2.65 is typically assumed 
for sandy soils. 

For determining w and e, another relationship 
needs to be developed in conjunction with Equa- 
tion 3. Equation 4 relates the void ratio with the 
dry unit weight y, and specific gravity: 


(4) 


where, y, = unit weight of water (9.81 kN/m?). 

For any inorganic soil, the relationship between 
dry unit weight, the water content and its bulk unit 
weight is defined by Equation 5: 


d= 


(5) 


(1 +w 


) 


By combining Equations 3, 4 and 5, the follow- 
ing relationship is determined: 


wG, = eN -1 


(1 + w) 


(6) 


In Equation 6, the only unknown is the water 
content w. In essence, Equation 6 requires that the 
left hand side, which expresses the full saturation 
of the soil, must be in equilibrium with the right 
hand side, which expresses the water content-bulk 
unit weight relationship when G, is known. The 
solution for the water content at full saturation 
then is: 


(7) 


Thus, for the y obtained from CPT, and an 
appropriate assumed (or determined) value for 
G, depending on the soil type, there is a unique 
value for the water content w that satisfies 


Equation 7. The void ratio and dry unit weight 
can then be derived from Equations 3 and 5, 
respectively. 

The porosity n can subsequently be estimated 
with Equation 8: 


(8) 


The methodology is summarized in three steps 
in Figure 1. 


2.2 Advantages of the proposed methodology 


The proposed methodology is simple and can be 
implemented for projects where there is a relatively 
shallow water table and the G, values can be reli- 
ably assumed (or determined), particularly when 
laboratory tests are not included in the scope of 
the site investigations due to cost constraints. 
Where there is available budget for laboratory 
tests, the results from the proposed methodol- 
ogy can be checked against the laboratory results. 
The methodology can delineate against depth w, 
e, y, and n, and graphs for each of the estimated 
parameters begin at the depth where the ground- 
water surface was measured or inferred at the 
given site. 


* Obtain y versus depth from CPT data 
(as per Robertson 2010) for the given 
1st step depth below the groundwater table. 


Inputs from CPT 


+ Assume G,=2.65 (for sand) 
«Estimate the water content w at 
saturation (S,=1) by using Equation 7 


2nd step with y from Step 1 and G, as above: 


w=(G, Y 1)/(G, y-G, Yw) 


Key Assumptions 
& Water Content 
Relationship 


+ Estimate void ratio: 
e=w G, 
+ Estimate dry unit weight: 
Y Ww) 
»Estimate porosity: 
n= e/(1+e) 


3rd step 
Derived Parameters 


Figure 1. Flow chart summarizing the three key steps 
of the proposed methodology. 


3 APPLICATION OF METHODOLOGY 
ON TWO CHRISTCHURCH SITES 
WITH SANDY SOIL 


For applying the proposed methodology, two CPTs 
were downloaded from the New Zealand Geotech- 
nical Database (NZGD). Key requirements for 
selecting the CPTs were that: 


— The sites were known to have a relatively shallow 
groundwater table 

— The testing was undertaken on sandy sites in 
Christchurch, New Zealand 

— The CPTs were undertaken in close proximity to 
boreholes, where soil samples have been taken to 
the laboratory to evaluate the water content 

— The number of soil samples taken at the sites 
was adequate to compare the proposed CPT 
methodology and the laboratory testing and to 
draw some conclusions on the applicability of 
the methodology 


For simplicity, a specific gravity of 2.65 was 
adopted throughout the entire depth of the CPTs 
as the soil profiles were found to be predominantly 
sands and silty sands. This may not be an appro- 
priate assumption for some of the fine-grained 
soil layers in the upper 4.4m at Site 1. The GWT 
depth was estimated to be 3.0m below ground level 
at Site 1, and 1.7m below ground level at Site 2. 
Five graphs have been presented for both sites 
including: 


— Normalised SBT, versus depth 

— Water content versus depth, showing compari- 
sons between the CPT methodology and labora- 
tory testing results 

— Void ratio versus depth 

— Bulk and dry unit weights versus depth 

— Porosity versus depth 


3.1 Borehole and sampling results 


A summary of borehole and laboratory testing 
results are presented in Tables 1-4. 


Table 1. Borehole summary for Site 1. 
Depth Representative 
(m) Soil description SPT N values 
0.0-2.6 Sandy GRAVEL 22 
(no recovery between 
0.2-2.0 m) 
2.6-4.4 SILT 4 
4.4-5.0 Silty SAND 20 
5.0-19.5 SAND 13-29 
(Avg. = 22) 
19.5-20.0 SILT 14 


Table 2. Laboratory results summary for site 1. 


Fines content Water 

Depth passing content 

(m) 75 um (%) (%) 

6.0 5.69 23.0 

9.0 5.81 25.6 

12.0 6.22 24.2 

15.0 4.95 22.4 
Table 3. Borehole summary for site 2. 
Depth Representative 
(m) Soil description SPT N values 
0.0-11.0 SAND with minor silt 18-27 (Avg. = 24) 
11.0-20.5 SAND with trace silt 34-47 (Avg. = 40) 


Table 4. Laboratory results summary for site 2. 


Fines content Water 
Depth passing 75 um content 
(m) (%) (%) 
3.1 6.75 28.9 
4.5 2.13 29.4 
6.0 2.47 31,1 
7.5 2.22 26.7 


3.2 CPT results—Site 1 


CPT results and estimated parameters from the 
proposed methodology for Site 1 are presented in 
Figures 2-6 below. 


3.3 CPT results—site 2 


CPT results and estimated parameters from the 
proposed methodology for Site 2 are presented in 
Figures 7-11 below. 


3.4 Summary 


The SBT, (Figures 2 and 7) plots have been 
included to provide the reader with an understand- 
ing of the soil behavior type interpretations, which 
indicate the soil is predominantly sandy for both 
sites and shows good agreement with the adjacent 
boreholes. 

Figures 3 and 8 show comparisons between the 
CPT methodology for estimating water content 
and laboratory results. From these graphs, it can 
be seen that there is close agreement in the values 
returned by the two methods. These results indi- 
cate that the proposed CPT methodology, based 
on the CPT unit weight correlation (Robertson 
& Cabal, 2010), is accurately estimating the water 
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Figure 2. Site 1 SBT, plot. 
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Figure 3. Site 1 water content comparison. 


content for the soil conditions encountered at the 
two sites. It can also be concluded that high qual- 
ity results have been obtained from the laboratory. 
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Figure 4. Site 1 void ratio. 
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Figure 5. Site 1 bulk and dry unit weights. 


Figures 4-6 and 9-11 present the estimated void 
ratio, dry unit weight and porosity for the two sites. 
The plots for these parameters indicate values pro- 
duced by the CPT methodology are consistent 
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Figure 6. Site 1 porosity. 
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Figure 7. Site 2 SBT, plot. 


with typical values for the soil conditions encoun- 
tered at the two sites. As these parameters have 
been derived based on the same assumptions as 
the water content, it is inferred that these estimated 
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Figure 8. Site 2 water content comparison. 
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Figure 9. Site 2 void ratio. 


parameters have a similar degree of accuracy asso- 
ciated with them. 

Tables 5 and 6 summarise the comparisons 
between the laboratory water content values and 
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Figure 10. 
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Figure 11. Site 2 porosity. 


the CPT estimates at the four sampling depths for 
each site. An absolute difference in water content 
of between 0.5-3.5% (average difference of 1.8%) 
for Site 1, and an absolute difference of between 


Table 5. Comparison between laboratory and CPT 
results at Site 1. 
Laboratory CPT 

Sample water water Absolute 
depth content content difference 
(m) (0%) (0%) (0%) 

6.0 23.0 26.5 3.5 

9.0 25.6 27.3 1.7 

12.0 24.2 23.7 0.5 

15.0 22.4 23.7 1.3 
Table 6. Comparison between laboratory and CPT 
results at Site 2. 

Laboratory CPT 

Sample water water Absolute 
depth content content difference 
(m) (%) (%) (%) 

ail 28.9 33.2 4.3 

4.5 29.4 33.8 4.4 

6.0 31.1 31,2 0.1 

7.5 26.7 30.4 3.7 


0.1-4.4% (average difference of 3.1%) for Site 2 is 
considered to be an encouraging result. 


4 CONCLUSIONS 


Based on fundamental principles of soil mechanics 
and the well-established published correlation for 
estimating bulk unit weight from CPT by Robert- 
son & Cabal (2010), and for saturated soil condi- 
tions with an appropriate G, value, it is possible to 
estimate versus depth the: 


— Water content 
— Void ratio 

— Dry unit weight 
— Porosity 


The proposed methodology can only be applied 
to inorganic and saturated soils. This means the 
proposed methodology is applicable to coastal 
areas and other regions where the groundwater is 


typically near the ground surface. The proposed 
methodology was applied to two sandy sites in 
Christchurch, New Zealand, which yielded typi- 
cal results for the soil conditions encountered and 
showed close agreement with laboratory testing 
results for the same sites. It is intended to under- 
take further research to validate the methodology 
for estimation of these parameters in fine-grained 
soils. 

For projects where both CPT and laboratory 
testing have been undertaken, the CPT meth- 
odology can also be utilised as a quality control 
measure for the results obtained. If the underlying 
assumptions for the CPT methodology are satis- 
fied and are sufficiently accurate for the soil condi- 
tions present at the site, there should be relatively 
close agreement between the water content esti- 
mated from the proposed CPT methodology and 
the laboratory water content results. 

The four above estimated parameters can be 
plotted versus depth and could be used for facili- 
tating numerical analysis with FEM and alterna- 
tive methods for estimating the following: 


— Assessment of shear wave velocity 

— Assessment of soil natural frequency or period 

— Assessment of small-strain shear modulus 

— Assessment of relative density and state of pack- 
ing for cohesionless soils 

— Assessment of soil permeability 

— Assessment of collapse potential of soil 


Further research needs to be undertaken for 
comparing the estimated parameters from the pro- 
posed methodology against the measured labora- 
tory results for a greater number of sites. 
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NMO-SCTT: A unique SCPT tomographic imaging algorithm 


Erick Baziw & Gerald Verbeek 


Baziw Consulting Engineers Ltd., Vancouver, Canada 


ABSTRACT: Seismic Cone Penetration Testing (SCPT) is an important geotechnical testing technique 
for site characterization that provides low strain (< 107) in-situ interval compression (Vp) and shear (Vs) 
wave velocity estimates. Baziw Consulting Engineers has invested considerable resources in advancing the 
art of SCPT, and in this paper a newly developed Normal Moveout Seismic Cone Tomographic Testing 
(NMO-SCTT) algorithm is introduced. This algorithm allows for two dimensional imaging of the sub- 
surface stratigraphy by processing acquired seismic trace arrival times derived with increasing source- 
sensor radial offsets. This dramatically increases the ability to characterize near-surface stratigraphy, 
which is very important for accurate liquefaction assessment. As opposed to crosshole tomography, the 
NMO-SCTT does not require any significant site disturbance aside from a single SCPT sounding, thereby 
greatly reducing the cost and the environmental impact. This paper outlines the mathematical and algo- 
rithmic details of the NMO-SCTT algorithm, which builds upon BCE’s established FMDSM algorithm. 
As such it incorporates Fermat's principle when estimating SCPT interval velocities. In addition a real 
SCPT data tomographic data set is presented using SCPT seismic data that was acquired at offsets of 
1.85 m, 5 m and 10 m, and down to a depth of 20.5 m. 


1 INTRODUCTION velocity structure. A common application for 

STTT is Crosshole Seismic Tomography Testing 
A fundamental goal of geotechnical in-situ testing  (CSTT) as illustrated in Figure 1 (Gibowicz, and 
is the accurate estimation of the shear and com-  Kijko, 1994). In this illustration there is a linear- 
pression wave velocities (V, and V,, respectively) ized ray path between the source and receiver, and 
in the ground. These parameters form the core of the discretization of the soil into blocks. The 
mathematical theorems to describe the elasticity/ execution of CSTT requires a significant effort to 
plasticity of soils and they are used to predict the create the necessary source and receiver boreholes 
soil response (settlement, liquefaction or failure) to and in addition the CSTT analysis is unwieldy 
imposed loads (whether from foundations, heavy due to the fact that there are many velocity blocks 
equipment, earthquakes or explosions). The Seis- 


mic Cone Penetration Testing (SCPT) is a com- Borehole 


mon geotechnical technique for measuring in-situ Borehole 

V and V, velocities. The main goal in SCPT is to 

obtain accurate arrival times as the source wave 

travels through the soil profile of interest, and E 


from these arrival times the V, and V, velocities 

are then calculated. Block j | 
Baziw Consulting Engineers has invested 

considerable resources in advancing the art of 

SCPT. A logical extension of SCPT is Seismic 

Travel-Time Tomography (STTT), which allows Ray i 

for two dimensional imaging of the sub-surface Source 

stratigraphy (Shearer, 1999; Gibowicz, and Kijko, 

1994; Nolet, 1987) by processing acquired V, and 

V, arrival times. In general terms, in STTT the 

velocity profile is derived by seismic data inver- 

sion or iterative forward modeling, while adher- 

ing to Fermat's principle of least time. This is Figure 1. Schematic of a crosshole seismic tomography 

a particularly challenging problem in that the testing and analysis configuration (after, Gibowicz and 

seismic raypaths depend upon the unknown  Kijko (1994)). 
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with a limited number of source wave intersec- 
tions, which more than likely will result in insta- 
bility in the analysis equations. 

This paper outlines a new approach, which facil- 
itates the tomographic imaging of the sub-surface: 
the so-called Normal Moveout Seismic Cone Tom- 
ographic Testing (NMO-SCTT). In general terms, 
this approach allows for two dimensional imag- 
ing of the sub-surface stratigraphy by processing 
acquired seismic trace arrival times derived with 
increasing source-sensor radial offsets. This dra- 
matically increases the ability to characterize near- 
surface stratigraphy, which is very important for 
accurate liquefaction assessment as was shown by 
Bray et al. (2014) through his analysis of the cata- 
strophic liquefaction that occurred in Christch- 
urch, New Zealand in 2010 and 2011. 


2 NMO-SCTT TESTING AND ANALYSIS 
PROCEDURE 


Figure 2 shows a schematic of the typical SCPT 
configuration: a seismic source is used to gener- 
ate a seismic wave train at the ground surface. One 
or more downhole seismic receivers are used to 
record the seismic wave train at predefined depth 
increments. When triggered by the seismic source a 
data recording system records the response of the 
downhole receiver(s). Figure 3 illustrates a sche- 
matic of the NMO-SCTT testing and analysis con- 
figuration. Here the downhole seismic data sets are 
acquired at various radial source offsets. Figure 4 
illustrates a NMO-SCTT test site where there are 
beam sources with pendulum hammers with radial 
offsets of 1.85 m, 5 m and 10 m. While analyz- 
ing the data sets 2D velocity models are derived 
for each subsequent offset, resulting in a dramatic 
lowering of the unknowns since the previously 
established velocity values are used whenever the 
ray path travels through an area that was covered 
before. For example, the ray path for offset X2 and 


DST seismic sensor package: 


DST Seismic source: x 


Figure 2. Schematic of the typical SCPT configuration. 


Y2D[n,1] 


Figure 3. Schematic of a NMO-SCTT testing and anal- 
ysis configuration. 


Figure 4. Wiertsema & Partners of The Netherlands 
SCTT-NMO-SCPT site setup. SH pendulum hammer 
beam sources have sensor-sensor offsets of 1.85m, 5m 
and 10 m. 


depth Z2 might travel through areas V2D[1,2], 
V2D{1,1] and V2D[1,2], in which case for the last 
two areas the velocity values obtained during the 
analysis of the data set for offset X1 are used and 
V2D[1,2] is estimated. 

Methodologies employed for solving the seismic 
tomographic problem rely upon data inversions 


and the more popular iterative reconstructive tech- 
niques such as ART-backprojection, SIRT, conju- 
gate gradient method and LSQR (Shearer, 1999; 
Gibowicz, and Kijko, 1994; Nolet, 1987). It should 
be noted that data inversion techniques attempt to 
determine the solution space by inverting sparse 
and ill-conditioned matrices, while utilizing sin- 
gular value decomposition and regularization. 
Oldenburg (Oldenburg and Li, 2005) has carried 
extensive research into the application of seismic 
data inversion, which has proven very challenging. 
For that reason it was decided to apply reconstruc- 
tive techniques for the NMO-SCTT algorithm. 

The suggested NMO-SCTT algorithm imple- 
ments an iterative technique based on the same 
mathematical tools (e.g., Newton-Raphson tech- 
nique and simplex iterative forward modeling) 
that are used in the single source offset Forward 
Modeling / Downhill Simplex Method (FMDSM) 
technique (Baziw, 2002; Baziw, E. and Verbeek, G, 
2012 and 2014), but with additional slant plane 
interfaces for each source offset as was illustrated 
in Fig. 3. 

In its current form the NMO-SCTT algorithm 
allows 2D interval velocity estimations for up to 
seven depth intervals, while for all additional inter- 
vals 1D estimations are made, which will also fur- 
ther enhance the accuracy of the 2D. Apart from 
a practical justification (to control the processing 
time), there is also a mathematical justification 
given the cone nature of the NMO-SCTT 2D test- 
ing environment. As the SCPT depth increases 
the 2D interval velocities collapse onto the first 
offset estimates (the apex of the analysis cone is 
readily approached with an increase in depth) 
as illustrated in Fig. 3. The performance of the 
NMO-SCTT algorithm was demonstrated though 
the processing of challenging test bed simulations 
(Baziw and Verbeek (2017a)). 

The NMO-SCTT algorithm implements a 
Monte Carlo technique where numerous (currently 
120 as a default value) searches are carried out 
when finding the optimal 2D interval velocities. 
The first search assumes that there is a Transverse 
Isotropic (TI) medium (i.e., no lateral variation). 
The subsequent estimates use the Monte Carlo 
technique for specifying the initial simplex for the 
search grid. The interval velocity results with the 
cost function minimum (RMS difference between 
the actual and derived arrival times) are used and 
stored within the NMO-SCTT tomography data- 
base. The Monte Carlo technique was adopted to 
address the need to search a large solution space 
for the interval velocities with numerous local 
minima. To control the processing time a 64-bit 
parallel processing technique has been incorpo- 
rated into the algorithm so that full advantage is 
taken of multi-core processors and hyper-thread- 


ing technology (resulting in a processing time that 
is less than half of that with a 32-bit configuration 
without parallel processing (Baziw and Verbeek 
(2017b)). 


3 REAL DATA ANALYSIS 


The NMO-SCTT data set used for this paper 
was acquired by Wiertsema & Partners during an 
investigation at a site in Northwest Europe. The 
SH source waves at this site were generated with 
pendulum sledge hammers that impacted horizon- 
tally point source steel beams located underneath 
the outriggers with electrical contact triggers. 
Figure 4 shows the site setup with radial offsets 
between the source and the sensor of 1.85 m, 
5 m and 10 m. The data acquisition started at a 
depth of 2 m down to a depth of 20.5 m. The first 
seven test depths (2 m, 3.5 m, 5m, 7m, 9 m, 11 m 
and 12.7 m) were used for 2D analysis, while the 
remaining eight depths (13.5 m, 14.5 m, 15.5 m, 
16.5 m, 17.5 m, 18.5 m, 19.5 m and 20.5 m) were 
used for 1D analysis. 

Figures 5, 6 and 7 illustrate the vertical seismic 
profile (VSP) for the seismic data acquired at the 
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Figure 5. VSP for seismic trace recorded at a sensor- 
source radial offset of 1.85 m. 
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Figure 6. VSP for seismic trace recorded at a sensor- 
source radial offset of 5 m. 
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three sensor-source radial offsets after applying a 
200 Hz low pass frequency filter. 

Table 1 shows the estimated source wave arrival 
times for these VSPs, which were then fed into 
the NMO-SCTT algorithm to derive the interval 
velocities. The NMO-DSTT residual arrival time 
errors (difference between the actual and derived 
arrival times) are also illustrated in Table 1. As 
can be seen the residual errors increase with radial 
source offsets. In general terms, this is due to the 
fact that any errors from the smaller NMO offsets 
propagate to the larger NMO offsets. 

The NMO-SCTT algorithm has the beneficial 
feature of identifying “actual” arrival times which 
are erroneous, e.g. due to significant measure- 
ment noise and/or interference from reflections 
or critically refracted rays. To illustrate this 
Fig. 8 shows the trace recorded at a depth of 2 m 


Nt 
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Figure 7. VSP for seismic trace recorded at a sensor- 
source radial offset of 10 m. 


from the 10 m radial sensor-source offset. The 
original arrival time estimate of 90 ms resulted in 
a NMO-SCTT residual error of 4.6 ms, implying 
that an arrival time of 94.6 ms is more realistic. As 
is evident in Fig. 8, the arrival time of the trace 
recorded 2 m is difficult to ascertain and a NMO- 
SCTT determined arrival time of 94.6 ms is highly 
feasible due to the natural period of the source 
wave and significant first break interference. 

Table 2 outlines the estimated tomographic 
interval velocities, showing substantial lateral 
variations in the interval velocities near surface (0 
to 3.5 m) and becoming less pronounced for the 
deeper layers. Figures 9, 10 and 11 illustrate the 
source wave raypaths for the various sensor-source 
radial offsets. These figures clearly demonstrate 
Fermat’s Principle and that source waves do not 
have straight raypaths, emphasizing the impor- 
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Figure 8. trace recorded at a depth of 2 m from the 
source with a radial offset of 10 m. 


Table 1. Estimated arrival times and NMO-SCTT Residual time errors. 
Arrival Residual Arrival Residual Arrival Residual 

Depth Offset time error Offset time error Offset time error 
[m] [m] [ms] [ms] [m] [ms] [ms] [m] [ms] [ms] 

2 1.85 15.28 0 5 47 0.06 10 94.4 0.334 

3.5 1.85 27.22 0 5 52.7 0.21 10 90 —0.503 

5 1.85 42 0 5 61.32 40.27 10 100 0.491 

7 1.85 55.05 0 5 70.24 4.004 10 102.71 0.222 

9 1.85 66.46 0 5 78.05 4.114 10 104.694 0.080 
11 1.85 81.45 0 5 91.57 0.136 10 115.724 0.032 
12.7 1.85 94.89 0 5 104.07 40.022 10 126.195 1.003 
13.5 1.85 99.83 0 5 108.22 -0.037 10 126.606 —0.727 
14.5 1.85 102.78 0 5 111.08 1.067 10 127.315 0.058 
15.5 1.85 106.75 0 5 113.87 0.307 10 128.834 0.337 
16.5 1.85 110.62 0 5 116.82 40.241 10 131.648 0.463 
17.5 1.85 114.63 0 5 120.67 40.087 10 134.250 0.0871 
18.5 1.85 118.23 0 5 124.25 0.176 10 137.051 0.361 
19.5 1.85 121.99 0 5 127.32 0.274 10 139.21 0.345 
20.5 1.85 125.64 0 5 130.11 0.934 10 141.633 0.856 
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Table 2. NMO-SCPTT Estimated interval velocities. 


Estimated Estimated Estimated 
interval interval interval 
Depth Offset velocity Offset velocity Offset velocity 
[m] [m] [m/s] [m] [m/s] [m] [m/s] 
2 1.85 178.3 5 95.1 10 99.12 
3.5 1.85 115.1 5 179.58 10 103.09 
5 1.85 97.6 5 98.13 10 115.3 
7 1.85 145.9 5 157.78 10 151.31 
9 1.85 168.8 5 180.03 10 180.22 
11 1.85 131.4 3 131.02 10 148.78 
12.7 1.85 125.3 5 132.6 10 128.32 
13.5 1.85 160.4 5 160.4 10 160.4 
14.5 1.85 328.2 5 328.2 10 328.2 
15.5 1.85 246.7 5 246.7 10 246.7 
16.5 1.85 254.5 5 254.5 10 254.5 
17:5 1.85 246.4 5 246.4 10 246.4 
18.5 1.85 274.8 5 274.8 10 274.8 
19.5 1.85 263.3 5 263.3 10 263.3 
20.5 1.85 271.8 5 271.8 10 271.8 


0.66 1,28 192 256 320 384 448 512 576 640 704 7.68 832 896 9.60 
Source Offset [m] 


Figure 9. Estimated source raypaths for 1.85 m sensor- 
source radial offset. 


0.64 1.28 192 2.56 3.20 384 448 512 5.76 6.40 7.04 7.68 8.32 896 9.60 
Source Offset [m] 


Figure 10. Estimated source raypaths for 5 m sensor- 
source radial offset. 
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Source Offset [m] 


Figure 11. Estimated source raypaths for 10 m sensor- 
source radial offset. 


tance to utilize analytical techniques which take 
into account raypath refraction when estimating 
the in-situ interval velocities. 


4 CONCLUSIONS 


The SCPT has proven to be an important geo- 
technical testing tool for site characterization 
that provides low strain in-situ interval compres- 
sion and shear wave velocity estimates. This paper 
has outlined a newly developed Normal Moveout 
Seismic Cone Tomographic Testing (NMO-SCTT) 
algorithm which allows for the two dimensional 
imaging of the subsurface utilizing standard SCPT 


instrumentation. As opposed to crosshole tomog- 
raphy, the NMO-SCTT does not require any sig- 
nificant site disturbance aside from a single SCPT 
sounding, thereby greatly reducing the cost and the 
environmental impact. 

The NMO-SCTT algorithm allows sequen- 
tially processes acquired seismic trace arrival times 
derived with increasing source-sensor radial offsets. 
In this algorithm an iterative numerical technique 
is employed which is based upon the same math- 
ematical tools (e.g., Newton-Raphson technique 
and simplex iterative forward modeling) that are 
used in the established single source offset Forward 
Modeling / Downhill Simplex Method (FMDSM) 
technique. After demonstrating great promise in 
processing challenging test bed simulation data 
sets, the NMO-SCTT algorithm was implemented 
on real data. This paper outlines the results of a 
real data NMO-SCTT analysis. 
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ABSTRACT: Interpretation of Cone Penetration Tests (CPTU) in intermediate soils is complex due to 
partially drained conditions during penetration. In order to gain more insight into the material behavior 
of silt during a CPTU, an intensive test program was carried out in the field and several soil samples were 
taken and analysed. In addition a set of tests were performed in the laboratory under controlled condi- 
tions using a mini-piezocone (Fugro miniature CPTU, owned by the University of Colorado). The aim is 
to develop an improved interpretation basis for the CPTU in intermediate soils. The present paper gives 
an overview over the results obtained and shows how a change in penetration rate affects the response of 
the CPTU-readings. The data have been plotted into existing soil classification charts and the results from 
the field and laboratory investigations are compared. The Schneider et al. (2007) chart seems promising in 
separating the results from the different rate tests. 


1 INTRODUCTION the penetration speed of the advancing probe 
using either a cone or full flow probes (Stewart $ 
Cone penetration testing in silty soils is difficult Randolph 1991, Randolph & Hope 2004, Silva & 
due to partial drainage occurring during a stand- Bolton 2005, Schneider et al 2007, Paniagua 2014). 
ard penetration rate. The CPTU is generally carried Up till now, only a few field studies have been 
out with a rate of 20 mm/s + 5 mm/s according to reported in the literature, as for example by Kim 
the International Reference Test Procedure (IRTP) et al. (2008), Martinez et al. (2016), Poulsen et al. 
of the International Society of Soil Mechanics and (2013) and Holmsgaard et al. (2016). 
Foundation Engineering (ISSMFE). Thereby one There may be several reasons for the lack of 
assumes to achieve fully undrained conditions for research in the field. Usually silty soils consist of a 
clayey soils and fully drained conditions for sandy mixture of both finer and coarser materials. They 
soils (Lunne et al. 1997). However, in intermedi- often appear as small layers or lenses which makes 
ate soils e.g. silts, partial drainage is likely to occur it difficult to obtain undisturbed samples and com- 
during a standard penetration rate, which may lead  plicates the handling of the material in the labo- 
to over- or underestimation of the geotechnical soil ratory. Moreover, the interpretation of the CPTU 
parameters either using analysis tools developed results are complicated due to the rather complex 
for fully undrained or drained behavior. micro fabric of the soil, e.g. Sandven (2002). 
Researchers have shown that the presence of In order to study and understand the penetra- 
partial drainage has significant influence on the tion processes taking place during a CPTU in 
corrected cone resistance (q,), the pore pressure intermediate soils, an intensive field study has been 
(u,) and to some extent the sleeve friction (f). carried out by the Norwegian University of Science 
Most of the research has been carried out under and Technology (NTNU) on a silt site in Stjordal, 
controlled conditions in the laboratory using a close to Trondheim, Norway. In total 25 CPTU’s 
calibration chamber or a centrifuge and varying were conducted with penetration speeds varying 
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between 0.5-200 mm/s using a standard 35.7 mm 
cone and measuring the pore pressure at the u, 
position directly behind the cone. Several dissipa- 
tion tests were done at different depths of inter- 
est where the penetration is paused and the pore 
pressure development is logged over a certain time 
interval. High-quality 54 mm steel samples were 
taken and carefully examined in the laboratory. 

In addition, a series of CPTU's were performed 
in the laboratory under controlled conditions using 
a Colorado minicone (diameter 12 mm) and a fully 
saturated silt specimen. The soil sample was built 
inside a Plexiglas cylinder (d = 100 mm) with an 
internally padded layer of neoprene in order to 
compensate for boundary effects. By using a slurry 
deposition method, a silt sample is built into the 
cylinder and an overburden pressure of 80 kPa was 
applied. The CPTU tests were performed using 
three different penetration rates: 0.06 mm/s, 6 mm/s 
and 50 mm/s, representing a slow, standard and fast 
penetration rate respectively, Paniagua (2014). 

The paper gives an overview over the basic labo- 
ratory results obtained and shows CPTU curves 
for the different penetration rates. The results 
are plotted in selected existing soil classification 
charts and compared to the minicone results from 
the laboratory. The aim of the present paper is to 
show the influence of varying the rate of penetra- 
tion in intermediate soils and how they affect the 
interpretation of the CPTU results. The analysis of 
the dissipation tests is not presented in this paper. 


2 SITE DESCRIPTION 


2.1 Halsen, Stjørdal 


The research test site consists of a thick silt deposit 
which is situated in the Stjørdal valley about 35 km 
east of Trondheim in Norway. During the Quater- 
nary period, the Scandinavian Peninsula was fully 
covered by a massive icecap. However several peri- 
ods of warmer climate caused the icecap to retreat 
temporarily. During the last de-glaciation, rivers 
of melt-water transported clays and silts into the 
sea. These soils are representative for the Halsen 
test site where the thickness of the sediments may 
reach 200-300 m over bedrock. Clayey materials 
govern these deposits but in some parts due to 
increased or irregular water velocities, silts and 
fine sands are more dominant. This is typical for 
the Halsen test site where the fine sediments are 
dominated by silt, with layers and pockets of clay 
and coarse sand (Sandven 2002). 

Grain size distributions have been determined 
and Figure 1 shows a summation plot of some 
of the test results including one test from the 
Vassfjellet silt. It is common Norwegian practice to 
use the recommendations made by the Norwegian 
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Geotechnical Society (NGF) in order to clas- 
sify the soil type NGF (2011). Herein the soil is 
defined as SILT if more than 45% of the grains are 
between 0.002 mm and 0.06 mm and less than 15% 
is clay (< 0.002 mm). 

As can be seen from Figure 1, most of the soil 
from the Halsen test site consists of either sandy 
or clayey SILT with an average silt content of 55% 
and the majority of the particles falling into the 
coarse silt spectrum (e.g. 0.02-0.06 mm). The aver- 
age soil grain density is about 2.66 g/cm*. The soil 
gradation is middle to poorly graded with an aver- 
age coefficient of uniformity of C, = 17 which is 
defined as the ratio of de over d;o- 

Figure 2 shows basic laboratory results for the 
Halsen test site. The water content varies between 
20% and 35% with an average value of about 25%. 
Measurements of the bulk density are around 
2.1 g/cm? on average. The distribution of the fall- 
ing cone (fc) shear strength over depth shows a 
rather varied behavior with minimum values of 
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Figure 1. Grain size distribution: Halsen-Stjørdal and 
Vassfjellet. 
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Figure 2. Overview over basic soil parameters. 


Figure 3. 
Halsen. 


Cross section of soil specimen from 7.5 m, 


20 kPa and maximum values of 95 kPa. The distri- 
bution of the clay content over the depth shows an 
increase of clay content with depth. 

In general, there is little evidence of soil proper- 
ties varying with depth. Findings from the labora- 
tory reflect the natural variation of the silty soil 
and underline the challenges in handling and char- 
acterizing these soils in the laboratory and in the 
field. Figure 3 shows a cross section of a sample 
from 7.5 m depth opened in the laboratory. The 
sand and clay lenses, which in this case seem to 
form vertical columns rather than horizontal lay- 
ers, are clearly visible as well as cracks and holes 
inside and along the sample. 

The laboratory results underline the geological 
history of the test area. To ensure the highest pos- 
sible sample quality, all samples taken in the field 
have been analyzed within 24 hours of sampling 
time. The focus of the present project was on the 
silt layer between 4 m and down to more than 
13 m. The ground water table is located at about 
2.8 m which fits well with the findings from Sand- 
ven (2002). 


2.2 Vassfjellet 


The silt, which has been used in the laboratory 
study by Paniagua (2014), is from Vassfjellet, 
Klæbu, Norway, south of the Trondheim. The soil 
consists of a combination of glacier river deposits 
and peat. Due to its low cohesion, it was impos- 
sible to obtain undisturbed samples. Therefore 
disturbed samples were taken and rebuilt in the 
laboratory by a slurry deposition method. 

The soil consist of a non-plastic, medium to 
coarse silt with a silt content of 92% and a clay 
content of 2.5%, see Figure 1. The silt from Vass- 
fjellet is less sandy and clayey than the silt from the 
Halsen site. The soil grain density is 2.46 g/cm? and 
the organic content is lower than 2%. A maximum 
dry density of 1.57 g/cm? is obtained at 22% opti- 
mum water content and 95% saturation. 


3 OVERVIEW OVER EXISTING SOIL 
CLASSIFICATION CHARTS 


Soil classification charts, or more correctly soil 
behavior charts have been established since 
approximately 1965. It has to be stated that the 
application of these charts does not give accurate 
predictions of the soil type in terms of grain size 
distribution, but it is an indicator for the behavior 
of the present soil. Robertson (1990) stated that 
the classification charts are global and should only 
be used as a guide to define soil behavior. The gen- 
eral idea is that sandy soils usually generate high 
cone resistance and low friction ratios, whereas 
clayey soils have low cone resistance and high fric- 
tion ratios (Lunne et al. 1997 and Robertson et al. 
1986). 

Ideally, all three measured parameters during 
a CPTU should be combined in order to achieve 
more reliable soil classification. Nevertheless, 
researchers are aware of the fact that the measured 
sleeve friction is often the less accurate and less 
reliable parameter of the three (for measurements 
below the groundwater table). In order to over- 
come the problems with the sleeve friction, Wroth 
(1984) and Senneset and Janbu (1985) were one of 
the first researchers to introduce the pore pressure 
parameter ratio B,; 


U, — Uy 


4, = Ow 


B= 


q 


(1) 


where u, = measured pore pressure, u, = in-situ 
pore pressure, q, = corrected cone resistance 
and o,, = total overburden stress. The original 
classification chart by Senneset & Janbu (1985) 
included the q, against B, whereas Senneset 
et al. (1989) revised the chart and used the nor- 
malized cone resistance Q, according to Equa- 
tion 2 instead of q,. 

The most widely used charts have been sug- 
gested by Robertson et al. (1986), which are based 
on either B, or friction ratio versus q,. In total 
12 different soil behavior types were categorized 
to describe the different behavior and give a first 
indication of the drainage condition during cone 
penetration. Robertson (1990) later modified the 
existing charts to overcome issues related to CPTU 
soundings in greater depths (>30 m) by normaliz- 
ing the q, and the friction ratio F, in the following 
way (see Equation 2 and 3) 


q, = Ovo 
= de m 2 
k= Í (3) 
q, g Oro 


where 0”, = effective vertical stress and f, = cor- 
rected sleeve friction. Eslami & Fellenius (1997) 
established a classification chart used for pile 
design by applying data from more than 100 case 
histories in various soil conditions. The chart uses 
non-normalized parameters such as the effective 
cone resistance q, (q. = q,— u) versus the measured 
friction f, and divides the soil types into five differ- 
ent classes. 

More recent developments are described by Sch- 
neider et al. (2008) where the classification charts 
are based on Q, versus Au/o+, and Q, versus B, to 
take into account the effects of partial consolida- 
tion and yield stress ratio. Robertson (2013) devel- 
oped a revised version of the Robertson (1990) 
chart where it is possible to distinguish between 
drained and undrained penetration as well as con- 
tractive and dilative penetration behavior. 


4 CPTU RESULTS 


4.1 Halsen, Stjørdal 


Several CPTU soundings are carried out at the 
Halsen test site between 4 to 14m. Due to a very stiff 
and coarse top layer, it was decided to predrill the 
first 4 m. Different rates of penetration have been 
used, but only one group of tests has been selected 
for the present paper: the slow test with an average 
penetration rate of about 0.5 mm/s representing 
drained conditions, the standard test at 20 mm/s and 
the fast test with a penetration rate of 200 mm/s cor- 
responding to an undrained penetration. In order 
to facilitate the interpretation of the CPTU results, 
the recordings have been smoothened by apply- 
ing a moving average over a measuring interval of 
100 mm, similar to Holmsgaard et al. (2016). 

Figure 4 shows the measured q, u, and f, results 
for some of the tests carried out at Halsen. Between 
4 to 14 m the soil consist of a rather coarse sandy 
silt layer with an average cone resistance at stand- 
ard penetration rate of about 1,5 MPa and pore 
pressure values varying around the hydrostatic 
level at standard penetration rate. Below 12 m, the 
clay content increases resulting in a lower cone 
resistance and higher positive excess pore pressures 
exceeding the hydrostatic level when penetrating 
the cone at 20 mm/s (see also Figure 2). 

The CPTU results pick up the different layering 
of the soil deposit rather precisely. The measured 
sleeve friction values are somewhat more scattered 
than the cone resistance and the pore pressure. Nev- 
ertheless, slightly higher friction values are observed 
during a slower penetration process. As stated by 
Lunne et al. (1997), the friction measurements have 
to be used with care due to less reliability. 

Several researchers have observed similar 
trends for the cone resistance, i.e. increasing cone 
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Figure 4. CPTU results Halsen (not smoothed). 


resistance values with decreasing penetration 
speed. This can be explained by partial consoli- 
dation effects occurring in front of the advancing 
cone during a slower penetration rate and allow- 
ing the pore pressure to dissipate and hence the 
cone resistance to increase (Kim et al. 2008 and 
Schneider et al. 2007). The drainage conditions 
during penetration change from drained (slow 
penetration) to partially drained (medium penetra- 
tion rate) to undrained (fast penetration). 
However, at Halsen the measured pore pressure 
profiles show opposite trends. During an increased 
penetration rate the pore pressure decreases and 
develops high negative values. During the slow rate 
a drained penetration is assumed by measuring 
almost hydrostatic pore pressures and a high cone 
resistance. Increasing the penetration rate leads to 
an increase in negative excess pore pressure. The 
measured pore pressure u, during a CPTU consists 
of the in situ pore pressure u, and the excess pore 
pressure Au,. The measured Au, can further be 
separated into the following quantities (see Equa- 
tion 4, Burns & Mayne 1998) 
U, = Uy + AU, ocs + AUS shear (4) 
where Au, = mean octahedral normal stress 
component and Au, shear = shear component of the 
measured pore pressure (Wroth 1984, Baligh & 
Levadoux 1986 and Schneider et al. 2007). Shear 
induced pore pressures can have a significant effect 
in OC (over consolidated) clays and sandy silts, 
due to high negative shear occurring in the zone 
of intense shearing next to the penetrating cone. 
Further away from this zone the mean octahedral 
normal stress component dominates, resulting in 


larger positive excess pore pressures (Schneider 
et al. 2007). 

Furthermore, the data has been applied to some 
of the soil classification charts discussed in this 
paper. The focus is on the 4 m thick sandy silt layer 
that is present between 4 to 8 m. Friction based 
classification diagrams have not been considered 
due to the scattered and rather less reliable results 
as described above. 

The top line of Figure 5 shows the Halsen CPTU 
data (from left to right) plotted into the Senneset 
et al. (1989), Robertson (1990) and the Schneider 
et al. (2008) chart. The Senneset et al. (1989) chart 
defines the soil as a stiff clay-silt or a loose sand 
for all penetration rates. Robertson (1990) plots the 
data mostly into zone 4 and 5, which are defined as 
silt and sand mixtures. The results for the slow tests 
are plotted completely in the sand mixture zone, 
consistent with a drained penetration. The Schnei- 
der et al. (2008) diagram shows the most distinct 
classification where the data is plotted mostly into 
zone 3 corresponding to transitional soil behavior. 
Nevertheless results for the slow penetration test 
are plotted mostly in zone 2 which is defined as a 
drained sand. 


4.2 Vassfjellet 


Figure 6 shows the CPTU results for the tests car- 
ried out in the laboratory for the Vassfjellet silt 


including three different penetration rates (Pania- 
gua 2014). 

The cone resistance shows the highest values 
during the fast penetration and the lowest results 
for the slow penetration, i.e. opposite to the Halsen 
test results. In contrast to the cone resistance, pore 
pressure values increase with increasing penetra- 
tion rate, e.g. developing high negative excess pore 
pressure values at the fastest penetration rate, i.e. 
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similar to the results from the Halsen test site. The 
sleeve friction values show a similar trend as the 
cone resistance, e.g. high values for fast penetration 
and lower values for the slow penetration rate. 

The bottom row of Figure 5 shows the results 
for the Vassfjellet silt plotted into three differ- 
ent soil classification charts. The Senneset et al. 
(1989) chart classifies the data as silt or stiff clay 
for the standard and fast rate whereas the data for 
the slow test are plotted more towards the loose 
sand—soil behavior. Robertson (1990) defines the 
soil for all three penetration rates as silt and sand 
mixture. Schneider et al. (2008) plots the data data 
into the transitional zone showing an increasing 
coefficient of consolidation for the increasing pen- 
etration rate, Paniagua 8 Nordal (2015). 


5 CONCLUSIONS 


The present paper gives an overview over the 
results obtained during variable rate CPTU tests 
in silty soils both in the laboratory and in the field. 
The results show how varying the rate of pen- 
etration effects the CPTU readings and hence the 
degree of drainage and the classification of the soil 
behavior. 

Overall, during a slow penetration, the results 
for the Halsen test site show a contractive penetra- 
tion behavior, e.g. developing high cone resistance 
values and close to hydrostatic pore pressures. In 
contrast the fast penetration tests show lower cone 
resistance values and high negative excess pore 
pressures which corresponds to a more dilative soil 
behavior. This can be explained by the influence of 
the dilative behavior giving a shear induced pore 
pressure component during fast penetration which 
results in a zone of intense shearing next to the 
CPTU device. 

The results from the laboratory study also show 
a dilative penetration behavior. During a slow pen- 
etration the cone resistance is low and the pore 
pressures are close to the hydrostatic level. Increas- 
ing the penetration rate leads to an increase in 
penetration resistance and an increase in negative 
excess pore pressure. 

Plotting the CPTU results from the Halsen test 
site and Vassfjellet silt onto the different soil classi- 
fication charts shows a general agreement of clas- 
sifying the soil as transitional and intermediate. In 
particular the Schneider et al. (2007) chart seems 
to be promising and support the use of different 
penetration rates allowing one to make conclusions 
about the degree of drainage during penetration 
for identifying silts. 

The results show a clear rate dependency of the 
measured parameters and hence emphasize the 
need of extended research in the interpretation 
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field of intermediate soils. Further field tests are 
necessary to gain more insight into the understand- 
ing of intermediate soil behavior during a CPTU 
and an improvement of the interpretation methods 
is necessary in order to increase the accuracy of 
developed engineering soil parameters. 
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Quantifying the effect of wave action on seabed surface sediment 
strength using a portable free fall penetrometer 
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ABSTRACT: The surficial sediment strength of nearshore zone sands has previously been correlated to 
wave conditions in a qualitative manner. In this study, a coefficient of wave impact on sediment surface 
strength (CWS) is proposed to enable a quantitative assessment. The CWS was tested along a cross-shore 
transect in Duck, NC. The geotechnical input parameters for the CWS were measured using a portable 
free fall penetrometer. The offshore wavelength was extracted from a WaveRider buoy deployed in 17 m, 
and the water depth was derived from the penetrometer’s pressure transducer. The results showed that the 
CWS coefficient reflects the change in sediment strength with wave-seabed interaction. Along the profile, 
the CWS ranged from 0.005 to 1.627. The CWS slightly increased at water depths shallower than the 
depth of closure (~4.5 m) and drastically increased at water depths shallower than breaker depth (~2 m), 
reaching a maximum value of 1.6. 


1 INTRODUCTION This preliminary study aims to fill this gap by 
proposing a new coefficient relating portable free 
Sediment dynamics influence the nearshore mor- fall penetrometer measurements to wave character- 
phology, which in turn affects the performance istics and bathymetry, and by doing so, quantify 
of engineering activities (Brown & Rashid 1975). the impact of wave forcing on surficial sediment 
One of to-date's most challenging issues regard- strength. The research objectives are to develop 
ing the understanding of sediment dynamics is the a coefficient of wave impact on sediment surface 
interaction between geotechnical characteristics of strength (CWS), and to test the formulated coef- 
the seabed surface sediment layers, and sediment ficient using a data set obtained using a portable 
remobilization and deposition processes (Stark & free fall penetrometer at the U.S. Army Corps of 
Kopf 2011). Mobile sediment layers (i.e., surface Engineers’ Engineering and Research Develop- 
sediments subjected to erosion, transport, and ment Center, Coastal and Hydraulics Laboratory, 
deposition under hydrodynamic forcing) can be Field Research Facility (USACE-FRF) at Duck, 
identified as loose sediment top layers overlying NC on September 22nd, 2016. 
more stable sediment layers (Dillon & Zimmerman 
1970; Foster & Carter 1997; Flores & Sleath 1998; 
Stark et al. 2011; Stark & Kopf 2011). However, 2 REGIONAL CONTEXT 
their geotechnical properties and the resulting 
impact on sediment dynamics are still unclear. The USACE-FRF is a research facility located in 
Portable free fall penetrometers, being an easily an intensively studied barrier island complex, Outer 
deployable geotechnical investigation tool, have Banks, NC (e.g. Birkemeier 1985; Lippmann & 
been used to investigate sediment remobilization Holman 1990; McNinch 2004). Meteorological 
in areas of energetic hydrodynamics (Stark et al. and oceanographic measurements are conducted 
2014; Albatal & Stark 2017). In fact, the relation- continuously here, and profiles of the beach and 
ship between the surficial sediment strength and nearshore are periodically surveyed. The facility is 
wave forcing has been demonstrated using a port- distinguished by a 560-meter long pier that allows 
able free fall penetrometer in a wave flume, but a safe deployment of instrumentation even during 
direct correlation between geotechnical measure- energetic conditions (Fig. 1). 
ments and wave parameters is still lacking (Stark & The nearshore surface sediments in the region 
Kopf 2011). are comprised of mostly quartz sands which 
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Figure 1. 
(36*10'56.2” N 75%45”1.4” W). 


coarsen with increasing proximity towards the 
swash zone (Howd & Birkemeier 1987). The mean 
particle size in the nearshore area (S 150m from 
the facility’s local baseline) is generally 1 mm, while 
the offshore particles have a mean particle size of 
0.1 mm (Lippmann & Holman 1990). The near- 
shore region is known for variations in particle size 
in the cross-shore direction, and with changes in 
hydrodynamic forcing (e.g. McNinch 2004). Sand- 
bar formation is a common morphological feature 
of the area. The direction of the bar migration has 
been observed to be seaward during storms and 
shoreward during calm conditions (Elgar et al. 
2001). 

The region’s monthly mean significant wave 
height ranged between 0.56-1.97 m, with a wave 
period of 6.2-12 s at a water depth of 25 m for the 
period between 1980 and 2012. The area is charac- 
terized by semi-diurnal tides with a tidal range of 
-1 m (Albatal et al. 2017). The data collection effort 
coincided with the end of a mild storm event yield- 
ing wave heights of up to 2.5 m. During the study, 
the average significant wave height was 1.3 m, with 
a wave period of ~6.5 s (measured by a WaveRider 
buoy at a depth of 17.4 m for an experiment dura- 
tion of 3 hr; NDBC 2016). A cross-shore bathy- 
metric profile of the study transect was collected 
by the USACE-FRF 4 days after the experiment 
(September 26th, 2016; http://frf.usace.army.mil). 
It showed a nearshore slope (V: H) ranging from 
1:13 to 1:160 in the survey area, and the presence 
of a bar at a water depth of ~3.0 m. 


3 METHODS 


3.1 


The geotechnical input parameters of the pro- 
posed coefficient were measured using the port- 


Portable free-fall penetrometer 
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BlueDrop deployment stations along the pier located at the USACE-FRF, Duck, North Carolina 


able free fall penetrometer (PFFP) BlueDrop. Its 
mass is 7.71 kg, and the length is 63 cm. It meas- 
ures vertical accelerations using five accelerom- 
eters with capacities ranging from +2 g to +250 
g, and horizontal accelerations using a dual-axis 
accelerometer with a capacity of 55 g (g: gravita- 
tional acceleration). It also hosts a pressure trans- 
ducer which can measure ambient pressures with 
a capacity of 2 MPa located behind the steel tip. 
Pressure readings in this study were used to con- 
firm the water depth at each deployment location 
and time. More detailed information about the 
probe can be found in Stark et al. (2014). 

The probe’s displacement and velocity (during 
free fall, impact, and penetration) were determined 
from the double and single integration of the accel- 
eration measurements, respectively. The resistance 
of sediment layers during penetration, represented 
by the equivalent of quasi-static bearing capacity 
(QSBC), can be estimated using Newton’s second 
law from deceleration records, and considering 
the strain rate effect (Dayal & Allen 1975; Stoll 
et al. 2007; Stark et al. 2011). Stratification, and 
therefore, the thickness of a looser top layer were 
detected with a resolution of less than 1 cm due to 
a high sampling rate (2 kHz). 

In this study, the PFFP was deployed at 27 cross- 
shore stations (3 times at each station leading to a 
total of 81 deployments) from the pier located at 
the USACE-FRF (Fig. 1). Sediment samples were 
collected from 9 stations. 


3.2 Coefficient of wave impact on sediment 
surface strength (CWS) 


The CWS coefficient is proposed to quantify the 
change of seabed surface strength with regard 
to the wave forcing and water depth from port- 
able free fall penetrometer deceleration readings. 
The deceleration measurements of PFFPs are 


representing a proxy for sediment strength (Stark 
et al. 2011). Therefore, the measured deceleration, 
—a, is utilized as a geotechnical input parameter. 
This avoids implementing further empirical fac- 
tors. To account for changes in impact velocity, a 
ratio of the probe's deceleration achieved within 
the top layer, —a,, and the maximum deceleration 
measured during the same deployment, —a,,,,., is 
applied. This also considers variations of sedi- 
ment types, such as between cohesive and non- 
cohesive sediments for which the range of typical 
maximum deceleration values differ significantly 
(Stark & Kopf 2011). For example, deployments 
in marine clays often yield penetration depths of 
~ 1 mand maximum deceleration of —4,,,, < 20 g, 
while deployments in sand are usually limited to 
penetration depths < 20 cm and —a, > 40 g. Loose 
top layers resulting from sediment remobilization 
processes in sandy sediments are commonly on the 
order of centimeters, but may reach thicknesses on 
the order of tens of centimeters in soft sediments 
(e.g., Stark et al. 2016). For this reason, the top 
layer thickness, z,, normalized by the correspond- 
ing penetration depth at apa» Zax, are included in 
the CWS as well. Herein, the top layer thickness is 
defined as the thickness of a loose top layers show- 
ing low resistance to the probe during penetration 
which can also be associated with the active sedi- 
ment layers (Fig. 2 shaded area). This layer can be 
clearly distinguished from a stiffer and stable sub- 
stratum (Stark & Kopf 2011). Bathymetry is rep- 
resented by the water depth, /, times two, and the 
wave characteristics by the deep water wave length 
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QSBC (kPa) 


Deceleration (g) 
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Penctration Depth (cm) 
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Figure 2. An example QSBC vs sediment depth profile. 
The QSBC error bars indicate uncertainties resulting 
from the strain rate correction. The shaded area repre- 
sents a loose, non-cohesive top layer. 
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obtained from the wave buoy records, A, repre- 
senting a common ratio used to predict the inter- 
action between waves and the seabed in coastal 
settings (Dean & Dalrymple 1991). Thus, the fol- 
lowing expression is proposed as an initial attempt 
for non-cohesive sediments: 


2hl A, 


CWS = (1) 


where the numerator part of the equation reflects 
geotechnical properties of the soil, and the 
denominator part reflects the wave conditions 
and bathymetry. Furthermore, the numerator part 
expresses characteristics of the sediment surface 
layer with regard to the underlying substratum, 
i.e., how soft or loose the surface layer is compared 
to the substratum. 


4 RESULTS 


The measured —a,,,, along the cross-shore profile 
ranged between 17.3 g and 80.6 g with an aver- 
age of 53 g. The impact velocity ranged between 
3.2 m/s and 6.5 m/s with an average of 4.7 m/s and 
a standard deviation of 0.5 m/s. Considering the 
strain rate effect using the approach suggested by 
Stark et al. 011), the quasi-static bearing capacity 
(QSBC) ranged between 22.3 kPa and 131.8 kPa 
with an average uncertainity of + 9.5 kPa. Penetra- 
tion depths ranged from 7.3 to 33.0 cm. An exam- 
ple profile from deployment #1 at location #16 is 
provided in Figure 2. 

Small variations in the —a and QSBC profiles 
were noticed at water depths larger than about 
4.5 m (Station 1-19). The maximum QSBC var- 
ied from 80 to 100 kPa at maximum penetration 
depths of 13 to 15 cm. The top layer thickness 
ranged in the same zone from 5-10 cm (Fig. 3). 
However, significant variations were observed 
from Station 22 towards the onshore, where top 
layer thicknesses increased up to 25 cm (Fig. 3). 
The maximum QSBC values decreased down to 
~26 kPa at penetration depths of -31 cm (Stations 
22 to 25; Fig. 3). At the shoreline, the top layer 
thicknesses decreased again to a minimum thick- 
ness of 4 cm with a maximum QSBC of 74 kPa 
(Fig. 3; Station 27). 

Collected sediment samples showed that in 
intermediate water (h > 1.0 m), the sediments were 
well-sorted medium-grained sand, while shallow 
water (h < 1.0 m) sediments were comprised of 
poorly sorted, fine to very coarse sand with gravel. 
Wave breaking was assessed using Miche's formula 
(Galvin 1972) for the mean significant wave height 
during the experiment period. It was estimated 
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shore bathymetry. The blue dotted line indicates the estimated breaker location at 113 m from the baseline. Green lines 
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Figure 4. The coefficient of wave impact on sediment surface strength (CWS) vs. water depth. The red dotted line is 


estimated depth of wave breaking. 


that wave breaking occurred at a water depth of 
approximately 2 m (dotted line in Fig. 3). 

The CWS was determined for the same data 
set and plotted versus the water depth (Fig. 4). It 
remained small (< 0.06) at water depths in excess 
of 4.5 m (150 to 600 m from baseline; Fig. 4), but 
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increased slightly with an average increase of 0.04 
per meter in shallower water depths between 2 and 
4.5 m. Additionally, the scattering increased in this 
zone with a standard deviation of 0.11. The trend 
drastically changed at a water depth ~2 m with 
CWS increasing shoreward to a maximum of 1.6. 


Here, high scatter is also observed in the magni- 
tude of the CWS. The standard deviation was 0.41 
for water depths less than 2 m. 


5 DISCUSSION 


The results confirmed that the sediment strength 
varied along the cross-nearshore profile (Fig. 3). 
This is in line with the observations by Albatal 
and Stark (2017) from Cannon Beach, Yakutat, 
AK, and Albatal et al. (2017) from the same loca- 
tion (1.e., FRF beach). More specifically, the top 
layer thickness and variability in sediment strength 
started increasing at water depths of -4.0 to 4.5 m 
towards the shore (Fig. 3). 

The experiment day coincided with the end of a 
storm wave event (peak significant wave height — 
2.5 m). The depth of closure is defined as the mini- 
mum water depth where no observed, significant 
morphological changes occur at the seabed (Birke- 
meier 1985; Nicholls et al. 1998). Nicholls et al. 
(1998) documented the depth of closure at Duck, 
NC, for 71storm events, and found a depth of 
4-6 m for significant wave heights ranging between 
2-3 m. This suggests that seabed surface distur- 
bance would be expected at water depths of 4-6 m 
and shallower during our experiment. Indeed, 
CWS started to increase and showed higher vari- 
ability at water depths < 4.5 m, reflecting particu- 
larly an increase in top layer thickness. However, 1t 
should be explored how the sensitivity of the CWS 
to the depth of closure can be increased. 

Overall, a low penetration resistance was 
observed in water depths of ~ 2 m. This may be 
a direct result of consistent wave breaking and the 
associated reworking of the surficial sediments 
down to a sediment depth of 30 cm. According to 
Nielsen et al. (2012), when a wave breaks, the result- 
ing turbulence generates an increased bed shear 
stresses that can mobilize the sediments to a greater 
depth than in the non-breaking zone. The CWS 
strongly reflected this interaction between break- 
ing waves and the seabed (Fig. 4). This increase was 
accompanied by relatively large scatter. One pos- 
sible reason is the timing of the deployment with 
regard to the time of actual wave breaking. How- 
ever, this assumption needs to be tested further to 
understand the signature of wave breaking on the 
geotechnical properties of surficial sediments 


6 CONCLUSIONS 


This study aimed to quantify the impact of wave 
action on geotechnical properties of the seabed, 
using a new coefficient (CWS) relating top layer 
strength, maximum sediment strength at maxi- 
mum penetration depth, top layer thickness and 
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total penetration depth of a portable free fall pen- 
etrometer to water depth and offshore wavelength. 
The results confirmed that sediment strength and 
layering in the nearshore zone are governed by 
the wave-seabed interaction. The larger the water 
depth for a constant wavelength, the smaller the 
impact of wave forcing on the seabed, i.e., smaller 
top layer thicknesses and larger sediment strength, 
leading to CWS > 0. When 2//A, < 1 and the 
interaction between the seabed and the waves is 
expected, the CWS responded by increasing, and 
providing values that reflect the top layer thickness 
and softness. The CWS responded strongly when 
approaching wave breaking and when an overall 
loosening of the seabed occurred. 

The here presented study represents the initial 
development and test of the CWS. The coefficient 
was only tested using a single data set from one loca- 
tion. Future research will include the application 
of additional data sets from Duck, NC, at different 
times, as well as other sites. Furthermore, it will be 
investigated how the CWS can be developed to be 
more sensitive to the depth of closure. In addition, 
1t will be explored if the offshore wavelength can be 
replaced as the input wave characteristic by wave 
orbital velocity, wave period or celerity to be more 
compatible with common hydrodynamic models. 


ACKNOWLEDGMENTS 


The authors acknowledge funding from the Office 
of Naval Research through award N00014-16- 
1-2590, and the National Science Foundation 
through award OCE-1434938. The authors would 
like to thank the staff of the USACE-FRF for 
their help with data collection processes. 


REFERENCES 


Albatal, A., McNinch, J.E., Wadman, H. and Stark, N., 
2017. In Situ Geotechnical Investigation of Nearshore 
Sediments with Regard to Cross-Shore Morphody- 
namics. Geotechnical Frontiers 2017. Available at: 
https://doi.org/10.1061/9780784480472.042. 

Albatal, A. and Stark, N., 2017. Rapid sediment map- 
ping and in situ geotechnical characterization in chal- 
lenging aquatic areas. Limnology and Oceanography: 
Methods, 15(8), pp.690-705. Available at: http://doi. 
wiley.com/10.1002/lom3.10192. 

Birkemeier, W.A., 1985. Field data on seaward limit of 
profile change. Journal of Waterway, Port, Coastal, 
and Ocean Engineering, 111(3), pp.598-602. 

Brown, J.D. and Rashid, M.A., 1975. Geotechnical 
Properties of Nearshore Sediments of Canso Strait, 
Nova Scotia. Canadian Geotechnical Journal, 12(1), 
pp.44-57. Available at:  https://doi.org/10.1139/ 
175-004. 

Dayal, U. and Allen, J.H., 1975. The Effect of Penetra- 
tion Rate on the Strength of Remolded Clay and 


Sand Samples. Canadian Geotechnical Journal, 12(3), 
pp.336-348. Available at: http://www.nrcresearchpress. 
com/doi/abs/10.1139/t75-038%.UOdCgG_Ezwk. 

Dillon, W.P. and Zimmerman, H.B., 1970. Erosion by 
biological activity in two New England submarine 
canyons. Journal of Sedimentary Research, 40(2). 
Available at:  http://jsedres.geoscienceworld.org/ 
content/40/2/542. 

Elgar, S., Gallagher, E.L. and Guza, R.T., 2001. Near- 
shore sandbar migration. Journal of Geophysical 
Research: Oceans, 106(C6), pp.11623-11627. 

Flores, N.Z. and Sleath, J.F.A., 1998. Mobile layer in 
oscillatory sheet flow. Journal of Geophysical Research: 
Oceans, 103(C6), pp.12783-12793. Available at: http:// 
doi.wiley.com/10.1029/98 JC00691. 

Foster, G. and Carter, L., 1997. Mud sedimentation on 
the continental shelf at an accretionary margin—Pov- 
erty Bay, New Zealand. New Zealand Journal of Geol- 
ogy and Geophysics, 40(2), pp.157-173. Available at: 
http://www.tandfonline.com/doi/abs/10.1080/0028830 
6.1997.9514750. 

Galvin, C.J., 1972. Wave breaking in shallow water. 
Waves on beaches and resulting sediment transport, 
pp.413-456. 

Howd, P.A. and Birkemeier, W.A., 1987. Beach and Near- 
shore Survey Data, 1981-1984, CERC Field Research 
Facility, US Army Engineer Waterways Experiment 
Station. 

Lippmann, T.C. and Holman, R.A., 1990. The spatial 
and temporal variability of sand bar morphology. 
Journal of Geophysical Research: Oceans, 95(C7), 
pp.11575-11590. 

McNinch, J.E., 2004. Geologic control in the nearshore: 
shore-oblique sandbars and shoreline erosional 


156 


hotspots, Mid-Atlantic Bight, USA. Marine Geology, 
211(1), pp.121-141. 

Nicholls, R.J., Birkemeier, W.A. and Lee, G., 1998. Eval- 
uation of depth of closure using data from Duck, NC, 
USA. Marine Geology, 148(3-4), pp.179-201. 

Nielsen, A.W., Sumer, B.M., Ebbe, S.S. and Fredsge, 
J., 2012. Experimental study on the scour around 
a monopile in breaking waves. Journal of Water- 
way, Port, Coastal, and Ocean Engineering, 138(6), 
pp.501-506. 

Stark, N., Hanff, H., Svenson, C., Ernstsen, V.B., Lefe- 
bvre, A., Winter, C. and Kopf, A., 2011. Coupled 
penetrometer, MBES and ADCP assessments of tidal 
variations in surface sediment layer characteristics 
along active subaqueous dunes, Danish Wadden Sea. 
Geo- Marine Letters, 31(4), pp.249-258. 

Stark, N. and Kopf, A., 2011. Detection and quantifi- 
cation of sediment remobilization processes using a 
dynamic penetrometer. In JEEE/MTS Oceans 2011. 
Waikoloa, HI., pp. 1-9. 

Stark, N., Hay, A.E. and Trowse, G., 2014. Cost-effective 
geotechnical and sedimentological early site assess- 
ment for ocean renewable energies. In 20/4 Oceans 
- St. John's. IEEE, pp. 1-8. Available at: http://ieeex- 
plore.ieee.org/document/7003004. 

Stark, N., Radosavljevic, B., Quinn, B. and Lantuit, H., 
2016. Application of a portable free-fall penetrometer 
for the geotechnical investigation of the Arctic near- 
shore zone. Canadian Geotechnical Journal. Available 
at: http://dx.doi.org/10.1139/cgj-2016-0087. 

Stoll, R.D., Sun, Y.F. and Bitte, I., 2007. Seafloor proper- 
ties from penetrometer tests. IEEE Journal of Oceanic 
Engineering, 32(1), pp.57-63. 


Cone Penetration Testing 2018 — Hicks, Pisanó & Peuchen (Eds) 
O 2018 Delft University of Technology, The Netherlands, ISBN 978-1-138-58449-5 


Interpretation of seismic piezocone penetration test and advanced 
laboratory testing for a deep marine clay 


M.D. Boone 
Black and Veatch, Walnut Creek, California, USA 


P.K. Robertson 
Gregg Drilling & Testing, Inc. Signal Hill, California, USA 


M.R. Lewis 
Bechtel Corporation, Evans, Georgia, USA 


D.E. Gerken 
Bechtel Corporation, San Francisco, California, USA 


W.P. Duffy 
Bechtel Corporation, London, England, UK 


ABSTRACT: A nearshore site investigation in a deep marine clay was performed in British Columbia, 
Canada. Investigation boreholes and seismic piezocone penetration test (SCPTu) soundings, including 
both seabed deployed and top push tests, were advanced to depths of greater than 135 meters below 
mudline. This paper presents the interpretation of the SCPTu data together with the results of laboratory 
testing on thin-wall (intact) tube samples from adjacent companion boreholes. Laboratory testing included 
index tests, consolidation tests, consolidated Direct Simple Shear (DSS), K, Consolidated Undrained Tri- 
axial Compression tests (K,CUTXC), and combined Resonant Column Torsional Shear (RCTS) tests. The 
results of the laboratory testing aided the interpretation of the SCPTu data including the development of 
site-specific correlations to parameters such as shear wave velocity and undrained shear strength. 


1 INTRODUCTION nant column and torsional shear (RCTS) labora- 
tory tests performed for this project. 

A nearshore site investigation performed at a 

project site in British Columbia, Canada included 

a marine geophysical survey, boreholes, SCPTu 2 SITE INVESTIGATION 

soundings, and associated laboratory testing. The 

water depth at the site generally ranges from about Twenty-three (23) boreholes were advanced 

10 to 20 m. The site soil stratigraphy typically con- through soil and rock and included the acquisi- 

sists of very loose silty sands ranging in thickness tion of relatively undisturbed thin-wall tube sam- 

of about 0 to 5 m, underlain by about 20 to 100m ples. Twenty (20) SCPTu locations were explored 

of lightly overconsolidated clay that approaches to approximately the top of either the glacial 

a normally consolidated condition with depth, deposits or bedrock where practical refusal was 

underlain by dense glacial deposits including encountered. The SCPTu included two types of 

clays, silts, sands, gravels, and cobbles ranging in soundings, 1) a coiled-rod seabed-deployed sys- 

thickness from about 0 to 5 m. Bedrock generally tem to the maximum rod length of 30 m (shown 

consists of a slightly weathered to fresh metamor- here as Figure 1) and 2) a top push system using 

phic rock (gneiss, phyllite, and schist) occurring at a barge-mounted drill rig to extend from the ter- 

depths below mudline of about 20 to 140 m. mination depth of the coiled-rod unit to final 
This paper focuses on the results of the SCPTu refusal on the glacial till or bedrock (shown here 

and adjacent borehole and laboratory testing data. as Figure 2). All SCPTu soundings collected shear 

Kottke et al. (2017) discussed the combined reso- wave velocity measurements on one-meter depth 
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Figure 3. SCPTu corrected tip resistance and friction 
rato from 137 m sounding. 
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Figure 4. SCPTu pore pressure measured at cone shoul- 
der (u,) and interval average shear wave velocity from 
137 m sounding. 


intervals. A sea-bed deployed hammer unit was 
used to generate the shear wave. Figures 3 and 4 
present the corrected tip resistance, friction ratio, 
Figure 2. Barge mounted drill rig advancing top push pore pressure, and interval averaged shear wave 
sounding. velocity from the deepest SCPTu sounding. 
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3 LABORATORY TESTING 


Laboratory testing included index testing (mois- 
ture content, unit weight, grain size distribution, 
organic content, and Atterberg limits) as well as 
consolidation testing and advanced strength test- 
ing. Figure 5 shows Atterberg limits and moisture 
content values versus depth below the mudline on 
a 5 m-depth average. 

The average Atterberg Limits for the clay were: 
Liquid Limit 42; Plastic Limit 26 and Plasticity 
Index 16. The average moisture content was 40%. 
The average soil total unit weight for the clay was 
18 kN/m?. The results show that on average, the 
materials plot on the A-line, as defined by Casa- 
grande, which indicates an inorganic clay/silt of 
medium plasticity and compressibility. 

The moisture content was generally higher than 
the Liquid Limit in the upper 30 m of clay. 

The advanced compressibility and strength test- 
ing relevant to this paper are described in the sub- 
sections below. 


3.1 


Forty-six (46) constant rate of strain (CRS) and 
17 incremental load (IL) consolidation tests 
were performed on vertically oriented samples 


Consolidation tests 
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results. 


OCR versus depth based on laboratory test 


to evaluate the consolidation characteristics of 
the subsurface materials. Figure 6 presents the 
overconsolidation ratio (OCR) versus depth, 
interpreted using the Casagrande construction. 
The data are segregated by symbol and color by 
the sample quality designation (SQD) suggested 
by Terzaghi et al. (1996). A review of this figure 
indicates lightly overconsolidated soils near the 
mudline, approaching normally consolidated con- 
ditions with depth. Additionally, the sample qual- 
ity generally decreases with depth, as expected. 
The reduction in sample quality is likely attributed 
to stress relief associated with obtaining samples 
at significant depth, described by Ladd and DeG- 
root (2004), as well as the difficulty of sampling 
and transporting samples associated with offshore 
drilling operations. 


3.2 Consolidated undrained testing 


Laboratory K, consolidated undrained triaxial 
compression (K,CUTXC) tests and consolidated 
direct simple shear (DSS) tests were performed 
on selected samples, over the range of plasticity 
encountered in the subsurface deposits, to deter- 
mine the undrained shear strength of the soil using 
the stress history and normalized soil engineering 


properties (SHANSEP) model after Ladd and 
Foott (1974) and summarized in Equation 1. 

S = 3 m 

— = S(OCR) (1) 


vO 


where S, is the undrained shear strength, S and 
m are empirical parameters, and O”, is the vertical 
effective stress. Generally, the samples were consoli- 
dated to about 1.5 times the in-situ preconsolidation 
stress, then were sheared at the laboratory manufac- 
tured OCR of 1 to confirm that the soils normal- 
ize according to the SHANSEP model. Subsequent 
tests were conducted similarly or were allowed to 
swell to a prescribed OCR. Once the SHANSEP 
model was confirmed, DSS were performed at labo- 
ratory manufactured OCRs of about 2, 3, and 4. 
K,CUTXC were sheared only at laboratory manu- 
factured OCR of 1 due to laboratory restrictions. 
These results are shown as Figure 7. Figure 8 shows 
the SHANSEP S and m parameters derived from 
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the laboratory data. Note that the S parameter is 
derived from weighted averages of the data based 
on test quality, and a typical exponent “m” of 0.8 is 
adopted as it appears to fit the data well. 


3.3 Resonant Column-Torsional Shear (RCTS) 
testing 


Laboratory RCTS tests were performed on selected 
samples. These tests utilize the recompression 
technique to minimize the effects of sample distur- 
bance where each sample is consolidated, tested, 
then consolidated at a higher stress before retest- 
ing. The results of these tests can be used to con- 
struct shear wave velocity versus depth plots using 
Equation 2 after Hardin (1978) where o; is the 
mean effective stress (taken as 2/3 the vertical effec- 
tive stress), P, is atmospheric stress, and A, and n, 
are empirical parameters. Figure 9 is such a plot 
for four of the samples tested. Note that similar 
stress-shear wave velocity relations were measured 
in the laboratory, although the four tested samples 
were collected from different representative depths 
within the soil profile. See Kottke et al. (2017) for 
additional details on the RCTS testing. 
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Figure 9. Shear wave velocity interpreted from RCTS 
data versus equivalent depth. 


4 SCPTU INTERPRETATION 


4.1  Overconsolidation Ratio (OCR) 


The overconsolidation ratio (OCR) is correlated 
from the SCPTu data after Kulhawy and Mayne 
(1990) using Equation 3. 
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where k is an empirical constant taken as 0.33, q, 
is the corrected cone tip resistance, o, is the total 
overburden stress, 07, is the effective overburden 
stress, and q, is the corrected cone tip resistance 
less the total overburden stress. The interpreted 
OCR obtained from SCPTu’s taken for this inves- 
tigation are shown as Figure 10. The similarity 
between Figure 6 and Figure 10 is noteworthy. 
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4.2 Undrained shear strength 


Peak undrained shear strength (S,) from cone tip 
resistance can be calculated from Equation 4 after 
Aas et al. (1986) and others. 


S, = Yer 
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Figure 10. OCR correlated from SCPTu tip resistance 
versus depth (k = 0.33). 
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where N,, is a cone factor correlating tip resist- 
ance to undrained shear strength and is calculated 
rearranging Equations 1, 3, and 4 resulting in 
Equation 5. 

| 


where S and m are the SHANSEP parameters pre- 
sented in Figure 8 and are selected based on mode 
of shearing, and k is an empirical constant taken as 
0.33. The average N, values are about 10.0 for tri- 
axial compression and about 12.5 for simple shear 
loading. These values are within the reported range 
of Low et al. (2010) of 10.0 to 14.0 for triaxial com- 
pression and 11.5 to 15.5 for simple shear loading. 
Alternatively, undrained shear strength can be cor- 
related to excess porewater pressure using Equa- 
tion 6 after Robertson and Cabal (2015). 
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where Au is the excess porewater pressure meas- 
ured at the cone shoulder, u, position, and N,, is 
a cone factor correlating excess porewater pressure 
to undrained shear strength and is calculated using 
Equation 7 after Robertson and Cabal (2015). 
Na = B Nu (7) 
where B, is the measured pore pressure ratio. The 
average N,, are 7 for triaxial compression and 5.5 
for simple shear loading. The results are presented 
in Figure 11, which is a profile of undrained shear 
strength in triaxial compression versus depth 
obtained from cone tip resistance and excess pore- 
water pressure indicating good correlation as the 
results from the two methods overlap, with a gradi- 
ent of about 2.7 kPa/m. 

As shown in Equations 1, 2 and 4, V, and S, 
can be correlated to vertical effective stress using 
laboratory test results. Rearranging these equa- 
tions and inputting the laboratory derived empiri- 
cal parameters results in Equations 8 and 9 which 
relate V, and S, assuming normally consolidated 
conditions. Figure 12 presents measured in-situ 
shear wave velocity against average undrained 
shear strength for the l-meter interval correlated 
from SCPTu data. Curves using Equations 8 and 9 
are superimposed over these data. A review of this 
figure indicates a good match between the labora- 
tory derived relations and the SCPTu data. 

RCTS samples range from about 7 to 46 meters 
below mudline which correlates to undrained shear 
strengths of about 17 to 110 kPa and V, of about 
70 to 130 m/s. There is a good correlation where the 
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pression versus depth. 
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Figure 12. Undrained shear strength versus shear wave 
velocity assuming normally consolidated conditions. 


RCTS data are interpolated and where the data are 
extrapolated, the correlation is not as strong. For 
deeper samples, at greater stress and thus greater 
V, and S,, the laboratory correlation (Equations 8 
and 9) underestimate V.. This is likely because the 
deeper soils have experienced additional increases 
in V, due to the aging process As Wair et al. (2012) 
and others have noted that V, relations from S, or 
cone tip resistance are a function of age. 
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4.3 Shear wave velocity 


In-situ shear wave velocity (V,) measurements from 
the SCPTu and the interpreted shear wave velocity 
profile from the laboratory RCTS tests are shown 
as Figure 13. A review of this figure indicates a 
good match between data in the upper 40 meters, 
with the RCTS curve predicting somewhat lower 
shear wave velocities than the in-situ measure- 
ments below 40 meters. Schmertmann (1991) sug- 
gested that shear modulus, and thus shear wave 
velocity, increase with age. It is assumed that at this 
site age increases with depth. 

Therefore, the divergence is likely due to aging of 
the soil, since the laboratory curves are from more 
shallow, younger, samples which have not expe- 
rienced the effects of aging. Note that the higher 
velocity “spikes” are due to V, measured in the tills 
that overlie rock where the SCPTu “refused” or 
reached high tip resistances at shallow depths. 

These points diverge from the trend because 
they represent the V, of a dense till rather than a 
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SCPTu and laboratory measured RCTS. 


normally consolidated clay. These results (spikes) 
are not indicative of the marine clays. 


5 CONCLUSION 


SCPTu's were successfully advanced to depths 
greater than 135 meters below mudline, provid- 
ing a valuable database for evaluating the subsur- 
face conditions at the project site. To the authors 
knowledge, SCPTu soundings advanced to these 
depths in a marine environment using surface 
pushing methods is unprecedented. Together with 
laboratory testing results, SCPTu data were very 
useful in evaluating the OCR and the undrained 
shear strength profile for this site. Additionally, the 
in-situ measured V, from the SCPTu corresponds 
well with the laboratory measurements from the 
combined RCTS tests for this site. 
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ABSTRACT: The Wellington CentrePort experienced liquefaction of reclaimed land and liquefaction- 
induced ground deformations that led to building and wharf damage in the 2016 M,7.8 Kaikoura 
earthquake. There was evidence of lateral spreading in the fills behind the pile-supported wharves and 
liquefaction-induced settlement in the soils surrounding buildings supported on deep foundations. 
Previous attempts to perform CPTs at the port had limited success. In the reclaimed land constructed 
by end-dumping of quarried soils there are large gravel-size and boulder-size particles overlain by a 3-m* 
thick, dense compacted earth crust covered with a thick pavement. Use of a larger, more robust cone 
provided reliable subsurface data that characterized well the reclaimed materials at the port. Insights gar- 
nered from this site investigation of the gravelly soils are shared. 


1 INTRODUCTION discussed and current insights from the ongoing 
program of research are shared. 
CentrePort Wellington experienced significant 
liquefaction of reclaimed land and liquefaction- 
induced ground deformations that led to wharf 2 WELLINGTON PORT RECLAMATIONS 
and building damage in the 2016 M,7.8 Kaikoura 
earthquake. The liquefaction caused global settle- An aerial view of the central waterfront area of 
ment of the fill deposits and lateral movement of | Wellington, New Zealand, which includes Cen- 
the fills towards the sea. There was evidence of lat-  trePort, is shown in Figure 1. Wellington was 
eral spreading in the fills behind the pile-supported developed after the European settlement in the 
wharves and liquefaction-induced settlement in  1850%. The original coastline from the 1850’s is 
the soils surrounding buildings supported on shal- located approximately 200 m to 500 m inland from 
low and deep foundations. After documenting the the current revetment line delineating a belt of 
ground and structural damage from the earthquake, reclaimed land that increases in width towards the 
a comprehensive site exploration program was per- north along the waterfront and reaches its largest 
formed to characterize the subsurface conditions extent at CentrePort. 
at CentrePort. Cone penetration tests (CPTs) were Two methods of construction were used to 
advanced and shear wave velocity (V¿) profiles were reclaim land at CenterPort. The Log Yard area 
measured. These subsurface data add important (top-right in Figure 2), and areas north of it 
information because few reliable quantitative sub- (around the oval stadium shown in Figure 1 and 
surface data were available before the earthquake. north of the stadium) are hydraulic fills con- 
This paper summarizes liquefaction and damage structed using dredged material (sandy and silty 
observations from the Kaikoura earthquake. CPT soils) from the original seabed in the vicinity of the 
data from the recent subsurface investigations are reclamation works. The remaining and larger part 
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Figure 1. 
trePort. Strong motion stations that recorded the Kaik- 
oura earthquake are also shown (Image-Google Earth™; 


Aerial view of Wellington highlighting Cen- 


Cubrinovski et al. 2017). 
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Figure 2. Overview of CentrePort showing the loca- 
tions of CPTs performed for this study, some of the 
existing borings, and soil cross sections. The approxi- 
mate boundaries of various land reclamations are shown 
(Cubrinovski et al. 2018). 


of the reclamation was constructed by end-tip- 
ping, in which gravelly soils from nearby quarries 
were dumped into the sea from truck and barge 
operations. The CentrePort reclamation south of 
the buried concrete seawall (i.e. the Thorndon rec- 
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lamation shown in Figure 2) was constructed by 
the end-tipping method between 1969 and 1976. 

Based on the original records, soft sediments 
were first removed from the seabed by dredging, 
and then the quarry fill material was placed by 
end-tipping, creating a relatively thick fill deposit 
through a water sedimentation process. The thick- 
ness of the fill increases with its horizontal dis- 
tance from the original coastline. The fill is about 
10 m thick immediately south of the buried seawall 
and increases southwards reaching the maximum 
thickness of about 20 m along the southern edge 
of the Thorndon Extension. Static rollers were 
used to compact the top 2-3 m of the fill as soon 
as the fill surfaced above high water level in the 
construction process (Hutchison 1973); whereas, 
the fill below 2-3 m depth is uncompacted. The fill 
overlies 1-5 m thick marine sediments of interbed- 
ded sand, clay and silty clay, which sit on top of 
approximately 75-135 m of Wellington Alluvium 
composed of interbedded dense gravel and stiff to 
very stiff silt (Vantassel et al. 2018). 


3 LIQUEFACTION AND SPREADING 
INDUCED DAMAGE 


Following the 2016 Kaikoura earthquake, the 
QuakeCoRE-GEER team conducted numerous 
field inspections to document the damage to land 
and associated damage to wharves and buildings at 
CentrePort. The first inspections were performed 
three days after the main shock, while most of the 
perishable liquefaction evidence was observable. 
This initial data capture was followed by more 
detailed surveys that focused on obtaining addi- 
tional evidence including measurements of ground 
displacements and relative movements between 
wharves or buildings and the surrounding soils. In 
the second part of these inspections ground-based 
LiDAR scanning was performed along transects 
of the reclamations and around CentrePort struc- 
tures of interest. This section provides an overview 
of the damage at CentrePort. A more detailed 
account on the damage to the ground and struc- 
tures at CentrePort caused by the 2016 Kaikoura 
earthquake may be found in Cubrinovski et al. 
(2017), and Cubrinovski & Bray (2017). 


3.1 Liquefaction ejecta 


The 2016 Kaikoura earthquake triggered wide- 
spread liquefaction in gravelly end-tipped quarry 
fills and sandy hydraulic fills at CentrePort. Liq- 
uefaction was manifested by substantial volumes 
of soil ejecta covering areas of the pavement sur- 
face at the port. The areas covered with soil ejecta 
were scattered and non-uniform in their spatial 


distribution and thickness of the ejected soils. 
Liquefaction manifestation varied from traces of 
ejected silts and water to larger volumes of soil 
ejecta with thicknesses of up to 150-200 mm. 
Large volumes of ejecta were typically found near 
cracks and fissures in the pavement which allowed 
the liquefied soils to reach the ground surface 
more easily. In several cases, a larger amount of 
ejecta was observed near partially collapsed pave- 
ment and cavities, or along existing drainage con- 
duits beneath the pavement. 

In the Thorndon Container Terminal the 
ejected soils consisted generally of well-graded 
gravelly soils including cobble-size particles, sand, 
and finer fractions. Gravelly ejecta samples were 
collected from 15 sites at various locations of Cen- 
trePort south of the buried concrete seawall. Their 
grain size distribution curves are shown with solid 
lines in Figure 3, whereas the background shaded 
zone indicates the range of grain size distribution 
curves obtained for samples of the gravelly fill 
recovered from boreholes completed before the 
earthquake. Visual descriptions of the ejecta and 
the good agreement between the two sets of grain 
size curves indicate the end-tipped gravelly fill liq- 
uefied during the Kaikoura earthquake. 

At other locations, the ejected soils consisted of 
sands and silts. This type of ejecta was observed 
typically in areas of hydraulically-placed fills north 
of the buried concrete seawall (e.g. in the Log 
Yard). However, sandy ejecta were also observed at 
two locations in the central area of the Thorndon 
Container Terminal. The observation of sandy 
ejecta within the end-tipped gravelly reclamation 
of Thorndon terminal was a noteworthy anomaly 
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Figure 3. Grain size distribution curves from grav- 


elly ejecta samples showing a well-graded material with 
40-80% gravel (i.e. > 2 mm) and 0-10% fines. Grain size 
analyses of gravelly soils collected from borehole samples 
(i.e. shaded region) are generally consistent with those of 
ejecta samples. 
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which could be explained by a temporary use of 
different materials in the construction of Thorn- 
don reclamation, which is implied in the original 
documentation of the construction process and 
reclamation materials. 


3.2 Land damage and movements 


Liquefaction was also manifested through large 
permanent displacements of the reclaimed land 
and associated ground cracks, fissures, and distor- 
tion. Figure 4a shows large volumes of gravelly 
reclamation ejected through a large fissure in the 
Thorndon Container Terminal. Vertical offsets 
on the order of tens of centimeters to above half 
a meter were observed between pile-supported 
wharves and buildings and their surrounding 
ground. The thick gravelly fills of the Thorndon 
reclamation also underwent seaward movement of 
the reclamation edges in all unconfined directions, 
with characteristic liquefaction-induced lateral 


Figure 4. 
Thorndon Container Terminal gravelly reclamation 
through large volumes of ejecta and fissures in the pave- 
ment, and (b) damage to Kings Wharf bulkhead piles 
from lateral ground movement towards the sea exceeding 
1 m and settlement of approximately 0.5 m. 


(a) Manifestation of liquefaction in the 


spread cracking and ground distress progressing 
in-land. 

Seaward displacements along Kings Wharf were 
measured to be 0.5 m to 1.4 m, along Thorndon 
Wharf to be 0.3 m to 1.0 m, and along Thorn- 
don Extension to be 1.0 m to 1.5 m. The lateral 
movements of the wharves are also indicative of 
the size of lateral movements of the reclamation 
edge located immediately behind the wharves, as 
the large spreading displacements of the reclama- 
tion near the edges produced kinematic loads that 
pushed the piles of the wharves towards the sea. 
The fills reach a thickness of about 20 m along the 
southern perimeter and are laterally unconfined 
without retaining structures with armored slopes 
of 2H:1V extending down to the seabed. Thus, 
significant seaward liquefaction-induced displace- 
ments are not unexpected. 

Permanent liquefaction-induced lateral dis- 
placements extended as far as 200 m behind the 
bulkhead within the Thorndon reclamation and 
the magnitude of permanent lateral displacements 
was particularly large within a zone of about 50 m 
from the bulkhead. 

Vertical displacements of the ground surface 
of the reclamation relative to adjacent pile-sup- 
ported structures were observed. Settlement of 
the gravelly reclamation was predominantly about 
200-300 mm in the central area of the reclamation 
and 400-600 mm near its edges. The absolute set- 
tlement of the hydraulic fills in the Log Yard area 
was about 150-250 mm. The distribution of settle- 
ment also exhibits spatial non-uniformity, which is 
characteristic for liquefaction manifestation. The 
permanent settlement of pile-supported structures 
were small or insignificant. 


3.3 Damage to wharves 


Thorndon Container Wharf and Kings Wharf 
suffered substantial damage during the 2016 Kai- 
koura earthquake. The Thorndon Wharf is the 
larger and newer wharf completed in 1971. It is 
supported on pre-stressed reinforced concrete piles 
(508 x 508 mm), which are placed in 7 rows at 
3.81 m spacing. The Kings Wharf was completed 
in 1906, and it is supported on timber piles. 
Liquefaction of the reclamation and seaward 
movement of the fills, which was particularly large 
at the reclamation edges, were the principal factors 
in the damage to the wharves. The seaward move- 
ment of the fills displaced the Thorndon Wharf 
0.3 m to 1.0 m towards the sea, which loaded the 
piles significantly. The lateral thrust from the dis- 
placed fill was larger for the landward piles of the 
wharf, which caused asymmetric loading on the 
wharf structure and permanent tilt of the wharf 
of up to 0.5 down towards the sea (Cubrinovski 
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et al. 2017). The top of some landward Thorndon 
Wharf piles were sheared just below the wharf 
deck (Cubrinovski et al. 2017). There were large 
vertical offsets between the reclamation surface 
and pile-supported wharf decks, and ground and 
wharf distortion for both wharves. The large lat- 
eral displacement of Kings Wharf, which reached 
1.0 m to 1.4 m at the southern end of the wharf, 
was accompanied with tilting of the wharf down 
towards the sea, and consequent splitting of the 
piles and failure of the connection at the pile top 
as shown in Figure 4b. 


3.4 Effects on buildings 


Several buildings on reclaimed soils at CentrePort 
were damaged by liquefaction-induced ground 
deformations and ground shaking. A majority 
of buildings were supported on pile foundations, 
though a few buildings were on shallow founda- 
tions. The fill surrounding the pile-supported 
buildings settled 50-400 mm relative to the build- 
ings. This settlement caused abrupt offsets between 
the deformed ground surface/pavement and the 
building. Some of the low- to mid-rise buildings 
supported on piles, which did not appear to suf- 
fer foundation distress, were moderately to severely 
damaged from ground shaking. 

Buildings on shallow foundations typically set- 
tled with surrounding fill. A building near the 
center of the reclamation, which was not affected 
by lateral ground movements, settled approxi- 
mately 260 mm uniformly relative to the ground 
supported on buried piles. Another building, 
near the crest of the western slope, was damaged 
badly from lateral spreading which cracked the 
reinforced concrete foundation, pulled apart and 
tilted adjacent columns, and separated the ground 
floor slab at construction joints. The total width of 
cracks in the foundation of this building (i.e. its lat- 
eral stretch) along a wall perpendicular to the slope 
was approximately 350 mm in an area where lateral 
ground movements at the slope exceeded 1 m. 


4 CPT CHARACTERIZATION OF PORT 
RECLAMATIONS 


Recognizing the significance of CentrePort liq- 
uefaction case study and in support of the recov- 
ery of the port, the QuakeCoRE-GEER research 
team performed subsurface investigations at Cen- 
trePort, which included CPTs and shear wave 
velocity measurements. Advancing CPTs at grav- 
elly soil sites can be difficult. In April-May 2017, 
47 CPTs were successfully advanced at CentrePort 
by the McMillan Drilling Group working under 
the authors’ direction at the locations shown in 


Figure 2 using the equipment and procedures 
described in this paper. 

A.P. van den Berg Icones were used with a 218 
Geomil Panther 100 rig with a push force of 106kN. 
Tests were performed typically with a 15 cm? cone 
because of its robustness and the reduced friction 
on the 10 cm? rods. Stainless steel and plastic fil- 
ters were used for the u2 pore pressure transducers, 
and several pore water pressure dissipation tests 
were performed. After a test, cones were allowed 
to de-air for a minimum of 1 hour in vacuum sub- 
merged in silicone oil. Predrilling to a depth of 3 m 
through the dense compacted gravelly fill crust at 
CentrePort was performed to increase penetra- 
tion depth. A plugged, small diameter casing with 
an extractable tip was vibrated slightly beyond 
the depth at which the penetration rate increased 
substantially. The casing had an inside diameter 
of 55 mm and an outside diameter of 70 mm. 
This method of predrilling was able to penetrate 
through asphalt pavement and concrete (with an 
open-ended barrel), produce little spoils, and pro- 
vided lateral support to the CPT rods. If early 
refusal was encountered during a test at depths less 
than about 10 m, the casing was extended beyond 
the depth of refusal, and then cone testing was 
continued. Additional predrilling and two CPT 
attempts were required at 13 locations to reach 
the desired depth. Early refusal was typically met 
due to excessive inclination of the rods (i.e. > 15°), 
likely caused by deflection from cobble and boul- 
der size particles. 


Measured cone tip resistances (q,) and computed 
soil behavior type index (Z) traces (Robertson, 
2016) are shown in Figure 5 for three representa- 
tive locations at CentrePort. CPT B1-02 is in a 
hydraulic fill north of the buried concrete seawall 
(i.e. in the Log Yard). CPTs A2-05 and A2-11 are 
in the Thorndon Container Terminal reclamation. 
CPT A2-05 is in an area where sandy ejecta were 
observed, and CPT A2-11 represents a typical CPT 
profile obtained in the gravelly fill where gravelly 
ejecta were observed. 

The CPT data in the hydraulic fill (e.g. CPT 
B1-02 in Fig. Sa) show low penetration resistances 
of silt-sand mixtures up to 8 m depth, overlying 
a 4-m thick clayey layer. From 12-20 m depth, 
sand layers with thickness of about 1.5 m are 
inter-bedded with thin silty and clayey soils. The 
gravelly fill at CPT A2-11 (Fig. 5c) is character- 
ized by consistent traces of low tip resistance of 
q. = 5-8 MPa and J, values of about or slightly 
below 2, from 2.5-14 m depth. The Z, values imply 
these gravel-sand-silt fills display soil responses 
consistent with fine-sand coarse-silt mixtures. The 
CPT data confirm the earlier findings based on 
grain-size composition that finer fractions (sands 
and silts) dominate the response characteristics 
of the matrix of the gravelly mixture, rather than 
the gravel-size particles. The presence of loose-to- 
medium dense sand (i.e. q, around 10 MPa) from 
about 5 m to 12 m depth (i.e. below gravelly recla- 
mation) was a characteristic feature of CPT A2-05 
(Fig. 5b). 
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Note: (1) FS; computed with Boulanger and Idriss (2016) 
(2) 2016 Kaikoura EQ: My7.8 and PGA =0.2g 


Figure 5. 
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CPT traces of q, and Z, with the FS, calculated with the liquefaction triggering assessment of three repre- 


sentative soil profiles due to the 2016 Kaikoura earthquake: (a) CPT B1-02 is in sandy hydraulic fill north of the buried 
concrete seawall (i.e. in the Log Yard); (b) CPT A2-05, and (c) CPT A2-11 are in the Thorndon Container Terminal; 
however, CPT A2-05 encountered sandy reclamation below gravelly reclamation and CPT A2-11 did not. 
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CPT-based liquefaction triggering analyses were 
performed using the deterministic Boulanger and 
Idriss (2016) procedure for the 2016 Kaikoura 
earthquake using a representative peak ground 
acceleration (PGA) of 0.2 g with M, = 7.8 (Cubri- 
novski et al. 2018). The computed factors of safety 
(FS) shown in Figure 5, which are well below one 
in much of the reclamation, indicate liquefaction 
should have been triggered in these areas of the 
port. The results of the liquefaction assessment are 
consistent with the observed liquefaction manifes- 
tation within the hydraulic fill, sandy reclamation, 
and gravelly fill at the port. 

Figure 6 schematically illustrates characteristic 
soil profiles along three cross sections: A-A’, B-B’ 
and C-C’, whose locations are shown in Figure 2. 
These profiles summarize key features of rec- 
lamation soil units, and the underlying marine 
sediments and Wellington Alluvium as character- 
ized by the CPTs. Traces of q, for CPTs located 
along these cross sections are included. The inset 
table, and q. and 7, numerical values embedded 
in the plots show characteristic ranges (25th and 
75th percentiles) for typical soil units. The verti- 
cal scale of the cross sections are exaggerated to 
show details, which distorts the shape of the slopes 


North 


North-South Sections 


and wharves. The gravelly reclamation fills show a 
consistent range of low tip resistance of q, = 4.7— 
7.7 MPa and J, = 1.9-2.3. The J, values imply soil 
responses consistent with sand-silt mixtures. In 
the central part of Thorndon Container Terminal, 
the CPTs detected a ‘mound’ of loose-to-medium- 
dense and medium-dense-to-dense sand with 
q.= 11.6-16.5 MPa and /,=1.5-1.7. At some CPT 
locations, the top part of the sand deposit consist- 
ently shows tip resistances at the low end of the 
above range, and at one of these locations the larg- 
est amount of clean sand ejecta was observed (i.e. 
at CPT A2-05). 


5 CONCLUSIONS 


Large capacity CPT equipment with a 15 cm? 
cone with pre-drilling and collaring systems ena- 
bled most of the CPTs to penetrate through the 
gravelly reclaimed fill so that effective characteri- 
zation could be completed. Although the fill was 
found to have relatively low penetration tip resist- 
ances and the gravelly sand was first thought to be 
free draining, negative pore water pressures were 
often measured which desaturated the porous 
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Figure 6. Schematic soil cross sections depicting key soil units at CentrePort (7x vertical scale exaggeration). Refer to 
Figure 2 for location of cross sections and CPTs. The tabulated q, and 7, are based on 25th to 75th percentile values for 
each soil unit across all representative CPTs. Slope geometry and bathymetry based on Tonkin & Taylor (2006, 2012) 


(from Cubrinovski et al. 2018). 
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stone and produced unreliable pore water pressure 
measurements in the fill. Pore pressure dissipa- 
tion tests led to recovery of the hydrostatic water 
pressure, but typically only for a few centimeters 
of advancement. Adjacent soil borings showed the 
angular fine-grained matrix of the gravelly sandy 
fill produced these responses. CPT liquefaction 
triggering assessments identified loose zones of fill 
which likely produced the measured lateral spread 
deformations and vertical settlement at the port 
that resulted in severe damage. 

In summary, the CPTs provide consistent and 
de-tailed characterization of the fills including 
clear distinction between the gravel-sand-silt mixes 
and pre-dominantly sandy fills, underlying marine 
sediment and Wellington Alluvium, and thickness 
of the stiff compacted fill crust. These CPT data 
will be further scrutinized and used to perform 
comprehensive liquefaction analyses using both 
simplified and advanced methods to elucidate 
the seismic performance of the reclaimed land, 
wharves, and buildings at the port. 
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Use of CPTu for design, monitoring and quality assurance of DC/DR 
ground improvement projects 


Aymen Brik 
Trevi Ground Engineering, UAE 


Peter K. Robertson 
Gregg Drilling & Testing Inc., USA 


ABSTRACT: CPTu has proven to be an important tool with a multitude of uses throughout the life 
cycle of a ground improvement project, starting from design, execution and verification. The aim of this 
paper is to present several aspects of using the CPTu results in DC/DR ground improvement practice, 
including: exploration of pre-improvement sub-soil conditions, evaluation of the soil compactability and 
selection of the most suitable ground improvement solution based on CPT SBT,-I, ranges, anticipation 
of the required compaction energy according to soil type and required level of ground stiffness. Several 
ground improvement case histories shall be presented to illustrate these different aspects. 


Keywords: Dynamic Compaction, Dynamic Replacement, CPTu, soil Compactability, compaction 
energy, cost effective 


1 INTRODUCTION This paper provides guidelines for evaluation, 
design and energy adjustment procedures for the 
Soil improvement techniques are typically imple- use of DC/DR to produce ground improvement in 
mented as value engineering solutions to founda- weak soil deposits, by using CPTu as the main in- 
tion, liquefaction and soil replacement problems, situ testing method. 
for a wide range of projects such as infrastructure, Although guidelines are useful in planning and 
residential buildings, oil & gas facilities, roads, implementing DC/DR techniques, it cannot replace 
railways, airports, marine structures, power plant good judgment and adjustments during the execu- 
structures and storage tanks. tion stage based on the observed ground response. 
For coarse-grained soils such as sands, silty 
sands, landfill, soil densification is a common 
ground improvement solution, using either 2 SUMMARY OF DC/DR TECHNIQUES 
Dynamic Compaction (DC), Rapid Dynamic 
Compaction or Vibro-Compaction techniques, | DC involves dropping heavy steel pounders repeat- 
according to the depth of improvement required, edly on the ground at regularly spaced intervals 
type of soil and project modalities. and applicable for a wide variety of soil conditions, 
For fine-grained soils, densification concept is particularly saturated & unsaturated loose sands, 
not possible due to the low-permeable soils that non-organic fill, reclaimed fill, landfill deposits 
can inhibit the dissipation of excess pore pressures and collapsible soils. 
and, therefore, reduce the compaction effective- DR is an extension of DC for fine-grained 
ness. For this category of soils, improvement often soils where the tamping energy drives granular 
requires substitution of the weak fine-grained fill material down into the compressible soils to 
soil by creating compacted columns, using gravel form a large diameter soil reinforcement column 
or sand material, through the soft soil layers, by with a typical diameter of 2.0 to 2.2 m. DR can be 
means of Dynamic Replacement (DR) and Vibro-  pre-excavated, and then partially backfilled with 
Replacement methods. granular fill material, which is then driven into the 
DC and DR techniques have benefited from soft layer by the drop weight to the design depth of 
many developments in recent years, which have improvement. 
increased its effectiveness, sustainability and range DR combines the advantages of DC with those 
of applications. of stone columns (Vibro-replacement) by creating 
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large-sized columns with high internal shearing 
resistance and stiffness as well as overall improve- 
ment of the mechanical properties of the interme- 
diate soil. 


2.1 Improvement/Compaction energy 


The improvement/compaction energy is generally 
applied in phases on a grid pattern using either 
single or multiple passes. For each pass, a certain 
number of blows is applied for each impact point, 
which involves the use of different size pounders 
(tampers) and drop heights. 

The total compaction/improvement energy is 
calculated as the sum of different levels of energy 
applied for different steps/passes, as follows: 

Total Applied Energy: 


E = Y N.W.H.P/((GS y? 
Unit Applied Energy: 


UE = E/D 


N = Number of drops at each specific point 
location 

W = Pounder weight (kN) 

H = Drop height (m) 

P = Number of passes 

D = Depth of improvement (m) 

GS = Grid spacing (m). 


On typical projects, the Total Applied Energy 
(E) ranges from about 1 to 3 MJ/m? for sandy mate- 
rial (DC application) and 3 to 8 MJ/m? for cohesive 
soils (DR application). The Unit Applied Energy 
(UE) ranges from about 200 to 500 KJ/m? and 500 
to 1000 KJ/m*, respectively for sandy material (DC 
application) and cohesive soils (DR application). 

The above values are indicative only and can be 
considered as guideline benchmarks. However, the 
required amount of energy should be determined 
(designed) taking into consideration the following 
main parameters: 


Classification of the material/soil to be improved 
. Water table conditions 

Depth of improvement 

Required degree of improvement 

Other site conditions that might impact the 
application of compaction energy (presence 
of hard layer, site vicinity, etc.) 


3 KEY SOIL PARAMETERS 


A pre-improvement soil investigation campaign 
is always required to provide on sub-soil con- 
ditions. If soil improvement is deemed to be 
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required, the following key parameters should be 
determined: 


— Depth of improvement required, 

— Water table conditions, 

— Type of soil to be improved, 

— Soil gradation (mainly coefficient of uniform- 
ity, percentages of fines and clay content), where 
borehole/sample data are available 

— The CPT-based Normalized Soil Behavior Type 
(SBT,-I,), where CPT data are available, 


n e 


The CPT has been found to be one of the best 
methods to assess most soil parameters required 
for the design and optimization of soil improve- 
ment works, due to the continuous, reliable and 
repeatable nature of the data. 


3.1 Introduction about CPT 


Robertson (2009) suggested that normalized CPT 
values were more effective to identify soil behavior 
type and that normalized parameters are derived 
from the corrected cone tip resistance (q) and 
sleeve friction (f) and in-situ vertical stress (0’,,). 
The Soil Behavior Type Index (I,) is then calculated 
from normalized CPT cone resistance, as explained 
below: 


1, = (8.47 — log(0,,)P +(1.22+log(E)P) (1) 
where 
Q, - 2 os [wen 2) 
Pa 
And 
E ds o 
F. = x 100% (3) 
4.0, 
where Q,, = Normalized cone resistance; 
F. = Normalized friction ratio (%); G,, = total 
vertical stress at tip level; p, = Reference 
stress = 100 kPa. 
CN = ES (4) 
Ho 


where n = 0.5 if I, < 1.64; n = 1.0 If I, > 3.30; n = 
(I, — 1.64)0.3 + 0.5 if 1.64 <I, < 3.30 

The I, calculation is based on an iterative 
procedure, by assuming a stress component 
n = 1.0 first, which applies for clay-like soils, then 
iterate until the change in the stress exponent 
An < 0.01. 


4 COMPACTABILITY OF SOILS 


The first step in soil improvement design is to 
determine whether the soil can be densified or not, 
which has a great impact on deciding the most 
suited and economical soil improvement method. 

Mitchell (1982) identified soils that can be com- 
pacted according to grain size distribution and 
suggests that most granular soils with a fines con- 
tent (particles < 0.064 mm) lower than 10% can be 
compacted by vibratory and impact methods. The 
main disadvantage of this method is that grains 
size curves are concluded from laboratory tests on 
disturbed soil samples, while it is preferable to use 
parameters taken from in-situ tests. 

The USA Federal Highway Administration 
(FHWA) also have criteria to evaluate compactibility 
using DC method based on grain-size distribution. 

The FHWA guidelines suggest that soil with a 
fines content less than 20% are suitable for com- 
paction using DC. FHWA also provide some 
guidance to predict the post-densification q, as a 
function of applied energy. 

Massarsch (1991) proposed criteria for vibra- 
tory compaction methods based on CPT cone 
resistance and friction ratio values as shown 
on Fig. 1. It should be noted that this diagram 
assumes homogeneous soil conditions. In the case 
of thin layers of silt and clay, the effectiveness of 
soil compaction will be reduced. 

The CPTu can also be used to identify the occur- 
rence of less permeable silt and clay layers. 

It is worth mentioning here that DC/DR 
extends the range of compactable soils beyond 
that which is normally undertaken by conventional 
compaction or vibro compaction. One of the main 
objectives of this paper is to adjust the compacta- 
bility limits, as applicable to DC/DR technique 
and provide guidance for suitability/compactabil- 


compactabie 


CONE PENETRATION RESISTANCE, MPa 


1,5 
FRICTION RATIO, % 


Figure 1. Soil classification for deep compaction based 
on CPT (After Massarsch, 1991). 
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ity analysis, based on case history data collected 
from projects executed using DC/DR techniques. 


4.1 Soil compactibility based on Ic values 


Several researchers have shown that soil behav- 
ior type Index (I,) is a better indicator of the soil 
compactability (e.g. Robertson, 2015), rather 
than using physical characteristics of the soil (e.g. 
Atterberg limits, grain size distribution). The CPT 
responds to the in-situ mechanical behavior of 
the soil (strength, stiffness, compressibility) and 
not directly to soil classification criteria based on 
grain-size distribution and soil plasticity measured 
on disturbed soil samples. 

Coarse-grained soils essentially plot in SBT 
zones 5, 6, 7 and 8 on the normalized SBT, chart 
by Robertson (2009), and can be considered as 
compactable soils. Soils with high fines content 
(> -35%) or high soil behavior index (I, > 2.6) are 
generally less compactable. 

The ground behavior during ground treatment 
is always considered as the best indicator of the 
soil compactability. Typically, Heave & Penetra- 
tion Test (HPT) shall be performed at the start of 
any DC/DR project, in order to analyze the effects 
of compaction and determine the optimum execu- 
tion parameters to be used during the production 
phase. The HPT test consists of hitting the soil 
with the maximum energy of compaction in order 
to measure the ground penetration and heave (if 
any) after each blow, by installing topographic sur- 
vey points inside and adjacent to the compaction 
point and measuring the change in ground eleva- 
tion following each drop of the pounder. 

In extremely loose deposits and/or in saturated 
conditions, the depth of crater (penetration) shall 
be limited to a certain maximum value in order to 
ensure the stability of the equipment, to avoid loose- 
ness of the soil at the base of crater and to avoid 
generating high pore water pressures in the soil. 

Ground heaving is an indication that the soils are 
displacing plastically at no volume change rather 
than compacting. The energy is being transmitted 
through the pore water and, at this time, DC/DR 
is ineffective in causing densification. The ground 
heave adjacent to the crater shall be compared to the 
volumetric displacement within the crater. When the 
peripheral ground heave equals the change in crater 
volume, plastic deformation without densification is 
occurring. No additional energy should be applied 
if this condition occurs until there is a rest period to 
allow excess pore water pressures to dissipate. 

Based on ground improvement practice in the 
Middle East, soils with I, less than 1.95 can be 
effectively densified using Vibro Compaction, 
while Dynamic Compaction can work ideally up 
to Ic of 2.25 or even 2.6 on certain cases (mainly 


Table 1. Case studies. 


DOI W.T 
# Location GI Soil type m m 
1 Zamil-KSA DC Sand mixtures 8 1.5 
2 Dubai-UAE DC/DR Sands 5 3 
3 AbuDhabi DC/DR Sand mixtures 5 2.5 
4 Jizan-KSA DC Sands 5.5 d 
5 Dammam-KSA DC Sands 5 1 
6 Bangladesh DC Sand mixtures 5 2 
7 Duba-KSA DC/DR Sand mixtures 6 2 
8 Dubai-UAE DC Sands 7 1.5 
9 Dubai-UAE DR Silt mixture 6 1.5 
10 Jizan-KSA DC/DR Sand mixtures 6 5 
11 AbuDhabi DR Silt mixtures 6 4 
12 Kuwait DR Silt mixtures 5 1 
13 Jubail-KSA DR Clays 8 1 
14 Qahma-KSA DR Silt mixtures 8 2 
15 Qatar DC Sands 8 1 
16 AbuDhabi DC Sands 4 3 
17 Jizan-KSA DC/DR Silt mixtures 9 2 
18 Jizan-KSA DR Clays E 3 
19 Shuqaiq-KSA DR Clays 6 1 
=: Ground improvement technique used 


D.O.I: Depth of improvement for the specified project 
W.T: Water table depth from the working platform level, 
for the specified project 


when working on unsaturated conditions). Silty/ 
clayey soils, with I, greater than 2.6, would require 
the implementation of DR method. 

The above limit values are empirical and should 
be used only as a guide, subject to further adjust- 
ment and verification based on site conditions, 
such as, water table depth and overall soil stratig- 
raphy. A trial area should be performed for each 
technique prior to the main soil improvement 
works in order to confirm its efficiency and adjust 
different design parameters. 


5 CASE STUDIES 


The present study is based on results collected from 
ground improvement projects carried out in the 
Middle East region. The case studies were selected 
to ensure that all data used are interpretable, accu- 
rate and reliable, starting from general informa- 
tion, test results, improvement energy, execution 
parameters and site observations. Table 1 summa- 
rizes the basic elements for each project. 


6 ANALYSES 


The following parameters were used for the assess- 
ment/analysis of results: 
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— AQ. = change (increase) in cone tip resist- 
ance, due to ground improvement, measured in 
between compaction points. 

— AQ.» = change (increase) in cone tip resistance, 
due to ground improvement, measured inside 
columns (in case of DR application) 

— E: Total Applied Energy (kJ/m?) 

— UE: Unit Applied Energy (kJ/m?) 


= effici a pps AER RARO 
a = efficiency factor, = -pami 


6.1  Compactability of soils 


The results of CPT conducted before and after 
ground improvement have been collected and seg- 
regated according to the on the normalized SBT, 
classification and level of energy applied during 
DC/DR works, and then represented in form sum- 
mary table hereinbelow and illustrative charts in 
Figures 2, 3 and 4. 

The gain in cone resistance (Aq.,) measured in 
between compaction points and efficiency factor 
(0) are good indicators about the soil compactabil- 
ity and the zones suitable for DC or DR. Marginal 
enhancement of the cone resistance together with 
low efficiency factor (less than 1) could indicate the 
boundary between the necessity of adding mate- 
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Figure 2. Improvement of cone resistance Aq,, vs Ie 


between compaction points. 


Table 2. Aq., — summary values. 


Zone Ic AQ. a 
1 <2.25 10-20 MPa 2.0-5.0 
2 2.25-2.60 5-10 MPa 1.0-3.0 
3 2.60-2.95 0-5 MPa 0.5-1.0 
4 >2.95 Negligible - 
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AqcB = 4.5 x In (E) + 8.7 
= AqcB =3.1 x In (E) + 5.9 


= — AgcB =2.9x In (E) + 3.2 


— -+AqcB=2.2 x In (E) - 1.0 


-AqcB = 2.1 x In (E) + 1.8 


3.0 
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Figure 4. 


rial (DR) or densification (DC). Indeed, the strain 
softening behavior of the soil due to compaction 
energy, as it can be identified during compaction 
by monitoring the ground penetration & heave, can 
indicate the necessity to proceed with filling the col- 
umns/craters or further conventional densification. 

Based on the above, the soils defined by 
“I, < 2.25” can be clearly identified as suitable for 
DC, while soils defined by “2.25 < I, < 2.60” appear 
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Improvement of cone resistance Aq, vs total applied Energy, between compaction points. 


to be the “economical” limit between DC and DR. 
For Ic greater than 2.60, pure densification would 
not be economical anymore and this zone can be 
classified so as suitable for Dynamic Replacement. 


6.2 Prediction of compactionlimprovement energy 


The gain in soil stiffness/strength following DC/DR 
is difficult to predict in advance of the actual work 
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Figure 5. Improvement of cone resistance Aq., vs 


total applied Energy, inside columns (in case of DR 
application). 


since the improvement depends to a large degree 
upon the soil reaction during improvement proc- 
ess and the amount of energy applied. 

The pre-improvement soil parameters and 
experience on similar projects can provide helpful 
guidelines in estimating the maximum and aver- 
age amount of improvement that can generally be 
achieved following DC/DR application. 

Figure 4 shows average cone resistance values 
that were measured in soil between compaction 
points following DC/DR as a function of the soil 
type (represented by 1.) and total applied energy. 

Figure 5 shows the average cone resistance 
values measured inside compacted versus total 
applied energy. There is considerably more scatter 
in the data measured inside compacted columns 
due to difference in the type of material used to 
form the DR pillars/columns for each project and 
due to different conditions of surrounding soil. 

The average of cone resistance values were cal- 
culated over the depth of improvement for each 
specific project. This average is always less than 
the maximum amount that generally occurs at 
a depth of 1/2 to 1/3 of the maximum depth of 
improvement. 


7 CONCLUSION 


Ground improvement techniques are used increas- 
ingly in the Middle East region, as well as other parts 
of the world, as value engineering solution to chal- 
lenging ground conditions. In comparison to other 
soil improvement solutions, the implementation of 
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DC and DR techniques requires careful design and 
extensive monitoring during different project phases. 

Cone penetration tests (CPT) provides valuable 
information for design, monitoring and optimiza- 
tion of the DC/DR works. The cone tip resistance 
measurements to indicate improvement of the soil 
resistance. The sleeve friction combined with cone 
resistance can be used for soil characterization as 
well as to estimate changes in lateral stress due to 
the applied ground improvement. 

In this paper, an attempt has been made to 
provide guidelines to evaluate soil compactability 
and energy requirements using the CPT. Although 
guidelines are useful in planning and implement- 
ing DC/DR techniques, it cannot replace good 
judgment and adjustments during execution stage 
based on the ground response. The design engineer 
must always use good judgment to supplement or 
alter the guidelines. 
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Cost effective ground improvement solution for large scale 
infrastructure project 


Aymen Brik 
Trevi Ground Engineering, UAE 


David Tonks 
Coffey, Technical Director, UK 


ABSTRACT: A safe and cost-effective solution has been applied for large scale infrastructure project 
in Dubai (UAE), with the use of locally available sands material to create Dynamic Replacement (DR) 
reinforcement columns, enabling the construction of the planned development directly on the improved 
ground without need for deep foundations or soil replacement measures. Significant savings in terms of 
construction time and cost have been achieved. Cone Penetration Testing (CPT) has been used in this 
project as the best suited and most reliable tool for design and monitoring of DC-DR projects. It pro- 
vides valuable information and serves as a basis for design, monitoring and optimization of the ground 
improvement works. This paper briefly describes the use of CPT for the optimization of the ground 
improvement solution as well as for the entire project life-cycle. 


Keywords: Dynamic Replacement, carbonate sand, shell, economical, correlation, CPT, PMT 


1 INTRODUCTION technique for this project, as a global treatment 
procedure for the entire project plot, with the pos- 

The proposed project is a multi-use development sibility of using the local available material at the 

which includes residential, commercial, hotel and ground surface, as replacement material for back- 

apartments, retail, public facilities, open spaces, filling the created DR columns. 

roads and parks. The site is located within the As for the project requirements, the improved 

Godolphin river city development of Meydan in soil conditions were to be capable of sustaining 

Dubai (UAE) facing Al Khail Road on the north- a net pressure greater than 150 kPa for shallow 

ern boundary with a total plot area of approxi- foundations, with settlement less than 25 mm and 

mately 1,000,000 sq.m, to be developed in several 50 mm, for isolated footings and mat founda- 

phases. The project phase, subject of the present tions respectively. A minimum factor of safety of 

paper, covers a total area of about 300,000 sq.m. 1.0 was also required against liquefaction hazard 
Preliminary soil investigations revealed very posed by an earthquake of magnitude 6 and PGA 

heterogeneous soil conditions with the presence  of0.15g. 

of very loose or soft fine silty SAND, SILT and 

CLAY layers, with high carbonate and shell con- 

tent, within the top 5-7 meters, followed by alter- 2 PRE-IMPROVEMENT SOIL 

nate layers of SILT and SAND with medium to CONDITIONS 

high stiffness. Therefore, ground improvement was 

deemed to be indispensable in order to improve A pre-improvement soil investigation campaign 

the ground conditions, eliminate the soil liquefac- had been carried out at the site prior to the start of 

tion risk and provide a safe platform satisfying the ground improvement works, in order to perform 

project requirements, in terms of allowable bear- necessary field exploration, test and analysis of the 

ing capacity and settlement, which will enable the sub-soil. 

natural ground to safely support the foundations The main objective was to assess the prevail- 

loads relevant to the foreseen development. ing geotechnical conditions at the site and derive 
Dynamic Replacement was accepted as the necessary recommendations regarding the key 

most suitable and economical soil improvement soil parameters required for ground improvement 
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Table 1. Soil classification according to normalized 
CPT Soil Behavior Type (SBT,) chart; (Reference CPT 
Guide 6th Edition by Robertson, 2009). 


Soil behavior 


Zone Soil type type (Ic) 
1 Sensitive, fine grained N/A 

2 Organic Soils—Clays N/A 

3 Clays—Silty Clay to clay N/A 

4 Silt Clay Mixtures 2.95-3.6 
5 Sand Silt Mixtures 2.6-2.95 
6 Clean Sands to silty Sands 2.05-2.6 
7 Gravelly sand to dense sand 1.31-2.05 
8 Sensitive, Fine grained N/A 

9 Very stiff, fine grained N/A 


design, including depth of improvement, water 
table conditions, type of soil to be improved, soil 
gradation where borehole/sample data were avail- 
able and CPT-based Normalized Soil Behavior 
Type (SBT,-I.), where CPT data were available. 

Several researchers have shown that soil behav- 
ior type index (SBT,-I,) is a better indicator of 
the soil compactability (e.g. Robertson, 2015), 
than using physical characteristics of the soil (e.g. 
Atterberg limits, grain size distribution). The CPT 
responds to the in-situ mechanical behavior of 
the soil (strength, stiffness, compressibility) and 
not directly to soil classification criteria based on 
grain-size distribution and soil plasticity measured 
on disturbed soil samples. 


2.1 Pre-improvement soil profile 


The following soil profile was abstracted as the 
most representative of the pre-improvement soil 
conditions over the area to be improved: 


— From 0 to 1-2 m below the NGL: Loose to 
medium dense silty Sand (layer A) 

— From 1-2 m to 5-7 m, below NGL: Sand and 
Silt mixtures, with presence of shell fragments, 
with cone resistance values as low as 1 MPa 
(layer B). 

— Below 5-7 m/NGL: Dense to very dense Silty 
Sand, with presence of shell fragments (layer C). 

— Incompressible stratum (sandstone/mudstone) 
generally encountered in this region at depths 
ranging between 10 to 15 m below the natural 
ground level. 


The water table was encountered at depths rang- 
ing between | to 2 m below the natural ground level 
(NGL). 

The soil properties, as correlated from available soil 
investigation data (mainly CPT), reflected the low soil 
strength of the soil, mainly within layers A and B. 
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Figure 2. 
(location 2). 


Example of pre-improvement CPT profile 


Table 2. Pre-improvement soil properties, location 1. 


qa £ E S 0 No 
Layer MPa kPa MPa kPa °  Blows/30 cm 
A-l/Sands 7.0 50 20 o 35 15 
B-d/Silts 15 10 5 10 8 2 
C-d/Sands 15.0 80 >70  — 40 >25 
Table 3. Pre-improvement soil properties, location 2. 

a ff E S, Y No 
Layer MPa kPa MPa kPa °  Blows/30cm 
A-l/Sands 5.0 30 15 — 32 10 
B-l/Sands 2.5 10 7.5 — 30 5 
C-d/sands 20.0 100 >80 - 45 >30 


l: loose; s: soft; d: dense. 


The following table presents the average values 
for physical properties of the soil, as correlated 
from soil investigation data: 


— qi: cone resistance 
— f: sleeve friction 
— E,: young modulus 
— S,: undrained shear strength 
— $': friction angle 
— Ny, SPT-N Value 
Special attention was given to the presence of 
shell fragments at many depths (generally more 
than 50%), which may affect the results to be 
obtained after improvement. A suitable shell cor- 
rection factor was duly considered and applied. 
Specific analysis of the surface soil conditions 
(Layer A) has been performed by including results 
of trial pits, sieve analysis tests and correlations 
from CPT in order to assess the suitability of sur- 
face soil conditions for use as backfilling material 
to the DR columns. The following minimum speci- 
fications are considered for this purpose: 


— Max. Fines content (passing sieve#200): 20% 
(CPT-I, less than 2.2). 

— Maximum of 10% of the particle size by weight: 
300 mm 

— Free from any organic matters, non-plastic 

— Clay content less than 1% 

— Organic content of the fill: less than 1% 


In the light of the obtained results, it was con- 
cluded that the natural ground surface materials 
(for most of the project plot) could be used for 
the backfilling of DR columns by cutting for the 
natural platform and backfilling within the created 
craters, which would allow substantial saving in the 
cost and time of ground improvement works. 
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3 IMPLEMENTATION OF DR METHOD 


Based on the analysis of the pre-improvement 
soil data and project conditions and from expe- 
rience on similar projects, Dynamic Replace- 
ment (DR) technique was assessed to be the 
most suitable and economical soil improvement 
method for this project, with use of the natural 
sand material as available at site to create the DR 
columns. 

DR is a real time adjustment technique, for 
which all production/design parameters cannot be 
determined/anticipated in advance of the actual 
site works. Heave & Penetration Tests need to be 
performed at the calibration stage in order to ana- 
lyze the effects of compaction and determine the 
optimum execution parameters to be used during 
the production phase. 

In addition to the Heave & Penetration Tests, 
CPT should be systemically carried out as part 
of the quality assurance program to monitor 
the ground behavior and ensure that the project 
requirements are met at every treated point. 

Ground heave measurements can be obtained 
at occasional drop point locations by install- 
ing topographic survey points adjacent to the 
compaction points and measuring the change in 
elevation following each drop of the tamper. If 
enough observation points are established, the 
ground heave adjacent to the crater can be calcu- 
lated. This can then be compared to the volumet- 
ric displacement within the crater itself, which is 
also determined from elevation readings. When 
the peripheral ground heave equals the change in 
crater volume, plastic deformation without densi- 
fication is occurring. No additional energy should 
be applied if this condition occurs until there is a 
rest period to allow excess pore water pressures to 
dissipate. 

In this project, DR was implemented through 
a succession of tamping by dropping a 15 to 
23 tonne weight from a height of up to 20 m and 
backfilling in sequence. Several stages (passes) 
are required to allow the ground pore pressures 
to dissipate and then further tightening. Two to 
three passes of 6 to 10 blows/each were success- 
ful in forming columns at about 12-20% area 
ratio to depths of 5-7 m. Settlements were shown 
to be reduced from in excess of 70 mm predicted 
under 150 kPa loading to well below with 25 mm 
post-improvement. 

Low weight pounder are usually used in the 
first pass, while weight & height are increased in 
the subsequent passes. The depth of craters was 
limited to 1.5 m for each pass, with a minimum 
thickness of 1 m above water table level during the 
entire process, in order to ensure safe & efficient 
application of DR method. 


Due to the size of the project and heterogeneity 
of surrounding soil conditions (mainly the amount 
of fine grained material and depth of improve- 
ment), the total amount of energy ranged from 
300 to 750 kJ/m' with an overall average value of 
550 kJ/m!. 


4 CONE PENETRATION TESTS 


The cone resistance test (CPT) is the most suited 
and reliable tool for design and monitoring of 
DR projects. It provides valuable information and 
serves as a basis for design, monitoring and opti- 
mization of the ground improvement works. CPT 
provides cone tip resistance measurements to indi- 
cate improvement of the soil resistance. 

The sleeve friction combined with cone resist- 
ance can be used for soil characterization (friction 
ratio values) as well as to estimate changes in lateral 
stress due to the applied ground improvement. 

Cone penetration tests were used also for the 
control and verification of ground improvement 
through comparison of the achieved post-improve- 
ment results versus pre-improvement conditions 
and project performance lines, which allow quick 
verification of the ground improvement efficiency 
during execution. 

For this purpose, equivalent soil parameters are 
considered, according to the post-improvement 
test results achieved inside DR columns and inter- 
mediate soil: 


Cone resistance, qc in MPa 


10 


20 25 
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-6 = = qc Performance line 
—— After Improvement (qc*eq) 
- = = - Before Improvement (qc) 
27 . 
Figure 3. Example of verification of CPT-performance 


line at location 1 (soil type: silt/clay, treatment grid: 
4.25 x 4.25 sqm). 
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Figure 4. Example of verification of CPT-performance 
line at location 2 (soil type: sand/silty sand, treatment 
grid: 6 x 6 sqm). 


Gorey =" Gp Îl rana (1) 
where: q.pis the cone resistance measured inside the 
DR column prints; q,., is the corrected cone resist- 
ance measured in the intermediate soil; quq = the 
equivalent cone resistance; r = the treatment ratio, 
i.e. r=7.R7/L’; R = the radius of the print; L = the 
grid spacing. 

The gain in cone resistance Aq, (MPa), as 
measured in between compaction points, ranged 
between 5 to 8 MPa for silt/clay (location 1) and 7 
to 12 MPa for sand/silty sand (location 2). Consid- 
erably higher values were achieved inside the DR 
columns, up to 15-20 MPa. 


5 CORRELATION PMT/CPT 


Many references are available from the literature 
giving indicative values of correlations between 
q. and PMT parameters P, limit pressure and E,, 
pressuremeter modulus or E,, Young modulus. 

Briaud et al. (1985) proposed correlations 
between q. and PMT parameters P, limit pressure, 
and E „ pressuremeter modulus, as shown in Table 4. 

A preliminary correlation factor can be deter- 
mined from literature, as a first step, to be further 
adjusted/confirmed by in-situ correlation based on 
the actual site conditions. 


5.1 Specific in-situ correlation 


A specific correlation has been developed as part 
of the calibration works, by comparing the cone 


Table 4. Correlation between PMT and CPT according 
to Briaud et al. (1985). 


Soil PMT Correlation 
type parameter to CPT 
Sand P, 0.2q. 

E, 2.50. 
Clay P, 0.11q. 

E, 1.15 q. 


resistance values, to the limit pressure values and 
Young's modulus values, as obtained from PMT 
tests. As a first step, different values for shell cor- 
rection factors (SCF) were considered (1, 1.2 or 
1.5) for the intermediate soil, in order to take into 
consideration the effect of shell presence and derive 
a comprehensive combined correlation factor. 

The second step consisted of further adjusting 
the obtained correlation factors, by means of itera- 
tive analysis of the bearing capacity and settlement 
considering different values of correlation factors, 
as concluded from step 1. 

The final correction factor adopted for the 
project was determined as the one which gives the 
most convergence and concordance between both 
analyses from CPT and PMT. 

A SCF of 1.2 was adopted to correct the cone 
resistance values measured in intermediate soil 
where shell soils are present. This was found to 
been reasonably cautious in the light of the sub- 
sequent testing, further discussed below. The con- 
cluded correlations factors for different areas are 
summarized below: 


5.2 Recommended values 


Based on the obtained results, the following cor- 
relation factors were concluded: 
Intermediate soil (silt-clay mixtures): 


— Young Modulus: E/ q; = 3-5 
— Limit pressure: P/ q. = 0.10-0.12 


Inside DR columns (compacted sand): 


— Young Modulus: E /q, = 6-8 
— Limit pressure: P,/q, = 0.15-0.2 


5.3 Validation by zone load test 


In order to validate the above correlation factors, a 
zone load test (3 x 3 m square) has been performed 
at site. The settlement results obtained satisfac- 
torily confirmed the above recommended values, 
with good safety margin. 

The Young's Modulus values were verified by 
back calculation from the zone load test measured 
settlement, as per the correlation proposed by US 
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Figure 5. Example of output from correlation factor 
analysis (Ey/q,”) at location 2, Step 1. 
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Figure 6. Example of output from correlation factor 
analysis (E,/ q.) at location 2, Step 2. 


Army Corps of Engineers, No. 9 ASCE “Settle- 
ment Analysis” as described below 


Table 5. Correlation factors. 


P E hs 
Zone PMT MPa MPa CPT MPa Soil P/q* E/q* 
Al 203-B 1.8 21.0 203-B 17.8 Sand 0.10 3.5 
203-P 3.2 38.5 204-p 21.2 Sand 0.15 5.4 
A4 211-B 1.8 29.0 291-B 21.7 Sand 0.08 4.0 
212-P 2.7 31.2 292-P 19.0 Sand 0.14 5.2 
D1 203-B 2.1 25.5 219-B 19.7 Sand 0.11 3.9 
204-P 2.7 31.4 220-P 17.3 Sand 0.16 5.4 
205-B 2.0 22.0 225-B 17.9 Sand 0.11 3.7 
206-P 2.7 24.8 226-P 17.4 Sand 0.16 43 
A2 205-B 1.7 28.0 235-B 18.6 Sand 0.09 4.5 
206-P 3.2 44.0 236-P 21.1 Sand 0.15 6.3 
A3 207-B 1.4 24.2 259-B 12.4 Silt 0.11 3.9 
208-P 2.7 35.9 260-P 20.4 Sand 0.13 5.3 
209-B 1.3 21.1 275-B 11.4 Silt 0.11 3.7 
210-P 3.5 46.7 276-P 20.5 Sand 0.17 6.8 
Average (P/q.) inside Pillar 0.15 6.0 
Average (P/q.” for intermediate soil 0.10 4.0 


(*) Shell correction factor of 1.2 applied to cone resist- 
ance values measured within the intermediate soil. 


„e 
mao “le D 
Aq 
where E, = Youngs Modulus; u = Poisson’s 


Ratio = 0.3; Ap = settlement from zone load test 

in inches (5.7 mm); Aq = applied pressure in psi 

(300 kPa); 

B, = Width of zone load test footing in inches 
(3 m); 

I, = Shape Factor 1 for square footing. 


The correlation factor was then derived as 
the ratio between the Young’s modulus directly 
obtained from ZLT results to the cone resistance 
average value as measured from CPT within the 
same location of ZLT (inside pillar). 

As per the obtained results, the correlation fac- 
tor (E,/q.) inside DR pillars, as obtained from ZLT 
results, is about 7.2, which reasonably validates the 
value assessed from trial area results. 


6 CONCLUSION 


Dynamic Replacement (DR) technique can be 
safely, sustainably and efficiently used for mitigat- 
ing foundations settlement and soil liquefaction 
risk caused by the presence of weak soils, such 
as fine sand, silt or clay, with use of natural sand 
deposits as replacement material for the DR col- 
umns in suitable circumstances. 

A proper implementation of the DR technique 
requires careful design, substantial suitability trials 
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and testing and extensive validation monitoring 
during different project phases. This is most practi- 
cable by the use of rapid and reliable in-situ testing 
procedures based on CPT. 
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ABSTRACT: An extensive research program for soil testing has been conducted on five soft clay depos- 
its located in Finland. This research project aims to collect data from high quality in-situ and laboratory 
tests and derive correlations for the strength and deformation properties specific to Finnish clays. In the 
literature, several authors have proposed correlation models for the deformation properties of soft clays 
based on CPTu measurements. However, such models are often calibrated for a specific site or a specific 
soil type. Consequently, these models must be validated before applying them to different soil conditions. 
In this paper, existing correlations for the deformation properties of soft clays based on CPTu data are 
compared to the test results from the investigated sites. The validity of the existing models is assessed for 
Finnish clays by evaluating their bias and uncertainties. 


1 INTRODUCTION 

The cone penetration test (CPTu) offers the ability 
to quickly and economically evaluate subsurface 
soil conditions. The traditional piezocone test pro- 
vides continuous and independent measurement 
of three different parameters: cone tip resistance 
(q,), sleeve friction (f), and pore water pressure (u) 
in saturated soils. Moreover, sensors can be added 
to the traditional probe to obtain additional data. 
For instance, with seismic piezocone (SCPTu) and 
resistivity piezocone (RCPTu), it is possible to pro- 
file shear wave velocity and electrical conductivity, 
respectively. 

Even though the CPTu test is widely used in 
Scandinavia, the field vane (FV) shear test is still 
the most commonly employed in-situ investiga- 
tion tool in Finland to determine undrained shear 
strength (s,). Deformation properties, such as stiff- 
ness and/or preconsolidation pressure (0',), are 
generally evaluated using constant-rate-of-strain 
(CRS) oedometer tests. 

Tampere University of Technology (TUT) pur- 
chased a piezocone equipped with seismic and 
resistivity cones in order to establish the CPTu cor- 
relations for the strength and deformation proper- 
ties of Finnish soft clays. Preliminary results have 
been reported by Di Buo et al. (2016). 

Various empirical correlations have been pro- 
posed in the literature for determining geotechni- 
cal parameters based on CPTu data (e.g., Kulhawy 
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and Mayne, 1990; Chen and Mayne, 1996; Karl- 
srud et al., 2005; L'Heureux and Long, 2017). 
However, in practice, the use of such correlations 
to evaluate local soil conditions requires validation 
and, possibly, calibration. 

The main goal of the present study is to verify 
the validity of existing global and regional CPTu- 
based correlations for the deformation parameters 
of soft clays. A data set consisting of high qual- 
ity laboratory and in-situ data gathered by TUT is 
exploited to verify these correlations in Finnish soil 
conditions. The analysis focused on the deforma- 
tion parameters determined from CRS oedometer 
tests on soft clay samples from five sites in Finland. 
The bias and uncertainties of the correlations are 
evaluated with respect to the data set. 


2 TEST SITES 


This paper presents the results from the investiga- 
tion conducted on five different soft clay test sites 
located in Southern Finland. The main geotech- 
nical properties, including natural water content 
(w), plasticity index (PJ), overconsolidation ratio 
(OCR), and sensitivity (S,) are shown in Table 1. 
The Pernió test site is located on the southwest- 
ern coast of Finland, next to the railway track 
connecting the cities of Helsinki and Turku. The 
stratigraphy consists of a 1.5 m thick dry crust 
layer overlaying an 8-9 m thick soft clay layer. 


Table 1. Geotechnical properties of the five investigated 


sites. 
SITE z(m) w(%) PI OCR* Sm 
Pernió 2-3 100-120 40 2 40-60 
3-6 70-90 20-30 1.3-1.6 40-50 
6-8 90-100 40 1.3-1.4 50-70 
Lempăălă 3-4 110-130 40 1.2-1.5 30-40 
48 60-80 20-30 1.2-1.4 30-50 
Masku 3 80-90 40 1.5-1.7 20 
3 110-120 60-70 1.5 20 
8 70-80 40 1.2-1.5 20 
Paimio 3-6 50-80 20 1.6-1.8 80-100 
6-9 90-110 30-40 1.3-1.4 60-80 
Sipoo 24 80-90 40-50 1.7-1.9 20-40 
49 100-120 50-60 1.3-1.5 20-30 


*OCR determined from the CRS tests; **S, determined 
from the Fall Cone (FC) test. 


The clay content varies from 60% at a depth of 3 m 
to 90% at a depth of 8 m. The organic content is 
less than 1%. The site has been previously investi- 
gated and results are reported by Lehtonen (2011) 
and D’Ignazio et al. (2015). 

The Lempäälä site is located near the city of 
Tampere, along the railway track to Helsinki. The 
deposit consists of a 1.5 m thick layer of weath- 
ered clay crust followed by 1.5 m of organic soil 
overlaying soft sensitive clay. The clay content 
is approximately 60% and the organic content is 
approximately 5% above a depth of 3 m and less 
than 1% in the soft clay. 

The Masku test site is located on the southwest- 
ern coast of Finland, near the city of Turku. The 
stratigraphy consists of 1.5 m of weathered clay 
crust over an 11 m thick soft clay deposit. Masku 
clay is the least sensitive (S, = 20) among the clays 
presented in this study. The clay content varies 
between 60% and 90%. The organic content is less 
than 2%. 

The Paimio site is located close to the city of 
Turku, in the southwestern region of Finland. The 
stratigraphy consists of a 2 m thick dry crust over 
a 10 m thick soft clay deposit. Two soft clay lay- 
ers with different properties were found: a leaner 
upper clay layer and a lower layer of more plastic 
clay with a higher w. The clay content of the top 
layer ranges between 40% and 60%, increasing up 
to almost 100% at greater depths. The organic con- 
tent of the entire deposit is less than 1%. 

The Sipoo test site is located 30 km north of the 
city of Helsinki. Index test results reveal the presence 
of a deposit of homogeneous soft clay with a depth 
ranging between 2 m and 9 m characterized by the 
highest PJ values among all the five investigated sites 
(PI = 60). The clay content increases as the depth 
increases, from approximately 60% at a depth of 3m 
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to 90% at a greater depth. The organic content is 
consistently lower than 2% throughout the deposit. 


3 EXPERIMENTAL PROGRAM 


The investigation included both in-situ and labora- 
tory tests conducted on undisturbed samples from 
the five test sites mentioned above. The field inves- 
tigation was conducted using a CPTu equipped 
with a seismic and resistivity cone and FV (Di Buo 
et al., 2016; Selánpáá et al., 2017). The penetrom- 
eter consists of a standard 60° apex conical tip 
with a 150 cm? sleeve area. Excess pore pressure is 
measured at the shoulder above the cone tip (u). 
Details about the equipment and test procedures 
are described in Di Buo at al. (2016). Two differ- 
ent cones were used: a high capacity cone (75 MPa) 
and a “sensitive” cone (7.5 MPa). The latter is 
considered more suitable in a soft soil condition. 
The CPTu measurements from the Pernió site are 
shown in Figure 1. In particular, the corrected cone 
tip resistance, sleeve friction, and pore pressure 
are plotted versus the depth. Overall, the measure- 
ments show very good repeatability even though 
some scatter can be observed, especially for the high 
capacity cone data. Moreover, the resolution of the 
sleeve friction is not adequate since the sensor is 
not able to measure small changes of the recorded 
value. Therefore, improvement of the apparatus is 
suggested to improve the quality of the data. 

The laboratory tests included classification and 
index tests for the remolded samples, the CRS 
oedometer test, the triaxial test, and the direct 
simple shear (DSS) test for the intact samples. In 
this paper, the results from the CRS tests are used 
to evaluate the compressibility (oedometer modu- 
lus, M,) and stress-history (0',) of the tested soils. 
The CRS oedometer tests were performed on sam- 
ples with a 45 mm diameter and a 15 mm thickness 
at a constant strain rate of 0.001 mm/min (0.4%/h). 
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Figure 1. CPTu measurements at the Perniö site: a) cor- 
rected cone tip resistance, q,; b) sleeve friction, f.; c) pore 
pressure, u. 


It is important to note that three different sam- 
plers were used to retrieve the soil samples: a mini- 
block Sherbrook sampler (Emdal et al., 2016), an 
open drive 132 mm diameter tube (TUT 132), and 
an ordinary STI 50 mm piston sampler. The tube 
sampler was developed at TUT in 2014 (Di Buo 
et al., 2016); it was inspired by the Laval tube sam- 
pler (La Rochelle et al., 1981) and its modification 
by the Swedish Geotechnical Institute (SGI) (Lars- 
son, 2011). Figure 2 and Table 2 show the achieved 
sample quality based on Lunne et al.'s (1997) crite- 
ria. In general, the block had the highest quality of 
all the tested samples. 
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Figure 2. Sample quality based on Lunne et al.'s (1997) 
criteria. 


Table 2. Sample quality based on Lunne et al.’s (1997) 
criteria. 


Number of CRS oedometer tests 


Excel- Good Very 

Site Sampler Tot. lent to fair Poor poor 
Pernió STI 50 8 — 2 3 3 
TUT 132 22 13 9 - - 
Block 6 6 - - - 
Lempaala STI 50 8 — 2 6 
TUT 132 11 3 5 3 — 
Masku TUT 132 -7 6 1 - - 
Paimio STI 50 7 6 1 - — 
TUT 132 9 9 o o - 
Sipoo STI 50 6 3 3 - - 
TUT 132 9 7 2 =- — 
Total 93. 53 25 6 9 
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Figure 3. Schematization of Sállfors” (1975) method 


used to interpret preconsolidation pressure from the 
CRS tests. 


However, good quality samples could be 
also obtained from the STI 50 piston sampler, 
especially at Paimio and Sipoo. Sample qual- 
ity plays an important role in the calibration of 
empirical correlations since the evaluation of geo- 
technical parameters can be greatly affected by dis- 
turbance induced during sampling, transportation, 
and storage (Lunne et al., 1997; Lunne et al., 2006; 
Amudsen et al., 2016). 

A total of 93 CRS oedometer tests were per- 
formed. However, 15 tests, which were character- 
ized as having poor and very poor quality, were not 
considered in the calculations in order to obtain 
more reliable correlations. 

The o', and the oedometer moduli were evalu- 
ated using a curve fitting procedure applied to the 
constrained modulus proposed by Sállfors (1975), 
as shown in Figure 3. 

In the following section, the validity of some of 
the existing empirical correlations for the defor- 
mation properties of clay soils is checked against 
the data set of the Finnish clays presented in this 
study. Since Finnish data were not included in 
the data sets from which these correlations were 
derived, it is expected that the data points will not 
always fall in the applicability domain. Therefore, 
this paper discusses the calibration and validation 
of the empirical correlations. 


4 EVALUATION OF EXISTING 
CORRELATIONS 


4.1 Bias and uncertainties of the existing 
correlations 


This section presents an evaluation of the Bias 
factor (denoted by b) and coefficient of variation 
(COV) for the examined correlations based on the 
procedure reported by Ching and Phoon (2012). 
In this procedure, b and COV are calculated as 


the sample mean and the coefficient of variation, 
respectively, of the ratio (actual target value)/(pre- 
dicted target value), where the actual target value is 
the value measured in a test and the predicted tar- 
get value is the value predicted by the correlation. 
If b = 1, the model prediction is unbiased. 


4.2 Correlations for OCR and ©', 


Correlations for the evaluation of OCR and o, 
from CPTu are available in the literature (Kulhawy 
and Mayne, 1990; Larsson and Mulabdic, 1991; 
Chen & Mayne, 1996; Karlsrud et al., 2005). 

For intact clays, a correlation to evaluate the 
OCR based on normalized cone tip resistance (Q,) 
was suggested by Kulhawy and Mayne (1990) as: 


uo 


where q, is the corrected cone tip resistance, o, 
is the total overburden vertical stress, and k is an 
empirical parameter. An average value of k = 0.33 
is suggested by Kulhawy and Mayne (1990) based 
on statistical analysis of piezocone-oedometer 
data involving a variety of different clays located 
mainly in the United States, the United Kingdom, 
and Canada. 

A similar correlation was proposed by Karlsrud 
et al. (2005) based on a database of 17 high sensi- 
tive clay deposits located in Norway: 


OCR= eLo 


vO 


(2) 


Q 


Tay 
>) 


ocr =(& (3) 


Both correlations are plotted in Figure 4, and 
the results are compared with the experimental 
data. As shown in Figure 4, Equation 2 gives an 
almost unbiased prediction (b = 1.07), accompa- 
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Figure 4. Comparison of the empirical correlations and 
the experimental data to evaluate OCR: a) Kulhawy and 
Mayne (1990); b) Karlsrud et al. (2005). 
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nied by a low variability (COV = 0.15). However, 
Equation 3 seems to over-predict the OCR of 
Finnish clays by nearly 40% (b = 0.65). 

Chen and Mayne (1996) proposed simple rela- 
tionships to determine o, from the CPTu data as: 


a”, =0.53(u, — u) = 0.53 Au (4) 
o, = 0.60(q, = Uy) (5) 

Similarly, o”, can be evaluated from qne = ¢,— Oy 
using the following equation: 
o, = q, Oo (6) 

N 
kr (05) 

where N,,,.)) is an adapted cone factor. For Swed- 


ish clays, Larsson and Mulabdic (1991) proposed 
Nro») as a function of the liquid limit (LL) as: 


N 


(2) =1.21+44LL (7) 


KI 


As shown in Figure 5, Equation 4 gives the low- 
est COV, thus indicating that an evaluation of o, 
based on Au is generally more reliable. While Equa- 
tion 4 overestimates the o; of Finnish clays by 25% 
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Figure 5. Comparison of the empirical correlations 
and the experimental data to evaluate o: a) Chen and 
Mayne (1996); b) Chen and Mayne (1996); c) Larsson 
and Mulabdic (1991). 


(b = 0.75), Equation 5 and Equation 6 underesti- 
mate o; by 61% and 15%, respectively. Therefore, 
Equations 4-6 need to be adjusted based on the 
calculated b values in order to be usable in Finnish 
clays. 


4.3 Correlations for constrained modulus 


The soil stiffness in one-dimensional compres- 
sion can be expressed in terms of the constrained 
modulus (M), which is defined as the ratio of the 
change in effective stress (Ac” ) to the change in 
strain (Ag): 


_ Ag 


M= 
Ac, 


(8) 


The constrained modulus is stress-dependent; in 
the overconsolidated part, a relatively high value 
(M,) can be found, while the modulus drops sig- 
nificantly when the preconsolidation pressure is 
exceeded (Figure 3). In practice, the modulus in the 
overconsolidated part can often be modelled as a 
constant value. In this paper, only the constant M, 
modulus is evaluated. 

Using an extensive database of silts, sands, 
and fine-grained soils, Mayne (2006) proposed an 
empirical correlation to evaluate the constrained 
modulus at the in-situ stress state (M,) from the net 
cone tip resistance given by: 

M, = alg, = Oy) = Ode (9) 

The representative value of a depends on the 
nature of the soil. Considerably low values of a (a = 
1-2) are suggested for organic plastic clays from 
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Figure 6. Comparison of the empirical correlations and 
the experimental data to evaluate the constrained modu- 


lus (M,). 


Sweden, while higher values (œ >10) are expected 
for cemented clays. Figure 6 shows the plot of M, 
versus (q, — Oy) for the clays investigated in the 
present study. As seen, the majority of data points 
fall between the trend lines for a that are equal to 5 
and 10. Clearly, as discussed earlier, for O”, the value 
of M is affected by the sample quality (e.g., Lunne 
et al., 2006; Karlsrud and Hernandez-Martinez, 
2013). It is important to point out that the mean 
trend of the sites characterized by the highest sample 
quality (Paimio, Sipoo, and Masku) can be captured 
using O = 10. However, the lower values of o seem 
to be more representative of the other sites. Further 
Investigation is required to evaluate the effect of soil 
conditions and, possibly, sample quality on a. 


4.4 Correlations between shear wave velocity 
and key geotechnical parameters 


The measurement of shear wave velocity (V) can 
be performed by adding geophones to the SCPTu. 
This provides the possibility of estimating the 
small-strain shear modulus (G,,,,,) as: 

Grax = PV. (10) 
where p is the soil density. Moreover, V, can be used 
to estimate the geotechnical parameters (Mayne 
and Rix, 1995; Robertson, 2009; Mayne, 2014; 
L’Heureux and Long, 2017). In this section, the 
relationships between V, and the 1D compression 
parameters are compared to existing correlations 
in the literature. In particular, the relationships 
between M,, O”, and V,are analyzed. L'Heureux and 
Long (2017) proposed empirical correlations based 
on a database of 28 Norwegian clay sites. They sug- 
gested that M, and o, increase as V, increases, as 
shown by Equation 10 and Equation 11: 


o, = 0.00769 V2% (11) 
M, = 0.00010 y 222 (12) 


The information presented in Figures 7a, b con- 
firms the trends reported by L'Heureux and Long 
(2017) for Norwegian clays, despite the high values 
of band COV. It is important to note that the cor- 
relations reported by L’Heureux and Long (2017) 
are based on clays that are characterized by higher 
OCR and S, in comparison to the clays examined 
in the present study. 

Equations similar to (11) and (12) can also be 
derived theoretically. The relationship between the 
oedometer modulus (M,) and the shear modulus 
(G) is given by: 


G (13) 
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Figure 7. Comparison of the correlations based on 


shear wave velocity and the experimental data for the eval- 
uation of: a) preconsolidation pressure evaluated based 
on L'Heureux and Long (2017); b) constrained modu- 
lus M, evaluated based on L'Heureux and Long (2017); 
c) preconsolidation pressure evaluated with Equation 14; 
d) constrained modulus M, evaluated using Equation 13. 


where v is the Poisson's ratio, which can be assumed 
to be 0.1 for small-strain stiffness corresponding to 
G,. Considering a scaling factor of 10, to take into 
account the modulus degradation with increasing 
strain, M, is obtained as: 


_ 1 2(v-1) 
° 10 (20-1) 


V = 0.225 V? (14) 


where p is the soil density assumed as constant 
(1500 kg/m?) in the present study. 

Similarly, o; can be estimated assuming that the 
yield stress is reached at 3% of the vertical defor- 
mation. Therefore: 

07, = 0.03 M, = 0.00675 pV? (15) 

Both of and M, are expressed in Pa, while the 
unit measure of V, is m/s. Equation 15 and Equa- 
tion 14 are plotted in Figure 7c and 7d, respectively. 


Despite the high scatter, the theoretical solutions 
seem to fit better the mean trend of the Finnish 


clay data points in comparison to Equation 11 and 
Equation 12 (b = 1.23-1.08 vs b = 1.49-1.47). 

As mentioned earlier, the influence of sample 
quality and the intrinsic uncertainty associated 
with geophysical measurements need to be further 
investigated before calibrating an empirical corre- 
lation valid in Finnish clay conditions. 


5 CONCLUSIONS 


This paper aimed to present CPTu and labora- 
tory measurements obtained from Finnish soft 
clay deposits and evaluate the validity of existing 
empirical correlations to assess the deformation 
parameters of soft clays. Laboratory data from 
high quality samples were used. The main conclu- 
sions from this work are: 


e The correlations for OCR from the CPTu evalu- 
ated in this study can describe the behavior of 
Finnish soft clays with relatively low uncertainty 
(COV = 12-14%). In particular, the correlation 
reported by Kulhawy and Mayne (1990) resulted 
in an almost unbiased prediction. A wider range 
of bias factors (b=0.75-—1.61) and COVs (8-31%) 
was found for the correlations based on o7. 

e The link between soil stiffness, expressed in 
terms of constrained modulus, M,, and the net 
cone tip stress fits well with established empirical 
correlations for clays worldwide (Mayne, 2006). 
However, the data show significant scatter; this 
might be partly due to variations in the sample 
quality. Further investigation is required to cali- 
brate a model valid for Finnish clays, which also 
accounts for the nature of the soil. 

e Both preconsolidation pressure and con- 
strained modulus can be evaluated based on the 
shear wave velocity. The empirical correlations 
reported by L'Heureux and Long (2017) seem to 
describe the trend between these parameters, but 
the scatter is quite high. The prediction could be 
slightly improved using similar, but theoretically 
derived equations. 
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ABSTRACT: The ultimate capacity for the design of a drilled shaft is affected by several components, 
among them: the construction methodology, materials used, field conditions of the stratigraphy and the 
final constructive conditions. These components directly increase the uncertainty about the interaction 
between the soil and the drilled shaft, since the empirical methods of calculating the ultimate capacity 
from field tests assume ideal characteristics, both soil and drilled shaft. Therefore, the AASHTO LRFD 
standard recommends carrying out a load test in order to verify the predicted capacity of the drilled shaft. 
This article presents the comparison of the ultimate capacity predicted (Qp) by methods from the CPTu 
test with that capacity measured (Qm) through a static load test in a drilled shaft built in Cochabamba, 


Bolivia. 


1 INTRODUCTION 

The Beijing Bridge was built in Cochabamba 
(Bolivia) and it has three road levels. The drilled 
shaft studied is part of the Beijing Bridge and was 
built by the wet method, with a diameter of 1.20 m 
and a length of 20 m from the deep foundation of 
2m. 

The local geology corresponds to stratigraphic 
conformations of sedimentary sequences of flu- 
vio-lacustrine origin conformed by sub-horizon- 
tal strata of clays of variable plasticity between 
medium to low with intercalations of clays and 
silty sands, of formations due to hydraulic fillings 
typical of the valleys. 


2 GEOTECHNICAL CHARACTERIZATION 


2.1 Field and laboratory test 


The geotechnical characterization was obtained by 
field tests of SPT (25 m) and CPTu (21 m), and 
laboratory tests (UU triaxial compression, charac- 
terization and consolidation tests) previously per- 
formed on the drilled shaft axis. 


2.2 CPTu 


Figure 1 shows the results of the CPTu test. The 
CPTu has an electrical cone with a conical tip at 
60° with an area at its base of 10 cm? and the pore 
pressure has been measured above the cone (u2). 
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2.3 Geotechnical conceptual model 


Figure 2 shows the evaluation of the CPTu test 
results using the ISBT behavior index proposed 
by Robertson (2010). The characterization of the 
soil based on the fines content (Fig. 3) proposed 
by F. Yi (2014) allowed an identical characteriza- 
tion to that obtained by means of the soil type 
behavior indexes (ISBT), moreover, being known 
the percentage of fines content present in the 
layer, it allowed a precise definition of the type 
of soil. 

For the evaluation of the unit weight by means 
of the results obtained from the CPTu test, the 
equations proposed by Mayne (2012) were used. 
Figure 4 shows the results obtained compared with 
laboratory tests. 

The proposal by Mayne and Kemper (1988) to 
evaluate the undrained shear strength is based on 
the N,, factor. 

_ 4.70, 


vo 


N, (1) 


where: q, = resistance to the corrected tip; o,, = ini- 
tial vertical total stress; and N, = factor that varies 
between 10 to 20 (Ameratunga et al., 2016). 

Based on 9 UU triaxial compression tests, the 
N,, factor was calibrated for the present study. Pre- 
senting a better correlation (R? = 94.1%) the value 
of N,, equal to 12.76. Figure 5 shows the results 
obtained compared with the laboratory tests. 
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Figure 1. Results of CPTu test (Mejia, 2016). 
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Figure 4. Comparison of the unit weight calculated by 
Mayne and laboratory tests (Mejia, 2016). 


Mayne and Kemper (1988) proposed the follow- 
ing relationship for the over consolidation ratio 
(OCR): 

y 


where q, = tip resistence from CPTu; o, = initial 
vertical total stress; and o” = initial vertical effec- 
tive stress. 

Figure 6 shows the results obtained compared 
with the laboratory tests. 
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Figure 5. Comparison of the undrained resistance 
calculated by Mayne & Kemper and laboratory tests 
(Mejia, 2016). 


The geotechnical conceptual model extends from 
the surface up to 25 m deep, where the strata of lean 
clay with sand (75% of the stratigraphic profile). 
It is interspersed with layers of sandy silt and silty 
sand, resulting in a slightly plastic profile (with IP 
between 4.95% to 18.58% and average of 10.86% 
and LL between 22.18% to 37.83% and average of 
30.11%). Overconsolidated soil with a low expan- 
sion and with a variable consistency, finding the 
water table at 2 m depth (Fig. 7). The lean clay with 
sand shows a rigid to very rigid consistency with 
values of undrained cohesion between 60 kPa to 
170 kPa with average of 120 kPa. 
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Figure 6. Comparison of the OCR calculated by Mayne 
& Kemper and laboratory tests (Mejia, 2016). 


3 ULTIMATE CAPACITY 


3.1 CPTu Methods 


Eight methods have been applied based on the 
CPTu (Qp) test in order to estimate the skin and 
base capacity. Table 1 and Figure 8 show the 
results obtained. 


3.2 Load test interpretation methods 


The static compression load test was performed 
on the top of the drilled shaft based on ASTM 
D1143-07. Figure 9 shows the results obtained 
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Figure 7. Geotechnical conceptual model for the drilled 
shaft (Camacho & Gomez, 2016). 


Table 1. Calculation of capacity by CPTu methods. 

Qs Qb Qp 
CPT CPTu methods kN kN KN 
01 Aoki y Velloso (1975) 1094 875 1969 
02  Schmertmann y Nottingham 3294 826 4120 

(1978) 

03  LCPC (1982; 1997) 2780 1171 3951 
04 Price y Wardle (1982) 2928 918 3846 
05 Philipponnat (1986) 2909 2492 5401 
06 Frank y Magnan (1995) 1969 1224 3193 
07  Eslami y Fellenius (1997) 4254 1213 5467 
08  Takesue (1998) + Qb (02CPT) 4375 826 5201 
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Figure 8. Calculation of capacity by CPTu methods 


(Camacho & Gomez, 2016). 
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Figure 9. Load test results (Camacho & Gomez, 2016). 


Table 2. Capacity calculation by load test methods. 


Analysis of results from the static axial Qu 

LT loading test kN 

01 The creep method, Housel (1956) 3203 

02 The 80% criterion method, Hansen 4197 
(1963) 

03 The 90% criterion method, Hansen 4046 
(1963) 

04 The extrapolation method, Chin y 4731 
Kondner (1971) 

05 The offset limit method, Davisson (1972) 4259 

06 The intersection load, DeBeer y Walays 3903 
(1972) 

07 The intersection method, Butler y Hoy 4048 
(1977) 

08 The load at maximum curvature, 4146 
Shen y Niu (1991) 

09 The extrapolation method, Decourt 4721 
(2008) 

10 The offset limit method (AASHTO 2012) 4531 


197 


Load (kN) 

1000 2000 3000 
a-ra. Hæ 
e 


4000 5000 


Pa _ 
a 


=E Housel 


ST iii E 


N 
o 


—8— Hansen 80% 


—2— Hansen 90% 


N 
a 


= Chin & Konder 


Displacement (mm) 


—&- Davisson 


w 
o 


~~ DeBeer 
E- Butler&Hoy 
= Shen&Niu 


w 
an 


40 4 


7 Davisson 
Modificado 
45 | l 


Figure 10. Variation of load test interpretation (Cama- 
cho & Gomez, 2016). 
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Gomez, 2016). 


reaching up to 4347 kN with a registered maximum 
displacement of 17.89 mm (1.5% strain based on 
the drilled shaft diameter). 

The ultimate capacity of the drilled shaft has 
been estimated with 10 calculation methods pre- 
sented by Fellenius (2016) and FHWA (2010). The 
results of the method interpretation analysis are 
presented in Table 2 and Figure 10. 


4 ANALYSIS OF RESULTS 


From the statistical analysis of the load test results 
itis concluded that 5 methods are closer to the aver- 
age. Of these five methods the Shen & Niu method 
was chosen to normalize the results because it is 
the closest (Fig. 11). 


Load normalized 


Figure 12. 


Comparison between the capacity predicted 
in the base and skin friction with the ultimate capacity 
measured (Camacho & Gomez, 2016). 


Figure 12 shows the Qp from the CPTu normal- 
ized with Qm (i.e. Qp / Qm) and the contribution 
of the skin and the base capacity. 


5 CONCLUSIONS 


Field (CPTu and SPT) and laboratory tests (UU 
Triaxial compression, characterization, and con- 
solidation test) have been carried out on the axis 
of the drilled shaft of 1.20 meters in diameter and 
20 meters in length. 

A load test was carried out until reaching a 
value of 4347 kN at 17.89 mm of displacement 
(1.5% strain based on the drilled shaft diameter). 

The drilled shaft has not been equipped with 
base or skin friction measurements to distinguish 
between Qb and Qs. The result of load test shows a 
typical graphic of drilled shaft on fine soils. 
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Ten methods of interpretation have been 
applied for the ultimate capacity. From analysis 
and interpretation, the value of 4146 kN has been 
adopted, from the Shen and Niu method for this 
case study. The range of variation with the other 
methods is found between 0.77 to 1.14 with respect 
to 4146 kN. 

The interpretation of data has been performed 
with the methods proposed from the CPTu where 
variations of the predicted ultimate capacity have 
been obtained from 0.47 to 1.32 with respect to 
4146 kN. The method with the best approximation 
to the Qm value has been that of Schmertmann 
and Nottingham (1978) with a ratio of 0.99. 
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Interpreting properties of glacial till from CPT and its accuracy 
in determining soil behaviour type when applying it to pile 
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ABSTRACT: Glacial till comprises a mixture of material which has been transported by a glacier, such 
as clay, silt, sand, gravel, cobbles and even boulders. Due to this widespread and variable material, accurate 
driveability predictions can be very difficult to begin with. This study presents a driveability assessment 
that was performed for the installation of monopiles at a site located offshore of England's East coast 
where the Swarte Bank glacial till formation can be found. Pile driveability back-calculations showed the 
influence of assessing the soil behaviour type, the accuracy of interpreting properties of the glacial till 
from CPTs when applying it to pile driveability assessment, and how CPTs should be treated with more 
value than borehole description when assessing soil resistance to driving on Swarte Bank glacial till. 


1 INTRODUCTION 

Glacial till is composed of unsorted material that 
has been carried out and deposited directly by a 
glacier. Due the heterogeneity of its composition 
(clay, silt, sand, gravel, cobbles and even boulders) 
the classification, and therefore, the behaviour pre- 
diction, can be very difficult. An interpretation of 
the site investigation data was carried out as a basis 
for the driveability assessment of the monopiles 
used as foundations of the windfarm. To assess the 
soil resistance to driving (SRD), the interpretation 
was based mainly on the CPT results. Borehole 
descriptions and laboratory tests are also taken into 
consideration. Driveability back-calculations were 
performed which showed that interpreting soil prop- 
erties from CPT results should be treated with more 
value than borehole descriptions, when assessing 
soil resistance to driving in Swarte Bank glacial till. 


2 GLACIAL TILL AT THE WINDFARM 
SITE 


One of the glacial till formations found at the 
windfarm site is named Swarte Bank. It is the most 
abundant of the Quaternary units, forming the 
thickest sediment overlying a chalk formation, that 
covers the entire site and forms the infill of subgla- 
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cial valleys cut during the Elsterian glaciation. It is 
typically composed of stiff to hard sandy gravelly 
clay with interbedded sand layers. 

Based on the site investigation results, the Swarte 
Bank formation was divided in two sub-units for 
further analysis: 


— sub-unit 1 sandy, gravelly clay; 
— sub-unit 2 sand interbeds which are present 
within the clay sub-unit 1. 


CPTs, borehole descriptions and laboratory 
tests were analyzed, and geotechnical classification 
parameters were identified for each of these sub- 
units. 


2.1 Swarte Bank soil behaviour type 


As described in §2, the Swarte Bank formation can 
have intermittent clay (cohesive) and sand (cohe- 
sionless) layers. The appropriate selection of either 
cohesive or cohesionless behaviour is critical when 
undertaking driveability calculations. Soil param- 
eters considered when selecting either cohesive or 
cohesionless behaviour were the pore pressure and 
friction ratio. An assessment of the soil behaviour 
type (SBT) can be performed based on CPT data 
as shown in past research (i.e. Robertson (1990) 
as in Figure 1; Robertson and Wride (1998) as in 
Table 1, etc.). 
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Figure 1. SBT zones Robertson (1990). 
Table 1. SBT zones (Robertson and Wride, 1998). 
Zone SBT 
7 Gravelly sand to sand 
6 Clean sands to silty sands 
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4 Clayey silt to silty clay 
3 Clay to silty clay 
2 Organic soils-peats 
qc (MPa) 
0 10 20 30 40 50 60 70 80 
i yl 
i Pred Holocene deposits i 
| OLAS y 
5 
L PO 3 
10 + =E 
3 | 
| L TT 
a | 
Å 15 H Channel infill deposits -£F 
A 
20 
25 Swarte Bank 
PUTT repre || 
15 14 13 12 11 10 9 8 7 6 5 4 3 2 1 0 


Rf (%) 


Figure 2. CPT log for Location A (qc—full line, Rf— 
dashed line). 


It should be noted that the Swarte Bank unit 
was described as clay in the borehole descriptions 
for the majority of the locations at the site, since 
most CPTs refused in this unit, due to high resist- 
ance, and limited laboratory tests were performed. 

Figure 2 and 3 show examples of CPT logs at 2 
locations (Location A and B, respectively) where 
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Figure 4. SBT for location A (Robertson and Wride, 
1998). 


the CPT did not refuse in the first meters of the 
Swarte Bank formation. 

Based on the CPT data the SBT was derived for 
Locations A and B as shown in Figures 4 and 5 
respectively. 

Where no CPT data were available, global 
parameters were used for the Swarte Bank unit. 
These global parameters were derived based on 
the available consolidated undrained (CU), uncon- 
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The general properties of the two Swarte Bank Figure 6. Sieve analysis results for sub-unit 1. 


sub-units identified on this site are summarized in 
Table 2. 

The particle size distribution was determined by 
laboratory sieving analysis. For sub-unit 1, results 
are as shown in Figure 6. For sub-unit 2 only one 
test was performed and the result is as shown in 
Figure 7. Results show a sandy, gravelly clay for 
sub-unit | and a sand for sub-unit 2. 

As mentioned in §2.1, where no CPT data were H 
available the undrained shear strength values for H : i 
the Swarte Bank were considered based on labo- A 000 LU 411 
ratory tests. However, values were scattered and Sieve size (mm) 
the range of undrained shear strength obtained ECC) a E Ra E E RR A ba 
by laboratory tests was large; therefore, wide 
bounds for the undrained shear strength were Figure 7. Sieve analysis results for sub-unit 2. 
adopted as shown in Figure 8 and Table 3. The 
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best estimate (BE) and upper bound (UB) val- 0 
ues were used for the soil profiles as the basis for 4 
assessing SRD. a 
For locations where CPT data were available, a | 
the undrained shear strength was derived from FE CI 
the q,. using the N, factors, as shown in equa- L LI] 
tion (1): 3 Ia] 
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where Su is the undrained shear strength in kPa, 
net îs the net cone resistance in kPa and N,, is the Figure 8. Undrained shear strength for Swarte Bank 


correlation factor. formation based on laboratory tests. 
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Table 3.  Undrained shear strength bounds adopted for 
Swarte Bank formation at the site. 


Table 4. Quake and damping values used in the drive- 
ability assessment. 


Bound Undrained shear 
strength (kPa) 

Lower Bound 200 

Best Estimate 800 

Upper Bound 1600 
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Figure 9. Calibration of N, factor for the Swarte Bank 
unit. 


For setting up the bounds for the N,, factor 11 
CU, 7 UU and 2 DSS tests were available. N, fac- 
tors were derived as shown in Figure 9. 


3 DRIVEABILITY IN GLACIAL TILL 


Monopiles were the chosen foundation solution 
for the wind turbines installed at the site. In order 
to select the most suitable hammer to be able to 
drive the piles to target depth, a driveability assess- 
ment was carried out. The prediction of pile 
driveability consists of developing a model of the 
hammer-pile-soil system (a wave equation model) 
which simulates the relationship between SRD and 
blow count (or pile penetration per blow). 

In a separate pile analysis, the SRD was calcu- 
lated based on a CPT method and used as input 
to GRLWEAP software (Pile Dynamics, 2010) 
which was used to perform the driveability assess- 
ment. In-house shaft and toe Quake and Damp- 
ing parameters were used as shown in Table 4. 
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Parameter Value 
Tip Quake 2.5mm 
Side Quake 2.5mm 
Tip Damping 0.5 s/m 
Side Damping in CLAY 0.6 s/m 
Side Damping in SAND 0.15 s/m 


Theoretical refusal criteria significantly lower than 
the mechanical one was applied. This is in order to 
allow for some variations in soil conditions, short 
interruptions during driving (soil set-up) and eco- 
nomical pile driving. 


3.1 SRD 


There are no standardised methods for estimating 
SRD. Most of the better known SRD methods 
(Toolan and Fox, 1977; Stevens et al., 1982; Alm 
and Hamre, 2001) are broadly based on modifica- 
tions to static pile capacity calculations. Calibration 
and verification of the SRD methods are based on 
the use of field data (measured hammer energy and 
blow counts) combined with wave equation model- 
ling of the hammer-pile-soil system which provides 
the relationship between blow count and SRD for 
a given piling situation. 

For this offshore wind farm SRD was assessed 
using a CPT method based on Alm & Hamre 
(2001) which calculates SRD from CPT cone tip 
resistance (q,) data. It has a different method for 
both sand and clay and the selection of the soil 
type of the different layers is a manual input. 


3.2 Modelling the Swarte Bank formation 


An evaluation to assess the sensitivity of the CPT 
interpretation is undertaken. Back-calculations are 
performed by considering two different approaches 
for modelling the Swarte Bank formation: 


Approach 1: Assess Swarte Bank as a cohe- 
sive material (clay), in line with the borehole 
descriptions. 

Approach 2: Assess the Swarte Bank as clay when 
friction ratio values exceeded 2.5% and when 
SBT is between 2 and 4 according to Robertson 
and Wride (1998) (Table 1), and as sand when 
friction ratio does not exceed 2.5% and when 
SBT is between 5 and 7 according to Robertson 
and Wride (1998) (Table 1). 


A comparison between the two approaches is 
presented below. 


3.3  Driveability assessment results (back- 
analysis) 


The pile driving records of the installed monopiles 
at the site were subjected to back-analysis. The 
stroke height was rescaled to match the applied 
hammer energy on site. With the rescaled theoreti- 
cal stroke height a new GRL-WEAP simulation 
is made. Afterwards, the obtained blowcount vs 
depth curve is compared to the calculated ones. 

Results are presented for the two locations 
introduced before (Locations A and B), represent- 
ative of the general trend of results of the back- 
calculations performed for locations where the pile 
penetrated the Swarte Bank Unit. 

The top of the Swarte Bank layer is at 23.7 m and 
at 18.5 m depth at Locations A and B, respectively. 
3.3.1 Swarte Bank sub-unit 1 and 2 as cohesive 
material 
The back-calculations performed for these two 
locations showed that blowcount is overpredicted 
on the Swarte Bank formation if this formation 
is assessed as clay, especially when upper bound 
driving conditions are considered, as shown in 
Figures 10 and 11. 


3.3.2 Swarte Bank sub-unit 1 and 2 depending on 
SBT and the friction ratio value 

For this approach, the friction ratio values, the 
2.5% boundary and SBT were considered. CPT 
data show that at location A the friction ratio 
within the Swarte Bank formation (23.7 m to 
26.3 m) was found to be around 2.0% and SBT was 
found to be between zones 5 and 6; hence this soil 
was modelled as sand. For Location B, since the 
friction ratio was found to be around 2.5% from 
18.5 m to 20.5 m and thereafter to decrease to a 
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Figure 10. Back calculation location A—Approach 1. 
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Figure 11. Back calculation location B—Approach 1. 
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Figure 12. Back calculation location A—Approach 2. 


constant value of around 2.0% for the rest of the 
unit, and SBT was found to be mainly in zone 5, 
the Swarte Bank was modelled as a clay above 
20.5 m and as a sand below 20.5 m. 

The results are as shown in Figures 12 and 13. 

As shown in Figures 10 to 13, addressing the 
Swarte Bank formation based on the friction ratio 
values and SBT (Approach 2), gives a much bet- 
ter fit with the measured driving results than when 
based on the borehole logs only (Approach 1). 
This is especially noticeable for Location B where 
a good fit with the hammer log is found by model- 
ling the Swarte Bank formation as clay (from 18.5 
to 20.5 m) and as sand (below 20.5 m). 

It should also be highlighted that when the 
Swarte Bank formation is modelled correctly, the 
BE blow vs depth curve obtained by using the CPT 
method gives a reliable prediction. 
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Figure 13. Back Calculation Location B—Approach 2. 


4 CONCLUSIONS AND 
RECOMMENDATIONS 


Glacial till comprises a mixture of unsorted mate- 
rial that has been carried by a glacier. One of the 
glacial till formations found at the windfarm site 
is named Swarte Bank. In many instances this for- 
mation is considered as “borderline” material with 
intermittent clay (cohesive) and sand (cohesionless) 
layers, which presents a challenge when describing 
this formation while logging the borehole cores. 
The selection of cohesive or cohesionless behavior 
for this material must be performed with caution 
since it can lead to an inaccurate prediction of soil 
resistance which is critical when undertaking drive- 
ability calculations. 

Referring to the outcome of this paper, the use 
of the Robertson and Wride (1998) SBT index 
together with the friction ratio parameter, which 
can be applied with depth, gave an accurate rep- 
resentation of the method (sand/clay) to be used 
when predicting soil resistance in glacial till, par- 
ticularly in the case of the Swarte Bank formation. 
By considering the SBT and the friction ration as 
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a primary input to model the Swarte Bank forma- 
tion, a better fit between the measured and the 
predicted blow count has been achieved. Hence, 
the use of CPT, especially in challenging materi- 
als such as glacial till, is promoted as it will have 
a positive effect on the selection of an appropriate 
hammer energy. 
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Variable rate of penetration and dissipation test results in a natural 
silty soil 


R. Carroll & P. Paniagua 


Norwegian Geotechnical Institute, Trondheim & Oslo, Norway 


ABSTRACT: Variable rate of penetration over 1.2 to 1.5 m intervals were carried out in a natural clayey 
silt followed by dissipation tests. The tests are grouped into two main sets: an upper set from 5 to 6.5 m 
and a deeper set from 8.5 to 10.2 m. Index, strength and consolidation parameters are presented for refer- 
ence to soil behavior and classification. This paper investigates the effect of rate on u,, q, and B, using 
penetration rates of 2, 20, 100 and 320 mm/s. Similarly the effect of rate was investigated for assessment of 
dissipation tests and estimation of the time for 50% dissipation (t;,). Dissipation tests were predominantly 
dilatory at all rates and depths. Drainage conditions were evaluated at the different rates using the nor- 
malised rate of penetration (V) calculated using one method to estimate the horizontal coefficient of con- 
solidation (c,). Reference to B, as a guide of drainage conditions is discussed together with V. A total of 
six methods to estimate t; and subsequently c, were used in this study, calculated t, values are presented 
for all methods. One method is used for presentation of trends and consideration of which methods may 
yield the most representative c, values is discussed in relation to laboratory c,. 


1 INTRODUCTION practically reach required rates. Typically fast v 
are associated with undrained behavior and slow 
Cone penetration tests (CPTU) in saturated inter- v with drained behavior. The undrained response 
mediate materials such as silty soils typically occur in a soil can be contractive or dilative. This is 
under partial drainage at the standard penetration assessed by introduction of a varied rate relative to 
rate of 20 mm/s. Undrained penetration has been the standard rate to assess the change in pore pres- 
referenced in literature to be associated with nor- sure (u,) and cone resistance (q). With increased 
malised velocity (V) for V > 30 (Finne & Randolph rate of penetration (v): (1) a contractive response 
1994), V > 10 (Kim et al. 2008) and V > 20-40 (Hol- shows an increase in u, and a decrease in q, and 
msgaard et al. 2015). These values are representative (2) a dilative response shows a decrease in u, and 
of a selected number of examples from centrifuge increase in q, Negative u, (i.e. suction) may occur 
and in situ tests. V less than the above suggested in some cases. 
ranges are associated with partially drained to fully Investigation of the effect of increase and 
drained penetration depending on the V value and decrease of penetration rate in intermediate soils 
boundary used. Fully drained penetration is typi- showing contractive response has been docu- 
cally associated with V < 0.01. Carroll (2013) pre- mented by DeJong & Randolph (2012), DeJong 
sented a detailed summary of drainage conditions et al. (2013), Schneider et al. (2008) and Randolph 
and V values with reference to test type, i.e. centri- & Hope (2004). While a dilative response was 
fuge, in situ or calibration chamber. The summary observed by Silva (2005), Schneider et al. (2007) 
showed that V values varied based on test typeand and Paniagua (2014). 
c, used in the normalisation. Regardless of penetration rate, once penetra- 
Senneset et al. (1989) noted that the point of tion stops Au will vary with time and eventually 
cut off for correlation of undrained shear strength reach equilibrium conditions at in situ pore water 
from CPTU was at a pore pressure ratio B, < 0.4 pressure (u,). This variation with time can be either 
due to association with partially drained penetra- | monotonic (i.e. the initial pore water pressure u; is 
tion. The use of B, as a parameter associated with greater than u, and u, is the maximum pore water 
delineation of drainage conditions in combination pressure measured) or dilatory (i.e. u rises with 
with V has not been widely reported in literature. time at the start of the test, reaches a peak value 
A change in soil responses to drained, partially una» and then decreases with time towards u,). The 
drained or undrained can be induced by chang- rate of recovery to u, is a function on permeability 
ing the penetration rate (v) where equipment can  (k)andc,. 
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This paper presents data from CPTU tests at the 
standard penetration rate together with faster and 
slower rates. The tests were conducted at the silt 
research site, Halden; that is part of the Norwegian 
GeoTest Sites (NGTS) project. The NGTS project 
has 5 sites in total: sand, soft clay, quick clay, per- 
mafrost and silt. The sites have been characterized 
and are suitable for use by researchers, industry 
and developers of geotechnical equipment. They 
will be maintained for 20 years and interest to test 
at any of them should be expressed to the NGTS 
Project Manager. The Halden silt site has been 
characterized by Blaker et al. (2016) and Paniagua 
et al. (2016) presented the analysis of some dissipa- 
tion tests at the site. 

The present study evaluates the soil response, 
dilative or contractive, using a variable rate of pen- 
etration prior to dissipation tests. An assessment 
of the drainage condition at the various penetra- 
tion rates used, and the corresponding influence 
of v on dissipation and c, is discussed. Dissipation 
test results are presented and several interpreta- 
tion methods for monotonic and dilatory decay of 
excess pore pressure to estimate the time for 50% 
dissipation (t,,) have been implemented and dis- 
cussed. Analysis of results are presented in terms 
of a single method selected by the authors. The 
estimated c, values are compared to laboratory 
derived c,. 


2 SOIL DESCRIPTION 


Halden site is a natural fjord marine deposit which 
has a low plasticity silt. The water table is approxi- 
mately 2.5 m below ground level. The silt deposit is 
relatively uniform between 4.5 m and 15 m, vary- 
ing from a SILT, sandy clayey around 5 m depth to 
a SILT, clayey from 6.5 m, see Figure 1. Under ani- 
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Figure 1. Grain size distribution at Halden. 


206 


Table 1. Soil parameters at Halden. 

Between Between 
Parameter 56.5 m 8.5-10 m 
Water content, w (%) 21-23 27-33 
Total unit weight, y (kN/m?) 19-19.3 18.9-19.0 
Density of solids, y, (kN/m?) 24.6 26.3-26.5 
Organic content, <2% <0.5% 
Friction angle, q (°) 36 35.5 
Rigidity index I, = G/S, 147 126 
c,* m?/s 0.8-10%  0.7-1.0- 10° 
k* at 0% strain m/s 18-10% 1.3-10°% 


*Measured in CRS tests, k at 0% axial strain, c, at in situ 
effective vertical stress. 


sotropic consolidation, a piston sample from 5.3 m 
had a dilatant response with an ‘S’ shaped stress 
path, indicating some contraction before dilation. 
Table 1 presents typical soil parameters for Halden 
silt. 


2.1 I, determination 


The rigidity index I, is a critical parameter for 
estimating c, using cone data. Research (Teh & 
Houlsby 1991) has shown that I, influences the 
plastic failure zone that develops during cone pen- 
etration and therefore the stresses and pore pres- 
sures associated with this process. In this paper, 
I, was estimated from advanced laboratory test- 
ing and conservative undrained shear strength 
analysis. Comparison is made to the correlations 
proposed by Krage et al. (2014) based on actual 
laboratory measured data (Method A) and seismic 
in situ data (Method B). The values obtained from 
advanced laboratory testing are shown in Table 1. 
Values obtained by Method A, in the range of 205 
<I, < 217, are higher than the ones presented in 
Table 1. Method B gives values (139 <I, < 157) that 
show good agreement with the values presented in 
Table 1. 


3 CPTU & DISSIPATION TESTS 


CPTU tests at Halden were carried out using NGI’s 
standard rig setup and an Envi cone. The penetra- 
tion rate was constant for 1.0-1.5 m before the tar- 
get depth of the dissipation tests. The penetration 
rate was in the order: 2 mm/s, 20 mm/s (standard 
rate), 100 mm/s and 320 mm/s. The mechanical 
operation for a test comprised of stopping pen- 
etration at the target depth and start logging by 
manual trigger by the operator. The base clamps 
are then engaged and the top hydraulic clamps 
are disengaged to avoid possible movement of the 


hydraulic system with time and applying pressure 
on the cone. In essence there can be a short time 
laps of a couple of seconds between end of pen- 
etration and start of logging and some change in 
stress conditions due to movement of the clamps 
engaging and disengaging. However care and 
attention to these processes was made during test- 
ing to minimize possible effects on measurements. 
All pore pressure measurements are at the shoul- 
der (u, position). 


5, 8.5 and 10 m using u, „g as base line for standard 
rate. However the response of q, does not match 
the associated behavior for contractive as q, tends 
to increase with increased v. At the 5 and 6.5 m 
intervals the q, response is not consistent with the 
clearer trends from deeper intervals that suggest a 
dilative response. 

Table 3 shows the change in B, with v and results 
suggest that there is little effect in this parameter 
from the range of rates achievable with the CPTU 


rig. The order of magnitude in change, where a 
change occurs, is 0.01-0.03. Overall B, values are 
in the order of 0.1 to 0.15 at 5 to 6.5 m and 0.2 to 
0.24 in the interval of 8.5 to 10.2 m. This response 
in CPTU is associated with partial drainage and 
should not be used for undrained shear strength 
analysis (Senneset et al. 1989). 

Table 3 shows a clear increase in V with increased 
rate as expected. With a reduced rate, to 2 mm/s, V 
values move closer towards the undrained-partially 
drained boundary in the upper layer, with V val- 
ues in the region of 14-27. For the standard rates, 
V is approximate 100 in the upper interval and 


The target depths for the dissipation tests were 
5m, 6.5 m, 8.5 m and 10 m. Preceding penetration 
rates for each respective target depth are listed in 
Table 2. A total of 11 dissipation tests were car- 
ried out. The results in Table 3 show a range of u, 
values which are described under the table. Assess- 
ment of u,* suggests a contractive response, as with 
increased v there is an increase in u,, for intervals at 


Table 2. Penetration rate before target depth for dissi- 
pation tests. 


Target Slow Standard Fast 140-280 in the lower interval. Both intervals fit 
depth Uy rate rate rate : : 
i kPa nals mm amis well in the undrained range based on the V values 
presented previously in the paper. However both 
5.0 34 2 20* cases do not agree with the reasoning suggested by 
6.5 48 2 20 320 Senneset et al. (1989) on partial drainage and asso- 
8.5 65 20* 100 ciated B, range. The drainage condition at the time 
10.0 81 100 & 320 of a dissipation test is an important consideration 


as theories used to evaluate the c, are based on a 


*2 tests at 20 mm/s were carried out at this depth fully undrained starting point. 


Table 3. Average CPTU values over 1.2-1.5 m before 4 EVALUATION OF RESULTS 

target depth. 

Depth Rate dee, User UX hog Yoo B E The dissipation test results are presented in 

A mm/s MPa kPa kPa kPa kPa- Vt % Figure 2 and Figure 3 for the upper and lower 
depth intervals of 5 to 6.5 m and 8.5 to 10.2 m, 

5.00 2 1.65 106 94 94 121 0.07 291.33 

4.96 20 1.26 101 85 92 1340.09 1111.17 

5.01 20 1.51 104 110 95 102 0.09 178 0.98 200 HALCO8_5.00 m. 2 mm/s 

6.50-mono 2 0.83 123 157 156 1560.12 130.35 g HALC10_4.96 m 20 mm/s 

6.51 20 0.76 134 121 122 158 0.15 951.11 S HALC07_5.01 m. 20 mm/s 

6.62 320 0.88 150 154 136 193 0.15 1200 1.26 5 150 îi cf oa 

8.50-mono 20 0.90 189 181 176 1730.18 2731.23 £ PEPE 

8.53 20 0.87 192 209 210 232 0.19 1390.96 9 — 

8.51 100 0.99 230 226 220 243 0.21 5430.94 @ 100 

10.20 20* 0.97 222 — — — 0.19 1801.11 5 

10.20 20* 0.96 243 — — — 0.23 1801.19 T 

10.24 100 1.09 288 305 236 265 0.24 9590.88 a 50 

10.13 320 1.14 296 308 307 318 0.24 2969 NA S 

*Reference CPTU data, u,.,,, and qi, Values averaged 9 


over 1.5 —1.2 m before dissipation interval, x last u, meas- 


ured before stop penetration of CPTU. u, is the meas- 
ured u at start of dissipation test. u,,,, is the maximum 


u during dissipation.ţ using square root method. Mono: 
monotonic dissipation. 
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Figure 2. Measured u, vs. square root of time, at 5m & 
6.5 m. 
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Figure 3. Measured u, vs. square root of time, at 
8.5m4 10m. 


respectively. A monotonic response is evident in 
two of the dissipation tests: HALCO7-6.5 m at 
2 mm/s and HALC10-8.5 m at 20 mm/s. All other 
tests show dilatory response. Some tests show a 
sudden drop in u, after the test has begun (about 2 
to 5s). This is particularly evident in the upper test 
interval while in the lower test interval this drop 
occurs after U, may in two of the tests. The sharp 
reductions in u, are likely to be linked to rig opera- 
tion with cone unloading while the increases in u, 
are thought to be linked to natural soil behavior 
(i.e. pore pressures redistribution) around the cone 
tip and shoulder. 

The match between the final u measured (u,*) 
(i.e. last point recorded before start of dissipation 
test) and the initial u (u,_,) (ie. the first u meas- 
ured at the start of the dissipation test) is shown 
in Table 3. Results show good agreement in most 
cases with exception of tests at 5.01 and 6.62 m 
(with a difference of approximate 15 kPa) and 
10.24 m (with a difference of approximate 90 kPa), 
the latter case shows u,* considerably greater than 
U, - y In these particular tests, undrained condi- 
tions are thought to be present based on analysis 
of V and results suggest that pore pressure redis- 
tribution occurs quickly. These tests show a dila- 
tory response along with tests where there is good 
agreement between u,_, and u,*. Overall the data 
is of good quality and shows that conditions prior 
to the dissipation test are in line with those of the 
data collected at the start of the dissipation test. 

The Una in dilatory test results at 5-6.5 m are 
approximate 30-45% greater than u, _ ,, with the 
test at 5.01 m showing a difference of 7%. At 8.5— 
10.2 m, Umax is approx. 3-12% greater than u, -o 
This suggests that the dilatory response is ampli- 
fied in the upper depth interval where soil is likely 
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more permeable. The time to reach u,,,, is approx. 
5 to 16 s in the upper interval and 3 to 10 s in the 
lower interval. With increased rate of penetra- 
tion, the time to u,,,, reduces for dilatory response 
results. Overall, the dilatory response is rapid in 
these tests, occurring over several seconds. This 
highlights the need for good data collection at the 
start of a test, required to selection or inference of 
u, used for later c, estimation. 


4.1 Interpretation of t; times by different 
methods 


Estimation of tą was carried out using the fol- 
lowing six procedures: (1) shoulder pore water 
decay (shoulder method), (2) square root method 
(Sully et al. 1999), (3) logarithm of time method 
(Sully et al. 1999), (4) Burns & Mayne (1998) 
method (only tests at 6.5 m target depth as fit- 
ting of parameters was considered unrealistic), (5) 
Mantaras et al. (2010) method and (6) Chai et al. 
(2012) method. Description of the methods used 
is summarized in Paniagua et al. (2016). The t; 
results from each individual method are presented 
in Table 4. 

Normalised excess pore pressure U is plotted 
with the modified time factor, see Figure 4 and 
Figure 5, which used for estimation of c, when t, 
or tœ is estimated from U with time. Comparison 
of U versus T* for the dissipation tests with the Teh 
& Houlsby (1991) solution shows that in Figure 4 
at 20% dissipation tests are in the dilatory phase 
and below the theoretical curve, with the except of 
6.51 m test. After 60 to 70% dissipation the results 
are above the theoretical solution, again with the 
exception of 6.51 m test which follows the theoreti- 
cal solution. As to be expected there is a perfect fit 
at 50% dissipation for all tests. 

For the depth interval 8.5 to 10 m shown in 
Figure 5 most tests are below theoretical Teh & 
Houlsby (1991) solution in the initial 20% of dis- 
sipation. However test at 8.5 m fits the trend as it is 
not dilating. After 60% dissipation many tests are 
above the solution. The lack of fit after 60% dis- 
sipation with curves generally above the theoretical 
line for both depths intervals suggest that the dis- 
sipation in Halden silt is slower than the estimated 
based on the u; and u, conditions applied in the 
analysis, i.e. the t,, times may be longer. There is 
also a lack of fit at the initial 20% dissipation lead- 
ing to challenges in getting a good fit overall. 

In general Mantaras et al. (2010) and Chai et al. 
(2012) methods show lower t: times compared to 
the classic shoulder, square root and logarithm 
(log) time methods. However in the two cases 
at 2 mm/s, one of which is monotonic, and the 
monotonic test at 8.50 m, Chai et al. (2010) shows 
higher tọ times compared to the t,, from tests with 


Table 4. Estimated t, times using different methods. 
Burns & Mantaras 
Mayne et al. Chai et al. 
Depth Rate Shouldert* Sq. root! log time! (1998) (2010) (2012) tio. St. dev. 
m mm/s s s s s s s s 
5.00 2 484 391 476 286 229 102 
4.96 20 258 147 242 90 67 78 
5.01 20 337 237 327 143 125 89 
6.50* 2 264 264 264 283 114 244 58 
6.51 20 188 126 173 308 112 42 83 
6.62 320 126 99 122 248 89 43 64 
8.50* 20 334 335 334 147 313 75 
8.53 20 253 171 244 95 92 69 
8.51 100 172 133 166 145 62 39 
10.24 100 329 235 324 51 171 104 
10.13 320 271 228 268 340 151 63 


*Monotonic dissipation. ‘Sully et al. (1999). 
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Figure 4. Normalised excess pore pressure vs. modified 
time factor T*, at 5 m & 6.5 m target depths. 
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Figure 5. Normalised excess pore pressure vs. modified 
time factor T*, at 8.5m & 10m. 


the standard and faster penetration rates at similar 
depths. 

The ts, from the log time method is typically 
slightly lower than t, from the shoulder method as 
tọ is taken at time corresponding to u,,,, and not t, 
at the start of the test, as is used for the shoulder 
method. Hence the difference in t; for these two 
is the time to u,,,, in a test. The log time method 
is based on a back extrapolation for u, which esti- 
mates shorter t; times compared to the shoulder 
and log time method. For the three results for 
Burns and Mayne (1998) results tend to be greater 
than the classic methods. Details on the methodol- 
ogy of the above methods is presented in Paniagua 
et al. (2016). The standard deviation of t; based 
on the methods used is presented in Table 4 with 
values between approx. 40 and 100 s. 

Overall there is a trend of increasing t, with 
depth (without the results from 5 m as they are 
uncharacteristic of expected behavior due to higher 
sand contents and presence of the upper sand silty 
layer ending at 4.5 m (Blaker et al., 2016). It is pos- 
sible that the monotonic test at 8.50 m at 20 mm/s 
shows a longer t, due to missing data at the start 
of the test. This test was one of the two tests to 
show a monotonic response in the data set. The 
long t, time is not in agreement with its neighbor- 
ing test at 8.53 m which is also at 20 mm/s; which 
leads to likely grounds for exclusion of the monot- 
onic tests for further analysis. 

Results in Figure 6 are plotted using the square 
root method. This method was chosen for simplic- 
ity of visualization, it is widely known in practice 
as it is long established. Mean t, values, based on 
all methods, show values reasonably close to the 
square root t; values. Hence it is reasonable to use 
this method for discussion of results in the paper 
to assess trends with rate and depth. 


209 


O Sq root method 
O Mean of all methods 
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ts, (sec) 
Figure 6. Estimated t,, using square root method with 


depth. Labels show the rate of penetration in mm/s. *M: 
monotonic tests. 


4.2 Rate effect on t, times and c, 


Table 4 shows that for rates of 320 mm/s, the stand- 
ard deviation of t is lower than ts at standard or 
slower rates. Figure 6 shows that with increased 
rate, t; is lower. Table 3 shows that with increased 
rate, u, increased. These trends suggest that the 
high excess pore pressure generated during pen- 
etration at high rates dissipates faster than slower 
rate tests. 

With decreased rate, there is increased scatter in 
the t,, values, with the values being typically longer. 
However based on the range of rates achievable, 
the order of magnitude may not have been enough 
to fully investigate the effect of faster or slower 
than standard rates. 

The assessment if some tests are truly undrained 
using V was introduced earlier in the paper and 
values suggest some tests are truly undrained. For 
example results from 6.5 to 10.2 m that are dila- 
tory suggest undrained soil behavior as V high. For 
these tests an increase in the penetration rate from 
20 or 100 to 320 mm/s does not affect the inter- 
preted t,, value considerably. These tests are in a 
uniform layer with high silt content and increas- 
ing fines and clay content with depth which con- 
trasts to the shallower tests at 5 m with higher sand 
content and presence of a coarser layer directly 
above. 

Trends for c, will follow the behavior of t, 
and the variation of results with depth are shown 
in Figure 7, based on estimated t; using square 
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Sq root method 


___ Clay/Silt boundary 
(DeJong et al. 2012) 


1E-007 1E-006 1E-005 0.0001 0.001 
Cp, (m/sec) 
Figure 7. c, based on estimated t, using square root 


method with depth. Labels show the rate of penetration 
in mm/s. *M: monotonic tests. 


root method. There is a trend of higher c, with 
increasing v at 6.5 m and 8.5 m while at 10.2 m 
there is no change in c,. The c, values for the 5 m 
layer do not match the soil type and this confirms 
the assumption that these test are influenced 
by partial drainage and theories for use in fully 
undrained conditions do not apply to these tests, 
despite the V values shown in Table 3. In this case 
the B, criteria from Senneset et al. (1989) is a 
good indicator. The monotonic tests suggest a c, 
representative of a clay which contrasts with the 
c, for tests at the same depth which are in the silty 
zone. Results from 10.2 m suggest low c, values 
on the boundary between silt and clay. Overall for 
tests that are thought to be undrained, there is 
relatively little difference in c, based on the rates 
achieved in the tests (excluding the monotonic 
tests). 


5 CONCLUSIONS 


A total of six methods were used to estimate c, 
from dilatory dissipation tests following various 
penetration rates. The methods require input of I, 
and t, for estimation using the modified time fac- 
tor T* or other theoretical equations. Laboratory 
estimated I, from advanced tests at this site agreed 
well with Krage et al. (2014) correlation which uses 
seismic in situ data (Method B) while the correla- 
tion using laboratory results (Method A) suggested 
slightly higher I, values. 


For monotonic dissipation tests the shoulder, 
log time, Burns and Mayne (1998) or Mantaras 
et al. (2010) methods may be used. Monotonic 
test in this paper were considered unreliable as 
longer uncharacteristic t, times were found. It is 
suggested to carry out more than one test to con- 
firm results in silty soil. Other unreliable tests were 
considered to be from the upper 5 m depth inter- 
val where tests were likely influenced by partial 
drainage and the presence of a coarser layer above. 
These tests were mostly dilatory. 

Analysis of dilatory tests was carried out using 
all methods. Burns and Mayne (1998) method was 
limited to 3 test evaluations as unrealistic parame- 
ters were required for fitting. For cases with dilation 
effects, Chai et al. (2010) method estimate a short 
to. in comparison to alternative methods. Mantaras 
et al. (2010) method showed some scatter for the 
deeper set of test, as t; from fastest test differed 
from t, at slower rate both at similar depths. Sug- 
gesting that the monotonic tests may be unreliable. 
Overall the t,, values were somewhat greater than 
those estimated from Chai et al. (2010) method. 
These two methods gave t, and subsequent c, val- 
ues that showed a reasonable match with laboratory 
c, (0.7.10— to 1.0.10— m/s) compared to the lower 
c, values estimated using the square root method. 
This suggests that these methods may capture the 
behavior in dilation better than the three classical 
empirical methods noted in the paper. 

Based on the range of change in v, the response 
in u, and q, show contrasting results for behavior 
of the soil from contractive to dilative respec- 
tively, as a result it is not possible to define the soil 
behavior. 

V and B, suggested change points from und- 
rained to partially drained are not in agreement. 
If the tests at 10 m are in fact truly undrained, 
this would suggest that B, in range of 0.2 to 0.24 
at 20 mm/s (V = 180) is representative of an und- 
rained response. Hence a lower threshold for use 
of undrained analysis in dissipation may be valid 
based on B, as a guide. However further investiga- 
tion of this is required for validation. 

Dissipation results show that it is difficult to get 
a good fit for the full curve with the theoretical Teh 
and Houlsby (1991) solution, initial phase is con- 
servative while later phase non conservative, e.g. 
after 60% dissipation curves are generally above 
the theoretical line. This suggests dissipation is in 
fact slower than what the classical methods suggest 
based on u, conditions. However this is contrary to 
the suggestion based on c, and comparison to the 
c, estimated form Chai et al. (2010) and Mantaras 
et al. (2010), as noted previously. 

At rates of 100 to 320 mm/s the standard devia- 
tion of t,, is lower than at standard or slower rates. 
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This suggests that faster penetration rates in this 
silty site, with increases in u, as rate increases, 
reduces the scatter in t; across the various meth- 
ods investigated. 
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Rapid penetration of piezocones in sand 


S.H. Chow, B. Bienen & M.F. Randolph 


Centre for Offshore Foundation Systems, The University of Western Australia, Australia 


ABSTRACT: This study investigates the change in penetration resistance across different drainage 
regimes in sand using centrifuge piezocone tests. The model piezocone was jacked at various penetration 
rates into saturated loose and dense silica sand at gravitational acceleration of 50 g. In order to achieve a 
wider drainage regime, the sand was saturated using both water and a viscous pore fluid (methocel cellu- 
lose ether with viscosity 715 times higher than water). The results indicate the net cone resistance increases 
with increasing non-dimensional velocity in dense sand, but reduces with increasing non-dimensional 
velocity in loose sand. This rate dependency in sand can be captured using a simple harmonic backbone 


curve. 


1 INTRODUCTION 


The penetration resistance from a cone penetro- 
meter test (CPT) is known to depend on the 
penetration rate, and in particular the soil drain- 
age (or consolidation) conditions (e.g. Randolph & 
Hope 2004; DeJong & Randolph 2012). The 
effect of drainage conditions during penetration 
can be assessed within the established “backbone 
curve” framework (Figure 1), whereby the drain- 
age regime is related to the non-dimensional veloc- 
ity, V = vd/c, or V’ = vd/c, involving the velocity, v 
and penetrometer diameter, d and a coefficient of 
consolidation, either ‘vertical’, c,, from laboratory 
oedometer tests or horizontal”, c, from penetrom- 
eter dissipation tests. With increasing non-dimen- 
sional velocity, the soil behaviour will evolve from 
drained to partially drained, then undrained. 

Rate effects on penetration resistance, aris- 
ing from partial consolidation, have been studied 
extensively for contractive soils, such as normally 
consolidated or lightly overconsolidated clay. The 
condition for fully drained response has been 
established as V,, < 0.3 and the undrained condi- 
tion, V,,, > 30 in normally consolidated clay (e.g. 
DeJong & Randolph 2012). In contractive soils, 
the penetration resistance, q is known to decrease 
with increasing V in the partially drained regime 
(Va < V < V,,). This is predominantly due to 
decreasing degree of consolidation of the sur- 
rounding soil but also with slight compensation 
(i.e. an increasing trend) arising from viscous rate 
effects. As V > V» viscous rate effects dominate 
with q increasing with increasing V (Figure 1). 

On the other hand, rate effects on the 
penetration resistance in dilatant soil has been 
studied less, particularly in sand. Recent studies 


for dilatant soils have considered silica flour, heav- 
ily over-consolidated kaolin clay and clayey sand 
(e.g. Silva & Bolton 2004; Silva & Bolton 2005; 
Schneider et al. 2007; Suzuki & Lehane 2014). 
In sand, positive or negative effects of increasing 
penetration rate depend on the sand dilatancy, 
which is governed by the sand density, mineralogy 
and stress level (Bolton 1986). While loose sand 
is contractive, the penetration resistance in dense 
(dilatant) sand increases with increasing V (e.g. Te 
Kamp 1982). However, the transition between V ,, 
and V,,, is unclear in sand as existing studies have 
mostly covered the drained and partially drained 
regimes with V < 30 (e.g. Finnie & Randolph 
1994). In addition, the contribution of viscous 
rate effects remains uncertain, although com- 
monly perceived as negligible in sand (e.g. Dayal & 
Allen 1975). 

There is a need to examine rate effects for both 
loose and dense sand covering higher non-dimen- 
sional velocity, V > 30. Achieving high V in sand is 
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Figure 1. Drainage framework. 


213 


challenging experimentally due to the high hydrau- 
lic conductivity and stiffness (and thus c,) of sand 
and technical limitations in achieving sufficiently 
high penetration velocity, v. To overcome this dif- 
ficulty, this paper presents a centrifuge piezocone 
study covering V =0.01 to 6662 in loose and dense 
silica sand saturated with a viscous pore fluid 
(methocel cellulose ether with viscosity 715 times 
higher than water at 20*C). The resulting reduc- 
tion in consolidation coefficient, in combination 
with a high-speed actuator to increase the penetra- 
tion velocity, v, allowed extremely high values of V 
to be achieved in the sand. 


2 MODELLING CONCEPT USING 
VISCOUS PORE FLUID 


In this study, modelling of V = vd/c, >> 30 is 
achieved primarily by decreasing the coefficient of 
consolidation, c, using a highly viscous pore fluid. 
The modelling concept of using a viscous pore 
fluid to satisfy similitude between physical model 
and prototype condition is now well accepted in 
geotechnical physical modelling, specifically in 
satisfying time scaling for dynamic events (e.g. 
Dewoolkar et al. 1999; Adamidis & Madabhushi 
2015). The coefficient of consolidation c, is directly 
related to the sand permeability k according to 


km, 
c, = — 


i (1) 
PE 

where m, is the compressibility of the soil, p the 

density of the pore fluid and g the gravitational 

acceleration. The sand permeability is inversely 

proportional to the dynamic viscosity u, since 


pao 
4 


(2) 


where K is the intrinsic permeability of the soil. 
Methocel cellulose ether Grade F450 with 
concentration, C = 2.2% (u = 715 mPas at 20*C) 
was used as the viscous pore fluid in this study. 
The properties and preparation technique of the 
commercially available methocel F450 can be 
referred to Dow (2002). Methocel cellulose ether 
was selected here as it has been shown to produce 
similar constitutive behaviour as for soil saturated 
with water, in addition to having similar density 
to water (Dewoolkar et al. 1999). The viscosity 
of the methocel cellulose ether, a non-Newtonian 
fluid, is known to depend on the shear rate and 
temperature. These dependencies of the methocel 
F450 have been investigated in a series of viscom- 
eter tests considering a range of concentrations, 
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shear rates and temperatures (Chow, unpublished 
data). The shear rate range considered in this study 
is found to have negligible influence on the meas- 
ured viscosity of the methocel. The temperature 
dependency of the methocel F450 with C = 2.2% 
measured through the viscometer tests can be 
expressed as (Adamidis & Madabhushi 2015): 


Hre — 2.44 00451 
Mac 


(3) 


where urc is the viscosity at the desired tempera- 
ture of T (°C) and Hc the viscosity at 20°C. 


3 CENTRIFUGE TEST DETAILS 


3.1 


Soil samples were prepared at two densities 
(loose, dense) and saturated with two different 
pore fluids (water, methocel) using a commer- 
cially available fine sub-angular silica sand. The 
index properties of the sand are summarised in 
Table 1. The coefficient of consolidation c, of 
water-saturated sand at average relative density 
I, = 50% was determined using Rowe cell tests 
as presented in Figure 2. The centrifuge sand 
samples were prepared in strongboxes with inter- 
nal dimensions of 650 mm x 390 mm x 325 mm 
(length x width x depth). Two dense samples were 
prepared by air pluviation and another two loose 
samples were prepared by hand pouring the sand 
at minimal fall height into the strongbox. 


Soil properties & sample preparation 


Table 1. Properties of silica sand. 

Specific gravity, G, 2.67 

Particle size, dy, dsp, de 0.12, 0.18, 0.19 mm 
Minimum dry density, Pain 1497 kg/m? 
Maximum dry density, Pmax 1774 kg/m? 


Critical state friction angle, 0’. 31.6( (triaxial) 
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Figure 2. Coefficient of consolidation, c, determined 


through Rowe cell tests. 


The samples at each density were saturated 
using either water or methocel by gravity feed from 
the base of the sample. The final relative densities 
measured at the end of saturation are Ip = 31% and 
83% for the loose and dense samples respectively. 
For the samples saturated with methocel, strong 
boxes with enlarged drainage feed of 10 mm diam- 
eter was used. An additional drainage layer of 
10 mm aggregate (with height covering at least the 
top of the drainage feed) overlaid with a geofabric 
was also placed at the base of sample to further 
facilitate saturation with the highly viscous metho- 
cel (Figure 3). A layer of water or methocel with 
constant-height of 60 mm was maintained above 
the sand surface during testing. To avoid evapora- 
tion of the methocel during testing, a thin layer 
of organic oil was also placed above the methocel 
layer. 


3.2 Model piezocone 


The model piezocone has a cone and shaft diam- 
eter of 10 mm with a 60° cone tip (Figure 3). The 
stainless steel model piezocone is instrumented 
with tip and sleeve load cells and a pore pressure 
transducer located just above the cone shoulder 
(u, position). The filter for the pore pressure trans- 
ducer is a 1.3 mm thick ring of polyethylene with 
a 35 um pore size. The unequal area ratio, o was 
determined as 0.74 using a pressure chamber. 


3.3 Centrifuge test setup & procedure 


The centrifuge tests were conducted at 50 g gravita- 
tional acceleration using the beam centrifuge at the 
University of Western Australia. The use of cen- 
trifuge testing at higher gravity ensures essential 


1.2 KN tip load cell, 
0.86 KN shaft load cell, 


2 1MPa pore pressure 
High speed transducer 
actuator 
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i< polyethylene filter with 
a 35 um pore size 
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Thermal probe 


Geofabric 


Gravel 


Figure 3. 
details. 


Centrifuge test setup and model piezocone 


215 


Table 2. Centrifuge test program. 
V=vdic,* 
Pore fluid v (mm/s) Loose Dense 
Water 0.6 0.01 — 
6 0.1 0.2 
60 1 2 
Methocel 0.1 1 2 
(C=2.2%) 6 74 120 
60 722 1198 
100 — 1996 


*c, = 5.7 x 104 m?/s at z = 2.5 m for loose samples; 
c, = 3.3 x 10* m?/s at z = 2.5 m for dense samples. 


similitude in soil stress between model and field 
conditions. The test setup is illustrated in Figure 3. 
The test program is summarized in Table 2. Three 
to four piezocone tests were conducted in each soil 
sample covering a range of penetration velocities, 
v = 0.6 to 100 mm/s using a high speed actuator. 
The resulting non-dimensional velocity, V (at mid- 
sample prototype depth z = 2.5 m) spans across 
5-order of magnitudes, with V = 0.01 to 2 in the 
water saturated sample; and V = 1 to 1996 in the 
methocel saturated sample (Table 2). To ensure 
the reliability of the pore pressure data, saturation 
checks of the pore pressure transducer filter were 
performed before and after each test by cycling the 
piezocone up and down in the free water or metho- 
cel above the soil. Satisfactory saturation was indi- 
cated by a rapid response with little or no hysteresis 
in the data. Due to the temperature dependency of 
the methocel, a thermal probe was used to monitor 
the temperature of the pore fluid during the piezo- 
cone tests. The measured temperature maintained 
the same within the same piezocone test but varied 
between 20.2°C and 21.8°C across different tests 
depending on testing day and time. 


4 TEST RESULTS 


The test results are presented as profiles of net 
cone resistance, q,., and pore pressure at cone 
shoulder position, u, with penetration depth in 
prototype scale (Figure 4). The sleeve friction, f, 
profiles are not discussed here due to high vari- 
ability in the friction sleeve measurement. The 
net cone resistance, q,, is determined as q, + (1-0) 
u, - O,,, Where q, is the measured cone resistance 
and o, is the total overburden pressure. The non- 
dimensional velocity, V is computed for each test 
by considering the coefficient of consolidation, c, 
at the relevant stress level and relative density. For 
ease of reference, tests are identified as RVP, where 


(a) Net cone resistance, qye (MPa) (b) Pore pressure, u (kPa) 
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Figure 4. Validation of viscous pore fluid modelling 
concept. 


R refers to the sample relative density (L for loose, 
or D for dense), V refers to the average non-dimen- 
sional velocity; and P refers to the pore fluid (W 
for water, or M for methocel). For instance, Test 
L0.1 W refers to a piezocone test at V = 0.1 ina 
loose sample saturated with water. 


4.1 Validation of modelling concept 


The modelling concept using viscous pore fluid 
discussed in Section 2 was validated using two 
piezocone tests conducted at the same non-dimen- 
sional velocity, V = 1, but in the loose samples satu- 
rated with different pore fluids. As demonstrated 
in Figure 4, good agreement was obtained with 
average difference of 5% between the two tests, 
confirming the validity of the modelling technique. 


4.2 Effect of drainage on piezocone response 


The q,a and u, profiles for all tests conducted in the 
loose samples are presented in Figure 5. The non- 
dimensional velocity, V ranges between 0.01 and 
722 at mid-sample depth, z = 2.5 m of the loose 
samples (Table 2). As shown in the u, profiles in 
Figure Sb, the piezocone tests covering V = 0.01 
to 1 produce a drained response with no develop- 
ment of excess pore pressure. The corresponding 
drained net cone resistance, qaea at V = 0.01 to 1 
appears to vary with 5 to 15% difference between 
the tests (Figure 5a). This variation in q,,, could 
be a result of sample non-homogeneity; repeated 
testing on one of the tests (L0.1 W) indicated a 
12% variation across the set of tests. Viscous rate 
effects could also contribute to the variation in qpe 
as preliminary testing using 1 g variable piezocone 
tests in dry sand indicated about 5% increase in 
cone resistance per log cycle increase in penetra- 
tion velocity. 
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Figure 5. (a) qau and (b) u, profiles in loose samples. 


On the other hand, the tests with V > 1 clearly 
exhibit a partially drained response with excess 
pore pressure developed in the contractive loose 
sand (Figure 5b). Corresponding to the generation 
of excess pore pressure, qpe at V = 74 decreases 
to about 67% of the drained net cone resistance. 
The test with the highest V = 722 also generated 
excess pore pressure, but to a lesser extent than 
the slower test with V = 74. As a result, q,,, at 
V = 722 increased back to 82% of the drained net 
cone resistance. This rebound in q,,, is believed to 
be a consequence of slight sample densification, 
which was later confirmed by a higher q,,, meas- 
ured in a repeat test on test LO.1M conducted at 
the end of the test program. 


The q,,., and u, profiles in the dense samples cov- 
ering V = 0.2 to 1996 are presented in Figure 6. Ini- 
tial comparison of the q,. profiles with equivalent 
V = 2 (tests D2 W, D2M) revealed that the water 
saturated sample was denser than the methocel 
saturated sample, despite both exhibiting drained 
response in the u, profiles. Hence examination of 
the drainage effects in dense sand is limited to the 
dense sample saturated with methocel covering 
V =2 to 1996. Although missing the tests cover- 
ing V < 2, it is reasonable to assume that all tests 
with V < 2 will exhibit essentially drained response 
based on the u, profiles in Figure 6b. In contrast 
to the loose sample, q„« increases with increasing 
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Figure 6. (a) qau and (b) u, profiles in dense samples. 


V in the dense sample (Figure 6a). At the high- 
est V = 1996, qav- 1996) 1S approximately 2.7 times 
higher than the drained resistance. This significant 
increase in q, is caused by the sand dilatancy, evi- 
dent in the suction generated for tests with V > 2 in 
Figure 6b. The suction is only observed at penetra- 
tion depth, z > 0.7 m upon the full embedment of 
cone tip and u, sensor location. 


4.3 Backbone curves 


The rate effects in the piezocone tests in both loose 
and dense samples can be further examined using 
the backbone curve concept as shown in Figure 7. 
As mentioned in Section 4.2, the tests in the 
water saturated dense sample were excluded from 
Figure 7 due to the difference in sample density. 
The backbone curves present the variation in (a) 
net cone resistance normalised by the drained net 
cone resistance, Quel Grey) and (b) excess pore pres- 
sure normalised by vertical effective stress, Au,/o’, 
across the range of non-dimensional velocity, V 
considered in this study. The net cone resistance 
is normalised by the drained net cone resistance, 
near) here for penetration in sand, instead of the 
more typical normalisation by the undrained net 
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Figure 7. Backbone curves in sand: (a) Qyo/Qneyan3 and 
(b) Au,/o',. 
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cone resistance, Guo) for clay. The normalised 
parameters, qne/qnea and Au,/o', are computed 
and averaged over every 0.5 m penetration from 
z = l to 4 m. The range of penetration depth 
selected is to ensure the penetration resistance has 
achieved steady state. Taking into consideration 
the sample density and penetration depth range, 
the resulting non-dimensional velocity, V ranges 
between 0.01 and 4928 in loose samples and 
between 1.1 and 6662 in dense samples. 

As shown in Figure 7, the transition from 
drained to partially drained condition appears to 
occur at V,, =7. This value is an order of magni- 
tude higher than the value of V = 0.3 reported for 
fine grained contractive soil. For V > V,,, the loose 
and dense sand clearly exhibit different responses. 
The loose sand exhibits slight contractive behav- 
iour with the normalised resistance decreasing to a 
minimum of Q../G noi = 0-6 at V = 74. It is unclear 
whether undrained conditions have been achieved 
in the loose sample at the highest V investigated 
(V = 722). However, the normalised resistance does 
appear to increase slightly for V > 722. On the 
other hand, the dense sand clearly exhibits dilatant 
behaviour with q,../neyar increasing with increasing 
V. The most significant increase in the normalised 
resistance of q,../Qneyar) = 4-7 is achieved at the aver- 
age penetration depth, z = 1.25 m and the highest 
V = 6662. The transition from partially drained to 
undrained conditions cannot be identified clearly 
here with the resistance continuing to climb in the 
dense sand. Hence more experimental data would 
be needed to determine the true V,, value. 

In order to quantify rate effects in sand, the 
backbone curves in Figure 7 can be characterised as 


| 


where qy is the net cone resistance at V or v/d, 
near) the reference drained net cone resistance at 
(vir Anc) the undrained net cone resistance at 
V = Viw Vso the non-dimensional velocity for 50% 
consolidation, v/d the penetration velocity normal- 
ised by penetrometer diameter d, c a fitting coef- 
ficient and B the power law rate parameter. The 
first part of Equation 4 accounts for consolida- 
tion effects, whereas the second part of Equation 4 
accounts for viscous rate effects using a power-law 
formulation. 

Equation 4 is able to provide a reasonable fit to 
the experimental data in Figure 7. The best-fitted 
parameters (Que near) Vso € and P) for Equa- 
tion 4 are summarised in Table 3. A unique value 
of V;, was not found between the loose and dense 
sand, but further validation is required using more 
experimental data. 
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Table 3. Best-fitted parameters for backbone curves. 
Sample Gan! Var Vs c B 
Loose 0.5 10 (3 0.023 
Dense 4 3000 1.3 0.023 


5 DISCUSSION & CONCLUSIONS 


This study has investigated rate effects arising from 
partial consolidation in piezocone tests in both 
loose and dense sand covering V = 0.01 to 6662. 
The wide range of V (spanning drained to und- 
rained regimes) was made possible through the use 
of a highly viscous pore fluid. The physical mod- 
elling technique has shown promising potential in 
investigating partially drained to undrained behav- 
ior in sand, which will grow in importance with 
the recent growth in offshore renewable energy 
development involving shallow water depths with 
mainly sandy sediments. 

The nature of the rate dependency in sand is 
found to be governed by the sand dilatancy, which 
is a function of sand density, mineralogy and 
stress level. In dense sand prevalent for field condi- 
tions, the study demonstrated significant increase 
in penetration resistance when V increases from 
drained to undrained conditions, accompanies by 
increasingly negative excess pore water pressure. In 
addition, for field application in relatively shallow 
water (< 30 m), it is expected the sand would cavi- 
tate, which would complicate determination of the 
undrained penetration resistance (Randolph et al. 
2018). 

The rate dependency in sand can be addressed 
using a simple backbone curve as expressed by 
Equation 4. The uncertainty in Equation 4 might 
be reduced by predicting the undrained resistance, 
Anetan) analytically, using the theoretical undrained 
shear strength of the sand based on critical state 
concepts (Been et al. 1991, Muir Wood 1990) and 
applying the relationships linking the sand dila- 
tancy to the sand minerology, density and stress 
level (Bolton 1986). The framework also needs to 
make due allowance for cavitation for practical 
application in the field. 
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Applying Bayesian updating to CPT data analysis 
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ABSTRACT: Evaluation of geotechnical parameters on a project site is a necessary step in geotechnical 
engineering. However, due to the inherent variability of soil properties and the lack of data, many 
unavoidable uncertainties arise during a site-specific geotechnical characterization. This challenging task 
can be addressed under the Bayesian framework. The aim of this paper is to apply the Bayesian approach 
to a reference example of friction angle evaluation in sand, using the Bayesian Equivalent Sample Toolkit 
(BEST). BEST is an Excel VBA program for probabilistic characterization of geotechnical properties. In 
particular, in this study the statistical analysis has been performed using CPT tests from reference field 
studies. The results obtained for one case study involving CPT are discussed. 


1 INTRODUCTION 

A major application of CPTu is in the evaluation 
of material properties for geotechnical units identi- 
fied within a site. The description of a given unit 
property (e.g. the friction angle of a sand, (”) may 
be done in deterministic terms (a single value, even- 
tually varying with depth) or in probabilistic terms. 
The latter approach is increasingly important, as 
the treatment of material uncertainties in geotech- 
nical design becomes more formalized (e.g. in the 
selection of characteristic values for partial factor 
limit state design or in the application of direct 
reliability evaluation methods). The variability of 
geological processes is one fundamental compo- 
nent of a variation of geotechnical properties. Such 
variability is known in literature as inherent vari- 
ability or “aleatory uncertainty”. This irreducible 
component is increased by “epistemic uncertainty”, 
comprising factors such as statistical error (lack 
of data), measurement error (inadequate equip- 
ment and/or operator errors), and transformation 
uncertainties (Phoon & Kulhawy 1999a). The lat- 
ter component is particularly important for CPTu 
data, which may be directly used in design, but 
most frequently requires transformation models to 
obtain derived values. Within this context, Bayesian 
updating is an emerging framework (Gelman et al. 
2013) well suited to handle the problem of material 
property evaluation under uncertainty conditions. 
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Within geotechnics, Wang & Cao (2013) developed 
an equivalent sample method for Bayesian analy- 
sis in which different components of epistemic 
uncertainty may be treated. To do so the limited 
data acquired during site-specific investigation is 
combined with the so called prior knowledge, rep- 
resenting the information about the geotechnical 
property before any observation data are collected. 
The integrated knowledge (posterior knowledge), is 
then used to obtain a precise statistical description 
of the property by means of a numerical procedure 
known as Markov Chain Monte Carlo simula- 
tion. In order to avoid mathematical and statisti- 
cal hurdles, Wang et al. (2016) developed an Excel 
toolkit, called Bayesian Equivalent Samples Toolkit 
(BEST), to evaluate the probability distribution 
and nominal value of the design parameters. The 
aim of this paper is to perform a statistical analysis, 
through BEST, of one design example, in which the 
observation data consist of four CPT tests. 


2 UNCERTAINTY MODELLING 


2.1 Inherent variability 


Consider for instance a sand deposit, and its 
friction angle 6’ as the design parameter X,. 
According to Wang et al. (2015), which reports the 
probability distribution of different geotechnical 
parameters, inherent variability of friction angle 


can be modelled using a normal random variable 
with a mean u and standard deviation o: 


Ø = U+ oz: (1) 


where z is a standard gaussian random variable. 
Note that the spatial variability of the friction 
angle is not considered herein. 


2.2 Transformation model 


In this study a linear semi-log regression, devel- 
oped by Kulhawy & Mayne (1990), between o’ and 
the normalized cone tip resistance q is considered 
(Fig. 1). 

The regression equation is defined as: 


¿=Ing=a0' +b+ E£, (2) 


where q is the normalized cone tip resistance 
q = (q/p.)/(0'/p.)"5, which is a function of the 
effective stress o”, and the atmospheric pressure 
Pa The use of a stress-normalized regression 
like this implies a certain assumption about the 
effect of stress increases with depth on the data. 
The regression coefficients have values a = 0.209, 
b = —3.684, while the transformation error, €, is a 
Gaussian random variable defined by a zero mean 
and a standard deviation o, = 0.586. It is worth 
noting that Equation 2 considers the transforma- 
tion uncertainty of the regression model, through 
the e term. Replacing Equation 1 in Equation 2 
leads to: 


¿=1nq =(au+b)+a0z + 0, €; (3) 


Thus, the normalized observation data & are 
treated as a Gaussian random variable with mean 


p'=17.6+11.0log(q/pa/(Gu/pal* 
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Figure 1. Regression analysis between ’ and normal- 
ized cone tip resistance q (Kulhawy & Mayne 1990). 


(au + b) and standard deviation V((ac)? + 0,2). 
The expression obtained makes clear that inherent 
variability (z) is independent from transformation 
uncertainty (e). 


3 BAYESIAN FRAMEWORK 


A key feature of Bayesian statistical approach 
is the integration of the prior knowledge of the 
model parameters (i.e. u, o of 0”) with the obser- 
vation data (i.e. CPT), to obtain the posterior 
knowledge of the model parameters. Indeed, the 
latter can be expressed through Bayes theorem as 
(Cao & Wang 2013): 


P( u, o| Data, prior) = KP( Data | 4, o)P(u, 07); 
(4) 
where: 


— Data =€ with i = 1,2... n, are the observation 
data obtained during the site investigation in the 
sand layer; 

— P (u, 0) reflects the prior distribution of the 
model parameters u and o of X, (67), without 
considering the observation data; 

— P (Data] 1,0) is the so called likelihood function, 
which expressed the probability density function 
(PDF) of the observation data, for a given set of 
u and o; 

-K= ho P(Data| u.o) P(u,o)dudo]* represents 
the normalizing constant which does not depend 
on u and o; 

— P (u,o| Data,prior) is the update or posterior 
knowledge of the model parameters u and o of 
the design parameter X (0°). 


Note that from now on P (u,o| Data, prior) will 
be denoted as P (u,o| Data). 


3.1 Prior knowledge 


Two different types of prior distribution of the 
model parameters can be considered in the Baye- 
sian approach: 


— non informative (i.e. uniform distribution); 
— informative (i.e. histogram, triangular, conju- 
gated distribution). 


The former is considered when no prior infor- 
mation on X, is available for the project site. In 
this case a rough estimation of the prior knowl- 
edge was obtained through a literature review 
(Phoon & Khulawy 1999a, Cabalar 2010, Sal- 
gado et al. 2000, Naeini & Baziar 2004). Only the 
range of model parameters has to be considered; 
indeed, the prior is defined as a joint uniform dis- 
tribution as: 


222 


1 
x 


for M E [Minin Migas] 


Max E Main O, 


max 


P(4,0)= 
0; 


Informative priors can be adopted when more 
information on X, are available. As explained in 
the next section the use of such priors may increase 
the computational demands. Within the context of 
geotechnical engineering, a detailed analysis of 
available procedures for prior knowledge estima- 
tion is given in Cao et al. (2016). 


3.2 Likelihood function 


The likelihood function is defined as the PDF of 
the observation data for a given set of u and o. The 
Hypothesis of observation data as n, independent 
Gaussian random variable, leads to: 


1 
Nr (ao)? + (Gj) 
| gj (auth) 


|-0.5 
N (ao)? +(Om 2 


Xel 

| 
It is worth noting that, when X, (i.e. 6’) is not 
measured directly, the likelihood is a function of 
both the probabilistic model M,, used to model the 
inherent variability, and the transformation model 
M, (Eq. 2). Hence, given a set of observation data, 
a comparison among different M, can be carried 
out by evaluating Equation 6 for each transforma- 
tion model. In this way the most suitable likelihood 
function for a better estimation of the posterior 

knowledge can be selected (Cao & Wang 2014). 


nc 
P(Data|4,0)= II 
i=l 


(6) 


N 
A 


3.3 PDF of the friction angle 


Once the posterior knowledge is evaluated, the 
probability density function of friction angle is 
then obtained through the theorem of total prob- 
ability as: 


P(@| Data, prior) = 


| 26. 0)P(4,0| Datayd udo; 
4,0 


(7) 


where P(b|u, o) is the probability density func- 
tion of the friction angle for a given set of model 
parameters; P(u,o|Data) is the posterior knowl- 
edge of model parameters. This process can be 


=0, 
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and o E [Oan O, 


min? ™ max ] 


min 


(5) 


otherwise 


repeatedly applied. If several data sets are available 
(i.e. CPT, SPT), the posterior knowledge of model 
parameters, after CPT results are considered, may 
be used as prior knowledge to obtain the posterior 
probability distribution using the SPT values as 
input data. Such an approach is called Bayesian 
Sequential Updating (BSU) (Cao et al. 2016). 


3.4 Markov Chain Monte Carlo (MCMC) 
simulation 


When the prior knowledge and likelihood function 
are sophisticated, Equation 7 can be hard to solve 
explicitly or analytically due to the presence of the 
normalizing constant K. To bypass this inconven- 
ience, the MCMC method is used, which, in this 
case, draws many equivalent sample of $ from a 
target distribution, expressed by Equation 7. The 
samples drawn are then used for a statistical analy- 
sis of the parameter 0”. In particular, the Metrop- 
olis Hasting algorithm is used in the MCMC 
simulation (Hasting 1970, Wang & Cao 2013). 


4 BAYESIAN EQUIVALENT SAMPLES 
TOOLKIT (BEST) 


BEST is an Excel add-in that, using Excel VBA, 
implements MCMC to obtain Bayesian updates of 
geotechnical data statistics (Wang et al. 2016). The 
program is able to apply the Bayesian equivalent 
sample method for different soil types (i.e. clay, 
sand, and rock) with two different kinds of trans- 
formation models: 


— built—in model; 
— user—define model. 


For the case of the “built-in model” option the 
transformation model M, and its coefficients are 
already assigned. The inbuilt transformation mod- 
els cover only a specific set of transformations, 
therefore requiring a particular set of input data. 
For the case of sand layers and friction angle the 
model 2.2 is featured, and the input data required 
are CPT data, and the prior knowledge of friction 
angle’s model parameters (i.e. uniform distribution 
in the intervals [Max Hminl [Omas Ominl)» The “user- 
defined model” option is more flexible since is able 
to perform a statistical analysis of an arbitrary 
geotechnical parameter as long as the coefficients 


and uncertainty of M, are specified. The program 
also requires the input of several numerical param- 
eters that control the MCMC algorithm operation. 
These include the number of Markov iterations 
(i.e. number of MonteCarlo runs), the number of 
equivalent samples obtained in each MonteCarlo 
run, the number of samples to discard from one 
step to the next of the Markov iteration. If the 
proposal distribution used in the Metropolis Hast- 
ing algorithm is characterized by a wrong start- 
ing point, a large sequence of equivalent samples 
is necessary to reach the stationarity distribu- 
tion of MCMC simulation, which is called the 
burn-in period (Ravenzwaaij et al. 2016). Hence, 
the number of samples to discard should be large, 
since the firsts will not be reliable for the subse- 
quent statistical analysis. BEST suggests picking 
up more than 31000 equivalent samples and dis- 
carding more than 1000 of them. 


4.1 Illustrative example 


The following design example is taken from Brito 
& Sorensen (2010). This section shows how to eval- 
uate the probabilistic distribution of friction angle 
for a dense fine glacial outwash sand deposit for 
the construction of a pad foundation. Four CPT 
tests were carried out to a depth up to 8 m, whose 
profiles are reported in Figure 2. Note that each 
CPT test consist in eighty data values. 

Firstly, a Bayesian equivalent samples method is 
carried out using the built-in model for sand. Due 
to the lack of information about the project site, 
prior knowledge is described by a joint uniform 
distribution of the model parameters (u, ©) of o 
(Eq. 5). Initially, the ranges of prior model param- 
eters are taken from BEST under the command 
help (Table 1). This contains the typical range 
values of u and o for different design parameters 
according to the literature. 

The “built-in model” for the estimation of $ 
requires the normalized cone tip resistance as 
input data, and these are related to the friction 
angle through Equation 2. Initially, one single 
run is considered, in which 31000 equivalent sam- 
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Figure 2. CPT data profiles. 


Table 1. Range of prior values of u and o. 


Hinas  Hmin max min 


Cy. ©) wO 0 


Prior (BEST) 42 30 7.1 0.6 
Prior (Phoon et al, 1996b) 41 35 6.97 1.27 


42 


$ [Y 
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Figure 3. (a) Frequency of the friction angle drawn; (b) 
Scatter plot of the equivalent samples. 


ples are selected and 1000 of them are discarded. 
Figure 3a and 3b show, respectively, the histogram 
of the friction angle values drawn, with all CPT 
values as input data, and the scatter plot of the 
equivalent sample. The 90% confidence interval 
is reported since BEST evaluate the 5% percentile 
and the 95% percentile. 

It is possible now to compare the obtained 
equivalent sample distribution to that of the origi- 
nal CPT data. To do so the equivalent samples 
generated are back-transformed into values of the 
measured property € through Equation 2 using the 
same coefficients a, b and o, adopted in the trans- 
formation model in BEST. In this way it is possible 
to evaluate 30000 values of the cone tip resistance 
q, for a given depth D (assuming a constant bulk 
weight of 20 kN/m?). The mean, the 5% percentile 
and the 95% percentile are plotted at each depth 
D alongside the measured data in Figure 4. The 
results show that almost all the data below 1 m 
are included in the 90% confidence interval. The 
anomaly at shallow depth points to some limitation 
of the transformation model M,. Several reasons 
may be behind that anomaly: strength curvature at 
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Figure 4. u, 5% percentile, 95% percentile and data set. 


very shallow stress levels, a relative increase in suc- 
tion-derived effects and boundary effects on CPT 
tip resistance at shallow depths (Senders 2010). 


4.2 Effect of number of CPT input data 


The comparisons among the PDF and CDF of 6’ 
for different single CPT, tests, with i = 1, 2... 4, 
and the one with all the observation data, as input 
data, are plotted in Figure Sa and Sb respectively. 
The results show that, increasing the observation 
data the standard deviation is significantly reduced 
(between 12 and 18%) with respect to the estimate 
obtained using a single CPT. On the other hand, 
the estimated value of u is approximately constant. 
It seems reasonable that increasing the number of 
observation data, if all of them are equally reli- 
able, there is a reduction of the estimated param- 
eter uncertainties; indeed, the likelihood function 
become more relevant than the prior increasing the 
number of data sets. 


4.3 Effect of prior knowledge 


The influence of the prior knowledge is analyzed 
using a different range of the model parameter u 
and o, taken from Phoon & Kulhawy (1999b) and 
reported in Table 1. Note that, for this comparison, 
all the CPT data are used as input data. The results 
in terms of PDF(6”) and the statistics value for 
the two different cases are illustrated in Figure 6 
and Table 3. It can be noticed that the difference 
between the two cases, in terms of 5% percentile, is 
2.86°. Indeed, the prior distribution in BEST inte- 
grates the studies of Phoon & Kulhawy (1999b) 
with the ones of Cabalar 2010, Salgado et al. 2000, 
Naeini & Baziar 2004, in which micaceous sand, 
silty sand, and mixed and layered samples of sand 
are respectively analyzed. This provides a reduc- 
tion of the prior range of the standard deviation 
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Figure 5. (a) PDF(0”) for different input data; (b) 
CDF(6”) for different input data. 


Table 3. Range prior values from different sources. 
Prior 
Prior Phoon & Kulhawy 
Statistics No Prior BEST (1999b.) 
u (°) 43.3 41.87 40.93 
o (°) 1.13 0.68 1.83 
5% (°) 42.02 40.73 37.87 
95% (°) 45.9 43.92 43.96 


AR —O— POF ($°) Prior BEST 
—+ PDF (6?) Prior Phoon & Kulhawy (1999b) 


48 


40 44 


și 
Figure 6. Probability density function of the friction 


angle using prior BEST and prior Phoon & Kulhawy 
(1999b). 


and consequently a narrower estimation of PDF 
(’). Table 3 also includes the values that would 
be inferred from the data in the absence of any 
Bayesian updating: the friction estimate increases, 
skewed by the shallow data points. 


ae —6— PDF (30000 Equivalent Samples) 


+- PDF (60000 Equivalent Samples) 
— = — PDF (100000 Equivalent Samples) 
—4— PDF (300 Equivalent Samples) 


0.5f 


0.4f 


0.3 


PDF (9°) 


0.27 


0.1 


42 B M 45 46 
$ 


Figure 7. Probability density function of the friction 
angle for different sequences of equivalent samples. 


4.4 Effect of numerical parameters 


As mentioned in the previous section, a key step 
for the convergence of MCMC simulation is the 
definition of the number of equivalent samples 
to draw and the ones to discard for each run. The 
initial proposal distribution implemented in BEST, 
is characterized by a u and o equal to half of the 
prior mean and the standard deviation range (1.e. 
36°, 3.25%), which represent a reliable starting 
point (Ravenzwaaij et al. 2016). To test this, several 
runs, with 310, 31000, 62000 and 110000 equiva- 
lent sample are conducted. The samples discarded 
for each run are respectively 10, 1000, 2000 and 
10000. The results are illustrated in Figure 7. As 
suggested by BEST, 31000 equivalent samples are 
enough to reach convergence; indeed, no relevant 
difference exists among PDFs with more samples. 
On the other hand, as expected, a limited number 
of samples (i.e. 300) results in less accurate estima- 
tions, with broader probability distributions of 6’ 
and a wider 90% confidence interval. 


5 CONCLUSION 


In this paper, the Bayesian Equivalent Sam- 
ples Toolkit, has been tested on a four CPT data 
set to estimate friction angle. As shown by the 
example analyses presented, this kind of numeri- 
cal approach practically eliminates statistical error 
and concentrates the effort of the designer on the 
description of previous knowledge (prior) and in 
the selection of transformation models. 
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ABSTRACT: The practice of piezocone testing for geotechnical investigations is advantageous for 
rapidly obtaining parameters, continuous assessment of a soil profile and ability to estimate various 
geotechnical parameters. However, its results require attention regarding its implementation and 
interpretation, especially when the aim is to perform a geotechnical characterization of an area or deposit. 
This paper addresses in situ tests (SPT, vane and piezocone tests) and laboratory tests of a stretch of 
road works located in Pernambuco, Brazil. Stratigraphic classification, compressibility and strength 
parameters were obtained through piezocone tests and compared to laboratory (oedometer and triaxial) 
and in situ (SPT, vane) tests as benchmarks. The final results were discussed within the context of results 
in the literature, including the results of the Recife (Coutinho 2007) and Suape (Coutinho and Bello 
2012) soft clays, confirming the potential of the piezocone test to obtain good prediction of geotechnical 


parameters in these soft clay deposits with correlations suited to the local/regional experience. 


1 INTRODUCTION 


In recent years, geotechnical engineering has 
evolved considerably in field investigations and 
modern practices, which are useful for estimating 
geotechnical parameters from the reference tests, 
such as the piezocone test (CPTu). In Brazil, there 
is a wealth of experience in the use of this test in 
soft soils, such as the articles discussed and pre- 
sented by Coutinho (2007), Coutinho and Bello 
(2012) and Almeida and Marques (2013). Impor- 
tant work that brings together the main activi- 
ties with the CPTu in South America, specifically 
Brazil, was presented by Coutinho and Schnaid 
(2010). 

The purpose of the present study is to perform a 
geotechnical characterization of a soft clay deposit 
in a stretch of road works, using onsite and labo- 
ratory investigations, focusing on the parameters 
obtained and estimated by the CPTu test, mainly 
those related to the proposed stratigraphic classifi- 
cation, compressibility and strength behavior. 


2 EXPERIMENTAL PROGRAM 


2.1 In situ tests 


From a comprehensive investigation involving a 
significant amount of SPT, vane shear, piezocone 


tests and Shelby tube samples, along five kilom- 
eters of road works, some tests were chosen for 
a sub-stretch as representative of the soft clay 
deposit. Two SPT boreholes, two vertical vane 
shear tests (VST), two vertical CPTu tests and two 
undisturbed Shelby tube samples (04”) (Figure 1), 
were all run in accordance with Brazilian and 
international standards. 

The SPT borehole identified a thick layer of 
very soft organic clay, approximately 12 m in depth 
and Ngp; ranging from 0/45 (no blows, only the 
weight of the hammer) to 2. The remaining identi- 
fication tests were then carried out to characterize 


this deposit. 
ae 
ST25 


+ SPT 
XC vst 
9 cero 


IE] shelby sample 


Figure 1. 


Experimental program—study area. 
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2.2 Laboratory tests 


Based on undisturbed Shelby tube sampling (04”) 
in the laboratory according to Brazilian stand- 
ards, tests of characterization, specific gravity (y,), 
organic matter content (OC), oedometer and tri- 
axial UU-C were performed at depths of 2.4 m, 
4.4 m, 6.4 m and 10.4 m, corresponding to layers 
of organic clay identified by SPT. All tests were 
used to compare the results of measurements and 
estimations of the CPTu test (Figure 4). 


3 SITE CHARACTERIZATION 


3.1 Location and soil profile 


The study area is located within the Suape Indus- 
trial and Port complex, Ipojuca, Pernambuco, Bra- 
zil. The area is described as an extensive thick plain 
of sedimentary clay soils, saturated, with low bear- 
ing capacity, organic matter present and, in some 
cases, occurrence of seashells and sand lenses in 
the profile. 

It is a practical case of state highway works that 
rests on soft soil deposit across a landfill with an 
average height of 5 m. Through the integrated anal- 
ysis of all results it was possible to split the deposit 
profile into four (4) layers. Layer 1 (L1:0.0-2.0 m) 
consists of soft clayey silt; layer 2 (L2:2.0-6.0 m) 
very soft organic clay; layer 3 (L3:6.0-13.0 m) 
soft organic silt clay and layer 4 (L4:13.0-16.0 m) 
medium to hard clayey silt (Figure 3). 


3.2 Laboratory tests 


All laboratory tests were carried out on layers L2 
and L3. The characterization tests showed that the 
soil in layer L2 has a clay content varying between 
50% and 75%, silt between 20% and 50% and sand 
<10%, similar to layer L3, which had less fines at 
the beginning of the layer compared to the deeper 
levels. The natural moisture (W,) in layer L2 varied 
from 159% to 185%, and layer L3 from 203% to 
131%. The Atterberg limits were 70% for W, in layer 
L2 and 62% in layer L3; the W, in layer L2 ranged 
from 168% to 180%, and layer L3 138% to 168%. In 
general, the W, values in layers L2 and L3 were close 
to their respective values of W, (Figure 5), presented 
PI values ranging from 73% to 113%. 

The analyzed samples were under the plas- 
ticity line, showing characteristics consistent 
with organic clays examined by Coutinho et al. 
(1998), which include Juturnaiba and Recife clays 
(Figure 2). The classification, according to USCS, 
for layers L2 and L3 was CH, “clay with high 
compressibility”. 

The average organic matter content (OC) of 
the two layers (L2 and L3) was 12.42% + 1.00. 
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Figure 2. Casagrande plasticity chart (from Coutinho 
et al 1998). 
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Figure 4. Resistance-ratio, S,/o’,,, (Coutinho and Bello 
2012). 


According to Huang et al. (2009), both layers can 
be classified as organic mineral soil. The oedo- 
metric tests showed that layer L2 has a rise in ini- 
tial voids (e,), and drop in layer L3. The OCR at 
the beginning of layer L2 was around 2.6 with a 


downward trend, while layer L3 presented values 
of OCR of 1.6 on the surface, with the tendency 
to 1.0 at greater depths. In relation to the com- 
pression index (C,), layer L2 had average values 
around 1.2, while the layer L3 values were close to 
1.5. The values of S, along the two layers (L2 and 
L3), obtained from triaxial compression tests of 
type UU, were around 12.75 + 0.72 (Figure 5). 


3.3 Vane shear test (VST) 


Two S, trends were observed for layers L2 and L3, 
increased linearly in both layers the values. In layer 
L2, S, = 3.45z + 1.48, and layer L3 with values of 
S, = 2.94z — 13.82 (Figure 3). 

The layer L2 sensitivity varied linearly accord- 
ing to S, = 1.06z — 1.73, with values close to one (1) 
at the beginning and reaching five (5) at the end of 
the layer, with ratings ranging from slightly to very 
sensitive clay (1.0 < S, < 5.0), according to Rosen- 
qvist (1953). In layer L3, the sensitivity showed 
little variability, with average value of 1.86 + 0.9, 
with ratings ranging from insensitive to slightly 
sensitive clay. 

Figure 4 shows the SUysreor/ O'm X IP (%) pro- 
posed by Mesri (1975), Larsson (1980), Mayne 
and Mitchell (1988), Coutinho et al. (2000) 


modified from Skempton (1957), and Coutinho 
and Bello (2012), together with the mean val- 
ues of various Brazilian clays, including Recife 
and Suape clays. The proposal by Coutinho 
et al. (2000) represents clays from Recife-PE, 
Juturnaiba-RJ, Sarapui-RJ and satisfactorily for 
Suape clays (Coutinho and Bello 2012). For this 
analysis, S, values were corrected according to 
Bjerrum (1973), with average PI of 98% corre- 
sponding to a factor of u = 0.61. 

The points of the study herein matched the 
proposal by Coutinho et al. (2000), between the 
correlations of Larsson (1980) and Mayne and 
Mitchell (1988), forming the upper and lower lim- 
its, respectively. 


3.4 Piezocone tests 


The measures of the piezocone test, in the two 
verticals, were consistent with the SPT borehole 
profiles. It was found that layers L1 and L4 show 
greater resistance, not evidencing behavior in 
the intermediate layers (L2 and L3), identified 
by SPT as “Organic clay, very soft, dark grey”. 
Figure 6 presents the measurements (q, f, u,) and 
derived parameters (Qu, F» Rp B,) of CPTu test- 
ing. According to EN-ISO 22476-1, the piezocone 
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measurements of the L2 and L3 layers were in 
application class 1, consistent for soft soil deposits. 


4 DISCUSSIONS ON PIEZOCONE 
TESTING 


4.1 Soil behavior type (SBT) 


The soil profile behavior was analyzed using 
the charts with normalized and non-normalized 
parameters. In order to define the layers, the non- 
normalized charts (Robertson, 2010) showed more 
consistency with the information in accordance 
with the SPT research and laboratory testing. 

Considering the CPTu-01, the [yy profile (non- 
normalized) resulted in the varying its behavior 
from “clay to silt clay” (zone 3) in layer L1. In the 
layer L2 it presented behavior of “organic mat- 
ter” (zone 2) and in layer L3 the Is, returned to 
the zone 3. In layer L4, the soil was interpreted as 
“clayey silt to silty clay” (zone 4) and “silty sand to 
sandy silt” (zone 5), a depth that showed greater 
strengths. For the CPTu-02, layers L1 in zones 5, 4 
and 3, and layers L2 and L3 behaved as “clay to silt 
clay” (zone 3), and in layer L4 the Isp was between 
zones 4, 5 and 6, a layer that responded to the cone 
of higher resistance (Figure 7). 

The non-normalized charts of Robertson (log 
q/p,-log R; and log q,-B,) were clear in the con- 
centration of points of layer L2 between zones 2 
and 3, indicating behavior consistent with labora- 
tory tests results (organic clay) (Figures 8 and 9). 
Moreover, the charts showed that layers LI and 
L4 behave differently in relation to layers L2 and 
L3, except for a few points that represent transi- 
tion layers. 
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The cone factor (N,,) is a value that establishes 
the relationship between the undrained strength 
obtained by direct testing and strength measured 
by the CPTu test (Eq. 1). 


(1) 


where N,, = cone factor, q, = corrected cone 
resistance, O, = vertical total stress in situ and 
S vsr = undrained strength from vane shear test. 
Having as benchmark the values of S, obtained 
by the vane shear tests, along the profile, the value 
of N,, in this study ranged from 7 to 13, with a 
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mean value of 10 + 3, obtained by linear regres- 
sion (Figure 10a). In addition to this analysis, a 
study was run on the variation of N,, along the 
depth of the profile in layers of soft soil (L2 and 
L3). In layer L2, N,, decreased linearly, namely 
N,, = 16.41-1.72z, while layer L3 N,, showed lit- 
tle variability, with an average value of 11.5 + 0.9 
(Figure 10b). All values found agree with results 
checked for Suape clays according to Coutinho 
and Bello (2012), close to the range presented by 
Coutinho (2007) for the Recife clays (N,, = 12 + 
1.3) and within the average N, range for Brazilian 
clays (9-12) by Coutinho and Schnaid (2010). 
Robertson (2012) proposed an estimation of N,, 
from the of F, values, according to Equation 2. 


Ni, =10.5+ 7log(£) (2) 


The N,, obtained as proposed by Robert- 
son (2012) was with an average of 14.61 + 1 
(Figure 10a), slightly outside the range in the study 
herein and the Brazilian range. 


4.3 Estimated parameters 


Geotechnical experience confirms the efficiency 
of the CPTu in estimating parameters. For the 
present study, the preconsolidation pressure (0',) 
was estimated as proposed by Chen and Mayne 
(1994) adapted by Coutinho et al. (2000) for the 
Recife clays, o', = K,(q,— Ow) (where K, = 0.222 
for z <4.0 m and K, = 0.244 for z > 4.0 m). The 
K, values were estimated by Kulhawy and Mayne 
(1990), K, = 0.1.Q, and the OCR values were 
estimated as proposed by Kulhawy and Mayne 
(1990) (OCR = «.Q,,) adapted to the Suape clays 
by Coutinho and Bello (2012) (a. = 0.17). The und- 
rained strength (S,) was estimated from the N,, 
obtained by the VST test (S, = (q,-6,,)/Nirvst)« 
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Figure 10. N,, study: (a) general analysis; (b) in the 
profile. 
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The estimated preconsolidation pressure (0',) in 
layer L2 ranged from 22 to 36 kPa, with a slight 
decrease to half the layer (4 m), continuing to 
increase after that depth, remaining in the range 
of laboratory values that was 20 and 30 kPa. The 
interface of layers L2 and L3 peaked at values of 
80 kPa. In layer L3 the o, increases linearly to a 
value of 60 kPa, following a similar trend of labo- 
ratory values (33 to 35 kPa). The CPTu-02 results 
were very close to the CPTu-01, but not recogniz- 
ing the stronger layer at the interface of layers L2 
and L3. 

The OCR values in the layer L2 dropped from 
2.6 to 1.0, indicating possible overconsolidation of 
this layer. In layer L3, OCR values were close to 
1.0. The laboratory results for layer L2 varied from 
2.61 to 1.24, and layer L3 from 1.60 to 1.03, show- 
ing the same tendency of the estimated results. 
Peak values were seen in layers L1 and L4. 

The K, estimated by CPTu-01 had an average 
value of 0.51 + 0.1 for layers L2 and L3. In the 
same layers, the estimated K, with the CPTu-02 
results were 0.54 + 0.2. In the layer L3, K, values 
were coherent with normally consolidated (NC) 
clays and local experiences. 

The interpretation of the estimated S,, values by 
means of the CPTu tests, enabled layer L2 to be 
split into sub-layers. 

In the vertical S, estimated by CPTu-01, two 
sub-layers of layer L2 were found, the first (L2.1: 
2.0-5.3 m) with a slight drop to half the sub-layer, 
then a slight rise, with average values of 9.9 kPa 
+ 1.9. The second sub-layer (L2.2: 5.3-6.1 m) 
with values around 26 kPa + 11.8. The layer 
L3 showed linear growth, S, = 1.67z-4.38 (Fig- 
ure 12a). Vertical S, of CPTu-02, S, in layer L2 
varied according to linearity S, = 80.14-14.29z, 
and layer L3, S, = 2.33z-8.58 (Figure 12b). Similar 
to that observed in other estimates, Su's estimates 
remained close to laboratory values (Fig. 11). 

Coutinho and Bello (2012) undertook an impor- 
tant study on Suape clays and using piezocone 
tests, found, in the analyzed profiles, a thick layer 
of organic clay. As in the study herein, the authors 
found OCR varying from 2 to 3 at low depths and 
bordering 1 for depths greater than 3 m, and esti- 
mated S, values in the range of 9 to 16 kPa. 

While not identified by SPT and laboratory 
tests, the CPTu-01 did show a sub-layer (L2.2), 
with behavior different from the thick layer of 
organic clay. For this layer, although presenting 
higher values of tip resistance and lateral friction, 
it cannot be argued that it is a sand lens, since the 
value of u,, despite a slight decrease in this region, 
still remained high. 

This discussion is supplemented by the results 
of Is, in Figure 8, which shows that this layer did 
not leave zone 3, i.e. it continued to behave as “clay 
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ent with organic clays. The OCR profile was in 
line with local studies (Coutinho and Bello 2012), 
with higher values at the start of the layer, tend- 
ing to decrease to the value of one (1) for depths 
exceeding 4 m. The soft organic clay layers of the 
studied deposit showed high compressibility and 
low resistances, similar to the soft Brazilian clays. 
In general, the CPTu tests showed consistency in 
their measurements and the derived parameters 
with the other tests performed along the profile. 
The non-normalized charts, proposed by Rob- 
ertson (2010), showed greater consistency in the 
classification of behavior throughout the profile. 
The average N, value obtained was 10, within the 
Brazilian range of 9 to 12 (Coutinho and Schnaid 
2010). This study confirms how important it is 


Figure 11. Estimated parameters from piezocone tests (CPTu-01 and CPTu-02). 
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Figure 12. Estimated Su profiles from piezocone tests: 
(a) CPTu-01; (b) CPTu-02. 


to silt clay”. This behavior stresses the likely occur- 
rence of a thin layer of overconsolidated organic 
clay or the presence of seashells. 

De Mio et al. (2010) encountered similar behav- 
ior in CPTu test results of soft clay sediments with 
the presence of seashells along the Brazilian coast. 


5 CONCLUSIONS 


The study was able to characterize the soil lay- 
ers Of deposit through analysis and discussion 
of the results of field tests (SPT, VST and CPTu) 
and laboratory testing. Despite non-matching 
boreholes, there was a consistency of geotechni- 
cal measures along the profile. Layers L2 and L3 
were below line A of the plasticity chart, consist- 
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to obtain parameters through laboratory and in 
situ tests with correlations suited to local/regional 
experiences. The results from in situ tests were 
consistent with the laboratory tests. 

High compressibility and low resistance values, 
in general, require interventions to improve the 
system's behavior (landfill-soil), namely the solu- 
tions discussed by Almeida and Marques (2013). 
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Analysis of drainage conditions for intermediate soils from 
the piezocone tests 


R.Q. Coutinho & F.C. Mellia 
Federal University of Pernambuco — UFPE, Recife, Brazil 


ABSTRACT: This paper presents an analysis of the drainage conditions in intermediate soils, as they 
can be loaded by piezocone tests, at a standard rate of 20 mm/s, and may present a partially drained con- 
dition. This situation requires caution due to the lack of theoretical methodology for the interpretation of 
data resulting from the test. In this context, the objective of this work was to evaluate the drainage condi- 
tions in compacted intermediate soils coming from the “Barreiras Formation” geological unit present in 
a landfill located in the Brazilian municipality of Itapissuma, Pernambuco state (PE). Two campaigns of 
piezocone were carried out, with the first campaign consisting of three tests at a standard rate of 20 mm/s 
(CPTu-01, CPTu-02 and CPTu-03) and the second campaign consisting of two tests at a penetration rate 
of 10 mm/s (CPTu-01 A and CPTu-03 A) and one test at the rate of 30 mm/s (CPTu-01B). In addition, 
characterization and oedometer tests on undisturbed samples under flooded and natural moisture condi- 
tions near the sites of the piezocone tests contributed to the determination of the coefficient of consolida- 
tion. From the reported results, it was concluded that the studied soil, when loaded at the different cone 
penetration rates, presented undrained behavior. 


1 INTRODUCTION V =(v.d)/C, (1) 


The piezocone tests (CPTu) are widely used in 
geotechnical engineering for the determination of 
stratigraphic profiles and soil constitutive param- 
eters. The performance of these tests at their 
standard rate of 20 mm/s, tend to present drained 
behavior to granular soils and to show an und- 
rained behavior in clayey soils. However, soils con- 
taining sand, silt and clay mixtures (intermediate 
soils) may present a partially drained condition. In 
this case, it is of fundamental importance to evalu- 
ate the drainage conditions during the piezocone 
test, because only in drained or undrained condi- 
tions can the correct interpretation of the results V =(v.d)/C, (2) 
of the tests be performed. 


Subsequently, Dejong et al. (2012) considering 
that during piezocone penetration the pore-pres- 
sure dissipation occurs primarily in the radial direc- 
tion, recommend using the horizontal coefficient 
of consolidation (C,) to determine the normalized 
velocity parameter (Equation 2). The authors pre- 
sented also a field decision chart to identify the 
drainage conditions with 10 cm? cone, from the 
relation between coefficient of consolidation (C,), 
penetration rate (v), and normalized velocity (V). 


For the determination of the horizontal coef- 

ficient of consolidation, pore pressure dissipation 

2 LITERATURE REVIEW tests during the CPTU tests are recommended 
by several authors, including Lunne er al. (1997), 

To evaluate drainage conditions, several authors Randolph & Hope (2004) and Dejong et al. (2012). 
such as Finnie & Randolph (1994), Randolph & Leroueil & Hight (2003) evaluated the coeffi- 
Hope (2004), Kim er al. (2006), Schnaid (2009), cient of consolidation in clays of Canada through 
among others, used the normalized velocity param- several methods, being verified that the values of 
eter (V), expressed in equation (1), to identify the coefficients of consolidation obtained by the 
drainage conditions in piezocone tests, correlating  oedometers tests in laboratory within the normal 
penetration rate (v), probe diameter (d) and the consolidation range are typically two orders of 
vertical coefficient of consolidation (C,), initially | magnitude lower than the values of the coefficients 
obtained from oedometers tests in laboratory. of consolidation determined by the piezocone 
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Figure 1. Coefficients of consolidation (from Leroueil 
& Hight, 2003) and Suape clays results (from Coutinho 
& Bello, 2014). 


tests, as shown in Figure 1. Afterwards, Coutinho 
& Bello (2014) evaluated the coefficients of con- 
solidation of Suape/PE clays and found that the 
ranges obtained are within the limits indicate by 
Leroueil & Hight (2003). 

For the identification of the drainage transition 
points during the penetration of the piezocone 
test, there are several proposals in the literature. 

According to Randolph & Hope (2004), for 
the normally consolidated clays, partial drainage 
occurs when V is in the range of 0.3 to 30. Schnaid 
(2009) reinterprets the results obtained by Ran- 
dolph & Hope (2004), from the concept of degree 
of drainage in intermediate soils (U), which can be 
represented according to equation (3). 


(q. HA umd ) 


U = 
(Gear —d, al 


(3) 


Where, ge, is the penetration resistance meas- 
ured in a drained condition, resulting from slow 
tests enough that there is no excess pore pressure; 
qamna 18 the resistance to penetration measured in 
undrained condition, resulting from faster tests, 
without there is any pore pressure dissipation and 
q. is the penetration resistance measured at the 
standard rate of the test. 

Figure 2 shows the relationship between the 
normalized velocity parameter (V) and the degree 
of drainage (U), obtained by Randolph & Hope 
(2004) through piezocone tests at different clay 
penetration rates and those presented by Schnaid 
(2009), at gold tailings and alumina tailings. 

Schnaid (2009) states that the transition points 
of the different drainage conditions vary depending 
on the type of geomaterial, being a function of the 
rigidity index and OCR. Thus, it is recommended 
to avoid penetration velocities that produce nor- 
malized velocities within the range of 10” to 10*, 
since in this range partial drainage is likely to occur 
and the soil properties evaluated from the interpre- 
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mann et al., 2017). 


tation of the piezocone test may be overestimated, 
in particular the undrained shear strength. 
Dienstmann et al. (2017) evaluated the effects of 
piezocone penetration rates in transient gold tail- 
ings. The results were interpreted in a graph, shown 
in Figure 3, which correlates the normalized veloc- 
ity (V) to normalized resistance of piezocone (O). 
In this new model, the normalized velocities that 
identify the partial drainage condition were in the 
range of 0.01 to 10.0. This proposal also provides 
a satisfactory modeling for the behavior of clays. 


3 EXPERIMENTAL PROGRAM 


The Landfill under study is located in the munici- 
pality of Itapissuma/PE, composed of compacted 
intermediate soils, coming from the geological unit 
“Barreiras Formation”. It is a landfill with a maxi- 
mum height of approximately 27.5 meters, which can 
have three or four levels and a slope of 1:1.5 (V:H). 
The investigation program for geotechnical site 
characterization included in situ tests, such as, SPT 


profiles, piezocone—CPTu, Guelph permeameter, 
disturbed and undisturbed samples collection, and 
laboratory tests, specifically, tests for soil grading, 
consistency limits, real density of grains, compact- 
ing, oedometers and drained triaxial compression 
(Coutinho 2015). In this paper, the piezocone tests 
and the oedometers tests used to evaluate the drain- 
age conditions of the study area will be discussed, 
as well as the laboratory tests to characterize the 
material representative of the body of the landfill. 


3.1 Piezocone tests 


Two campaigns of piezocone tests were carried 
out. 

The first campaign was carried out in Septem- 
ber 2015, with the execution of 3 perforations at 
a standard rate of 20 mm/s (CPTu-01, CPTu-02, 
CPTu-03). The second campaign was carried out 
in December 2015, contemplating the execution 
of 3 perforations outside the standard rate for a 
possible attempt to analyze the landfill drainage 
conditions. Two verticals were performed at a rate 
of 10 mm/s (CPTu-01 A and CPTu-03 A) and a 
vertical at a rate of 30 mm/s (CPTu-01B). These 
were the lowest and highest rates supported by the 
pushing equipment. 

During the execution of the CPTu-03 A test, 
two pore pressure dissipation tests were performed 
to assess conditions of drainage. However, these 
tests could not be analyzed due to the absence of 
porous element and saturation fluid suitable for 
the unsaturated condition of the soil, which made 
it impossible to obtain C, (piezocone) directly. 
Thus, were used alternative studies (Leroueil & 
Hight, 2003 and Coutinho & Bello, 2014), in which 
the estimation of C, (piezocone) is performed by 
correlations through data obtained in oedometers 
tests. 


3.2 Sampling 


The undisturbed block type samples were extracted 
with the minimum possible disturbance, trying to 
maintain their structure and conditions of humid- 
ity and natural compactness. 

In total, 11 blocks of undisturbed samples, 
representative of compacted material from the 
Barreiras Formation, were extracted. However, 


Table 1. 


for comparison of results between the labora- 
tory tests and the CPTu field tests, only six blocks 
were selected, adopting the criterion of approxi- 
mation with the piezocone tests. Blocks 6 and 7 
correspond to tests CPTu-01, CPTu-01 A and 
CPTu-01B, blocks 4 and 5 are associated with the 
CPTu-02 test and blocks 10 and 11 corresponding 
to the CPTu-03 and CPTu-03 A tests. During the 
extraction of the blocks were also collected bagged 
deformed soil samples for the characterization and 
compaction tests. 


3.3 Characterization of the material 


The representative material of the blocks extracted 
from the landfill is generally classified into clayey 
sand (SC) and low compressibility sandy clays 
(CL). This classification was done based on the 
distinct granulometric composition of the mate- 
rial found near each block, as well as the consider- 
able range of liquid limit (LL) and plasticity index 
(PI) values, as can be observed in Table 1, which 
presents examples of the results found during the 
characterization tests. 

Because they are soil mixtures (intermediate 
soils), they may have a partial drainage condition 
during the penetration of the piezocone test at the 
standard rate. The evaluation of drainage condi- 
tions, presented and discussed in the sequence, is 
of fundamental importance for adequate estima- 
tion of soil constitutive parameters. 


4 INTERPRETATION AND EVALUATION 
OF DRAINAGE CONDITIONS 


The oedometers tests performed in the laboratory 
under flooded conditions and of natural humid- 
ity allowed the determination of the vertical coef- 
ficient of consolidation C, (oed). 

The procedure used to determine the C, (oed) in 
normally consolidated condition, Cea (N.C.), con- 
sisted in the realization of a mean between the two 
values of C, (oed) corresponding to the tensions 
superior to the pre-consolidation tension (6,,), to 
ensure that the result, for each undisturbed block, 
was in normally consolidated condition. 

Subsequently, the values of Cusa (N.C.) repre- 
sentative of the pair of undisturbed blocks closer 


Granulometric composition, consistency limit, real density and soil classification. 


Specific mass 


Gravel Coarse Medium Fine Silt Clay of solids LL PL PI 
Sample (%) sand (%) sand (%) sand (%) (%) (%) (g/cm?) (%) (%) (%) USCS 
Block6 1,0 14,0 24,0 25,0 8,0 28,0 2,659 22,6 183 43 SC 
Block 7 1,0 7,0 22,0 18,0 12,0 40,0 2,659 34,6 21,0 13,6 CL 
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to each CPTu test were made and averaged between 
them so that each piezocone test had a correspond- 
ing C.a (N.C.) value. 

Based on the values of Cs (N.C.) correspond- 
ing to each piezocone test, it was possible to esti- 
mate Cea (N.C.) values through equation (4) 
(Jamiolkowski er al., 1985). 


C,(N.C)= fç, (N.C.) (4) 


where: k,/k, is the permeability ratio in clays, 
according to Jamiolkowski et al. (1985), for homo- 
geneous clays without defined macrostructure, this 
ratio ranges from 1.0 to 1.5; for clays with defined 
macrostructure, presence of discontinuities and 
permeable lenses, ranges from 2.0 to 4.0 and for 
deposits with several layers of permeable material, 
varies from 3.0 to 15. 

In this study, the value of 1.25 was used for per- 
meability ratio in clays, which corresponds to the 
mean value of the interval for homogeneous clays, 
without defined macrostructure. 

Then, values of Cea (N.C.) were then obtained 
by means of correlation. The C,,., (N.C.) values 
are typically being an order of magnitude higher 
than C,,.q (N.C) values (see Figure 1). 

Finally, it was possible to estimate C, (piezocone) 
through equation (5) (Jamiolkowski et al., 1985). 


For the estimation of C, (piezocone), real values 
of the compression and decompression indices of 
the oedometers tests were used, using the coeffi- 
cient CR/RR (average), for each two undisturbed 
blocks associated with the piezocone tests. 


4.1 Determination of the normalized velocity 
parameter 


The reported data in Tables 2 and 3 were used to 
determinate the normalized velocity parameter. 

Table 2 shows the normalized velocities calcu- 
lated for the first campaign (CPTu-01, CPTu-02, 
CPTu-03) at the standard rate. 

Table 3 shows the normalized velocities calcu- 
lated for the second campaign (CPTu-01 A, CPTu- 
01B, CPTu-03 A) outside the standard rate. 

Considering what has been suggested by 
Randolph & Hope (2004), Schnaid (2009) and 
Dienstmann et al. (2017) partial drainage occurs in 
the V range between 0.3 to 30, 10-1 to 10 and 0.01 
to 10, respectively. It was verified that the studied 
soil, when loaded at the different cone penetration 
rates (10 mm/s to 30 mm/s), presented undrained 
behavior, both for the natural humidity condi- 
tions and for the flooded conditions. The same 
was observed through the structure proposed by 
Dejong er al. (2012). 

The tests at the rate of 10 mm/s presented closer 
to the partially drained condition. 


ate CR . , In this paper, the results of the CPTu-01 test at 

C, (piezocone) = ——C, field (N.C.) (5) standard rate will be presented and discussed. 
RR P 
Table 3. Values of the normalized velocities for the tests of the second campaign. 
Normalized Velocity 
C, (piezocone) (m?/s) V 
Penetration Probe Natural Natural 
CPTu rate diameter Flooded humidity Flooded humidity 
tests v (m/s) d(m) condition condition condition condition 
CPTu-01A 0.01 0.0357 2.02E-06 2.33E-06 1.77E+02 1.53E+02 
CPTu-01B 0.03 2.02E-06 2.33E-06 5.31E+02 4.60E+02 
CPTu-03A 0.01 3.12E-06 2.86E-06 1.14E+02 1.25E+02 
Table 2. Values of the normalized velocities for the tests of the first campaign. 
Normalized Velocity 
C, (piezocone) (m?/s) V 
Penetration Probe Natural Natural 

CPTu rate diameter Flooded humidity Flooded humidity 
tests v (m/s) d (m) condition condition condition condition 
CPTu-01 0.02 0.0357 2.02E-06 2.33E-06 3.54E+02 3.07E+02 
CPTu-02 2.72E-06 3.27E-06 2.62E+02 2.18E+02 
CPTu-03 3.12E-06 2.86E-06 2.29E+02 2.50E+02 


238 


5 RESULTS AND ANALYSIS OF THE 
CPTU-01 TEST 


For the CPTu-01 test, at the standard rate of 
20 mm/s, are presented in Figure 4, the values of 
tip resistance (q,), lateral friction (f), pore pres- 
sure (u,) and material classification index (I,,,) by 
Robertson (2010). The SPT profiles, in general, 
presented Nsp, values < 10. 

The frequent variation, including low and high 
tip resistance values, can be explained by both the 
limited compaction control and the heterogeneity 
of the material coming from the “Barreiras Forma- 
tion”. According to the studies by Coutinho (2015), 
it was verified the existence of variability in the 
granulometric composition, as well as in the values 
of maximum dry density and optimum moisture 
content of the samples obtained and during control. 


Sleeve friction 


Cone resistance 


Based on the classification of the material 
through SBT, it was possible to obtain a behavior 
profile of the studied soil, so it was verified that the 
profile can be classified, mostly as clay to clayey 
silt (zones 3 and 4), similarly to the laboratory 
results; in lesser extent as silty sand to sandy silt 
(zone 5); and a small fraction in clean sand to silty 
sand (zone 6). 

By means of the CPTu-01 test it was also pos- 
sible to estimate the undrained shear strength (S), 
using equations (6) and (7) proposed by Lunne 
et al. (1997) and Robertson (2012), respectively. 


(6) 


kt 


N,, =10.5 + 7log(F£ ) (7) 
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Typical S, chart and N, profile from CPTu-01 test. 


where: the value of q, is the corrected tip resistance, 
O, is the total vertical stress, N,, is the load capac- 
ity factor and F is the normalized friction ratio. 

Figure 5 shows the estimation of S, and the 
measurements of N,, along the vertical test. 

For the estimation of S,, the peaks of the graph 
should be disregarded, in order to avoid overesti- 
mation of this parameter. 

In this case, it is considered reasonable to adopt 
values around 150 kPa as an adjusted estimate of 
S, for the test performed. 

The N,, measures varied considerably along the 
profile, presenting an average value in the order of 15. 


6 CONCLUSIONS 


The objective of this work is to evaluate the results 
of piezocone tests in intermediate soils and to 
verify the drainage conditions from the concept 
of normalized velocity, correlating laboratory tests 
with the piezocone tests. 

From the evaluation of the drainage condi- 
tions, through the proposals of Randolph & Hope 
(2004), Schnaid (2009), Dejong et al. (2012) and 
Dienstmann et al. (2017), it was concluded that 
soils when loaded by piezocone tests at penetration 
rate of 10, 20 and 30 mm/s, presented undrained 
behavior. This allowed the adequate interpretation 
of the data measured in the tests for the estima- 
tive of constitutive parameters of the soil in the 
undrained condition. However, the tests at a rate 
of 10 mm/s, showed the normalized velocity val- 
ues closer to the boundary between the undrained 
and partially drained conditions, according to the 
Schnaid (2009) proposal. 

By means of the granulometric analyzes of 
the disturbed samples representative of the mate- 
rial found in the body of the landfill, the soil was 
classified as a sandy clay / clayey sand —CL / SC. 
The classification of the material based on the 
SBT, through the piezocone tests, showed that the 
landfill material behaves mostly as soils that vary 
from clay to clayey silt. Then the results evidencing 
the tendency of the soil to present an undrained 
behavior. 

The estimated values of the undrained shear 
strength parameter (S), for the studied material, 
presented an average value around 150 kPa, with 
Nx average value in the order of 15. 
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ABSTRACT: Residual soils resulting from weathering processes cannot be well modelled by the 
classical theories of Soils Mechanics, creating several difficulties in the interpretation of in-situ test results 
and in the consequent geotechnical design. In fact, the presence of a cementation structure generates an 
extra strength component materialized by the presence of a cohesive intercept in the Mohr-Coulomb 
failure envelope. Moreover, when suction is present the interpretation of in-situ data becomes even more 
complicated, since it increases this cohesive intercept mixing both (cementation structure and suction) 
in one final result. In granular soils, as it is the case of granitic residual soils, three components of 
strength have to be considered, namely the shear resistance angle, cohesion and suction, which only can 
be solved if more than one field or laboratory measurement is obtained. As a consequence, Piezocone 
(CPTu), Marchetti Dilatometer (DMT) and Pressuremeter (PMT) tests may be considered appropriate to 
characterize this type of soils, while dynamic tests such as Standard Penetration (SPT) or Dynamic Prob- 
ing Super-Heavy (DPSH) tests cannot be effective in this determination. On the other hand, cementation 
structure also affects deeply the stiffness behaviour, deviating from typical response of transported soils 
represented by Classical Soil Mechanics. 

In the last two decades a big effort has been made in Portugal to study and characterize this kind of 
residual massifs in granitic environments (quite common in the North and Centre of Portugal), namely 
through DMT and CPTu data, materialized by several research frameworks and its consequent publica- 
tions. In this paper, a methodology to evaluate the strength of these residual soils by means of SCPTu 
tests is presented and discussed, leading to a set of new correlations that allows for the evaluation of both 
cohesive and frictional contributions, hardly possible with the available interpretation models. The work 
was developed on the Polytechnic Institute of Guarda (IPG) experimental site, which was also previously 
used in the calibration of SDMT tests for the characterization of these granitic soils. 


1 INTRODUCTION nical Map (COBA 2003), here designated as PGM, 
provides reliable geotechnical information on the 
The North and Centre regions of Portugal are Porto Granitic Formation, considered very useful 
mostly formed by granitic rock massifs, involving for defining trends of behaviour and supporting 
important residual masses that can attain consider- characterization needs. 
able depths, thus creating a regular need for ade- The residual soils arising from Portuguese gra- 
quate characterization to support construction in  nitic formations are the result of mechanical and 
these areas. The main research institutions located chemical weathering, respectively by means of 
within the area have been dedicating important grain dismantling and hydrolysis of K-feldspar 
research on these materials behaviour (e.g. Viana and Na-feldspar, which lead to the formation 
da Fonseca, 1996; Rodrigues, 2003; Cruz, 2010). of kaolinite clay. In Por-to, according to PGM 
Furthermore, the existence of the Porto Geotech- data (COBA, 2003), after a thin layer of top soil 
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(usually < 3.0 m thick) the residual profile starts 
with a thick layer (15 to 20 m) of medium com- 
pact residual soil, represented by Nsp within 10 
to 30 blows (G,), which is sometimes followed 
by a compact transition layer (maximum 5 m 
thick) corresponding to Nspr within 30 and 60 
blows (G,). In few areas or in the small pockets 
dispersed in the weathered mass, more intensively 
kaolinized soils can be found, corresponding to 
Nspy values lower than 10 (G,). These residual 
units evolve in depth from decomposed (W,) to 
highly weathered (W,) rock massif, represented 
by Nspr values typically higher than 60, and fur- 
ther from medium (W,) or slightly weathered (W,) 
massif. PGM information was analyzed under the 
perspective of mechanical evolution through the 
weathering (Cruz, 2010; Cruz et al. 2015), which 
was particularly useful in the present context. As 
a whole, the massif is quite heterogeneous, as a 
consequence of the characteristics and distribu- 
tion of inherited joint families, where the weath- 
ering starts. 

From the soil identification point of view, PGM 
data reveals an expected increase of fine content 
and plasticity with weathering, as a result of the 
chemical weathering of feldspars into kaolinite 
clay. According to ASTM Unified Classification, 
UC (D2487 1998) soils are mainly represented by 
silty sands (SM), while soils with high kaolin con- 
tent are represented by clayey sands (SC) and silts 
of low plasticity (ML). 

From the mechanical point of view, the weath- 
ered massif (W, and W,) and the subsequent 
residual soils are characterized by the presence 
of a cementation structure inherited from the 
original rock, which is progressively weakened 
with weathering. The presence of this structure 
confers a cohesive-frictional behaviour to these 
soils or decomposed rock masses, generating at 
least two different strength contributions and 
the development of more than one yield stress 
locus (Rodrigues 2003, Viana da Fonseca 1996, 
Cruz 2010). As so, triaxial testing is required to 
obtain adequate geotechnical parameters. How- 
ever, laboratorial characterization depends on 
sampling, particularly damaging for the cementa- 
tion structure, especially when the equipment and 
techniques used are poor. Furthermore, the fabric 
variations, the heterogeneity and the discontinuity 
of information also decreases the efficiency of lab- 
oratorial characterization, leaving a role to in-situ 
testing on routine analysis. 

Nonetheless, sustainable methodologies for 
the most common in-situ tests are hardly avail- 
able and the regular approaches settled for sedi- 
mentary soils do not match with the residual 
behaviour leading frequently to erroneous esti- 
mations of strength and stiffness parameters. In 
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particular, strength evaluation is usually based on 
the concept that soils of sandy nature are char- 
acterized by a shear resistance angle, while clayey 
soils are characterized by its undrained cohesion. 
As a consequence, the sedimentary approaches 
applied to residual soils miss the cohesive contri- 
bution and generate a shear resistance angle that 
is as higher than the real one (triaxial testing) as 
the cohesion magnitude increases (Cruz 2010, 
Cruz et al. 2014). In fact, the cohesive-frictional 
nature of these materials implies dividing the 
general strength into two components (cohesion 
and shear resistance angle), which can only be 
achieved by multi-parametric tests such as DMT, 
CPTu or PMT. The first two can be easily used in 
residual soils (Ngp; < 60), while for decomposed or 
highly weathered materials (W, and W,, charac- 
terized by Nspy higher than 60) only PMT can be 
performed (Cruz 2010). 

An earlier attempt to solve this problem in Por- 
tuguese granites was made by Cruz et al. (2004, 
2006) using DMT results obtained in Porto and 
Minho granites, which were compared with triaxial 
test results. The results highlighted the sensitivity 
of DMT to the cementation effects on mechani- 
cal behaviour, as well as the possibility of cor- 
recting the shear resistance angles when derived 
from sedimentary approach. The combination of 
CPTu+DMT data was also considered as a possi- 
bility for solving the strength problem (more dif- 
ferent possibilities), thus data from pairs of tests is 
available since the early beginning. 

Due to the referred sampling disturbance (part 
of the cementation was permanently lost), as well 
as heterogeneity and micro-fabric variations, the 
triaxial reference used to establish the correla- 
tions did not represent well the reality in terms of 
cohesion. To overcome this deviation, it was set- 
tled an experimental framework that made use 
of artificially cemented mixtures obtained from 
destructured granitic soils gathered on IPG experi- 
mental site (Cruz, 2010). With this procedure, the 
sampling and microfabric disturbances could be 
avoided, giving a “true” reference for comparisons. 
In the end, the methodologies and the respective 
correlations to characterize strength and stiffness 
of these residual materials were settled and suc- 
cessfully tested in the available data of Porto and 
Guarda granites, revealing a good applicability. 

Given the success of this calibration program, 
the research was extended to establish identical 
approaches with PMT and CPTu testing data, 
naturally using DMT as a reference test. In the fol- 
lowing sections, the calibration to obtain strength 
parameters from SCPTu is presented and dis- 
cussed, hoping to contribute to a step forward in 
the applicability of the test to characterize residual 
soils. 


2 THE IPG EXPERIMENTAL SITE 


The IPG experimental site involved in this program 
is especially rich to support the aim of finding ade- 
quate correlations with CPTu and PMT tests. In 
fact, the experimental site was created over the last 
years of the last century, starting from a full char- 
acterization of the local residual granitic massif 
based on a full set of laboratorial and in-situ tests 
(Rodrigues 2003). The Guarda Formation is char- 
acterized by a monzonitic coarse grained granite 
composed by quartz, potassic and sodic feldspars, 
biotite and muscovite. The local profile is repre- 
sented by two geotechnical horizons in different 
weathering stages that display different mechanical 
responses to test solicitations. 

This complete characterization allowed to 
understand the behaviour of Guarda granites 
and verify its similarity with Porto granites, as 
expressed in Porto Geotechnical Map (COBA 
2003, Cruz et al. 2015), creating a fundamental 
link between the two formations and with PGM 
data (Cruz 2010). On the other hand, IPG owns an 
important laboratorial infrastructure that includes 
a large-scale testing device (Controlled Condition 
Chamber - CCC), as well as the most current in- 
situ tests used in Portugal. The DMT calibration 
experiment was performed in these facilities and 
it consisted in using artificially cemented samples 
used in triaxial testing and in the CCC, which 
ensured that both triaxial and DMT testing were 
measuring the same strength (Cruz 2010). Data 
from previous research performed on the naturally 
cemented samples (Rodrigues 2003) was used to 
replicate an artificial material similar to the one of 
the local granitic massif, namely in what concerns 
to void ratio, saturation conditions and magni- 
tude of cementation strength, linking the experi- 
ence with the natural ground. At the end of that 
framework the established correlations were tested 
by performing SDMT tests in the location where 
the artificial mixtures were obtained. Finally, data 
from Porto granites (Cruz et al. 2004, Cruz & Viana 
da Fonseca 2006) was used as testing set, confirm- 
ing the sustainability of the methodology (Cruz 
et al. 2014) and closing the circle around the cor- 
relations based on DMT tests. Aiming the exten- 
sion of this research to other tests, a new campaign 
was performed, consisting in six sets of SDMT, 
SCPTu, PMT and sample collection for triaxial 
tests, located along one line and with a distance of 
1 m from each other. 

The data obtained in this campaign was gath- 
ered with the previous phases and with the avail- 
able pairs of DMT and CPTu tests performed in 
Porto granites (8 locations with 20 couples). Over- 
all, more than 150 tests were involved, excluding the 
ones reflected in PGM data, as presented in Table 1. 


243 


Table 1. Tests performed in IPG experimental site. 


Target Tests 


1. Residual mass TRX (53) UCS (12), PMT (5), 


(Rodrigues 2003) CPTu (8), DMT (3), CH (1) 
2. DMT calibration TRX (5) UCS (30), DMT 
(Cruz 2010) in CCC (5) 
3. CPTu, PMT TRX (6), SDMT(6), PMT(18), 
calibration SCPTu (6) 


3  CPTU CALIBRATION FRAMEWORK 


For data treatment, some procedures were followed 
to eliminate not comparable values and ensuring 
a good comparison base, such as: a) all the CPTu 
field data was interpreted by using an interpreta- 
tion software (GeoLogismiki) widely used in geo- 
technical practice; b) the depth fitting between 
CPTu and DMT for comparing the results, was 
made by using medians of intermediate values in 
CPTu (5 data sets above and 5 below of each refer- 
ence depth); c) Vegetal and sedimentary caps and 
readings belonging to different geotechnical units 
(G, or G,) were eliminated. 

The whole package of available data was organ- 
ized in 3 basic subsets, corresponding to the data 
used in DMT calibration (IPG Phasel), the data 
collected for the present calibration (IPG Phase2) 
and the coupled DMT and CPTu data obtained 
in Porto. In Tables 2 to 4, the main intervals of 
basic measured parameters and intermediate cal- 
culated parameters obtained in DMT, CPTu and 
PMT tests are presented. In those tables, data is 
divided according to the PGM units, namely with 
10 < Npr < 30 (G,) and 30 < Npr < 60 (G,). Shear 
wave velocities obtained during the execution of 
SCPTu/SDMT tests show that these units can 
be respectively represented by intervals of 170 to 
300 m/s and 250 to 400 m/s. 

In previous analysis within this framework, 
Cruz et al. (2016) compared the available pairs 
of CPTu and DMT tests, underlining the compa- 
rability of the tests and the similar difficulties to 
derive strength parameters. In that context, CPTu 
derived results from sedimentary correlations of 
unit weights and permeability converge to the 
same geotechnical ranges observed in DMT and 
PGM data in the same spots, while the results on 
soil identification sometimes reveal discrepancies, 
sometimes pointing out to a clay behaviour that 
has no correspondence with reality. 

The DMT calibration had shown that the big- 
ger problem to be solved is the one related with 
strength, namely how to get shear resistance 
parameters? In the case of DMT, the virtual over- 
consolidation ratio (vOCR) was selected as the 


Table 2. Basic and intermediate CPTu parameters. 


d, f F 


s R 
Nspr (kPa) Qs. (%) B 


q 


10-30 5-15 
30-60 15-25 


100-250 250-500 
250-500 300-500 


1.5-2.2 0.0-0.05 
1.5-3.0  —0.05-0.0 


q, = corrected cone resistance, f, = sleeve friction, 
Q,, = normalized cone resistance, F, = friction ratio, 
B, 


= normalized pore pressure ratio. 


Table 3. Basic and intermediate DMT parameters. 

P, P, E, 
Nspr (MPa) (MPa) I, K, (MPa) 
10-30 0.3-1.0 1.0-2.5 1.0-3.0 15-25 25-75 
30-60 1.0-2.5 2.0-5.0 1.0-3.5 10-40 60-120 


Po = DMT corrected first reading, p, = DMT corrected 
second reading, Ip = material index, Kp = horizontal 
stress index, E, = dilatometer modulus. 


Table 4. PMT test parameters. 


P, P, P, Bower 
Noor (MPa) (MPa) (MPa) (%) 
10-30 0.07-0.10 0.8-1.2 13-18 10-20 
30-60 0.15-0.25 1230 20-40 15-40 


P, = PMT in-situ horizontal stress, P, = PMT yield pres- 
sure, P, = limit pressure, Eppur = pressuremeter modulus 


reference to derive the cohesive parameter based 
and also to establish a reduction factor to correct 
the shear resistance angle obtained by sedimentary 
correlations. 

In the case of CPTu data, the shear resist- 
ance angles (Robertson 2009) point out to values 
between 35° to 42°, within the same intervals of 
DMT when the correlation for sedimentary soils 
is used (Marchetti 1997). As expected, these val- 
ues are higher than the reality represented in PGM 
or when the correlation proposed by Cruz (2010) 
for DMT's is used (33° to 37°). Once again, the 
observed differences could certainly be related to 
the cementation effects. 

Before proceeding with the experimental work, 
it was important to evaluate if CPTu could iden- 
tify the presence of cementation, for which the 
chart suggested by Robertson (2016) was selected 
(Figure 1). The chart is based in the normalized 
cone resistance, Q,,, and the small strain rigidity 
index, I, defined as the ratio between the shear 
modulus (G,) and the net cone resistance (q,). The 
modified small strain rigidity index, K”¿, of that 
chart can be calculated by: 


1000 


G*=100 
KG*=330 
IPG (Phase2) 


100 


Normalized cone resistance, Q,, 


10 
1 
1 10 100 1000 
Small strain rigidity index, Ig 
Figure 1. CPTu data of IPG (Phase 2) represented in 


Qn — Ig space (Robertson 2016). 


G 
KG= Qn? a) 


n 


where K*¿ = modified small strain rigidity index; 
G, = small strain shear modulus; q, = net cone 
resistance; Q,, = normalized cone resistance. 

The plotted data corresponds only to IPG data, 
since shear wave velocities, v, are scarce in Porto 
tested sites. Figure | clearly shows the efficiency 
of the test in the identification of the cementation 
structure, possibly including suction effects. 

To analyse the strength response, all the available 
data was gathered and analyzed in the Laboratory 
of Mathematical Engineering of Polytechnic Insti- 
tute of Porto. For global cohesion adjustments, 
IPG (Phase 2) and Porto Granites were used as 
training subsets, while IPG (Phase 1) was selected 
as testing subset, due to its connection with the 
DMT calibration and also because the respective 
data covers the whole range of measurements. 
Due to less available comparing data in the case of 
shear resistance angle, the training subset encom- 
passes the whole set of observations. 

Several adjustments were tested by using Q,,, Fe 
and B,, as well as Q,» Fa and B,. As suspected, 
due to its very low variation, data analysis proved 
that B, could be discarded in this calibration. The 
additive polynomial regression models showed 
good results on the training subsets, as well as on 
the independent test subset. Equations 2 and 3 rep- 
resent the best fit to obtain a global cohesion, Cp 
while Equation 4 stands for the best fit to obtain 
the shear resistance angle when it is derived by 
sedimentary approaches: 
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cg =11.5In(Q,,)+3.2In(Fp)— 30.8 (2) 


c, =12.8In(Q,,)+1.6In(*,)-32.2 (3) 
dcorr = bq —5-271n(0,)— 0.99 n( Fp) + 19.71 
(4) 


where c’, = global cohesion (cementation + suc- 
tion); @,,,, = corrected shear resistance angle; 
0... = Shear resistance angle derived from sedimen- 
tary approach; Q, Qun and Fẹ = CPTu normalized 
parameters. 

The adequacy of these fits is measured by r? 
(determination coefficient), which is 0.67 for Equa- 
tion 1, 0.61 for Equation 2 and 0.69 to Equation 3. 
A good predictor of the global results quality may 
be the relative errors median, represented with 
the main descriptive statistics of relative errors in 
Table 5 and Table 6, respectively for the training 
and test subsets. 

The similarity of statistical values found in 
these tables are an indicator of the model robust- 
ness, which is also illustrated in Figures 2 and 3 
by the high convergence of DMT and CPTu pro- 
files for the cases of both cohesion and corrected 
shear resistance angles. Furthermore, the good 
quality of the correlations is even more promising, 
because of the unavoidable heterogeneity of the 
residual tested massifs, from where some scattering 
is naturally expected. Finally, it is also important 
to note, from the closer observation of these fig- 
ures, the general decrease of global cohesion until 
4 m depth, where the water level is located, which 
is certainly related with the suction contribution to 
the overall cohesive strength. 

Once the correlations are validated, it is impor- 
tant to observe the behaviour reflected in the SBT 


Table 5. Relative errors in the training subsets. 

Min IstQ Mean Med 3rdQ Max Std 
Eq. YY A AWA A A O 0) 
2 0.0 5.9 18.6 13.2 241 133.0 19.4 
3 0.2 7.3 20.8 15.0 26.5 168.9 21.3 
+ 0.1 4.5 17.8 120 23.0 188.7 24.1 
Table 6. Relative errors in the test subsets. 

Min 1stQ Mean Med 3rdQ Max Std 
Eq. (%) A AA A AA A A 
2 0.0 6.0 17.2 11.9 21.4 111.7 17.5 
3 0.2 74 20.8 14.8 29.6 106.1 18.8 


Min = minimum, 1stQ = first quartile, Med = median, 
3 stQ = third quartile, Max = maximum, Std = standard 
deviation 
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Figure 2. CPTu and DMT global cohesion profiles of 
the testing subset (IPG Phasel). 
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Figure 3. CPTu and DMT shear resistance angle pro- 


files of the testing subset (IPG Phasel). 


charts, given its usefulness in design considera- 
tions. Figures 4, 5 (Robertson, 2009) and 6 (Rob- 
ertson, 2016) show the whole set of analysed data 
plotted in soil behaviour charts, where the global 
cohesion isolines derived from Equation 3 are also 
represented. As it can be observed, there is no 
particular differences between Porto and Guarda 
granites behaviour, with data points falling within 
zones 4, 5 and 6 of Robertson (2009) chart and 
identified as dilatant sandlike and claylike behav- 
iours in Robertson (2016) chart. 

The dots falling in zone 4 (Robertson, 2009) 
and the claylike behaviour (Robertson, 2016) are 
not compatible with the general behaviour of these 
soils that is definitively sandlike. In fact, these 
residual soils are mostly non-plastic silty sands to 
sandy silts (SM, according to ASTM Unified Clas- 
sification), rarely silts, as identified by laboratorial 
tests and by DMT identification index (Rodrigues 
2003, Cruz 2010). Furthermore, the soils show a 
plasticity index, IP, lower than 10% (most fre- 
quently non-plastic) and the in-situ permeability 
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Figure 4. Representation of data on Q,, — Fg chart 
(Robertson 2009). 
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Figure 5. Representation of data on Q,, — B, chart 
(Robertson 2009). 


typically falls within 10% to 107 m/s (Cruz 2010, 
Cruz et al. 2015). 

Part of this observed deviation may be justified 
by the less efficiency of the charts when applied 
to cemented soils, as stressed by Robertson (2016), 
but it is also true that the frequency of the CPTu 
readings (every 1 cm against 20 cm of DMT’s) may 
catch the concentration of more intensive weather- 
ing occurring in the close vicinity of the ancient 
joints. 


Porto Granites 
IPG (Phase 1) js” 
IPG (Phase,2) 


Normalized Cone Resistance, Qi, 


Normalized Friction Ratio, Fg (%) 
SD = Sandlike dilatant, TD = Transitional dilatant, CD = 
Claylike dilatant, SC = Sandlike contractive, TD = Transi- 
tional contractive, CD = Claylike contractive 


Figure 6. Representation of data on Q,, — F, chart 
(Robertson 2016). 


On the other hand, the plots reveal that the 
increase of cohesion magnitude pushes the soils 
from groups 4, 5 and 6 towards the groups 8 and 
9, roughly following the curve shape of the modi- 
fied soil behaviour index (I,) represented in Rob- 
ertson chart of 2016. Furthermore, the data in the 
same chart shows exclusively dilatant soils, with 
dilatancy increasing with the level of cementation, 
which is consistent with the findings of Rodrigues 
(2003) and Cruz (2010) based on triaxial testing 
with internal strain measurement for the same 
levels of local confining stresses. Finally, it is also 
worth note that the state parameter derived from 
CPTu data falls within 0 and -0.3, which is lower 
than the -0.5 pointed by Jefferies & Been (2006) as 
reference for dilatant behaviour at high strains of 
coarse grained soils. 


4 CONCLUSIONS 


In the present paper, an attempt to obtain the glo- 
bal cohesion and the shear resistance angles in Por- 
tuguese granitic residual soils by means of SCPTu 
tests was presented and discussed. The proposed 
methodology allows to evaluate separately the 
cohesive and frictional contributions for the over- 
all strength, which is hardly possible by the current 
interpretation models. 

The calibration is strongly based in the IPG 
experimental site, where a wide sort of laborato- 
rial and in-situ tests were performed on naturally 
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and artificially cemented samples under control- 
led conditions. The site had been previously used 
in the calibration of DMT to characterize these 
residual soils (Cruz, 2010) and this test was used as 
reference for the present calibration. Furthermore, 
available pairs of CPTu and DMT tests, performed 
in Porto granites in earlier stages of DMT calibra- 
tion process, were gathered, bringing an interesting 
volume of data to work with the advanced math- 
ematic tools used in the calibration process. The 
obtained correlations were then validated by a test- 
ing subset, not used in the calibration. 

The projection of results in two SBTn CPTu 
charts, allowed to follow the behaviour with 
cementation intensity increase and revealed some 
possible misinterpretations of these charts. 

Finally, it is important to underline that these 
correlations represent well this granitic regional 
behaviour, but its application in other granitic 
environments should be tested previously. In 
other lithologic types new correlations should be 
studied. 
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ABSTRACT: The Onsøy and Sarapui II soft clays have been studied for a number of years. In particu- 
lar, piezocone tests with different rates have been conducted at both sites. Since the plasticity index and 
the coefficient of consolidation—which play important roles in the rate effect—are different in Onsøy 
and Sarapul II clays, an interesting comparison is possible. A bowl shaped curve was obtained for the 
normalized cone resistance versus penetration rate in the case of Sarapui II clay. The cone resistance ver- 
sus rate curve can be explained by the pore pressure trends, especially from the u, trend. Since only three 
rates have been used for Onsøy clay, a more complete picture cannot be obtained. However, the use of the 
normalized rate (or velocity), even using c, from piezocone dissipation data, was not capable to unify the 
resistance-rate data for the two clays tested. Adaptations in regular rigs, allowing much smaller penetra- 
tion rates, and small diameter cones, are necessary if drained conditions are to be achieved when conduct- 
ing piezocone tests in deposits like Sarapui II or Onsoy clays. No rate effect was found for penetration 
rates greater than the standard rate, unlike expected, due to the high I, values in both deposits. Tests with 
higher rates are necessary to properly evaluate the role of I, on rate effect on cone resistance. 


1 INTRODUCTION II clay (Jannuzzi et al. 2015) is a very plastic clay 
(I, in the range 60%-170%), whereas I, values in 
The piezocone test is performed with the standard Onsøy clay are in the range 20%-50% (Lacasse & 
rate of 20 mm/s. With this rate tests in sands are con- Lunne 1982; Lunne et al. 2003). The horizontal 
sidered to be performed in drained conditions and coefficient of consolidation, c,, obtained from pie- 
tests in clay in undrained conditions (e.g., Lunne et zocone dissipation data is on average 10 x 107 m?/s 
al. 1997). Partially drained conditions are generally in the case of Onsøy clay (Lunne et al. 2003) and 
obtained in silts, and the case of tailings dams isof 4 x 107” m?/s in the case of Sarapui clay (Danziger 
particular interest to be studied. Moreover, the use et al. 1997b). 
of penetrometers with smaller diameters than the 
standard 10 cm? base area penetrometer are becom- 2 THE TEST SITES 
ing more frequent, especially in offshore case, and 
the drainage conditions are strongly dependent on 
the cone diameter. Therefore, the interest of prop- 
erly understanding the rate effect of piezocone test- The Onsøy test site has been used by NGI since 
ing is also important for that case. 1969, and several areas have been developed. Prior 
It has been recognized that the rate effect is to 2000 all of the test areas were grouped closely 
influenced by a number of factors, and the plastic- together within an area of about 140 m x 120 m. 
ity index, I,, is one of the most important factors | However due to development of this area a new 
when tests are carried out in undrained condition, test site was established some 200 m to 300 m to the 
whereas it seems that the coefficient of consolida- northwest. The nature of the clay deposit in both 
tion is very significant when the drainage condition areas is essentially identical. A number of in situ 
is to be analyzed. The present study makes a com- and laboratory tests, as well as other studies, have 
parison between rate effect in piezocone testing in been performed at the test site. Some characteris- 
two soft clays, one from Norway, Onsøy clay, and tics of the clay deposit are summarized in Figs. 1 
the other from Brazil, Sarapui II clay. The Sarapui and 2, from area 2 (Lunne et al. 2003). 


2.1 The onsoy clay 
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Figure 1. Natural water content, clay content and bulk 
density from Onsøy clay (Lunne et al. 2003). 
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Figure 2. Specific gravity, organic and salt content from 
Onsøy clay (Lunne et al. 2003). 
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Figure 3. Grain size distribution; organic content; total 


salt content and NaCl content (data from Onsøy clay 
also included); relative percentage of clay minerals versus 
depth from Sarapuí II clay (adapted from Jannuzzi et al. 
2015). 


2.2 The sarapui II clay 


The Sarapui test site has been used since mid 
1970s, being the oldest test site in Brazil (e.g., Lac- 
erda et al. 1977). As in the case of Onsøy, two areas 
have been used, the first one from mid 1970s until 
approximately 2000, and the second one, named 
Sarapui II, from 2000 until today. 

Comprehensive studies about Sarapui I and Sar- 
apui II test sites have been provided by Almeida & 
Marques (2003) and Jannuzzi et al. (2015), respec- 
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Figure 4. Liquid limit, plastic limit and natural water 
content; specific gravity; total unit weight; initial void 
ratio; activity versus depth from Sarapui II clay (adapted 
from Jannuzzi et al. 2015). 


Table 1. Tests performed at Sarapui II test site. 
Rate of penetration Number 
(mm/s) of tests 
2.5 2 
5 2 
10 2 
20 4 
40 3 


tively. Some characteristics of the Sarapui II clay 
deposit are summarized in Figs. 3 and 4. 

It is interesting to note that the salt content in 
both deposits, Onsøy and Sarapui II, is nearly the 
same, for unknown reasons. Moreover, the Onsoy 
clay is classified (by Norwegian experience) as 
having a high to very high plasticity. However, 
the Sarapui II clay presents much higher values of 
liquidity limit and plasticity index, although also 
classified in the same way. It should be useful to 
define a new category in cases like Sarapuí II clay, 
maybe extremely high plastic clays. 


3 TESTS PERFORMED 


3.1 At onsoy test site 


The tests performed at Onsøy test site have been 
reported by Lacasse & Lunne (1982). The piezocone 
used consisted of a modified 10 cm? Fugro cone with 
a 20 KN load cell capacity, and where the sleeve fric- 
tion was not measured. The pore pressure measure- 
ment corresponded to the position u,. Three rates 
have been used, 2 mm/s, 20 mm/s and 100 mm/s. 


3.2 At sarapui II test site 


A 10 cm? penetrometer was used in Sarapaui II test 
site, produced by COPPE/UFRJ and Grom Eng., 


in a partnership which started in 1984. The cone 
and friction load capacities are 50 kN and 7.5 kN, 
respectively. Since the last version of this pen- 
etrometer was produced, in 1996, pore pressures u, 
and u, have been measured (Danziger et al. 1997a). 
Water is always used as the saturation fluid, thus 
a previous hole with casing is necessary when the 
water table is below ground level. This is not neces- 
sary in Sarapui II test site, since that the water table 
is roughly at ground level. All transducers are cali- 
brated before and after each test series, in the range 
expected to occur in the field. Thirteen tests have 
been performed, with the rates included in Table 1. 


4 TEST RESULTS 


The piezocone test results for Sarapuí II clay 
are presented in Fig. 5 for the standard rate of 
20 mm/s, in a magnified scale, to illustrate the 
upper 5 m of the profile. Tests with no proper 
saturation, although not considered in the analy- 
sis, have also been included in the figure. For the 
analysis herein performed, the measured values 
for each quantity have been averaged in the 0.5 m 
interval in every meter for all penetration rates. In 
other words, the values indicated as corresponding 
to 2.5 m depth represent an average of values in the 
interval 2.25 m—2.75 m. Data points corresponding 
to change of rods have been removed. The cone 
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resistance, q the friction sleeve f,, and the pore 
pressures u,, and u,, for each penetration rate, n, 
have been normalized with respect to the aver- 
age values corresponding to the standard rate of 
20 mm/s, q, 29, fs 29, U1 20 and U, m, respectively. 

The normalized values q,,/q, 20, f/f; 29, Uin/ Uy 20 
and u,,/u, , Versus penetration rate are presented 
in Figs. 6, 7, 8 and 9, respectively, for 2.5 m depth, 
which presented the most consistent results and is 
also the region in the soil profile with the highest 
values of liquidity limit and plasticity index (see 
Fig. 4). The cone resistance in two tests performed 
with 40 mm/s penetration rate have not been pre- 
sented due to mal-functioning of the load cell. 

It can be observed in Fig. 6 that there is a reduc- 
tion in the normalized q,,/q, , values when the rate 
increases from 2 mm/s to 5 mm/s, and another 
reduction, although smaller, when it increases 
again to 10 mm/s. Then q,,/q, x increases when 
the rate increases to 20 mm/s, and is roughly the 
same when the rate further increases to 40 mm/s. 
Other depths presented a similar behavior, how- 
ever with almost the same q,, values for the rates 
5 and 10 mm/s. 

The observed behavior is similar to the results 
obtained by Bemben & Myers (1974), Fig. 10, ina 
research which is considered by Danziger & Lunne 
(1997) the first paper where a complete picture on 
this subject was obtained. In fact, for very slow 
rates the behavior is predominantly drained, and 
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Figure 5. Piezocone test results for Sarapui II clay, penetration rate of 20 mm/s. 
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Figure 6. Normalised q,,/q,,) versus penetration rate, 
Sarapui II clay. 
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Figure 7. Normalised f,,/f, 5) versus penetration rate, 
Sarapui II clay. 


as the rate increases, the cone resistance decreases 
due to the pore pressure generation and there is a 
decrease in effective stress. As the penetration rate 
increases furthermore, the viscous forces offset the 
strength reduction and the curve will pass through 
a minimum. Then the viscous forces will dominate 
the process, now in an undrained behavior (see also 
Roy et al. 1982; Campanella et al. 1982). 

The pore pressure u, may be considered the 
most representative to analyze the cone resistance 
behavior, due to the position where it is measured, 
and the normalized u,,/u, „ values versus rate are 
shown in Fig. 8. Despite not very clear, there is a 
trend of u, increasing with increasing rate, and the 
region of 10 mm/s — 20 mm/s may be considered 
to be in undrained condition. However, the higher 
increase in the case of 40 mm/s has no explanation 
except for data scatter, since results for other mate- 
rials show no pore pressure increase in the und- 
rained condition. Further research is still needed 
on this subject. 
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Figure 8. Normalised u,,/ Ui versus penetration rate, 
Sarapui II clay. 
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Figure 9. Normalised u,,/u, ,, versus penetration rate, 
Sarapui II clay. 
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Figure 10. Influence of rate of penetration on cone 


resistance (adapted from Bemben & Myers 1974). 


Normalized u,,/u, , values (Fig. 9) present more 
scatter than u,,/U, x values, although with the same 
general trend, except for 10 mm/s. 

Despite the data scatter, the f/f,» values (Fig. 7) 
seem to be more influenced by the rate effect than 
9/9 20» Which has also been reported elsewhere 


(e.g., Campanella et al. 1982). 
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5 DISCUSSION 


Despite the trends described above on the four pie- 
zocone quantities, the differences in the measured 
values are not very significant. In other words, 
although the measured data seem to indicate 
that the undrained behaviour initiates at the rate 
10 mm/s, the differences with respect to the “par- 
tially drained” behaviour is not significant. It must 
be noted that u, and u, corresponding to the small- 
est penetration rate used, 2.5 mm/s, i.e. u,,; and 
u, > are still much higher than the hydrostatic val- 
ues (Uy), approximately 3.0-4.5 times greater than 
u, in the case of u, and 2.1-2.6 greater in the case 
of u,. As far as excess pore pressure is concerned, 
u,-u, is in the range 50-90 kPa (increasing with 
depth) and u,-u, in the range 20-50 kPa. Therefore 
it is clear that in the case of soft clays with very low 
consolidation coefficients, like Sarapuí clay, it is 
virtually impossible to reach drained conditions in 
the field when using regular 10 cm? penetrometers. 

As a consequence of this small difference in 
drainage conditions, there is a small difference also 
in the case of cone resistance and sleeve friction. If 
a drained condition is to be achieved, adaptations 
in regular rigs, allowing much smaller rates, and 
small diameter cones, are necessary. 

In order to compare the Onsoy data with the 
Sarapui IT data, a normalization of the rate of pen- 
etration, v, to take into account the diameter of the 
penetrometer, d, and the coefficient of consolida- 
tion, c (Eq. 1) was done. 


V=va (1) 


where V = normalized rate 

Finnie & Randolph (1994) firstly proposed the 
use of the normalized rate (or velocity), where the 
coefficient of consolidation c was c, i.e., the verti- 
cal coefficient of consolidation, however no refer- 
ence was made to the stress level considered in the 
analysis performed by these authors. 

Other suggestions regarding the use of the 
proper c, value followed (e.g., c, at a representative 
stress level, House et al. 2001, at the same overcon- 
solidation ratio, Suzuki & Lehane 2015), however 
this issue is outside the scope of the present paper. 
When the horizontal coefficient of consolidation 
from piezocone dissipation tests are available, they 
seem to be the best choice, thus those values have 
been used herein. 

Fig. 11 presents the Sarapui II data from Fig. 6 
with the Onsøy data included. Unfortunately, only 
three rates have been used in Onsøy clay, thus a 
more complete picture cannot be obtained. How- 
ever, it seems clear that the use of the normalized 
velocity, even using c, from piezocone dissipation 
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etration rate, Sarapui II and Onsøy clays. 


data, was not capable to unify the resistance-rate 
data for the two clays tested. It must be noted that 
this conclusion was also obtained by Suzuki & 
Lehane (2015), for the case of laboratory c, values 
(at the same overconsolidation ratio) for kaolin 
and kaolin mixture in centrifuge. 

In both deposits, rates greater than the standard 
rate, in the range 40-100 mm/s, did not result in 
increase in the normalized q,,/q, 2 as it could be 
expected from the high I, values in both cases. Tests 
with higher rates are necessary to properly evaluate 
the role of I, on rate effect on cone resistance. 

As far as pore pressure is concerned, u, , was 
approximately the same as u, , for Onsøy clay, 
thus the same conclusion as Sarapui II clay can be 
obtained, i.e. adaptations in regular rigs, allowing 
much smaller rates, and small diameter cones, are 
necessary if drained conditions are to be achieved 
for soft clays with low c,/c, values. 


6 CONCLUSIONS 


A comparison was undertaken between piezocone 
tests with different penetration rates in two soft 
clay deposits, one from Norway, Onsøy clay, and 
the other from Brazil, Sarapuí II clay. The Sarapuí 
H clay is a very plastic clay (I, in the range 60%- 
170%), whereas I, values in Onsøy clay are in the 
range 20%-50%. 

The horizontal coefficient of consolidation, C, 
obtained from piezocone dissipation data is on 
average 10 x 107 m?/s in the case of Onsøy clay and 
4 x 107 nY/s in the case of Sarapui II clay. 

Within the range of penetration rates used, 
2.5 mm/s — 100 mm/s, the following conclusions 
can be drawn: in the case of Sarapui II clay, there 
is a reduction in the normalized cone resistance 
in/G; 29 When the rate increases from 2 mm/s to 
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5 mm/s, and another reduction, although smaller, 
when it increases again to 10 mm/s. Then q,,/q, 20 
increases when the rate increases to 20 mm/s, and 
is roughly the same when the rate further increases 
to 40 mm/s. 

The cone resistance versus penetration rate 
trend may be explained by the corresponding pore 
pressure trend (especially u,, but also u,). 

The friction sleeve versus penetration rate trend, 
although similar to the cone resistance trend, 
showed a higher rate effect, i.e. rate effect is more 
pronounced in the case of sleeve friction than 
in the case of cone resistance, as found by other 
authors (e.g., Campanella et al. 1982). 

The use of the normalized rate (velocity), even 
using c, from piezocone dissipation data, was not 
capable to unify the resistance-rate data for the two 
clays tested, Onsøy and Sarapui II. 

Despite the trends mentioned above, adapta- 
tions in regular rigs, allowing much lower penetra- 
tion rates, and small diameter cones, are necessary 
if drained conditions are to be achieved when con- 
ducting piezocone tests in deposits like Sarapui II 
or Onsøy clays. 

No rate effect was found for penetration rates 
greater than the standard rate, unlike expected, 
due to the high I, values in both deposits, especially 
in Sarapui II clay. Tests with higher rates are nec- 
essary to properly evaluate the role of I, on rate 
effect on cone resistance. 
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ABSTRACT: Screw piles have been suggested as an alternative foundation solution to straight-shafted 
piles for jacket supported offshore wind turbines in deep water. The significant environmental loads in the 
marine environment will require substantially larger screw piles than those currently employed in onshore 
applications. This raises questions over the suitability of current design methods for capacity and installa- 
tion torque. This paper aims to address this issue by presenting a screw pile installation torque prediction 
method based on cone resistance values from Cone Penetration Test (CPT) data. The proposed method, 
developed using centrifuge modelling techniques in dry sand, provides accurate predictions of installation 
torque for both centrifuge and field scale screw piles. Furthermore, unlike existing CPT-torque correla- 
tions, the proposed method is shown to be applicable to multi-helix screw piles. 


1 INTRODUCTION 

Although originally developed for the marine 
environment (Jacob, 1953, Lutenegger, 2017), 
screw piles have been widely adopted in numerous 
onshore applications such as, for guyed towers, 
light poles and underpinning of existing founda- 
tions. The helical plate(s), mounted on the central 
core of a screw pile allow for their installation by 
application of continuous axial and rotational 
forces. This installation method is significantly 
quieter than the pile driving methods employed 
in conventional straight-shafted pile installation. 
The effects on marine life from such noise is of 
growing concern and has led to strict regulations 
and the use of expensive mitigation techniques 
thus making screw piles ideal for this type of 
application. 

The helical plates of a screw pile also generate 
substantial axial capacity during compression and 
tensile loading conditions. Furthermore, when the 
helices of a multi-helix screw pile are spaced apart 
at less than 2.5 helix diameters (Knappett et al., 
2014), enhanced levels of shaft-friction are mobi- 
lized from the soil-soil shear which develops over 
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the inter-helix interval, in comparison to the soil- 
steel interface associated with shaft friction along 
straight-shafted piles. 

It is these benefits, offered by screw piles, which 
have led some authors (Byrne and Houlsby, 2015, 
Spagnoli and Gavin, 2015) to suggest their use in 
the offshore environment, as foundations for deep 
water offshore wind energy projects. 

The expansion of offshore wind energy into 
deeper water may require alternative foundations 
and support structures, as concern has been raised 
over increasing the size of the most commonly used 
solution of monopile structures (Golightly, 2014). 
As alternative to monopiles, steel jackets founded 
on piles can be used. This solution is already in use 
in the Beatrice Offshore Wind Farm, in the Moray 
Firth, UK, which is sited in the deepest water to 
date for an offshore wind farm in the UK. 

Replacing the straight-shafted piles typically 
used as the foundations for the jackets, with screw 
piles can eliminate any concerns over installation 
noise and potentially lead to a reduction in the 
amount of steel required for the foundations due 
to the improved efficiency of the load carrying 
mechanism. 


To attain the in-service capacities required to 
sustain the forces created by the combined self- 
weight and environmental loads, the geometry of 
current screw pile designs will need to be signifi- 
cantly varied and upscaled. Rotating screw piles 
into the soil requires significant amounts of torque 
from the frictional resistance of the soil-steel 
interface. Thus, increasing the surface area of the 
screw pile will lead to greater installation torque 
requirements. 

Estimating the installation torque of a screw pile 
is a critical factor in the development of larger pile 
geometries for offshore wind applications and is an 
active area of research (Schiavon et al., 2016, Spag- 
noli, 2016, Tsuha, 2016). The magnitude of the 
installation torque (7) of onshore piles is typically 
used in the verification of the axial tensile capac- 
ity (O) through the empirical factor, K,, developed 
by Hoyt and Clemence (1989), given in equation 
1. Byrne and Houlsby (2015) have developed this 
further with the use of a dimensionless torque fac- 
tor. However, BS 8004:2015 (British Standards 
Institution, 2015) states that screw piles should not 
be designed solely using empirical methods. Thus, 
predicting the torque from the axial capacity is not 
recommended. This would seem appropriate as Al- 
Baghdadi (2018) showed that the pile's core was the 
greatest contributor to required torque where O, is 
dictated by the helix plate diameter rather than the 
core diameter. 


Q, =K,T (1) 


Alternatively, analytical techniques developed 
by Ghaly and Hanna (1991) and Sakr (2015) 
decompose the torque into the various contribut- 
ing components from the helices and core. Ghaly 
and Hanna (1991) had limited field verification of 
their method which was developed from 1g model 
scale tests in dry sand. However, the Sakr (2015) 
approach has been validated against field data 
for screw piles with core and helix diameters up 
to 0.508 and 1.016m respectively and installation 
depths up to 12.8m. Although, such geometries are 
likely to be inadequate for the loads anticipated in 
the deep water offshore wind sector. 

Correlations between the cone resistance from 
Cone Penetration Test (CPT) data and the axial 
capacity of straight-shafted piles have been dem- 
onstrated to be potentially more reliable and accu- 
rate compared to other analytical and empirical 
methods. Consequently, several authors have sug- 
gested correlations which relate CPT data to the 
installation torque of screw piles (Gavin et al., 
2013, Spagnoli, 2016, Al-Baghdadi et al., 2017). 

This paper aims to provide an improvement on 
the method proposed by Al-Baghdadi et al. (2017), 
based on further centrifuge modelling of screw 


piles in dense sand. The method is also validated 
against multi-helix screw piles to address the lack 
of available CPT-torque prediction methods for 
such piles. 

This work was undertaken as part of a wider 
project investigating the development of screw piles 
for offshore wind energy foundations. In addition 
to the physical modelling, partly discussed herein, 
Durham University are developing Material Point 
Method techniques (Wang et al., 2017) to model 
screw pile installation effects, while the Univer- 
sity of Southampton will conduct field scale tests 
for verification of the model-scale and numerical 
investigations. 


2 CENTRIFUGE MODELLING 


All tests were conducted on the Actidyn beam 
centrifuge at the University of Dundee at 50g 
acceleration. 


2.1 Model piles 


Two 1/50 th scale model screw piles (Figure 1) 
consisting of single and multi-helix designs, both 
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Figure 1. Model screw piles used in centrifuge tests at 
prototype scale (model dimensions in brackets). 
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Table 1. HST95 sand material properties (Al-Defae et 
al., 2013, Lauder et al., 2013). 


Property Value 
Grading description Fine 
Effective particle size, D,, (mm) 0.09 
Average particle size, D, (mm) 0.14 
Critical state friction angle, Ø, (°) 32 
Soil-steel interface friction angle, 6,,,, (°) 27 
Angle of dilation*, y (°) 14 
Maximum dry density, Pay (KN/m°) 17.58 
Minimum dry density, p,,,, (kKN/m*) 14.59 


*As measured at 73% relative density (Al-Defae et al., 
2013). 


with 10 mm and 20 mm core and helix diameters 
respectively, were manufactured from mild steel. 
Pile shafts were closed-ended with a 60° conical tip. 


2.2 Soil properties 


All centrifuge tests were conducted using 
HST95 sand. The behavior and properties of this 
fine grained quarzitic sand are well characterised, 
having been used in numerous previous studies at 
the University of Dundee (Jeffrey et al., 2016, Al- 
Baghdadi, 2018). A minimum ratio of the average 
(d;,) particle size to shaft diameter of 71 satisfied 
the recommendations made by Garnier et al. (2007) 
with respect to particle size-pile diameter scaling. 


2.3 Model container and soil preparation 


A steel container with internal dimensions of 
500 x 800 x 550 mm, used in all tests, allowed for 
two tests to be completed in one container by mov- 
ing the installation/testing rig between centrifuge 
flights. The minimum spacing between the screw 
pile and container walls was greater than 10 times 
the largest helix diameter to ensure no boundary 
effects were present (Phillips and Valsangkar, 1987, 
Bolton et al., 1999). 

The sand bed was prepared to a depth of 
450 mm and a relative density of 73% using an 
air-pluviation method detailed in Jeffrey et al. 
(2016). 


2.4 Pile installation 


A custom dual-axis actuator, developed at the Uni- 
versity of Dundee by Al-Baghdadi et al. (2016) 
provided the necessary rotational and vertical 
forces to install the screw piles. The vertical speed 
and revolutions per minute are linked by the pitch 
of the screw pile. Installation of a screw pile must 
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occur such that the screw pile penetrates the soil 
by an amount equal to the helix pitch for each 
complete revolution to minimize soil disturbance 
(Perko, 2009, British Standards Institution, 2015). 
Thus, a displacement controlled installation, at a 
penetration speed of 26.3 mm/min and rotation 
speed of 3.33 rpm, was used for all tests. 

The vertical and rotational installation forces 
were measured with a bespoke F310-Z combined 
axial loadcell and torque transducer supplied by 
Novatech Measurements Ltd. 


2.5 Cone penetration tests 


To acquire data to validate the CPT-torque corre- 
lation method for screw piles, CPT were conducted 
in-flight to measure the cone resistance (q,) of the 
sand. A custom CPT probe was manufactured for 
this purpose from stainless steel, with a 14 mm 
diameter, 440 mm long shaft and a 60* conical tip 
mounted to a 2 kN loadcell from Novatech Meas- 
urements Ltd. The CPT probe was not designed to 
measure separate skin friction, with average skin 
friction measurements (not used in this paper) 
deduced from the total resistance measured at the 
top of the CPT shaft (via the F310-Z loadcell) 
minus the CPT tip loadcell readings. 

At a penetration depth of 140 mm, the CPT 
reached the maximum permissible load of the 
loadcell and the test was stopped. Thus, rather 
than extrapolating data, the installation torque of 
the piles are only considered up to this depth. The 
cone resistance data are presented in Section 4 in 
the context of verification of the proposed method 
with field data. 


3 CPT-TORQUE CORRELATION METHOD 


Screw pile installation torque has been correlated 
to CPT cone resistance to provide a method to 
predict the installation torque of both single and 
multiple helix screw piles in dense sand. In-line 
with the suggestion of Bustamante and Gianeselli 
(1982) for pile capacity determination, the cone 
resistance data was averaged over a distance of 
1.5 helix diameters above and below the depth of 
interest in the calculations. 

The torque which develops from the installation 
of a screw pile into sand is assumed to be created 
by the frictional resistance between the soil and the 
entire surface area of the pile. In terms of the pro- 
posed CPT-torque correlation method, the torque 
contribution from the upper surface of the helical 
plates(s) to the total torque is negligible and can 
be ignored. 

The torque required to install a screw pile with 
number of helices can therefore be predicted using 


Figure 2. 
screw pile. 


Installation torque resistances acting on a 


equations 2 to 11, with the components shown 
visually in Figure 2. In each of equations 4 to 8, 
the torque is calculated by integrating the relevant 
frictional resistance multiplied by the appropriate 
lever arm. 
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k, =1-sing (10) 
gran 22.4) (11) 
T 


where: 7 is the total torque resulting during instal- 
lation; 7, is the torque associated with the shaft area 
of the central core of the pile with diameter d; 7, 
is the torque from the base of the central core; T, is 
the torque resulting from the helix (with diameter 
of D,, pitch of p and thickness of 1), which is made 
up of three components - 7,, the friction on the 
underside of a helix during penetration, 7, torque 
associated with the thin outer peripheral edge of 
the helix and 7,, from the leading edge of the helix 
cutting into the soil. 

The torque from the shaft area of the core is cal- 
culated from the sum of intervals of length Ax over 
the total length of the screw pile core, L. A stress 
drop index (a) equal to the CPT friction ratio (F) 
divided by tan(6,,,,) (Lehane et al., 2005) is used to 
compute the radial stress acting on the screw pile. 
Although the Lehane et al. (2005) method is asso- 
ciated with driven piles, the stress drop index used 
was derived from CPT data and does not apply 
to any particular pile installation technique. To 
account for the inclination of the screw pile helix, 
the pitch angle (6) is added to the interface friction 
angle (6,,). The earth pressure at rest (k,) provides 
a mechanism to convert the radial stress (aq,) into a 
vertical stress acting on the underside of the helices 
during installation. As in other torque prediction 
methods, any influence from temperature change 
during installation were disregarded. 

The proposed equations differ to those sug- 
gested by Al-Baghdadi et al. (2017) in several 
ways. Firstly, the rotation force reduction fac- 
tors required for the shaft and base components 
(f, = 0.75 and f, = 0.7, respectively) for force pre- 
diction during rotary installation, after Deeks and 
White (2008), have been omitted from equations 4 
and 5. These factors were somewhat greater than 
those found by Deeks (2008) for installation force 
reduction and is it not clear why they are required 
for torque prediction. 

Secondly, in equation 5, q, equal to 0.6q, was 
used. This is often adopted for pile capacity pre- 
diction where this may be below ultimate resist- 
ance or at 0.1 pile diameters. Therefore, during full 
flow installation, it would be more appropriate for 
q, to equal q, (Randolph and Gourvenec, 2011). 
Thirdly, an erroneously absent tan(6,,) term in 
Al-Baghdadi et al. (2017) has been correctly added 
to equation 5. Fourthly, equation 8 addresses an 
integration error and uses the radial stress instead 
of the full cone resistance value. Finally, the stress 
drop index is no longer universally assumed to 
equal 0.03 and is instead calculated by equation 9, 


using the CPT friction ratio and interface friction 
angle of the screw pile. 


4 CPT-TORQUE PREDICTIONS 


The proposed method was used to predict the 
installation torque for both model screw piles from 
centrifuge tests and field-scale data from Gavin et 
al. (2013) and Spagnoli (2016). CPT cone resist- 
ance data from the centrifuge tests and field data 
are presented in Figure 3. The q, values for the CPT 
testing in the centrifuge test were verified against 
the prepared relative density (checked by density 
pot measurements) and gave good correlations to 
the conventional CPT correlations for relative den- 
sity by Jamiolkowski et al. (2001) at mid-height of 
the centrifuge container. Low values of q, near the 
surface are associated with the transition to a full- 
flow mechanism which is not seen in the field data 
due to the high density or over consolidated near 
surface soils. 


4.1 Model-scale screw pile torque predictions 


The prediction of installation torque of the single 
and multi-helix screw piles in the centrifuge tests 
are shown in Figure 4. The predictions show a 
good level of correlation with the measured values 
from the centrifuge tests. Additionally, a predic- 
tion based on the method in Spagnoli (2016) is 
also shown in Figure 4a for the single helix screw 
pile, where an 80% over-prediction of the torque is 
evident at 5.5 m. 


CPT Cone Resistance (MPa) 


20 30 40 50 60 70 80 


Gavin (2013) 
Spagnoli (2016 


Depth (m) 


Figure 3. CPT cone resistance from: this study, Gavin 
et al. (2013) and Spagnoli (2016). 
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Figure 4. Predicted and measured prototype installa- 
tion torque from centrifuge tests: a) single helix; b) multi- 
helix screw pile. 


Averaging the CPT cone resistance over a dis- 
tance of +1.5D, requires that the CPT extends 
beyond the screw pile installation depth by 1.5D,. 
In all data in this study, this requirement was not 
met and thus, the torque predictions only extend 
to at a depth of 1.5D, above the deepest q, data 
point instead of to the full penetration depth of 
the screw pile. 

The proposed method performs well in both 
cases and it is suggested that the method is appli- 
cable for multi-helix screw piles. Previous pub- 
lications (Gavin et al., 2013; Spagnoli, 2016; 
Al-Baghdadi et al., 2017) regarding CPT-torque 
correlations have restricted their predictions to sin- 
gle helix piles only. 


4.2 Field-scale screw pile torque predictions 


Al-Baghdadi et al. (2017) presented a torque pre- 
diction based on field data for a single helix screw 
pile with 100 and 400 mm core and helix diameters 
respectively, installed to 4.5 m (Gavin et al., 2013). 
The process is repeated here with the proposed 
method. 

The results (Figure 5a) show close correlations 
between the predicted and observed installation 
torque, particularly from a depth of 0.8 to 2.1 m. 
From 2.1 m to 4.5 m, there is an approximately 
15% overprediction of the torque. This is obvi- 
ously more satisfactory for design than an under- 
prediction. Figure 6b shows a comparison to field 
testing from Spagnoli (2016) for 16 m long, large 
diameter single helix screw piles with 368 mm 
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Figure 5. Predicted and measured installation torque 


from field scale screw piles in: a) Gavin et al. (2013); b) 
Spagnoli (2016). 


diameter cores at a test site in Germany, where 
the only method available to install the screw pile 
with the 1500 mm helix diameter (due to torque 
limitations) was to “surge” the pile up and down, 
inevitably resulting in unwanted changes to in-situ 
soil conditions. This may explain the overpredic- 
tion using the proposed method for the screw pile 
reported in Spagnoli (2016), with a 750 mm helix 
diameter, and highlights the need for controlled 
installation. 


5 CONCLUSIONS 


This paper presents modifications to the CPT- 
torque prediction method for screw pile installa- 
tion proposed by Al-Baghdadi et al. (2017) based 
on centrifuge tests of single and multi-helix screw 
piles in dense, dry sand. The changes include: 
removal of the force rotation reduction factors, 
which are not deemed appropriate for torque calcu- 
lations; for the base of the core, a missing tan(6,,) 
term is added and the full q, value is used to reflect 
the full flow conditions during installation; the 
stress drop index used to modify the cone resist- 
ance to a radial stress is related to the interface fric- 
tion angle and CPT friction ratio as well as being 
incorporated into the helix leading edge calcula- 
tion. The updated method gives good prediction 
of the measured centrifuge test data and was fur- 
ther validated by field data from Gavin et al. (2013) 
and Spagnoli (2016). The modified method also 
provides further capability in the ability to predict 
installation torque of multi-helix screw piles. 
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Effects of clay fraction and roughness on tension capacity 


of displacement piles 


L.V. Doan & B.M. Lehane 


School of Civil, Environmental and Mining Engineering, The University of Western Australia, Australia 


ABSTRACT: This paper examines the effect of clay fraction and roughness on the relationship between 
the ratio of the CPT end resistance (q,) to unit shaft friction (7) for displacement piles in sand. Tension 
load tests were performed on smooth and rough model piles that were jacked into sand, sand-clay mix- 
tures and clay. Parallel constant normal load and constant normal stiffness direct shear interface tests 
were conducted to assist interpretation and allow separation of effects of interface friction angle and dila- 
tion on the capacities. It is shown that even a small amount of clay within a sand mass can have a major 
impact on the available shaft friction. The effects of pile roughness are important for developing the pile 


shaft capacities in these soils. 


1 INTRODUCTION 

There is not a universally accepted method for esti- 
mation of the unit shaft friction of displacement 
piles in intermediate soils such as silts and clayey 
sands. Shaft friction can be severely over-estimated 
when applying the standard total stress œ method 
for clay in such materials due to the effects of dila- 
tancy on the measured undrained strength. Con- 
versely, if a design approach for sand is adopted, 
effects of pore pressures generated during in-situ 
testing complicate the interpretation of the state of 
the material. 

The assessment of pile capacity using direct 
correlations with the Cone Penetration Test (CPT) 
end resistance (q,) is rapidly becoming the Industry 
standard partly because of the proven reliability of 
CPT-based methods, but also because of the ease 
with which capacities can be calculated without 
user subjectivity (Doan and Lehane 2016; Niazi 
and Mayne 2016). Lehane et al. (2017) reviewed the 
most up-to-date CPT methods namely UWA-05 
(Lehane et al. 2005b), ICP-05 (Jardine et al. 2005), 
NGI-05 (Clausen et al. 2005), Fugro-10 (Van Dijk 
and Kolk 2010) and UWA-13 (Lehane et al. 2013), 
and concluded that CPT methods give the most 
reliable predictions of axial pile capacities in clay 
and sand. However, the same authors also high- 
light difficulties with application of these methods 
in intermediate soils. 

This paper examines some of the important 
issues for displacement piles in intermediate soils 
and investigates the relationship between shaft 
friction and CPTu data in experiments conducted 
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in laboratory pressure chambers in normally 
consolidated kaolin clay, two kaolin-sand mixtures 
and fine silica sand. Parallel direct shear (DS) tests 
employing rough and smooth interface tests assist 
interpretation of the contribution of dilation to 
the shaft friction. 


2 INTERFACE SHEAR CHARACTERISTICS 


Kaolin, fine silica sand and mixtures of sand com- 
bined with 5% and 25% kaolin (by dry weight) 
were prepared for element testing. The mixtures 
are referred to as kaolin (K), sand, 5%K and 
25%K. The same soils were employed for the pile 
tests and accompanying CPTs. 

Direct shear tests were performed with an ini- 
tial normal effective stress of 50 kPa using rough 
and smooth interfaces with identical properties to 
those of the model test piles. The rough interface 
was shotblasted in order to achieve Ra (defined 
as the relative height between the highest peak and 
the lowest trough over a 2.5 mm gauge length) of 
about 100-132 um. The normalised roughness R, 
= Ryu! Ds (e.g. Kishida and Uesugi 1987) was such 
that this interface could be assumed fully rough for 
the sand, 5%K and 25%K soils. The smooth (alu- 
minium) interface was polished to achieve R,, of 2 
to 3 um (as measured using a stylus profilometer). 

Fifty soil-soil and soil-interface direct shear 
tests were performed under constant normal load 
(CNL) and constant normal stiffness (CNS) condi- 
tions using the computerised ‘in house’ apparatus 
at UWA. Both the rough and smooth interfaces 


were fitted precisely into the lower half of the 
shear box. Both the upper and lower boxes were 
made from teflon to mimimise friction (Boukpeti 
and White 2017; Lehane and Liu 2012). This fric- 
tion was corrected for using data measured in pre- 
liminary experiments (and typically amounted to 
about 1 kPa). 

Kaolin, 5%K and 25%K samples were mixed 
and water was added to form slurries that were 
first subjected to de-airing; the water content 
employed was approximately two times the liq- 
uid limit of the respective mixtures. Samples were 
poured into Shelby tubes and pre-consolidated in 
stages using dead weights with a maximum stress 
of 20 kPa. Samples were then removed from the 
tubes, trimmed and placed into a ring with diam- 
eter of 71 mm and height of 20 mm. They were 
transferred to the upper half of the box (on the top 
of the interface plate) and consolidated to a nor- 
mal effective stress of 50 kPa. The unit weights of 
the samples at the beginning of the tests had aver- 
age values of 16.5 kN/m?, 20.5 kN/m? and 19.5 kN/ 
m: for Kaolin, 25%K and 5%K, respectively. 

Shearing was conducted in a displacement-con- 
trolled mode at a nominal constant rate of hori- 
zontal displacement of 0.05 mm per minute. One 
test performed on kaolin included three pause peri- 
ods of 24 hours at shear displacements of 0.7 mm, 
1.4 mm and 3.5 mm. An identical response to that 
obtained with no pause periods was obtained indi- 
cating that the displacement rate of 0.05mm/min 
led to a fully drained response. 

Results obtained in the CNL tests using smooth 
and rough interfaces are summarised in Figure 1, 
which also includes a test for sand sheared against 
a rough interface reported by Lehane et al. (2005a). 
These show that the peak stress ratios 7/07 and 
the tendency for dilation increase as the clay frac- 
tion reduces. Peak stress ratios are approximately 
0.9 for sand, 0.63 for 5%K, 0.56 for 25%K and 
0.4 for Kaolin; these ratios are in good agreement 
with experimental observations of Suzuki (2014). 
It is evident that the introduction of just 5% clay 
into the sand causes the maximum stress ratio to 
drop to two thirds of the ratio developed in clean 
sand. 

It is also apparent that the roughness has a 
strong influence on interface shearing character- 
istics. In 5%K, for example, the peak shear stress 
developed on the smooth interface is about 30% 
less than measured with the rough interface. For 
the same soil, significant contraction occurs when 
shearing against the smooth interface, whereas a 
dilative response is observed with the rough inter- 
face. Visual inspections of the samples at the end 
of the tests confirmed that the failure shear plane 
was within the soil for the rough interface tests, as 
shown on Figure 2. 
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Shear plane in the soil mass 


Shear surface for full rough interface tests. 


Figure 2. 


3  CPTU AND PILE TENSION LOAD TESTS 


3.1 Experimental set-up 


CPTu and pile tension tests were performed in 
UWA kaolin and sand as well as in 54K and 25%K 
mixtures. All ten samples tested were normally 
consolidated in steel pressure chambers with an 


CPT q, traces recorded in each soil type at a 
penetration rate of 3 mm/s are plotted on Figure 4. 
The normalized velocity of the cone associated 
with this rate is less than that of the standard cone, 
but Doan and Lehane (2018a) show that all of the 
plotted q, and F, values are essentially the same as 
the standard CPT parameters. 

It is interesting to note the influence of the clay 
fraction on the q, and F, values on Figure 4. The 
steady state q, value in the sand is over 5 MPa 
and about 5 times higher than the 5%K mixture, 
even though the penetration in both soils is fully 
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“Frames 
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Figure 3. Setup of the experiment. 


inner diameter of 395 mm and height of 400 mm 
(Figure 3). Details of the chamber and test set up 40 
are described by Doan and Lehane (2018a, b). 

The model piles employed were aluminium rods 
with a diameter (D) of 10 mm. Both smooth and 
rough piles were tested and pile surfaces were pre- 
pared in the same manner and to the same R 
values used in the direct shear tests. 

All soil samples were prepared from a slurry (as 100 
for the shear box tests) and first consolidated in 
the steel chamber to a vertical effective stress of 120 
32 kPa. After sample consolidation (which took 
up to 45 days for the kaolin sample), two test piles 
were jacked into each sample via access holes in 
the top cap at a constant rate of 0.5 mm/s to a final 
embedment (L) of 200 mm; this gave a final (typi- 
cal) pile aspect ratio (L/D) of 20. An equalization 
period of 24 hours was then allowed prior to ten- 
sion testing of the piles, which was performed by 
slow extraction using an actuator at a constant 
displacement rate of 0.005 mm/s. A 0.5 kN capac- 
ity load cell was placed in series between the pile 
head connector and the actuator, as indicated in 
Figure 3. 
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3.2 CPTu tests 


CPTu tests were performed in the samples using a 80 ; 
10 mm diameter piezocone with a friction sleeve i 
area of 1162 mm?. The pore pressure filter was 100 è : 
situated behind the shoulder of the cone (u, posi- t 
tion), which was also monitored during dissipation 120 ; > 
tests. The friction ratio (F) was calculated from 
equation (1), where f, is the sleeve friction, q, is the $ , 
corrected cone end resistance and o, is the vertical 140 i > b 
total stress, (b) 
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F = [/ „Ka, = 6, )] 100% (1) tion ratios (F,) at penetration rate of 3 mm/s. 
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drained (see Doan and Lehane 2018a). The q, 
values measured during undrained penetration in 
25%K and K mixtures are 10 times smaller again 
that the 5%K soil, with slightly lower q, values in 
the 25%K mixture. The effects of the clay content 
within a sand mass on the normalized sleeve fric- 
tion (F) measured are illustrated on Figure 4b. It is 
evident that the F, values increase with an increase 
in clay content. The average F. in kaolin is 3.7%, 
which is about 1.5 times and 8 times the respective 
F, values in the 25%K and 5%K mixtures. 
Dissipation tests indicated that a period of 
7 hours was required to allow full dissipation 
of excess pore pressure in kaolin (see Doan and 
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Figure 5. Average shear stress against pile head dis- 
placement curves measured in pile tension tests. 


Lehane 2018b). Noting that the CPT device and 
the piles had the same diameter, it can therefore 
be inferred that full dissipation of installation 
induced pore pressures had occurred around 
all the piles after the set equalization period of 
24 hours. 


3.3 Tension load tests 


Average shear stresses (7,,), derived as the meas- 
ured tension load divided by the pile shaft area, 
determined during some typical chamber pull-out 
tests are plotted against the pile head displacement 
(w) in Figure 5. 

The dramatic effect of the addition of 5%K to the 
sand sample is evident, with peak shaft shear stresses 
(7) being more than 4 times less than for clean sand. 
The ¢,,, mobilised in the 5%K mixture is also slightly 
lower than that measured in Kaolin. Figure 5 shows 
that the smallest 7,,, value is developed in the 25%K 
mixture. This trend could be explained by a typical 
strong contractive response of this material at large 
strains (Doan and Lehane 2018a). 

The importance of roughness for these soils is also 
apparent. The peak shear stress developed on the 
smooth piles is about 45% less than that mobilised 
on the rough piles. A similar influence of roughness 
was observed by Thomas and Fahey (2007) in cen- 
trifuge model tests of piles tested in kaolin. 

Peak friction develops at lower displacements 
against the smooth interfaces (when there is a 
contractive response); a similar response has been 
observed by Lehane et al. (2005a). 


4 RESULTS AND DISCUSSION 


The ratio of the average CPT q, along a pile shaft 
(dan) to the peak average shaft friction (7,,) meas- 


ured in the tension tests, referred as p, (= q, a/ Ta), 
varied from 345 in the test on the smooth pile in 
sand to 15 in the test on the rough pile in kaolin. 
These £, ratios are plotted on Figure 6 against the 
soil behaviour type (SBT) index, 7, as defined by 


Robertson and Wride (1998) and Robertson (2016): 


I, =[G.47-1080,,) + dog F +1.22} ]™ (2) 
Q, = (a, = 0,)/ Pa |P, 1%)" (3) 
n =0.3811,)+0.05(07 | p,)-0.15 (4) 


where O,, is the normalised CPT cone resistance; 
F, is the normalised cone sleeve resistance obtained 
from equation (1); n is the stress exponent that var- 
ies with Z; 0, and o”, are the current in-situ vertical 
total and effective stresses and p, is atmospheric 
reference pressure in the same units as q, 
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A relatively consistent variation of f, with the 
SBT index, J, is evident on Figure 6, which uses a 
logarithmic scale for 8, The £, ratios for the smooth 
piles are typically about double those for the rough 
piles for all soil types. The plotted trend lines are 
described by the following equations and are seen to 
provide a good representation of the data recorded. 
The legends for the tests plotted on this figure 
employ the symbols R and S to denote ‘rough’ and 
‘smooth’ pile interfaces and use the symbol ‘F’ to 
indicate that CPT installation was conducted at a 
normalized velocity reasonably close to that of a 
standard CPT (as discussed above). 

For rough interfaces: 


B. = 200 for I, < 1.8 (Sa) 
B. = 1034505651 for 1.8<1,<3.6 (5b) 
B. = 15 for I, 2 3.6 (Sc) 


For smooth interfaces: 


B, = 350 for I, <2 (6a) 
B. = 103455! for 2 <I, < 3.6 (6b) 
B. = 30 for I, > 3.6 (6c) 


Doan and Lehane (2018a) also present cone 
penetration q, and F, values recorded in the four 
soil types, using drained penetration velocities (e.g. 
velocities of 0.0005 mm/s in kaolin and 0.001 mm/s 
in 25%K). These drained parameters are substi- 
tuted into equation (2) to derive what is referred 
to here as modified SBT index, given the symbol 
1.*. Values of f. are then evaluated for all the tests 
included in Figure 6 using both the standard g, val- 
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ues and the drained q, values and plotted against 
[,* on Figure 7. 

It is apparent on Figure 7 that the same trend 
lines for £, with J, on Figure 6 are also valid for the 
P. vs. 1.* trend lines on Figure 7. It is seen, for exam- 
ple, how the reduced 7,* values in kaolin and 25%K 
(due primarily to higher drained cone resistances) 
lead to correspondingly higher £, values. This is an 
important result when considering effects of par- 
tial drainage on cone penetration as it indicates that 
errors due to a misinterpretation of partial drainage 
do not arise provided that a direct correlation with 
the measured q, value is employed using a formula- 
tion of the form of equation (7) for (typical) rough 
interfaces with a pile aspect ratio (L/D) of 20: 


B. = 200 for 1, < 1.8 (7a) 
B, =10345-84 for 1.8 <1 <3.6 (7b) 
B. = 30 for 1° > 3.6 (7c) 


I, can be substituted for J, in equation (6) to 
find the corresponding formulation for smooth 
piles. It should also noted that these equations 
were derived for a single aspect ratio (L/D = 20) 
and methods such as Lehane et al. (2013) indicate 
that the friction developed on displacement piles 
varies mildly with L/D. 


5 CONCLUSION 


A series of direct shear interface, CPTu and pile 
tension load tests conducted in laboratory pres- 
sure chambers involving clayey sands, sand and 
clay indicate that: 
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1. The presence of even a small amount of clay 
within a sand mass leads to a very large reduc- 
tion in the shaft capacity of displacement 
piles. The peak shaft shear stress of displace- 
ment piles in a 5%K mixture was more than 4 
times less than that of in clean sand. 

Pile roughness has a critical effect on the shaft 
friction that can develop in sands, clayey sands 
and clays. The shaft friction mobilized on the 
‘rough’ piles was typically double that of the 
smooth piles. 

The pile test data combined with CPTs per- 
formed at various rates indicate that, for piles 
with L/D = 20, £ varies in a systematic manner 
with the modified soil behaviour type index, 
1; The consistent nature of this trend provides 
the basis for a promising approach for predict- 
ing pile capacities without the need to con- 
sider effects of partial drainage during cone 
penetration. 


iii. 
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Shaft resistance of non-displacement piles in normally consolidated clay 


L.V. Doan 4 B.M. Lehane 


School of Civil, Environmental and Mining Engineering, The University of Western Australia, Australia 


ABSTRACT: This paper presents results from a series of tension pile load tests on buried piles in 
normally consolidated kaolin and compares trends observed with shaft friction inferred from Constant 
Normal Load (CNL) and Constant Normal Stiffness (CNS) direct shear tests. It is shown that a CNL 
test with allowance for a 10% reduction in lateral effective stress during shearing provides a simple way 
of obtaining an accurate estimate of the available pile shaft friction. The capacities predicted using four 
separate of empirical methods, including more recent CPT methods, are under-predicted by a factor of 


between 1.5 and 2.2. 


1 INTRODUCTION 

CPT-based methods for predicting the axial capac- 
ity of driven piles are rapidly becoming the industry 
standard. Chandler and Martins (1982), Frances- 
con (1983), Mochtar and Edil (1988), and others 
examined the response of piles in kaolin. There is, 
however, a relative shortage of experiments per- 
formed under well-controlled conditions in the 
laboratory to test the validity of CPT methods for 
non-displacement piles and to compare measured 
capacities with the simple Coulomb friction law. 
This paper addresses this scarcity of data by pre- 
senting results from tension pile tests conducted 
on buried piles in normally consolidated kaolin in 
a laboratory pressure chamber and in the centri- 
fuge. CPT q, f, and u, data were recorded in the 
same kaolin deposits used for the pile tests. Parallel 
constant normal load (CNL) and constant normal 
stiffness (CNS) direct shear interface tests are pre- 
sented to assist interpretation of the pile tests. All 
piles and interfaces tested were fully rough. 

The relief in lateral stress during boring oper- 
ations is thought to be compensated for the 
application of the head of concrete during shaft 
construction and therefore lateral stresses acting 
on the pile shaft are approximately unchanged 
from their initial K, condition (O’Neill 2001). For 
this reason, the observations made in this paper 
for buried piles are also considered applicable to 
standard bored piles. 


2 MODEL FOR PILE SHAFT RESPONSE 


Static pile load testing is usually performed at a 
drained rate of displacement. Under these condi- 
tions, as illustrated in Figure 1, the soil at the soil- 
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Figurel. Analogy between a pile-soil interface and a 
CNS test. 


pile shaft interface will either contract or dilate 
during shear and hence lead to a reduction or 
increase in lateral effective stress (Ao;) acting on 
the shaft due to the constraint provided by the sur- 
rounding soil mass. This mechanism is similar to 
that of a soil element subjected to interface shear 
under CNS conditions (e.g. Airey et al. 1992). 


The change in lateral stress (Ao;) on a cylin- 
drical pile shaft of diameter D due to a change in 
shear band thickness (Af) can be replicated in CNS 
interface shear box test as follows using a CNS 
stiffness of k,, by considering elastic cavity expan- 
sion (Boulon and Foray 1986) 


AGA! 


Ao, k At (1) 


n 


where G is the operational shear modulus of the 
soil around the pile. 


3 CNL AND CNS INTERFACE SHEAR 
TESTS 


Five direct shear tests were performed with initial 
normal effective stresses of 25 kPa and 50 kPa 
using rough interfaces with identical properties to 
those of the model test piles. The rough interface 
was shotblasted in order to achieve Ra, (defined 
as the relative height between the highest peak and 
the lowest trough over a 2.5 mm gauge length) 
of about 100-132 um. The normalised roughness 
R, = R nax Dsy (e.g. Kishida and Uesugi 1987) was 
such that this interface could be assumed fully 
rough for the clay. 

Soil-interface direct shear tests were per- 
formed at at normal stiffnesses (k,) of 0 kPa/mm 


(i.e. a CNL test), 100 kPa/mm, 200 kPa/mm and 
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1000 kPa/mm using the computerised ‘in house’ 
apparatus at UWA. The rough interfaces were fit- 
ted precisely into the lower half of the shear box. 
Both the upper and lower boxes were made from 
teflon to mimimise friction (Boukpeti and White 
2017; Doan and Lehane 2018a; Lehane and Liu 
2012). This friction was corrected for using data 
measured in preliminary experiments (and typi- 
cally amounted to about | kPa). 

Kaolin clay with respective liquid and plastic 
limits of 61% and 27% was used in all tests. The 
kaolin was mixed under a vacuum for | day at a 
water content of two times the liquid limit (about 
120%) to form a homogeneous slurry. Samples for 
the shear box tests were poured into Shelby tubes 
and pre-consolidated in stages using dead weights 
with a maximum stress of 20 kPa. Specimens were 
then removed from the tubes, trimmed and placed 
into a ring with diameter of 71 mm and height of 
20 mm. They were subsequently transferred to 
the upper half of the box (on the top of the inter- 
face plate) and then consolidated to initial normal 
effective stresses (Ao7,) of 25 and 50 kPa. 

Figure 2 summarises the results obtained in 
interface tests on rough interfaces. The shear dis- 
placement required to mobilise peak stresses is a 
little smaller in CNS tests, but was typically about 
2 mm for the CNL and CNS tests. All samples con- 
tract under shear with peak stresses mobilized just 
prior to when samples attain constant volume con- 
ditions. The ratios of shear stresses (7) to current 
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Interface shear test results for Kaolin using rough interface with o” of 25 kPa and 50 kPa. 


normal effective stresses (07) at peak and ultimate 
conditions are comparable for all CNS and CNL 
tests. The mean peak and ultimate stress ratios 
observed are 0.4 and 0.3 respectively. 

It is apparent that the contraction and the 
decrease in normal effective stresses (Ao7) acting 
on the interface at peak are higher with higher val- 
ues of k, (Figure 2). Significantly higher maximum 
shear stresses are mobilised under CNL condi- 
tions as, in contrast to the CNS tests, there is no 
decrease in normal effective stress during shear. An 
unrestrained maximum contraction of 0.31 mm 
is observed in the CNL tests, whereas the maxi- 
mum (Af) value is only 0.01 mm for the samples 
sheared with k, = 1000 kPa/mm. Figure 2 shows the 
Ao, | 40), ratios plotted against the normal stiff- 
ness (k,). The highest 407, /Ao/, ratio of about 0.3 
is obtained for the CNS test with k, = 1000 kPa/mm. 


4 CPTU AND PILE TENSION LOAD TESTS 


4.1 Experimental set-up 


CPTu and pile tension tests were performed in nor- 
mally consolidated kaolin in the geotechnical beam 
centrifuge and in a number of laboratory pressure 
chambers at the University of Western Australia 
(UWA). 


4.1.1 UWA beam centrifuge 

One of the samples tested in the UWA centrifuge 
was normally consolidated in a rectangular strong- 
box with internal plan dimensions of 390 mm by 
650 mm and a height of 325 mm. The strongbox 
weighs about 70 kg and permits models with up 
to 250 mm of saturated soil (about 200 kg) to 
be tested at maximum acceleration level of 200g 
(Figure 3). A complete technical description of the 
facility is given by Randolph et al. (1991). 

The model tension pile employed was a hollow, 
closed-ended, aluminium rod with a diameter of 
8 mm. The embedded length of the pile in the sam- 
ple was 100 mm. The pile surface was prepared in 
the same manner as the rough interface in the direct 
shear tests. The model pile was embedded in kaolin 
slurry and positioned using a pin with a plate at the 
top of the strongbox, as indicated on Figure 3; this 
pin also facilitated vertical movement of the pile. 
The weight of pile was designed to equal the weight 
of the displaced kaolin to ensure that no relative 
displacement between the pile and the soil took 
place during in-flight consolidation of the kaolin. 
These procedures ensured no negative skin friction 
on the pile and lateral stresses acting on the pile 
shaft prior to axial loading that closely approxi- 
mated normally consolidated K, conditions. 

The kaolin sample (including the pile) was con- 
solidated at an acceleration of 100g for 4 days. To 
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Figure 3. 
load tests. 


Setup of UWA beam centrifuge for tension 


ensure that the sample was fully consolidated, the 
soil settlement was monitored and compared with 
marker lines inside of the strongbox, as indicated in 
Figure 3. A 20 mm layer of free water was main- 
tained above the sample throughout testing. After 
the sample consolidation completed, the pile was 
then tension load tested by applying a constant dis- 
placement rate of 0.0005 mm/s to the pile head using 
a 8 kN capacity load cell connected to the actuator. 


4.1.2 UWA pressure chamber 

All three samples tested were normally consolidated 
in steel pressure chambers with an inner diameter 
of 395 mm and height of 400 mm. Details of the 
chamber and test set up are described by Doan and 
Lehane (2018a, b). 

The model piles were buried in a kaolin slurry 
sample, which was then consolidated to a vertical 
effective stress of 32 kPa over a period of 45 days 
(at which point no creep settlement of the kaolin 
samples was detectable). A load cell and two laser 
LVDTs were used to monitor the applied stress and 
soil settlement during testing. The water level was 
always maintained about 20 mm above the top plate 
to ensure that the samples were fully saturated. 

The model tension piles employed were solid 
aluminium rods with diameters of 8 mm, 14 mm 


and 20 mm, each with an embedded length of 
200 mm. All model piles were tied to the top cap 
using split clamps via access holes with clearance 
of 1 mm around the piles during the sample con- 
solidation. The procedures could avoid relative 
displacements between the pile and the soil dur- 
ing the test. When sample consolidation was com- 
pleted, split clamps were removed before piles tests. 
The pile tension load tests were performed by slow 
extraction using an actuator at a constant displace- 
ment rate of 0.005 mm/s. A 0.5 kN capacity load 
cell was placed in series between the pile head con- 
nector and the actuator. 


4.2 CPTu tests 


CPTu tests were performed at various penetration 
rates in both the geotechnical beam centrifuge and 
the laboratory pressure chambers. The cone pen- 
etrometer had a diameter of 10 mm and a friction 
sleeve area of 1162 mm?. The pore pressure filter 
was located at the shoulder (u, position) of the cone. 

Apart from the upper 30 mm of the sample where 
cone penetration was not steady-state, the CPTu 
tests in the chambers indicated uniform conditions 
with virtually constant q, and u, values of 95 kPa and 
40 kPa, when tested at an undrained rate of pen- 
etration. The q, values in the centrifuge reach their 
respective steady state gradient of 16.7 kPa/m (Ran- 
dolph and Hope 2004). A more detailed description 
of CPTu results at various penetration rates is pro- 
vided by Doan and Lehane (2018b). 


4.3 Tension load tests 


Average shear stresses (7,,), derived as the meas- 
ured tension load divided by the pile shaft area, 
determined during the chamber and centrifuge 


pull-out tests are plotted against the pile head 
10 F 


T 
A 
= 
Š 8 | 
b 
a 6 
= 
3 
Eej 
ya ¿ 
E 45 ---B1 Buried pile 8mm 
2 j -B4 Buried pile 8mm (centrifuge) 
g 2 — B2 Buried pile 14mm 
> 
< — B3 Buried pile 20mm 
0 1 1 1 
0 2 4 6 


Pile head displacement, w (mm) 


Figure 4. Typical shear stress displacement curves 
measured in pile tension tests. 
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displacement (w) in Figure 4. Peak average shear 
stress (7,,,) on these rough piles develop at pile 
head displacements corresponding to a w/D ratio 
of 5%. The magnitudes of T „are independent of 
pile diameter (D), for the investigated D range of 
8 mm to 20 mm, although the higher pile displace- 
ments are required for larger pile diameters, as 


indicated in Figure 4. 


5 RESULTS AND DISCUSSION 


5.1 Predicting the pile shaft friction using results 
obtained in CNL and CNS interface tests 


The peak ultimate shaft friction (7) on a non-dis- 
placement pile may be obtained from Coulomb’s 
friction equation as: 


T= 0;, tan 6, = KO, (1 + A0;/0;,) tan 6, (2) 


where 07, is the lateral effective stress at peak unit 
skin friction and 6, is the peak interface friction 
angle between the soil and the pile shaft. The value 
of o7, differs from the in-situ lateral effective stress 
(Oj) due to the changes in lateral effective stress 
that arise during shearing at the pile-soil interface 
(407). 

The inferred values of Ao” derived using equa- 
tion (2) are normalised by the mean initial lateral 
effective stress (0;,) and current lateral effective 
stress (0;) provided in Table 1. The K, value was 
assumed equal to 0.6 and tan 6, was taken as 0.4 
using the mean ratio observed in the CNL and 
CLS direct interface tests (Figure 2). 

Table 1 indicates a mean reduction of 8% in hor- 
izontal effective stress during loading of test piles. 
This result is similar to the stress reduction during 
shearing inferred by Chandler and Martins (1982) 
in laboratory model pile tests and is also compa- 
rable to the mean reduction of 15% measured by 
Lehane and Jardine (1994) for displacement piles 
in soft clay. 

The mean lateral effective stress at peak shear 
stress (0',,) was calculated assuming a 10% 
reduction in lateral stress from the K, stress and 


Table 1. Test results. 

D on On Ao, 
Piles (mm) (kPa) (kPa) (kPa) Ao} Oio 
Bl 8 72 19.5 1.6 0.08 
B2 14 7.1 19.5 2.0 0.1 
B3 20 7.1 19.5 2.0 0.1 
B4" 8 Tel 19.8 0.8 0.04 


*Performed in UWA beam centrifuge. 


0.5 Table 2. Mean 0/0, ratios for four test piles in kaolin. 
Taal Methods 9/0, 
Pa Direct shear test (CNL with 40;/0%, = 0.1) 0.97 
E 23 Total stress method (a) 0.56 
2 Bustamante and Gianeeselli (1982) 0.45 
= 0.2 Rae Eslami and Fellenius (1997) 0.62 
É po SE BUred pile SMM e Niazi and Mayne (2016) 0.67 
Bigg eo B4 Buried pile 8mm (centrifuge) 
` ---B2 Buried pile 14mm 
— B3 Buried pile 20mm 
0 : : where peak friction is directly related to the CPT q, 
0 2 4 6 value for bored piles in soft clay as: 
Pile head displacement, w (mm) 
€) T, =q,130 3 
r ¿Me (3) 
As indicated in Table 2, this method also sig- 
nificantly under-predicts the pile capacities with a 
= mean Q/Q,, value of 0.45 for the four test piles. 
N, Eslami and Fellenius (1997) proposed an 
a ra ---B1 Buried pile 8mm improvement on the LCPC method by correlat- 
a i MA Ma at felia) ing capacities with CPTu parameters using 102 
5 i 3 i full-scale pile loading tests. They proposed the fol- 
9a Bz Buried pile: 14m lowing formulation for bored piles in soft sensitive 
A — B3 Buried pile 20mm clays: 
0 2 4 6 
= (q, — 
Pile head displacement, w (mm) T, 0.08(4, u) (4) 
(b) 
| | | | | where q, is the pore pressure corrected q, resistance. 
Figure 5. Stress ratios against pile head displace- As indicated in Table 2, this method performs bet- 
ment (1). ter than the LCPC method but under-estimates 


ratios of average peak shear stress (7,,) to these 
O'y values are plotted against the pile head dis- 
placement on Figure 5. It is evident that Figure 5 
closely resembles Figure 2, confirming direct 
interface tests can be used directly in pile capacity 


predictions. 


5.2 Comparison of measured capacities with 
existing methods 


The pile capacities measured in the chamber and 
centrifuge tests are compared in this section with 
popular existing design methods. One of the most 
popular methods is the œ method where «is typi- 
cally taken equal to 0.5 for bored piles (Tomlinson 
and Woodward 2014). Lehane et al. (2009) show 
that the undrained strength ratio (for simple shear 
strength) of the kaolin used in the experiments is 
0.25 and this ratio combined with a = 0.5 was used 
to estimate the ratio of the calculated to measured 
pile capacities (0/0,). The average Q/Q,, ratio 
obtained using this approach for the four pile tests 
is 0.56, as indicated in Table 2. 

Another popular method is the LCPC method 
proposed by Bustamante and Gianeeselli (1982) 
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capacity by about 40%. 

A more recent method proposed by Niazi and 
Mayne (2016) based on data from 153 pile load 
tests gives the following expression for bored pile 
under tension loading mode at a constant rate of 
penetration: 

T, = 0.78 x (L0°")(q, — uy) (5) 

where J, is the soil behaviour type index defined 
by Robertson (2016). Adopting the 7, value of 3.6 
provided by Doan and Lehane (2018b) for kao- 
lin leads to a mean 0/0, ratio of 0.67 which is 
an improvement on the two other CPT methods 
examined. 

Table 2 clearly indicates that best predictions are 
obtained using the stress ratio measured in a direct 
shear interface test combined with the assessed K, 
value of 0.6 and a 10% reduction in lateral effective 
stress during shearing. Further research is required 
to improve the empirical methods considered. 


6 CONCLUSION 


The following conclusions are obtained from a 
series of static tension tests on buried piles in 


normally consolidated kaolin, coupled with paral- 
lel constant normal load and constant normal stiff- 
ness direct shear interface tests. 

1. The pile diameter (D) does not affect the mag- 
nitudes of the shaft frictions developed (with 
D ranging from 8 mm to 20 mm). 

A CNL test with allowance for a 10% reduc- 
tion in lateral effective stress during shearing 
provides a simple way of obtaining an accurate 
estimate of the available pile shaft friction, if 
the in-situ horizontal stress can be reasonably 
estimated. 

Existing empirical methods relating capacity 
with the CPTu parameters as well as clay und- 
rained strength perform poorly for the buried 
piles and underestimate capacity by a factor of 
between 1.5 and 2.2. 


ii. 


iii. 
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Effects of partial drainage on the assessment of the soil behaviour 


type using the CPT 


L.V. Doan & B.M. Lehane 


School of Civil, Environmental and Mining Engineering, The University of Western Australia, Australia 


ABSTRACT: This paper presents the results from a series of CPTs performed at various penetration 
rates in kaolin, two kaolin-sand mixtures and fine silica sand. The CPTs were conducted in laboratory 
pressure chambers at penetration velocities varying from 0.0002 to 3 mm/s. The measured dependence of 
cone end resistance (q,), sleeve friction (f,) and pore pressure (u,) on penetration rate is used to examine 
implications for the assessment of soil behavior type from CPT parameters. Element tests using triaxial 
and direct interfaces tests are used to assist interpretation of the test results. 


1 INTRODUCTION 

The standard penetration rate of 20 mm/s employed 
in a CPT typically results in drained penetration in 
sand, undrained penetration in clay and partially 
drained penetration in silts and clayey sands. Par- 
tial drainage effects are an important consideration 
when assessing the soil behaviour type from charts 
such as those of Robertson (2009). Understanding 
these effects in silts and clayey sands is also vital 
in foundation engineering for examples such as the 
prediction of the embedment of large diameter 
spudcans using CPT data (Erbrich 2005). 

Variable rate CPTs (or ‘twitch tests’) have been 
proposed by Randolph et al. (2007), and others, 
as a means of assessing effects of partial drain- 
age. Lunne et al. (2011) also reviewed the benefits 
of the variable-rate penetration tests in evaluating 
strain rate dependency of in-situ soil strength and 
consolidation characteristics. 

CPT rate effects in clayey soils and kaolin have 
been investigated successfully by many research- 
ers (DeJong et al. 2012; Kim et al. 2008; Schneider 
et al. 2007; Suzuki and Lehane 2015). However, 
the effects of different penetration rates on the 
assessed soil behavior type and on the Robertson 
I, index (Robertson 2009) have not been evaluated 
for a wide range of soils. 

This paper presents CPTu results conducted in 
laboratory pressure chambers with measurements 
of end resistance (q,), cone sleeve friction (f) and 
pore pressure at the cone shoulder (u,) at differ- 
ent penetration rates in kaolin clay, two kaolin- 
sand mixtures and fine silica sand; each soil was 
normally consolidated. Previous investigations of 
this kind at the University of Western Australia 
(UWA) did not measure cone sleeve friction and 
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did not enable assessment of the soil behaviour 
type or J, index. 


2 SOIL PROPERTIES 


UWA kaolin, fine silica sand and mixtures of sand 
mixed with 5% and 25% kaolin (by dry weight) were 
prepared for element tests and CPTs performed in 
a pressure chamber. The mixtures are referred to as 
kaolin (K), sand, 5%K and 25%K. 

Isotopically consolidated undrained (CIU) tri- 
axial compression tests with consolidation radial 
effective stresses of 50 and 100 kPa were per- 
formed as part of this study and to supplement 
simple shear tests performed on other kaolin-sand 
mixtures reported by Suzuki and Lehane (2015). 
Stress paths measured in these tests are shown on 
Figure | and indicate a highly contractive response 
before phase transformation, after which strong 
dilation is observed. 

Direct shear tests employing rough and smooth 
interface tests with an effective normal pressure 
of 50 kPa were also performed for the 5%K soil 
with a unit weight of 19.5 kN/m? and a water con- 
tent of 20%. The rough interface was shotblasted 
to a centre line average roughness (R,, ,) of about 
18.5 um or Rmax of about 100-132 um. The smooth 
interface was similar to that of the CPT friction 
sleeve interface (Ra ~ 2-3 um). The test results 
are shown on Figure 2 and indicate that, as seen in 
the triaxial tests, an initially contractive response 
followed by dilation occurs for the 5%K sample 
sheared against a rough interface. 

However the response of the 5%K when sheared 
against a relatively smooth interface is contractive 
and the mobilized shear resistance is about 25% 
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Figure 1. Stress paths measured in CIU triaxial com- 
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less than for the case of a rough interface. It is 
evident that the shear strength and dilative behav- 
iour increase with increasing roughness; a similar 
response has been observed by Hu and Pu (2004) 
and Pra-ai (2013). This observation has important 
implications for the interpretation of cone friction 
sleeve measurements. 

A more detailed description of the properties of 
UWA sand and kaolin and of the 5%K and 25%K 
mixtures is provided by Lehane et al. (2005; 2009) 
and Suzuki and Lehane (2015). 


3 CPT TESTS IN PRESSURISED 
CHAMBERS 


A series of CPTu tests was performed in normally 
consolidated UWA kaolin and sand as well as in 
5%K and 25%K mixtures. All nine samples tested 
were normally consolidated in steel pressure cham- 
bers with an inner diameter of 395 mm and height 
of 400 mm (Figure 3). Details of the chamber and 
test set up are described by Lim and Lehane (2014) 
and (Doan and Lehane 2018a, b). 

The aluminum plate located on the top surface 
of the samples was 20 mm thick and included a 
13 mm diameter circular opening that facilitated 
the insertion of a removable cap. The cap was fixed 
to the top plate using two screws during soil con- 
solidation and then removed to enable CPTu pen- 
etration. A teflon coating was applied to the inner 
wall of the steel chamber and to the top plate to 
minimize friction. A constant normal consolida- 
tion stress (07) of 32 kPa was applied to samples 
using dead weights (DWs) and a lever system, as 
indicated in Figure 3. A load cell was placed in 
line with the load transferring rod and top plate to 
measure the stress applied to the sample. 


Figure 3. 


Setup of the experiment. 


An actuator was used to insert the cone at 
penetration rates ranging from 0.0002 to 3 mm/s. 
The miniature piezocone comprised a standard 
60* cone tip, with a cone and shaft diameter of 
10 mm, a friction sleeve area of 1162 mm? and a 
pore pressure filter situated behind the shoulder 
of the cone (u, position). The cone unequal area 
ratio correction factor (0) of 0.8 was measured 
when calibrated both by direct loading and within 
a pressure chamber. 

Kaolin, 5%K and 25%K samples were mixed 
and water was added to form slurries that were first 
subjected to de-airing; the water content employed 
was approximately two times the liquid limit of the 
respective mixtures. The slurry samples were poured 
on top of two sheets of geotextiles placed at the 
base of the chambers. The sand samples were cre- 
ated by water pluvation to achieve a relative density 
of ~42%. The unit weights of these samples were 
measured at the end of the test with average values 
of 16.5 kN/m? for Kaolin, 20.5 kN/m? for 25%K, 
19.5 kN/m? for 5%K and 19.7 kN/m for sand. The 
upper aluminium plate was located on the top of 
the samples, which were then consolidated in stages 
to the required normal stress of 32 kPa. A load 
cell and two laser LVDTs were used to monitor the 
applied stress and soil settlement. The CPTu pen- 
etration was started after the LVDT reading showed 
no change for a period of at least three days. The 
water level was maintained about 20mm above the 
top plate during the consolidation and penetration 
testing. The procedures employed ensured that the 
samples were fully saturated and consolidated. 


4 RESULTS AND DISCUSSION 


4.1 CPTu testing results 


The testing program comprised CPTu penetra- 
tions in nine separate chamber experiments to 
investigate the effects of various penetration rates 
on the CPT parameters in clay-sand mixtures. 
A standard (relatively fast) rate of 3 mm/s was 
selected as a reference rate in this study. Steady 
state deep penetration was attained at depths 
between 25 and 60 mm depending on the soil stiff- 
ness. The higher soil stiffness (arranged in order of 
sand, 5%K, 25%K and kaolin) required a deeper 
depth for CPT penetration to stabilize and reach 
the steady state. 

The following normalized CPTu parameters 
have been proposed by Robertson (2016) and Sch- 
neider et al. (2008): 


Qn =[(q, —0,)/ P,\(p, 1%" 
F, =| £.((q,-0,)]100% 


(1) 
(2) 
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U, = (u, —4,)/ & = Au, 10 (3) 
where q, is the corrected cone resistance and equal 
to [q, +u,(1 — a]; o, and o” are the current in-situ 
vertical total and effectives stresses; u, is the pene- 
tration pore pressure on the cone shoulder; u, is the 
current in-situ equilibrium water pressure; Au is 
the excess penetration pore pressure; f, is the cone 
sleeve friction; p, is atmospheric reference pressure 
in the same units as q; n is the stress exponent that 
varies with soil behaviour type (SBT) defined by: 

n =0.381(1,)+0.05(07 / p,)-0.15 (4) 
where n < 1.0; I, is a SBT index initially proposed 
by Jefferies and Davies (1993) and modified by 
Robertson and Wride (1998) to apply to the Rob- 
ertson (2009) O, - F, chart, as defined by: 


2 0.5 


1, =](3.47-1o80,) + (log F, +1.22) | (5) 


Equation (5) is used to calculate this index at 
different velocities and is referred to here at J,” to 
distinguish it from the /, value measured in a stand- 
ard CPT. Figure 4 summarises the CPTu results at 
various penetration rates measured in the chamber 
tests. It is clear that a higher kaolin content leads 
to a lower cone resistance, except for the case of 
the 25%K_ mixture for which cone resistances in 
excess of 0.5 mm/s fall below those of pure kaolin. 

In 25%K and kaolin, the data suggest that pen- 
etration at velocities less than 0.001 mm/s is fully 
drained with Au,~0 i.e. u, was virtually identical 
to up). The calculated normalized drained CPT end 
resistance with a variable stress exponent (Q,,p) 
is approximately 8 in 25%K, which is 60% higher 
than Q,,, in kaolin. In contrast, the normalized 
undrained CPT end resistance with a variable 
stress exponent (O, ) in kaolin (at velocities in 
excess of about 0.5 mm/s) is about 20% higher 
than for the 25% K mixture while corresponding 
Au, values are about 25% lower. 

For the 5%K soil, no significant differences in 
Au, were observed for penetration rates between 
velocities of 0.002 and 3 mm/s. Although the 
absence of excess pore pressure suggests that pen- 
etration at these rates is largely drained, a slight 
increase in Q,, is evident as penetration veloci- 
ties decrease. As expected for the sand, O,, values 
are independent of the penetration rate (over the 
range investigated) and excess pore pressures are 
essentially zero. 

The effect of the cone velocity on the normal- 
ized sleeve friction (F) measured in the four soils 
investigated is illustrated on Figure 4c. It is seen 
that F, is virtually constant at about 0.3 + 0.1% for 
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Figure 4. Effects of different penetration velocities on: (a) Q, 


all velocities for the 5%K and sand. However, the F, 
values decrease with slowing penetration velocities 
for the samples with higher kaolin contents (albeit 
with some scatter). The average F, ratio reduces by 
a factor of between 3 and 7 as the penetration rate 
reduces from an undrained to a drained rate. 

The variation of J,” calculated using equation 
(5) at different cone penetration velocities is illus- 
trated in Figure 4d. It is seen that 7," remains inde- 
pendent of cone velocity for the sand and the 5%K 
mixture, averaging at 1.7 and 2.1 respectively. In 
kaolin, J,” shows a relatively small reduction with 
velocity (which varies by four orders of magni- 
tude) reducing from 3.7 for undrained conditions 
to 3.2 in drained conditions i.e. the index and the 
assessment of SBT is not overly sensitive to the 
cone velocity. Greater sensitivity of J,” is exhibited 
by the 25%K soil, which reduces from a value of 4 
during undrained penetration to 2.8 at a drained 
velocity. This change in index shifts the data point 
on Robertson’s SBT chart from Zone 2 to Zone 4 
(see Figure 6c). However, it is important to note 
that the SBT chart of Robertson (2009) relates to 
the standard cone penetration velocity of 20 mm/s 
for a standard area cone (10 cm’). 


4.2 Effect of CPTu penetration rate on end 
resistance (q,) 


The CPTu measurements in this study are com- 
bined with results obtained in the UWA drum 
centrifuge and 1, chamber reported by Suzuki 
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and Lehane (2015) to examine the effect of a 
wider range of penetration velocities on CPT end 
resistance (Figure 5). A normalized velocity (V) is 
defined by Finnie and Randolph (1994) 


sd 


C 


y 


V (5) 


where v is the cone velocity; d the cone diameter; 
and c, is the vertical coefficient of consolidation 
measured in a one-dimensional consolidation test. 


The c, values employed here are reported by Suzuki 
and Lehane (2015) for the four soils investigated. 

Figure 5. presents results of normalized end 
CPT resistance (Q) against V for the combined 
database. 

In sand, the O, value of 170 + 10 is independ- 
ent of V. For 5% K mixture, a reduction in O, of 
only about 20% is observed as V increases from 107 
(v =0.01 mm/s) to 0.03 (v=3 mm/s). This reduction 
occurs even though Aw, was zero at all velocities. 

In the 25%K mixture, fully drained penetration 
occurred at V < 0.01 and fully undrained pen- 
etration required V > 7. The ratio of normalized 
drained end cone resistance (O,,) to normalized 
undrained end cone resistance (O,¿p) is 10 + 2, 
which is similar to the ratio measured by both Kim 
et al. (2008) and Jaeger et al. (2010). In kaolin, 
the partially drained penetration occurs at a dif- 
ferent normalized velocity range between 0.08 and 
100 and the average Q,,/Q,,, ratio of 2.2 is about 
4 times lower than for 25%K soil; this ratio is in 
good agreement with CPTs performed in centri- 
fuge tests by Randolph and Hope (2004). The very 
low Q,yy values in the 25%K mixture (and result- 
ing high Q,,/Q,,,) ratio) is attributed by Suzuki & 
Lehane (2015) to a highly contractive response, as 
seen also in element tests on the material. 


4.3 Soil behaviour type 


The data from the variable rate penetration tests 
are plotted on the most up-to-date Soil Behav- 
iour Type (SBT) charts on Figure 6. The results 
obtained by Suzuki and Lehane (2015), Kim et 
al. (2008) as well as in this study show that data 
recorded at rate of 3 mm/s with a 10 mm diam- 
eter cone are similar to those of the standard 36 
mm diameter CPTu performed at 20 mm/s (not- 
ing respective normalized velocities differ by a fac- 
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tor of 24). This is confirmed on Figure 6a which 
shows the sand, the 5%K mixture and kaolin clas- 
sifying as sand (Zone 6), sand-mixtures (Zone 5) 
and clay (Zone 2) respectively. It is interesting to 
note that despite the high sand content, this chart 
classifies the 25%K mixture as a clay; this classifi- 
cation is in keeping with the material’s mechanical 
characteristics measured in element tests. 

The O,, vs. F, chart of Figure 6a also includes a 
“CD” line above which material is expected to be 
dilative and below which the material is contractive. 
This line is compatible with the known character- 
istics of the sand, 25%K and kaolin samples but 
classifies the 5%K soil as contractive, despite the 
strongly dilative response of this material at large 
strains, as seen in undrained triaxial compression in 
Figure 1. Penetration of the cone in the 5%K mix- 
ture was essentially drained for all velocities inves- 
tigated (see Figure 4b) and therefore the interface 
shear response observed in drained direct shear 
plotted on Figure 2 can assist interpretation. This 
figure indicates that there is likely to be a contrac- 
tive response at the smooth friction sleeve of a cone 
and therefore Robertson’s assessment of a contrac- 
tive material is correct. If, however, a rough friction 
sleeve was employed, Figure 2 indicates that there 
would a dilative response at the interface and fric- 
tion would increase by 30%. Such an increase in 
friction would move many of the data points for 
5%K into the dilation zone above the state param- 
eter y = — 0.05 (= CD) line shown on Figure 6a. 

Figure 6b shows the O,, - U, chart provided by 
Schneider et al. (2008) and updated by Robertson 
(2016) by replacing O, with Q,,. The effects of 
rate are also apparent on this figure, although it 
is seen that the 5%K mixture classifies as dilative 
and both the kaolin and 25%K soils plot within 
a transitional zone even at the higher (undrained) 
velocities of 3 mm/s. 
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5 CONCLUSION 


A series of CPTu employed in laboratory pressure 
chambers involving clayey sands, sand and clay 
indicate that: 


1. The soil behavior type charts of Robertson 
(2009, 2016) are successful in predicting the 
nature of mechanical characteristics of the 
materials investigated. 

ii. The presence of just 5% clay within a sand deposit 
can have a significant effect on the response to 
shear, as observed in element tests. CPT data 
show lower cone tip resistance in these materials 
and a fully drained response. Friction ratios in 
these materials are sensitive to the roughness of 
the friction sleeve and can affect interpretation. 

iii. Undrained CPT end resistances measured in 
sand with a kaolin clay fraction of 25% are 
almost a factor of 2 lower than pure kaolin. 
Cone parameters in these kinds of materials are 
particularly sensitive to the penetration rate. 
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ABSTRACT: The intermediate soil (e.g. silt, sandy silt, clayey silt) response at the standard cone pen- 
etration (CPT) velocity of 20 mm/s is generally partially drained, falling between that of sand and clay. 
As a result, a proper interpretation of CPT (or CPTU) in such mixed soils is not always straightforward. 
In order to properly analyse the in situ soil response and avoid incorrect estimates of soil parameters, the 
preliminary assessment of drainage conditions is essential. In this paper, changes in normalized CPTU 
measurements caused by changes in cone velocity are analysed. Penetration rate effects are assessed by 
means of No. 8 piezocone tests, with penetration rates ranging from about 0.9 to 61.7 mm/s. Tests were 
performed at a site located at the southern margin of the Po river valley (Northern Italy), where the sub- 
soil mainly consists in a clayey silt deposit. Limitations on the applicability of some widely used empirical 
correlations, proposed for sands, are investigated and some preliminary results are shown. 


1 INTRODUCTION 


Cone penetration testing, with or without pore 
water pressure measurements (CPTU/CPT), is 
the most widely used in-situ technique for strati- 
graphic profiling and evaluation of soil parameters. 
Compared to sampling and laboratory testing, it 
allows fast and economical data acquisition and 
interpretation. 

It is generally accepted that the soil response 
to the standard penetration rate (20 mm/s) is fully 
drained in sands and fully undrained in clays. By 
contrast, partially drained response is very likely to 
occur in silts and other natural soil mixtures (i.e. 
silty or clayey sands, sandy silts), with significant 
implications on the appropriate interpretation of 
field measurements for geotechnical characteriza- 
tion. Current engineering practice lacks of stand- 
ardized recommendations concerning both testing 
procedures and data interpretation in such inter- 
mediate soils, whilst a significant amount of knowl- 
edge is nowadays available for sands and clays. 

Over the last years, a number of studies (e.g. 
Randolph 2004, Schnaid et al. 2004) have stressed 
the crucial importance of a preliminary assess- 
ment of the actual drainage conditions around the 
advancing cone in order to suitably interpret CPTU 
data in silty sediments. In this regard, according to 
the experience of various Authors (e.g. Randolph & 
Hope 2004, Schneider et al. 2007), cone penetration 
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tests carried out at variable rates are nowadays rec- 
ognized as an effective way to identify the transi- 
tion point from undrained to partially drained 
and drained responses. A dimensionless velocity V 
(Finnie & Randolph 1994), given by: 


a 


€. 


v 


V (1) 


is generally used to interpret field data, being v the 
cone penetration rate, d the cone diameter and c, 
the vertical coefficient of consolidation. Some 
Authors have also observed that the horizontal 
coefficient of consolidation c, should be used in 
Equation (1) instead of c,, since the primary direc- 
tion of pore water flow is horizontal (Chung et al. 
2006). 

Although the matter is at present far from being 
satisfactorily solved, the significant amount of 
experimental research carried out so far, including 
both laboratory studies with miniature penetrom- 
eters and field scale tests (e.g. Randolph & Hope 
2004, Chung et al. 2006, Oliveira et al. 2011, Kim 
et al. 2008, Tonni & Gottardi 2009, Schnaid et al. 
2010, Suzuki et al. 2013, Krage et al. 2014, Garcia 
et al. 2014, Garcia et al. 2016b), has led to the 
identification of probable consolidation patterns 
as function of cone penetration rate. However, the 
available research results seem to suggest that there 
is not a unique drained nor undrained transitional 


value of V, being dependent on the fine content of 
soils (Suzuki & Lehane 2015). 

Significant difficulties have been typically 
encountered in the interpretation of variable rate 
field scale tests, due to a variety of reasons, such 
as limitations in equipment capability to vary and 
control the penetration velocity, additional time 
and costs related to field testing (Suzuki & Lehane 
2014) and, particularly, natural soil heterogene- 
ity and the unavoidable spatial variability of soil 
deposits. 

This paper presents the analysis of a set of vari- 
able rate CPTU tests carried out in a clayey silt 
deposit located in the southern margin of the Po 
river valley near Forli, Italy. The identification of 
a probable consolidation trend as function of cone 
velocity is first examined in order to establish the 
actual drainage degree during a standard CPTU. 
Besides, based on a few available laboratory test 
results, limitations on the applicability of some 
widely used empirical approaches for geotechnical 
characterization are discussed and a preliminary 
attempt to account for partial drainage effects in 
correlations for the estimate of the friction angle 
is presented. 


2 SITE DETAILS AND FIELD TESTS 


The dataset used in this study includes No. 8 adja- 
cent CPTU tests, typically 1 to 2 m distant from 
each other, performed at penetration rates from 
0.9 mm/s to 61.7 mm/s. All tests were pushed to 
over 15 m in depth. A 35.7 mm diameter cone with 
pore pressure recorded at the shoulder position 
(u,) was employed. For further details on this cam- 
paign, readers may refer to Garcia Martinez et al. 
(2016a, b). 

The stratigraphic conditions of this site, as 
revealed by a deep borehole carried out in a previ- 
ous investigation campaign as well as by standard 
CPTU results, mainly consist of a macro-unit of 
about 29 m of silty-clayey sediments, followed by 
gravels. Local interbedded silty sand/sandy silt lev- 
els, 1 to 3 m thick, are encountered from ground 
level to 29 m in depth. 

Table 1 summarises some basic physical proper- 
ties of such sediments, together with a few results 
from direct shear tests and oedometer tests carried 
out on undisturbed samples. 

According to grading characteristics and Atter- 
berg limits, the tested samples range from silty 
sands (15-15.5 m in depth) to silts-sandy silts 
(12.3-12.5 m) with approximately 10% of fine con- 
tent and also high plasticity clays (6.2-6.7 m and 
18.0-18.5 m in depth). According to both CPTU 
and borehole logs, a certain variability in fine con- 
tent can be at times detected at decimetric level. 
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Table 1. Physical and mechanical properties. 

Depth y Wa vw wS MC 
(m) (kN/m5) (%) (%) 00 A 0) 
6.2-6.7 19.8 25 57.6 21 - 65 35 


12.2-12.3 19.2 33 25 
12.3-12.5 19.2 31,3 20 


17 25.6 59.4 15 
19 41.1 48.9 10 


15.0-15.5 20.6 22,2 o — 68 32 
18.0-18.5 19.2 31.5 50.8 23.1 — 60 40 
Depth (m) M* Es ye 
(MPa) (Ms) © 

6.2-6.7 8.6 -= 20.8 

12.3-12.5 4.8 3.1-10° 34.6 

15.0-15.5 — — 38.9 

18.0-18.5 6.3 1.5. 107 23.43 


S: sand; M: silt; C: clay; 
* from oedometric tests (stress interval 70-145 kPa); 
** from direct shear tests. 


Soil Behaviour Type (SBT) 


Qt (MPa) (Robertson, 2009) 


u, (MPa) 


0 2 4 6 8 100 02040608 112345678 


Depth (m) 


Figure 1. a) CPTU1 log profiles and b) SBT profile 
according to Robertson (2009). 


Figure 1 shows the q, and u, profiles obtained 
from standard cone penetration test CPTUI. The 
equilibrium pore pressure profile, corresponding 
to a water table located at approximately 2 m in 
depth, has been also plotted in Figure 1 for useful 
comparison with u,. 

The Soil Behaviour Type (SBT) profile depicted 
in column (b) has been derived from the value of 
the material index /,,, according to the well-known 
CPTU-based classification method proposed 
by Robertson (2009). Such classification results 
have been more extensively commented in Garcia 
Martinez et al. (2016b). A reasonable agreement 


between results in terms of Soil Behaviour Type 
and soil lithology from borehole BHI, also 
reported in Figure 1, can be appreciated. 

The q, and u, profiles from the set of piezo- 
cone tests performed at various penetration rates 
have been plotted in Figure 2. Lower (0.9 mm/s) 
and upper (61.7 mm/s) values of test velocity were 
established based on the technical limits of the 
equipment. 

The figure shows that in the upper 7 m, cone 
resistance remains almost unvaried, whereas pore 
pressure appears to be slightly more sensitive to 
penetration rate effects. In any case, such response 
seems to suggest that penetration in these shal- 
low sediments, basically classified as SBT = 4 or 
SBT = 3, is predominantly undrained. At greater 
depth, q, generally decreases and u, increases as the 
rate of penetration is decreased. It is worth noting 
that the pore pressure at 0.9 mm/s follows a hydro- 
static profile from 12.7 to 16 m, thus indicating 
fully drained penetration. Again, from 16 m up to 
the end of the tests, where almost all the sediments 
are classified as clay, g, profiles are substantially 
coincident (Garcia et al. 201 6b). 

Dissipation tests have been also carried out 
during the CPTU campaign. As an example, 
Figure 3 shows the dissipation curves obtained 
from tests CTPUI (20 mm/s) and CPTU8 
(58 mm/s) at about 12.2 m in depth. As it will be 
discussed later, test CPTU8 is likely to be ascribed 
to fully undrained initial conditions. Accordingly, 
the coefficient of consolidation for this silt has 


u, (MPa) 
04 06 08 1 


0.9 mm/s - 
4.6 mm/s - 
9.2 mm/s - 
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Figure 2. 
rate. 


CPTU profiles from adjacent tests at variable 
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been determined by applying to CPTUS dissipa- 
tion data the well-known Teh & Houlsby (1991) 
method, this latter being based on the assump- 
tion of fully undrained penetration. Assuming the 
rigidity index J, (= G/s,) equal to 130, c, turned out 
to be equal to 2.9:10— m7/s. 

Such estimate of the horizontal coefficient of 
consolidation is about one order of magnitude 
higher than the value of c, obtained from the oed- 
ometer tests carried out on a soil sample taken at 
the same depth (see Table 1). As observed by vari- 
ous Authors, differences between c, and c, are basi- 
cally due to anisotropy of soil permeability k in 
the vertical and horizontal directions, which may 
result in values of the ratio k,/k, up to 10-15 in 
highly stratified deposits or silts with continuous 
permeable layers (Jamiolkowski et al. 1985, Mayne 
2007). On the other hand, it is often considered 
as acceptable that accuracy in the estimate of the 
coefficient of consolidation may vary within one 
order of magnitude (Robertson 2015). It is worth 
remarking here that the application of the Teh & 
Houlsby (1991) method to the dissipation test car- 
ried out during standard CPTU1 (ie. in partial 
drainage conditions) resulted in c, = 4.4 - 105 m/s. 

In what follows, the computed c, from CPTU8 
dissipation test has been used to normalize cone 
penetration velocities, according to DeJong & 
Randolph (2012). 


3 ANALYSIS OF RATE EFFECTS 


In order to perform a preliminary analysis of 
rate effects on the piezocone measurements, the 
variations with velocity of normalized tip resist- 
ance, O, = ((q, — 6,,)/o’,,), and normalized excess 
pore pressure, Au/o’,, in a few selected thin 


homogeneous layers of sandy silts to silty sands 
(8-8.5 m, 14.8-15.2 m) and clayey silts (10- 
10.3, 11.8-12.2 m) have been first examined. In 
Figure 4, the median and the first and third quar- 
tile of O, and Au,/o’,, are plotted, for each veloc- 
ity v. A rather pronounced scatter of data can be 
appreciated in sandy silts/silty sands, especially at 
14.8-15.2 m in depth, suggesting a certain intrin- 
sic heterogeneity of these soil layers. As it will be 
shown in the following, intrinsic heterogeneity, 
coupled with the unavoidable horizontal spatial 
variability, makes the interpretation of field data 
more complex to be performed and consolidation 
trends more difficult to be identified. 

According to the plots of Figure 4, clayey silts 
from 10 to 10.3 m show increasing values of O, for 
v < 20 mm/s, whereas those from 11.8 to 12.2 m 
only show higher values of O, for v < 4.6 mm/s. 
Regarding the Au,/o” ,— v plots, the trend is similar 
at both depths: a transition point from undrained 
to partially drained response seems to be close to 
40.9 mm/s. 

With regard to the sandy silt/silty sand layers, 
trends at 8-8.5 m are similar to those identified 
for the clayey silts, although normalized values are 
generally higher. By contrast, Q, at 14.8-15.2 m 
decreases with velocity over the entire investi- 
gated range, whilst pore pressures remain almost 
uninfluenced. In this latter layer, it is very unlikely 
that fully undrained conditions might have been 
reached at the maximum cone velocity of 62 mm/s, 
whilst approximately fully drained penetration 
may have occured at v,,,, = 1 mm/s. 

Data from the selected intervals of clayey 
silts (10-10.3 and 11.8-12.2 m) have been also 


v (mm/s) v (mm/s) 


interpreted in terms of the normalized velocity 
V, taking the consolidation trend proposed by 
DeJong & Randolph (2012) as a base. According 
to such approach, the so-called “backbone curve” 
is given by: 


Q = l+ | Qarained / O = 1) w 


O, 1+(V /V,) 


where the subscript ‘ref’ denotes normalized 
measurements in undrained conditions whilst the 
coefficients Osana Qep Vso and c are the normal- 
ized drained resistance, the normalized velocity at 
50% degree of drainage and the maximum rate of 
change of Q/Q,,, with V, respectively. It is worth 
emphasizing that Equation (2) only describes the 
consolidation process during cone penetration and 
therefore ignores effects of viscosity on tip resist- 
ance, which are conversely included in other for- 
mulations of the backbone curves, such as the one 
proposed by Randolph (2004). 

Interpretation of the available data in the frame- 
work described by Equation (2) is not straightfor- 
ward, especially with regard to the evaluation of 
the ratio Q paned Q,.p Indeed, extremely slow pen- 
etration tests, not performed in this experimental 
study, would be required in order to attain fully 
drained conditions around the advancing cone and 
thus to obtain a value of Q ganea Which might be 
considered as representative of this deposit. Fur- 
thermore, according to the data shown in Figure 5, 
the consolidation trend exhibited by sediments 
at 10-10.3 m seems to differ notably from that 
observed at 11.8-12.2 m. In any case, O painea Would 
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Figure 4. 0, and Au/o’,, variations with penetration velocity within thin homogeneous layers. 
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Figure 5. Normalised resistance variations with V 


within thin homogeneous clayey silt layers and fitted 
backbone curves. 


be certainly located at V < 1, while the transition 
point from partially drained to fully undrained 
cone penetration has been assumed at V 50. 

It is worth remarking here that if c, obtained 
from the dissipation test following standard pen- 
etration (c, = 4.4-10* m?/s) had been used, the con- 
solidation trend would have shifted to the left, thus 
giving lower velocity transition points. 

The best fit to data collected in the shallow- 
est clayey silt has been attained by assuming 
Vig = 4.82, C= 1.60 and Q pained O, ¿= 3-25. This latter 
turns out to be consistent with the values obtained 
in other experimental studies, both in the labora- 
tory (Oliveira et al. 2011) and in the field (Krage & 
DeJong 2016, Suzuki et al. 2013), where Q joined Qrey 
was found to vary approximately between 2.5 and 
4, though higher values have been also detected in 
a few non-standard soils (DeJong et al., 2013). 

At the same time, the regression analysis on the 
only cone resistance data at 11.8-12.2 has resulted 
in a significantly high, and thus rather question- 
able value Of Q ganea’ Oy (+28). More data would 
be probably required in order to identify a reliable 
consolidation trend. A global consolidation curve, 
matching all data points, has been obtained for 
O rained Oye = 3-20, Vso = 2.51 and c=1.24, 


4 ASSESSMENT OF PEAK FRICTION 
ANGLE FROM CPTU-BASED 
CORRELATIONS 


Most of the CPTU-based empirical correlations 
for the assessment of peak friction angle 0, have 
been calibrated on sands, thus potentially resulting 
in invalid estimates when applied to silts and sandy 
silts, due to potential partially drained conditions 


285 


in standard CPT. In what follows, different cor- 
relations for the estimate of the effective shear 
resistance in granular soils are examined and the 
computed values of g;, are compared with a few 
available laboratory results. 

Figure 6 shows the peak friction angle profiles 
obtained from the application to piezocone data 
in silts-sandy silts of the well-known correlations 
described by Equation (3) and Equation (4), as 
proposed by Robertson & Campanella (1983) and 
Kulhawy & Mayne (1990) respectively: 
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Figure 6. CPTU-based estimates of @ and results from 
laboratory tests. 
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Profiles are shown for the depth interval 12.4— 
15.7 m, where a predominance of SBT = 5 has 
been found. Both correlations appear to be in good 
agreement. A certain variability of the computed 
values over the soil layer can be appreciated, as a 
consequence of its intrinsic heterogeneity. 

By comparing such estimates with values of 
0” obtained from direct shear tests (Table 1), also 
plotted in the figure at 12.4 and 15.1 m in depth, 
Equations (3) and (4) seem to underestimate the 
effective shear resistance of these intermediate 
sediments. 

Following the approach recently proposed by 
Holmsgaard et al. (2016), the laboratory values of 
@’ have been used to adjust the cone resistance at 
the standard rate v = 20 mm/s and thus to obtain 
the q,a and the stress-normalized Q,,,, corre- 
sponding to fully drained conditions. The result- 
ing normalized resistance assumed to apply at fully 
drained penetration, O,, has been found to be ~ 
32 at 12.4 m and ~ 70 at 15.1 m. Consequently, the 
ratio between the normalized drained resistance 
and that at standard velocity, Q,/Q,, turned out 
to be 3.2 and 1.3 respectively. Holmsgaard et al. 
(2016) expressed such ratio in terms of non-nor- 
malized cone resistances q, 4, and q, 20, obtaining 
a! V:20mmls = 1-4 for some silty soils of a test site in 
Dronninglund (Denmark). 

It is obvious that such combined interpretation 
of field data and direct shear test results must be 
considered as a first attempt to account for par- 
tial drainage in geotechnical characterization and 
that a larger database from the laboratory would 
be necessary in order to confirm such preliminary 
analysis. 

At the same time, the above interpretation has 
been also used to help in identifying a more reliable 
value of the normalized drained resistance O pained 
Q,,, in silt mixtures at 11.8-12.2 m and thus over- 
come uncertainties mentioned in section 3. Indeed, 
assuming a O gane equal to 32, the ratio Qamea Ores 
has turned out to be on average 6.8, Q, (~ 4.7) 
being obtained from field data (see Fig. 4). This 
outcome confirms that the value (Q ganed Qr = 28) 
previously obtained from regression analysis is 
probably overestimated. 


5 CONCLUSIONS 


This paper has presented the results of a set of 
variable rate CPTUs conducted in a silty deposit 
located at a site in Northern Italy, with the aim of 
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having a better insight into the drainage degree 
during testing and its effect on field measure- 
ment and geotechnical characterization. Indeed, 
partial drainage may prevail in intermediate soils 
when CPTU are performed at the standard rate 
(20 mm/s). 

Despite difficulties in interpreting field data, 
comparisons between the available tests revealed 
that decreasing penetration velocity generally 
results in increasing tip resistance, whereas pore 
pressure tends to decrease. 

From the analysis in terms of normalised CPTU 
measurements within selected depth intervals of 
the clayey silt layer, a consolidation trend has been 
identified. The transition point from undrained to 
partially drained conditions is likely to occur at a 
normalised velocity V 50. By contrast, significant 
difficulties have been encountered in detecting fully 
drained conditions. According to the analyses, also 
relying on laboratory data, Oana O, has been 
found to vary from 3.25 to approximately 6.8 in the 
predominantly silty layer. The amplitude of such 
range is presumably due to intrinsic heterogeneity 
of the soil unit. On the other hand, the estimated 
values turn out to be in substantial agreement with 
results from similar experimental studies. 

As a consequence of partial drainage, careful 
attention should be paid when empirical CPTU 
correlations, developed for sands or clays, are used 
to estimate geotechnical parameters in interme- 
diate soils. In particular, peak friction angle @’in 
silts to sandy silts appears to be underestimated 
when some well-known expressions are applied to 
the standard test. Comparisons between the esti- 
mated and the measured @’ have suggested a ratio 
between the drained normalized and the standard 
resistance, Q,/Q, ranging between 3.2 and 1.3. 
Additional laboratory results would be required 
to confirm such preliminary results and to update 
empirical correlations. 
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ABSTRACT: The variability of soil is well known to affect the geotechnical performance of structures. 
As probabilistic design methods become more commonly used, the ability to measure the variability of 
soil becomes more important. However, by using only the point statistics of soil parameters in design 
(e.g. the mean and standard deviation), typically an over-estimation of failure probabilities occurs, lead- 
ing to over-conservative designs. By looking at the spatial correlation (e.g. scales of fluctuation) a more 
accurate representation can be achieved. This paper presents a method to use vertical Cone Penetration 
Tests (CPTs) to detect both the vertical and horizontal scales of fluctuation. An extensive numerical and 
experimental investigation has been undertaken to understand how spatial variation can be estimated 
and to quantify the accuracy in that estimation. The impact of being able to quantify the uncertainty is 


illustrated via a simple slope stability example. 


1 INTRODUCTION 

Soil properties are intrinsically variable and 
addressing these variations in design is one of 
the main challenges in geotechnical engineering 
(Honjo 2011). The impact of soil variability has 
been shown to be significant in many types of 
geotechnical analyses, including: shallow, strip and 
pile foundations (Jaksa et al. 2005, Naghibi et al. 
2016); retaining walls (Sert et al. 2016); liquefac- 
tion of hydraulic sand fills (Popescu et al. 1997, 
Wong 2004, Hicks & Onisiphorou 2005); and 
slope stability (Griffiths & Fenton 2000, Spencer 
& Hicks 2007, Hicks & Spencer 2010, Li & Hicks 
2014, Vardon et al. 2016). Using embankments as 
an example, it has been shown that the spatial vari- 
ation of material properties in combination with 
the problem geometry plays an important role in 
the slope stability and failure mode (Hicks & Samy 
2002, Hicks et al. 2014, Li et al. 2015, 2016). 

Comprehensive theoretical overviews on the 
quantification of the spatial variation in soils are 
given by Vanmarcke (1977a), Campanella et al. 
(1987) and Wickremesinghe & Campanella (1993), 
and later discussed by Fenton (1999a, 1999b) and 
Griffiths et al. (2007). The scale of fluctuation can 
be estimated using a range of techniques and, in 
particular, by using an auto-correlation function 
(e.g. de Gast et al. (2017)). 

However, little experimental evidence that con- 
siders the scale of fluctuation, especially in the 
horizontal direction, is available. In this paper, 
the auto-correlation function is reviewed for its 
accuracy in obtaining the spatial correlation in 
synthetic data and proposes a method to estimate 
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the accuracy in measuring the spatial correlation. 
In this way a CPT campaign can be designed to 
measure horizontal scales of fluctuation using lim- 
ited CPT data. 

This paper summarises the method proposed by 
de Gast et al. (2018) and gives an example of how 
to apply it. 


2 THEORETICAL BACKGROUND 


Soil properties are variable, although they are gen- 
erally correlated to the properties of material in 
close proximity. A convenient measure of the spa- 
tial variability is the auto-correlation length 0, often 
referred to as the scale of fluctuation (SoF). Loosely 
speaking, it is the distance within which material 
properties are significantly correlated. Conversely, 
the properties at two points separated by a distance 
greater than 0 will be largely uncorrelated (Griffiths 
& Fenton 1997). The scale of fluctuation has been 
defined by Vanmarcke et al. (1986) as 


8=2], p(z)dz (1) 


where p(7) is the auto-correlation function describ- 
ing the spatial auto-correlation structure and T is 
the lag distance, i.e. the distance separating two 
points. Hence, 8 is the area under the auto-corre- 
lation function over the range -co< T<oo, and, 
while it can have different orientations, for soils it 
is commonly considered to be different in the ver- 
tical and horizontal directions due to deposition 
processes. 


An experimental auto-correlation function can 
be obtained from 


Ale)= Fe Q) 


where y(t) is the experimental covariance func- 
tion. This is given by Vanmarcke (1983) as 


1 


OE bir) (3) 


where ji is the estimated mean (or trend) of the 
dataset, j is a counter representing the first of a 
data pair at lag distance 7, j + Aj represents the sec- 
ond of the data pair, and ¢ is the number of pairs at 
lag distance 7. By using, for example, the following 
Markov theoretical auto-correlation function, 


-2| 


p(7)=e e (4) 


and finding the minimum of the error given by 


E(0)=Y foto) Pr) © 


an estimate for the scale of fluctuation may be 
obtained. 

As with any sampled data, a sample from a 
population is taken and the accuracy of the method 
depends on the amount and r epresentativeness of 
the data available. It has been observed that as more 
data (CPTs) are considered, the better the mean 
auto-correlation function is (Lloret-Cabot et al. 
2014), especially at larger lag lengths. This feature is 
investigated in detail in the following section. 


3 INVESTIGATION USING SYNTHETIC 
DATA 


The effectiveness of the experimental auto-corre- 
lation function for a set of data was investigated 
using computer generated data, i.e. data where 
the scale of fluctuation and auto-correlation 
were known a priori. 1D strings of data of vary- 
ing length, data spacing and correlation length, 
representing CPT profiles, were generated using 
covariance matrix decomposition (Davis 1987, van 
den Eijnden & Hicks 2017). The data were gener- 
ated using a mean of zero, a standard deviation of 
unity and a Markov auto-correlation function with 
a scale of fluctuation of 5 (units of length). 

In order to test the effectiveness of estimat- 
ing the auto-correlation function from equations 
(2)-(5), different variables were investigated: (1) 
the number of datasets—which is, in the vertical 
direction, analogous to the number the number 
of CPT profiles; (2) the number of data points 
used per dataset—which is analogous to the total 
number of data points in single CPT profile; (3) 
the value of 0; (4) the effect of grouping data at 
larger intervals—in the horizontal direction, this is 
analogous to having several CPT profiles in groups 
with a significant space between groups, or, in the 
vertical direction, it is analogous to having a data 
gap in the CPT profile. 

Multiple datasets were generated represent- 
ing different combinations of the four variables, 
and these are presented in detail in de Gast et al. 
(2018). Figure 1 shows the impact of increasing the 
number of datasets on the estimated 6, which has 
the largest impact on the coefficient of variation 
(COV) of 6. By increasing the number of datasets, 
the COV decreases rapidly as indicated by the bro- 
ken line. 


estimate / O input D] 


number of datasets used for estimation 


Figure 1. 


Example analysis investigating the accuracy in calculating 8 as a function of the number of datasets. Each 


dot is a single estimation of 8, normalized by the input 0= 0, the horizontal line equal to | is the normalized input 


input 


6, the red diamonds are the calculated average from the individual estimates; and the broken line is the calculated coef- 


ficient of variation (COV = o/u) of the estimated 0. 
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4 ESTIMATING THE VARIATION 


It has been found that the coefficient of variation 
of the measured horizontal or vertical scale of fluc- 
tuation is related to the actual scale of fluctuation, 
the number of datasets, the domain size and the 


where: 


nfs (7) 


distribution (i.e. spacing) of CPT profiles. The fol- 


lowing equation has been proposed to predict the 


COV of 6 (de Gast et al. 2018): 


COV= 11 032) l 
TE Te 


factor for 8< D, factor for no.of datasets 
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and in which @ is the scale of fluctuation, nf is the 
number of datasets (with a minimum of 1), in is the 
space interval between the groups, ng is the number 
of groups (if the data have different intervals), D, is 
the total domain length (the length over which the 
data points are obtained), D, is the domain length 
of the groups (if D, = D, in 1s the interval between 
data points), D, is the domain length perpendicu- 
lar to the investigated direction and 6, is the scale 
of fluctuation perpendicular to the investigated 
direction. 


(6) 


ng = 10 
SM r r 1 l i 
4 ANOS pl oe A O 2.25 — 
sle 3 a Dos E At 2—_______| 
rH NOAA O ali! 
0 L 1 | 1 i L z 
o 02 04 06 08 1 12 14 #16 18 2 
0 
D; 
>+ y 
100 r - r r 
80 H A A oo yo 
4 60+ Ș ye 
E ie i er a e za a 
20 | 
= — 8G n 
0 02 04 06 08 1 142 14 #16 18 2 
e 
z | s xL coy 
Va 


Figure 2. Method of estimating COV of the scale of fluctuation using groups of data. 
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Equation (6) can be rearranged to aid graphical 
interpretation as: 


COV = 
1 O in FE y 
L XD, (a al 


(8) 


and is graphically presented in Figure 2, which can 
be used after first calculating the scale of fluctua- 
tion using equations (2)-(5). In the first four sub- 
figures in Figure 2, which represent the last term 
in equation (8) with different values of ng, the con- 
tour lines can be assumed to be horizontal at the 
right-hand side, i.e. if 8/D, >2, the value can be 
evaluated at @/ D, = 2. 

For example, consider 10 CPTs grouped in 
ng = 5 groups of 2 CPTs, with a spacing of D, =2.5 
m between CPTs within each group and a spacing 
between groups of in = 25 m, giving a total domain 
of D, = 112.5 m. If the horizontal scale of fluctua- 
tion is estimated to be 9 = 50 m, the first part of 
the figure gives a contour value of between 1.75 
and 2.0, and the second part of the figure gives a 
contour value below 0.05; adding these numbers 
together gives a value between 1.8 and 2.05, and 
dividing by the square root of nf = 20 (D, = 5 m, 
0, = 0.25 m) yields an estimated COV of 0.40-0.46; 
using equation (6) yields an estimated COV of 0.43. 


5 EFFECT ON DYKE STABILITY 


Considering a hypothetical study of the stability of 
a dyke, the impact of the sampling has been investi- 
gated. The analytical model of Vanmarcke (1977b) is 
used, which considers 3D effects and has been exam- 
ined in detail by Li et al. (2015) and Varkey et al. 
(2017). It is summarised by the following equations: 


d 
AS (9) 
Fg = FT(L,)T(b)V, (10) 
fn; b, > G, 
T(b)=4Vb," * (11) 
LL »,<6, 
£. 1,>8 
P(£,)=3/ La (12) 
L L£L,<09, 
F 
==" 
a : BPG, (13) 
| a; sa, 
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d=2 


e (14) 


where F is the mean 2D factor of safety, £,,, is 
the corrected mean for 3D end effects, d is related 
to the cross-sectional sliding area A and failure arc 
length L, b, is the critical failure length in the third 
dimension, F, , is the standard deviation of the 3D 
safety factor, P'(L,) and T(b) are variance reduc- 
tion factors depending on 8, V, is the coefficient 
of variation of the strength point statistics, 8, is the 
horizontal scale of fluctuation, and 6, is the equiv- 
alent scale of fluctuation obtained by a weighted 
average of the horizontal and vertical components 
of the scale of fluctuation along the 2D slip circle. 

In this example analysis, 1t is assumed that a 
budget for 10 CPTs is available to assess the stability 
of a 5 m high dyke with a length of 150 m. It is also 
assumed that the following are calculated: F = 1.5, 
V,=0.3, L,=11.25m, A= 16 m?and 8 =0.25 m. 
6, is measured using an interval of 0.01 m between 
measurements down to 5 m depth for all CPTs. The 
CPTs are either evenly distributed (i.e. ungrouped) 
over the length of the dyke at 16.7 m spacing, or 
in five groups of 2 CPTs, with a distance of 2.5 m 
between the 2 CPTs in each group and a spacing of 
34.4 m between each group. 

To illustrate the effect of CPT positioning and 
the corresponding uncertainties obtained from 
equation (6), two scenarios have been considered, 
where the horizontal scales of fluctuations are 
(a) 6,=50m and (b) 6,=5m. Using the COV 
obtained from equation (6), three likely outcomes 
of 6, have been calculated (following the approach 
of Li et al. (2015)) for the following combinations 
of (6,+0,8+0), (6, 8) and (9,- 0,8 - 0). 
For each combination, the five percentile factor of 
safety F, .,, has been calculated, following the pro- 
cedure of equations (9)-(14). 

In Table | the results of the different scenarios 
and CPT groupings are presented. For a large 6, 
(scenario 1), the difference between the grouped 
and ungrouped data is not apparent as they yield 
almost the same F, ,,, . For a small 6, (scenario 2), 
there is a clear advantage in grouping the CPTs; 
this is because the small scale of fluctuation can 
then be measured, whereas, for the ungrouped 
data, this is not the case and the calculated 6, has a 
minimum value equal to the CPT spacing (16.7 m). 
Table 1 shows that based on the same point sta- 
tistics, a large range of F,,,, can be found, from 
1.24 to 1.90, depending on the value of 6, and the 
distance between the CPT locations. 

As the scale of fluctuation is not generally 
known a priori, it is more useful to use grouped 
CPTs, as then both large and small scales of fluc- 
tuation can be estimated using the same number 
of CPTs. Comparing any pair of calculated safety 


Table 1. Effect of CPT positioning (ungrouped or 
grouped) and 6, (scenario 1 or 2) on the 5 percentile fac- 
tor of safety. 


Mean Fasi 
Scenario/ calculated COV 
positioning 6, [m] 6, 6+0 8, 8-0 
1.Ungrouped 50 0.34 1.26 1.32 1.40 
1.Grouped 50 0.44 1.24 1.32 1.44 
2.Ungrouped 16.7* 0.25 1.57 1.60 1.64 
2.Grouped 5 0.86 1.72 1.78 1.90 


*the minimum distance between the CPTs in the horizon- 
tal direction equals 16.7 m; as this is therefore the smallest 
8, that can be found, CH036_118-E035.eps m is used 


factors (for the same scenario and same calculated 
6.), e.g. the data in bold text, it is possible to cal- 
culate up to an 10% increase in the five percentile 
factor of safety. 


6 CONCLUSIONS 


A method is presented to quantify the uncertainty 
in the measured values of the spatial scale of fluc- 
tuation (which characterises the soil heteroge- 
neity). In a simple example used to illustrate the 
calculation process, it has been demonstrated that, 
by careful design of the site investigation, the fac- 
tor of safety of an embankment may be increased 
by ~10%. 
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ABSTRACT: The Material Point Method (MPM) has been employed in the study of many geotechnical 
large deformation problems. This study aims at showing: the effectiveness of MPM in simulating a CPT, 
and the possibility to calibrate the model input parameters by inverse analysis. The MPM schematization 
adopted to implement the CPT boundary value problem uses a moving mesh concept to model the cone as 
a rigid body penetrating into the soil. A gradient-based non-linear regression analysis is used to calibrate 
the input parameters of the constitutive law adopted to model the soil. To this aim, a synthetic case study 
has been set up, using the model results of a “base” simulation as observations and, in particular, the cone 
resistance values computed at 24 different depths. The results of the performed sensitivity, parametric and 
inverse analyses highlights few important aspects related to the use of optimization algorithms to calibrate 


the input parameters of MPM models of CPTs. 


1 INTRODUCTION 

Cone penetration tests always produce large dis- 
placements, rotations and deformations of soil ele- 
ments, as well as a complex response of the soil 
to the displacements imposed by the penetration 
process (e.g. Arshad et al., 2014). 

In recent years, the numerical simulation of this 
complicated mechanism has been the subject of 
many research contributions (Gens et al., 2016). 
These researchers addressed the issue of model- 
ling a boundary value problem exhibiting very 
large deformations in a significant portion of the 
control volume by adopting different numerical 
techniques: arbitrary Lagrangian-Eulerian finite 
element approach (e.g. Lu et al., 2004; Tolooiyan 
and Gavin, 2011); discrete element method (e.g. 
Arroyo et al., 2011; Butlanska et al., 2013); particle 
element method (e.g. Monforte et al., 2016). 

The material point method (MPM), successfully 
used in the study of a number of geotechnical large 
deformation problems (e.g. Coetzee et al., 2005; 
Andersen and Andersen, 2010), recently found its 
first applications also in the study of cone pene- 
tration (Beuth, 2012; Kafaji, 2013; Ceccato et al., 
2016). The main aims of the study presented herein 
are: to confirm the effectiveness of MPM in simu- 
lating a CPT; to show the possibility to calibrate 


295 


the model input parameters by a combination of 
parametric, sensitivity and inverse analyses. 


2 NUMERICAL MODEL 


2.1 


The Material Point Method was developed by 
Schreyer, Sulsky and co-workers for solving prob- 
lems of solid mechanics (Sulsky et al., 1994) and 
it has been later applied to granular materials by 
Wieckowski et al., (1999). It came into the field 
of geotechnical engineering only recently (Beuth 
et al., 2007; Zabala & Alonso, 2011; Kafaji, 2013). 

The MPM can be considered as an extension 
of the widely-used Updated Lagrangian Finite 
Element Method (UL-FEM). Similar to the UL- 
FEM, the MPM makes use of a Lagrangian finite 
element mesh in which nodes are attached to a 
deforming body and consequently moving through 
space with the material. To prevent mesh distor- 
tion, all computational data, such as state param- 
eters and stresses, are stored in the material points 
at the end of each time step and the Lagrangian 
mesh is reset. At the beginning of the next step, 
the stored data in the material points are mapped 
to the mesh based on the new locations of the 
material points. Therefore the material points 


Material point method formulation 


move through the underlying finite element mesh. 
This approach entails that the finite element grid 
extends across the entire region of space where 
the material is expected to move into. However, 
only nodes attached to finite elements that contain 
material points are considered when setting up the 
equilibrium equations. Spatial integration is only 
performed over the volume inside the finite ele- 
ment mesh that is covered by material. The larger 
mesh therefore does not lead to an additional com- 
putational effort. 

The solution adopted herein is based on the 
modified Lagrangian algorithm proposed by Sul- 
sky et al. (1994) using the Euler-Cromer explicit 
time integration scheme (Kafaji, 2013). The 
numerical simulation of a CPT can be carried out 
in a less expensive way, if the effect of rotational 
symmetry of the pile and the surrounding soil is 
taken into consideration in the formulation of the 
material point method. This results in an extended 
formulation, originally developed by Sulsky & 
Schreyer (1996), which is based on a two dimen- 
sional axisymmetric framework. This formulation 
can significantly reduce the number of elements 
and material points compared to a three dimen- 
sional one. The details of this formulation are 
described in Galavi er al. (2018). 


2.2 Schematization of CPT 


The MPM schematization adopted to imple- 
ment the CPT boundary value problem is shown 
in Figure 1. The finite mesh has a total of 3992 
elements including the initially inactive elements. 
The inactive elements above the soil surface may 
be activated during the calculation process if mate- 
rial points move into the empty space they occupy. 
Triangular elements with a linear interpolation of 
the displacements are used. The number of mate- 
rial points is 13,810. 

The numerical simulations are performed using 
an axisymmetric geometry. To avoid boundary 
effects, the side boundary is placed at a distance of 
30 D from the symmetry line (D being the diameter 
of the cone). This space is divided in three parts 
with mesh sizes getting larger and the number of 
particles per elements decreasing as the distance 
from the symmetry line increases. Displacements 
at the side boundary are constrained in the radial 
direction and free in the vertical direction. The 
bottom boundary is fully fixed. The stresses in the 
soil are initialized using a typical K «procedure and 
a surcharge of 10 kPa is applied at the ground sur- 
face, equivalent to a 1 m thick soil layer above that 
surface. The cone penetrometer “pile” is modelled 
as a rigid body penetrating into the soil. The pile, 
which is initially embedded below the soil surface 
for a length equal to 10 D, is pushed into the soil 
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Figure 1. Scheme of the MPM model of CPT. 


for an additional 7 D. The penetration of the pile 
into the soil is modelled by applying a prescribed 
velocity, herein equal to 0.02 m/s, a value common 
in standard practice. The MPM moving mesh con- 
cept is adopted in all simulations (Kafaji, 2013). 
The cone is slightly curved at the transition from 
shaft to conical to avoid numerical difficulties due 
to locking. The simulations are performed consid- 
ering a submerged one-phase material in drained 
conditions. 

An elastic perfectly plastic constitutive law, 
based on the Mohr-Coulomb failure criterion, is 
used to simulate the behavior of the soil. It adopts 
5 input parameters: stiffness modulus (E); Pois- 
son’s ratio (v); cohesion (c); friction angle (@); and 
dilatancy angle (y). In addition to these, two other 
parameters are also needed to define the initial con- 
ditions of the soil: porosity (n); and specific gravity 
of the soil grains (Gs), which is equal to 2.65 in all 
the numerical simulations performed herein. The 
values of the soil parameters assumed for the base 
case (“Base” in Table 1) are considered representa- 
tive of the behavior of loose well-graded sands. 
A contact algorithm is used to model the frictional 
contact between the pile and the soil. The adopted 
friction angle value (11°), is representative of a 
sand to polished steel contact (Murray and Geddes, 
1987). Considering the above conditions, the time 
needed to run one model simulation is equal to 20”. 
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Table 1. Input parameter values of the parametric 


analysis. 

E c p y 
ID (kPa) v (kPa) [°] [°] n 
Base 6000 0.2 1 30 0 0.2 
SETI 4000 0.2 1 30 0 0.2 
SET2 8000 0.2 1 30 0 0.2 
SET3 6000 0.15 1 30 0 0.2 
SET4 6000 0.25 1 30 0 0.2 
SETS 6000 0.2 2 30 0 0.2 
SET6 6000 0.2 5 30 0 0.2 
SET7 6000 0.2 1 27 0 0.2 
SET8 6000 0.2 1 33 0 0.2 
SET9 6000 0.2 1 30 -1 0.2 
SET10 6000 0.2 1 30 +l 0.2 
SETII 6000 0.2 1 30 0 0.15 
SET12 6000 0.2 1 30 0 0.25 


2.3 Parameter sensitivity and inverse analysis 


Inverse analysis algorithms can be effectively 
employed to calibrate the input parameters of 
numerical models for different geotechnical bound- 
ary value problems. The advantages of automated 
optimization analysis over trial-and-error proce- 
dures to calibrate the parameters of a given model 
are many, including: ability to automatically cal- 
culate parameter values that produce the best 
fit between observations and computed results; 
simultaneous calibration of multiple parameters; 
providing statistics that quantify the quality of 
calibration, data shortcomings and reliability of 
parameter estimates and predictions; possible 
time-saving; identification of issues that are eas- 
ily overlooked during non-automated calibration 
(Finno and Calvello, 2005). 

The sensitivity and inverse analysis have been 
herein conducted using UCODE (Poeter and Hill, 
1997), a model independent algorithm designed to 
allow inverse modeling posed as a parameter esti- 
mation problem. The error function to minimize, 
called weighted least-squares objective function 
S(b), is expressed by: 


5(6)=[y-y'(b)] o[»-y(0)]=e"we (1) 


where: b is a vector containing values of the param- 
eters to be estimated; y is the vector of the observa- 
tions being matched by the regression; y'(b) is the 
vector of the computed values which correspond 
to observations; @is the weight matrix; e is the vec- 
tor of residuals. 

To update the input parameters of a model, 
UCODE performs a gradient-based non-lin- 
ear regression analysis adopting a modified 
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Gauss-Newton algorithm. The relative importance 
of the input parameters being simultaneously esti- 
mated is defined using parameter statistics, such 
as: the sensitivity of the predictions to changes in 
parameter values, the variance-covariance matrix, 
confidence intervals and coefficients of variation. 
Herein, the composite scaled sensitivities (css), and 
the correlation coefficients (cor), will be used to 
evaluate, respectively, the sensitivity of the predic- 
tions to parameters changes and the degree of cor- 
relation between different input parameters. 

The described inverse analysis algorithm will be 
used, herein, to calibrate the input parameters of 
the constitutive law adopted in the MPM model of 
the CPT. It's worth noting that the parameter opti- 
mization requires multiple runs of the MPM code, 
i.e. a number of iterations for the convergence of 
the regression analysis. More details on the cali- 
bration of soil constitutive laws by inverse analysis 
using UCODE can be found in Calvello (2014). 


3 RESULTS 


3.1 Forward model 


Figure 2 shows the deviatoric strain and the devia- 
toric stress at penetration depths equal to two and 
six times the cone diameter, for the portion of 
mesh highlighted in Figure 1. The cone is pushed 
to its final depth from an initial position below 
the ground surface. This was done for two main 
reasons: to avoid numerical instabilities related to 
the presence of significant strains at low stress lev- 
els; to reduce the computational time, given that 
multiple iterations of the model are needed for the 
inverse analysis. 

At the beginning of the simulation the soil 
mainly deforms from the initial position of the 
cone to about 2 to 3 D below and around the tip of 
the cone. As expected, no noticeable deformations 
are observed in the rest of the domain, including 
in the material particles along the CPT shaft above 
the initial position of the cone. The inner portion 
of this volume, extending for about 1 D below the 
tip and about 2 D laterally, exhibits deformations 
of the order of 10%. At the end of the simulation 
it is very clear that the soil deformations follow 
downward, as expected, the cone displacements. 
The highest deformations influenced a volume of 
soil extending from the initial position of the cone 
to about 2 to 3 D below its final position. The val- 
ues of the deviatoric stress are less homogeneous 
around the cone, yet the size of the soil volume 
influenced by significant stresses extends laterally 
and downwards in a similar way at both penetra- 
tion depths. These values are consistent with data 
reported in the literature (e.g. Van der Linden, 
2016). 
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Figure 2. Results of the MPM model at penetration 
depths 2D and 6D: a) deviatoric strain; b) deviatoric 
stress. 


The values of the cone tip pressure are plotted 
in Figure 3 as a function of the cone penetrom- 
eter depth (see “Base” simulation). As expected 
the cone resistance monotonically increases with 
depth with a trend asymptotically reaching, after 
a penetration depth of about 4 to 6 diameters, an 
almost constant value. The final value of the ratio 
between the resistance force and the cone area is 
equal to about 700 kPa, which can be associated 
to the average cone resistance within the soil layer 
extending from the initial position of the cone to 
about 2 D below the cone tip. Therefore, as already 
mentioned, the model only allows to retrieve a 
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Cone resistance force / cone area (kPa) 
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Figure 3. Results of the parametric analysis: cone 
resistance pressure vs. dimensionless depth. 


single force representative of the average cone 
resistance in a layer of soil about 10 D thick. This 
value is comparable to the values reported by Sal- 
gado and Prezzi (2007) for the sand with a similar 
stress state. 


3.2 Parametric analysis 


A parametric analysis is carried out to evaluate 
the sensitivity of the cone resistance profile to 
changes in the values of the model input param- 
eters. Table 1 shows the values of the parameters 
adopted. Besides the base case, 12 simulations were 
conducted by decreasing and increasing, one at the 
time, the values of the six input parameters keeping 
the rest of them constant. The minimum and maxi- 
mum parameter values were defined considering 
reasonable ranges around the base case for the con- 
sidered soil type. The results of the 13 numerical 
simulations are plotted in Figure 3 in a graph show- 
ing the modelled cone resistance versus the ratio 
between the penetration depth and the cone diam- 
eter. All the simulations produce a cone resistance 
pressure non-linearly increasing with depth and 
reach a maximum value of cone resistance before 
the final penetration depth. This behavior confirms 
that the depth reached by the numerical model is 
adequate. Only four simulations (sets 1, 2, 7 and 
8) significantly differ from the base case, while the 
rest produce similar cone resistance results at all 
depths. This in turn means that the model results 


are mainly sensitive to only two input parameters, 
i.e. E (sets 1 and 2) and 6 (sets 7 and 8). 


3.3 Inverse analysis 


The results of the parametric analysis indicate 
that the two input parameters mostly affecting 
the MPM model results are E and g. The inverse 
analysis is thus carried out to evaluate the capa- 
bility of a gradient-based optimization algorithm 
to estimate the optimal value of these two input 
parameters, given a set of observations coming 
from the results of a CPT. To this aim, a synthetic 
case study has been set up, using the model results 
of the “base” simulation as observations and, in 
particular, the cone resistance values computed at 
24 different depths (see Fig. 3). 

Table 2 shows the main statistical indicators 
resulting from a set of eight sensitivity analyses 
performed for different initial values of the two 
input parameters. The soil stiffness (E), and the 
friction angle (@), are respectively ranging from 
4000 kPa to 8000 kPa and from 27° to 33°. The 
values of the composite scale sensitivities (css), 
indicate that the model results are sensitive to both 
parameters for all the considered values. The val- 
ues of the correlation coefficients, ranging from 
0.92 to 0.96 for six of the eight considered cases, 
indicate that the two parameters are, in most cases, 
very highly correlated. The latter indicates that it is 
unlikely that they can be estimated simultaneously 
within a single regression analysis. Considering the 
previous results, the first two regression analyses 
only consider one parameter at the time (Figure 4). 
Two initial values are considered for each one of 
the parameters. In both cases and for both param- 
eters, the regression converges to the optimal 
“true” values using a small number of iterations, 
from 2 to 4. The capability of the optimization 
algorithm to find the global minimum of the error 
function is thus proved, irrespective of the initial 
values assumed for the parameter being calibrated. 


Table 2. Main statistical indicators of the sensitivity 
analysis. 


E (o css css Correlation 
(kPa) (5) (E) (°) coefficient 
4000 27 4.32 9.91 0.78 

4000 33 7.09 12.32 0.92 

5000 28.5 5.72 13.09 0.94 

5000 31.5 7.40 14.49 0.96 

7000 28.5 6.02 18.44 0.92 

7000 31.5 8.04 19.67 0.92 

8000 27 6.64 18.81 0.95 

8000 33 11.62 25.30 0.75 
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Figure 4. Parameter values during the regression analy- 
sis when it is conduced to calibrate on one parameter at 
the time: a) soil stiffness, E; b) friction angle, ¢. 


The results are different, as expected, when 
both the input parameters are calibrated simulta- 
neously. Two initial set of values are herein con- 
sidered, respectively assuming the two parameter 
values are either both higher than the optimal ones 
(“upper bound” simulation) or both lower than 
the optimal ones (“lower bound” simulation). It’s 
worth noting that the two sets are the only ones 
for which the sensitivity analysis did not yield cor- 
relation coefficients between E and @ higher than 
0.9. The results are presented by showing the val- 
ues of the parameters (Figure 5) and the related 
error functions (Figure 6) at each iteration of the 
regression analysis until the final convergence of 
the optimization algorithm. In the lower bound 
simulation the optimization ends when the error 
function assumes almost negligible values, i.e. the 
solution converges towards a global minimum rep- 
resenting the true solution of the case study. On 
the contrary, in the upper bound simulation the 
optimization algorithm finds a solution that rep- 
resents a local minimum of the error function with 
values of the two input parameters very different 
from the optimal values of the case study. Despite 
that, also in this case the error function decreases 
significantly during the optimization and reaches 
a minimum value of 2.65 after only two iterations, 
1.00 being the value of the error function consist- 
ent with the accuracy of the information conveyed 
by the observations (Calvello, 2017). The latter 
can be visually confirmed by looking at the cone 
resistance profile with depth (Figure 7), which is 
much better than the initial one and not too differ- 
ent from the base case. In this case, the optimiza- 
tion got “trapped” in a local minimum of the error 
function possibly because the two parameters, 
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Figure 5. Parameter values during the regression analy- 
sis when it is conduced to calibrate both parameters 
simultaneously: a) soil stiffness, E; b) friction angle, ¢. 
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Figure 6. Error function during the regression analy- 
sis when it is conduced to calibrate parameters E and @ 
simultaneously. 
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Figure 7. Cone resistance profile with depth for the 
initial and optimal values of the input parameters in the 
regression analysis conducted to calibrate parameters E 
and @ simultaneously. 


300 


moderately correlated when the regression started, 
became highly correlated after one iteration (being 
E close to 8000 kPa and @ close to 27°) and the 
gradient-based methods do not perform satisfac- 
torily in calibrating multiple parameters when this 
happens. 


4 CONCLUSIONS 


The results of the performed inverse analyses 
highlight a few important aspects related to the 
use of optimization algorithms to calibrate the 
input parameters of MPM models of CPTs. Glo- 
bally, the regression problem must be well-posed, 
which means: the observations must be sufficient 
for the adopted constitutive law and the numerical 
implementation of the CPT boundary value prob- 
lem; the computed results must be sensitive to the 
parameters being calibrated; the parameters do not 
have to be highly correlated. When this happens, a 
gradient-based optimization algorithm, such as the 
one adopted herein, can be effectively used to opti- 
mize the model parameters so that the computed 
results match CPT observations. Of course, more 
research is needed to extend these findings to: situ- 
ations employing real CPT data and not synthetic 
ones; observations related to full CPT profiles and 
not to a 10 D thick soil layer. 
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ABSTRACT: Current advancements in foundation design methodologies have given a new focus on 
acquiring in situ G, data to compliment current laboratory testing methods and to provide G, profiles for 
design in a parameter bound framework. Seismic CPTU (SCPTU) data was acquired from sites within 
the North Sea both in drilling and non-drilling mode. An assessment of the data showed significant scat- 
ter in the interpreted results. Current standards provide little guidance on what is ‘accurate and reliable’ 
data, hence an assessment was initiated to better understand the reasons for the scatter observed and 
what is to be considered reliable data. This paper discusses the assessments that have been undertaken and 
covers: the seismic testing set-ups, how the data was acquired; how the data was interpreted; offers sug- 
gestions on what can be causing the scatter; and provides commentary on how to gain confidence in the 
data acquired. This study highlights the need for greater understanding of SCPTU data and closer client- 
contractor collaboration. It is recommended that project specifications clearly define SCPTU reporting 
beyond the standard requirements, where comprehensive information of the seismic data acquired and 
the methods used to derive the v, is needed to improve confidence on data evaluation and interpretation 
for the design purpose. 


Keywords: seismic velocity, CPT, small strain shear modulus 


1 INTRODUCTION offshore wind farm development. Data originates 
from both drilling mode and non-drilling mode 
As a method for providing strength and small SCPTU set-ups. Non-drilling mode SCPTUs pro- 
strain stiffness measurements of the subsurface the vided the projects with, on average, 12-15 m of 
Seismic Cone Penetration Test (SCPTU) has been penetration, whilst the drilling mode SCPTUs were 
available for a significant period of time. Onshore, carried out typically between 20-40 m below seabed. 
as well as offshore, the technique has delivered On receipt and interpretation of the acquired data, 
interval velocities of shear waves, v,, for determin- significant scatter was seen in the results. Recogniz- 
ing the initial shear modulus, G,. Recent develop- ing this scatter, it was acknowledged that an increased 
ments within offshore foundation design have focus is needed to understand the variance in the v, 
identified the need for high quality and accurate results, and what might be causing this, before con- 
in-situ and laboratory G, data to inform detailed sidering their applicability for generating G,-values. 
design parameters. To obtain in-situ stiffness meas- With the lack of guidance for what is quality and 
urements during geotechnical site investigations, accurate data within current standards, a study was 
one go-to tool is the Seismic Cone Penetration Test. initiated to investigate ‘what is reliable data’ that 
It is recognized that, historically, the SCPTU type can be taken forward into design. The study proved 
test has been used for delivering relative values for it not possible to quantitatively determine the accu- 
developing ground models and identifying stratigra- racy and precision of the v, data and therefore the 
phy, whilst the need of today’s geotechnical design first task was to establish confidence in the results 
engineers is a specific value for use within design. obtained. For the geotechnical engineer assessing 
This paper will present examples of results from the data as well as the engineer carrying out the 
offshore investigations at neighbouring sites located geotechnical design, it is important to have the 
within the North Sea, and will discuss the learnings confidence in the v, measurements obtained. Con- 
from these investigations, undertaken for detailed fidence being defined as having an understanding 
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of how the data is acquired, processed and inter- 
preted and with knowledge of the limitations and 
assumptions that have been made when generating 
the v, value taken forward in design. The intention 
of this paper is to initiate a dialog between client, 
contractors and suppliers on how to improve the 
tools, acquisition, interpretation and evaluation of 
v, data to develop a robust method for acquiring 
confident v, results from SCPTU. 


2 INVESTIGATION METHODS 


2.1 Marine soils investigation 


The investigation works were performed to ISO 
19901-8 (2014) standard. This includes in situ test- 
ing using either drilling mode and/or non-drilling 
methods. In non-drilling mode (seabed) tool pen- 
etration is initiated at the seafloor and penetrated 
in a single stroke to refusal or to a predetermined 
depth. In drilling mode (downhole), the tool is low- 
ered down a predrilled borehole, and in situ testing 
is initiated at the bottom of the borehole. 


2.2 Seismic cone penetration testing (SCPTU) 


The penetrometer for a SCPTU consists of 10 cm? 
or 15 cm? piezocone, which provides continuous 
measurements of cone resistance (q,), sleeve fric- 
tion (f) and induced pore pressure (u,), with addi- 
tional instrumentation above the cone to measure 
seismic waves. The cone is pushed into the ground 
at a nominal rate of 20 mm/s (ISO 19901-8, 2014). 

Measurements are made using geophones to 
detect shear wave velocities and pressure wave 
velocities, v,, using an SCPTU. The shear wave is 
recorded in three axes by three geophones in the 
x, y and z directions, referred to as a geophone 
array as illustrated in Figure 1. The seismic cone is 
pushed into the soil and stopped at regular inter- 
vals to carry out testing. 

A seismic velocity test (SVT) consists of several 
shots, which may be stacked to improve the signal 
to noise ratio (SNR). The moment the source is 
triggered, the data acquisition unit starts record- 
ing seismic response of the geophone array to the 
shear wave produced. 

From analysis of the signal traces recorded, the 
arrival time of the shear wave can be estimated. The 
difference in the shear wave arrival times between 
tests at different depths can be used to calculate 
interval velocities. When a cone with a single geo- 
phone array is advanced through the soil, the cal- 
culated interval velocities are regarded as pseudo 
interval velocities. This is because separate shots 
have been used to infer the difference in the arrival 
times and subsequently calculate the interval veloc- 
ity. If two geophone arrays are used, spaced at a 
known distance from each other within the tool, 
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Figure 1. Offshore setup and SCPTU cone details. 


then the actual difference in the arrival time from a 
single shot can be measured; this is the true interval 
velocity (Rice, 1984). One main advantage when 
using a dual geophone array is that the results are 
much less affected by any error in the trigger tim- 
ing and the start of data recording. 


3  SCPTU DETAILS 


3.1 Seismic source 


The source for the seismic tests was Fugro’s hydrau- 
lic underwater shear wave hammer (HUSH) box 
fixed to the base of modified seabed frames. The 
source setup was the same for both modes with 
an offset of 0.75 m from the centre of the seabed 
frame and CPT rod as detailed in Figures 1. Align- 
ment of geophone axis with the source was not 
possible with the offshore set up. 


3.2 Data acquisition—Non-drilling mode 


Continuous push of SCPTU in non-drilling mode 
were performed using Fugro’s SEACALF® system. 
A single geophone array seismic piezocone was 
used as detailed in Figure 1. The cone penetration 
was paused approximately every 1 m to perform 
SVTs. Pseudo interval velocities over 1 m could 
then be derived. Relative penetration depth accu- 
racy for this interval is in the order of + 0.02 m. 


3.3 Data acquisition—Drilling mode 


Drilling mode SCPTU were performed using 
Fugro’s WISON® system. The downhole SCPTU 


equipment had a maximum penetration length of 
3.0 m. A dual geophone array seismic piezocone 
(0.5 m fixed array offset) was deployed as detailed 
in Figure 1. True interval velocities were calculated 
with this method. Nominally, penetration was 
paused at 1.5 m to perform a SVT and then again 
after maximum penetration. 

If penetration refusal occurred, then a SVT was 
performed at this point. True interval velocities 
over 0.5 m could then be derived approximately 
every 1.5 m. 

For true interval velocity measurement, the 
depth accuracy is less critical due to the fixed offset 
of the geophone array. 


3.4 Seismic velocity test (SVT) procedure 


Each SVT consisted of a minimum of four shots. 
The form of the seismic trace was reviewed after 
each shot to identify the approximate shear wave 
arrival. Additional shots were performed when 
random noise or inconsistencies were identified to 
ensure enough data was acquired before advance- 
ment of the cone to the next SVT depth. SVTs 
continued until the shear waves could not be easily 
identified in the seismic traces. 


3.5 SVT data processing 


Individual shots were reviewed using seismic data 
analysis software, SC3-RAV (BCE, 2015). Shots 
free of significant random noise and unexpected 
arrival times were stacked to improve the SNR. 
A digital filter was then applied to remove any 
unwanted frequencies. The unfiltered data was 
then compared to ensure that no significant phase 
time shifts had occurred. 

Reference shear wave arrival times were identi- 
fied using the peak to peak method. 


3.6 Interval shear wave velocity calculation 


Shear wave velocity was calculated using the 
method detailed in the main text of the ASTM 
D7400 (2014). This method assumes a direct travel 
path from the centre of the source to the centre of 
the receiver (Figures 2a and 2b). The uncertainty 
associated with this assumption is not explored 
in this paper, however, the standard recommends 
methods to estimate the true travel path. 


3.7 Data review 


The calculated interval shear wave velocities were 
then assessed based on the ranges expected for the 
given soil strata. Of the many correlations between 
v, and CPTU data that have been published, Robert- 
son (2009) provided a close match with the derived 
v, values and was useful in assessing the data set. 
Any results identified as unusual were then reproc- 
essed and the location data set was then reassessed. 
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ASTM D7400, 2014): a) Single geophone array cone; b) 
Dual geophone array cone. 
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Figure 3. Non-drilling mode example location normal- 
ised amplitude seismic traces. 


The review happened in two stages the first 
was performed offshore in advance of prelimi- 
nary deliverables and the second was performed 
onshore in advance of the final data reports. 


3.8  Non-drilling mode results 


In general, the v, results calculated using geophones 
in the x and y directions showed close agreement. 
Strong correlations between the derived v, from 
the SCPTU, and the v, estimated from the tra- 
ditional CPTU parameters was also observed. 
Figure 3 shows seismic traces from an example 
non-drilling mode location. Figure 4 shows the 
calculated v, for this example location. Note that 
the reliability of derived v, in the upper 2 m to 
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Figure 4. Non-drilling mode example location v, data. 
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Figure 5. Drilling mode example location normalised 
amplitude seismic traces. 


5 m (ISO 19901-8:2014) may not be representa- 
tive depending on the system characteristics and 
site conditions, however, for the example given the 
results from 2 m are consistent with subsequent 
tests at greater depth. 


3.9 Drilling mode results 


In general, the v, results calculated using geo- 
phones in the x and y directions were incon- 
sistent. Figure 5 shows seismic traces from an 
example drilling mode location with variable 
stratigraphy. Figure 6 shows the calculated v, for 
this example location from both axes in addition 
to the v, derived using CPTU data. Results from 
2.5 m are consistent with subsequent tests at 
greater depth. 
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Figure 6. Drilling mode example location v, data. 


4 V, DATA INTERPRETATION AND 
EVALUATION 


In trying to assess the quality of the data, it became 
apparent that for both drilling and non-drilling 
modes, there is no agreed standard for quantitative 
estimates of accuracy. Instead, users have to rely 
on comparisons with known reasonable values and 
insight into the raw data and processing sequence 
to build confidence in the results. 

The scatter of the drilling mode logs is too 
large for the results to be used with confidence 
(Figure 6), although it is acknowledged that a 
slightly more mixed geology might complicate the 
conclusions further. By going back through the 
processing steps a number of factors can be iden- 
tified that influence the quality of the calculated 
velocities can be identified. 

The highly scattered final velocities correspond 
with large deviations between the velocities calcu- 
lated for the x and y geophone components. One 
factor influencing the results is the uncertainty 
of first arrival picks. The accurate picking of first 
arrivals is limited by noise in the data traces mask- 
ing the arriving signal, see Figure 5. 


4.1 Noise 


There are mainly two different types of distortions 
of the transmitted signal that may result in diffi- 
culties interpreting the received records: Random 
noise and coherent noise. 

Random noise is usually coming from external 
sources and is not related to the seismic source 
itself. It will change from one shot to the next and 
can therefore be reduced by stacking of several 


recordings. Random noise can be expected to 
increase with depth relative to the signal as the 
signal path gets longer and the seismic waves get 
dampened and spread out over a larger area. 

In the end, a depth will be reached when the 
SNR will be too low and the source signal can no 
longer be identified with the required accuracy in 
time, if at all. 

Coherent noise, on the other hand, is related to 
the signal from the source. It can be a by-product 
from the source itself, or it can be the result of 
disturbances along the signal path. Examples can 
be waves travelling along the drill string or casing, 
typically with higher velocity than in the surround- 
ing soil. Coherent noise typically does not change 
between shots and cannot be reduced by stacking. 

In non-drilling mode, very little variation is seen 
between the unstacked traces providing evidence 
of a low level of random noise. The SCPTUs reach 
refusal before getting the depth where the signal 
gets dampened significantly. Distinct first arrivals 
can be identified in the majority of the traces and 
no significant signs of coherent noise can be iden- 
tified (Figure 7a). 

In drilling mode, the greater maximum penetra- 
tion depth means that some traces are influenced 
by low SNR and the unstacked traces show larger 
variations due to random noise (Figure 7b). The 
overall signal quality, also for traces with little ran- 
dom noise, is lower with less distinct first arrivals. 
The received waveform varies little with depth, 
and it is therefore unlikely that the distortions are 
caused by the variations in the geology. The distor- 
tion of the signal is attributed mainly to coherent 
noise generated by signals travelling in the drilling 
mode equipment and disturbances of the soil cre- 
ated during drilling. 

At greater depth, the signal is dampened and 
random noise starts to dominate reducing the sig- 
nal to noise ratio. Random noise will eventually 
deteriorate the signal enough that no interpreta- 
tion can be done. 


Depth [m] 


100 125 175 250 


150 
Time [ms] 
Figure 7. a) Comparison of traces recorded in drilling 
mode (dotted line) and non-drilling mode (solid line) 
at the same location. b) Random noise in deep drilling 
mode traces. Dotted lines are the unstacked traces and 
the solid lines are the stacked traces. 
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4.2 Deviations between the horizontal components 


The S-waves recorded are horizontally polarized 
and are recorded by two horizontal receivers placed 
perpendicular to each other. 

The signal will be distributed between the two 
receivers depending on their orientation relative to 
the source. This orientation changes if the seismic 
cone is rotated around its own axis (Figure 8). In 
some setups rotation can happen while the cone is 
pushed down. A change in orientation will change 
the relative signal strength of the receivers, but not 
the timing of the signal arrival. If both receivers’ have 
enough signal strength for the record to be inter- 
preted they should agree on the v, value. Any differ- 
ence will reflect the uncertainty on the derived v.. 

The relatively broad and indistinct first arrivals 
of the drilling mode data make accurate picking of 
the first arrival times difficult. This increases the 
uncertainties of the calculated v, values resulting in 
significant scatter and deviation between the two 
components. 


4.3 Receiver array distance 


The SVT velocity values are calculated from differ- 
ences in travel time to different depths. There are 
two options for obtaining the records from the two 
depths needed to find the travel time difference: 
They can be recorded simultaneously using two 
receiver arrays (true interval), or one after the other 
by moving a single receiver array (pseudo interval). 

The advantages of the single array system are 
that it requires less equipment and the receivers 
take up less space along the SCPTU tool. 


Receivers 


Recorded traces 


ime [ms! 


Receivers 


Recorded traces 


Time [ms] 


Figure 8. Two examples of receiver orientation in rela- 
tion to the direction to the s-wave source, showing how 
the rotation influences the distribution of the signal 
between the perpendicular receiver components. 


The main advantage of using the dual array 
setup is the elimination of the error on the distance 
measurement between the two receiver depths as 
well as the influence from variations in the tim- 
ing of the shots. Timing variations will still have a 
negative impact on trace stacking. 

In the present data set the dual array setup was 
only used in drilling mode. Due to space con- 
straints in the equipment the distance between 
the dual receiver arrays was limited to 0.5 m, as 
opposed to the 1 m distance used for the non-drill- 
ing mode data. 

The choice of receiver array distance, apart 
from practical constraints, is a trade-off between 
depth resolution and accuracy of the calculated v, 
velocities. 

In principle, the dual receiver array used in drill- 
ing mode should be more accurate than the single 
array used in non-drilling mode, as the dual array 
minimizes any uncertainty in the trigger timing 
and the distance between the receiver arrays. How- 
ever, for the drilling mode data the improvement in 
distance accuracy (fixed 0.5 m) does not compen- 
sate for the difficulties in accurately determining 
the shorter time delay between the traces. Under 
the conditions of the two surveys presented, the 
0.5 m receiver spacing may have been too small and 
contributed to the scatter in the v, values. 


4.4 Confidence as a substitute for accuracy 


Some insight into the data confidence can be 
gained by calculating signal to noise ratios of 
records. However, these parameters do not easily 
translate into quantitative estimates of the accu- 
racy of the resulting v, values. 

Assessing the quality of the seismic results has 
therefore mainly relied on three characteristics: 
Consistency between the two components, amount 
of variation between adjacent v, values and evalua- 
tion of the raw data and first break picks. 


5 CONCLUSIONS 


Non-drilling mode and drilling mode methods can 
provide v, data. The main challenge is that no com- 
mon practice is available to define quality, accu- 
racy, uncertainty and reliability of the measured 
and derived data. 

During the review process, the understanding of 
the following was found to be critical when evalu- 
ating the data: 
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e The techniques used; 

e Nature of noise within traces; 

e Variation in the v, derived from the geophone 
components (x & y); and 

Impact of geophone arrays and interval distance. 


It has become apparent to the authors that col- 
laboration and an in-depth understanding of the 
procedures and equipment used cannot be underes- 
timated. The end user of the v, results cannot refer 
to a quality measure and therefore needs to know 
the derivation of the results to have confidence. 


6 RECOMMENDATION 


The community must work together and agree on 
a standardised method for operational testing set- 
ups, data evaluation and reporting in order to pro- 
vide reliable and trustworthy results for further use. 

Lacking quantitative measures of v, accuracy 
means that gaining insight into the raw data and 
the data processing is essential to create confidence 
in the results. This raises the level of detail required 
in the reporting phase and demands a greater 
insight into the data acquisition and interpretation 
by the end users of the processed results. It is thus 
recommended that current project specifications 
clearly detail requirements to SCPTU reporting 
beyond standard requirements. 
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ABSTRACT: In this study, laboratory Cone Penetration Tests (CPTs) were conducted in the MARUM 
Calibration Chamber (MARCC) with three lateral boundary conditions: (BC), constant stress, constant 
strain and the simulated field conditions with constant stiffness. Cuxhaven-Sand was studied in the cham- 
ber tests and tip resistance-relative density (q. — D,) relationships were generated for each BC. Labora- 
tory experiments were carried out to estimate the mechanical properties of the Cuxhaven-Sand. Multiple 
numerical analysis have then been undertaken to simulate the calibration chamber results. First, the soil 
model was calibrated against laboratory soil parameters and a CPT result of the calibration chamber with 
fixed lateral boundaries, then, a numerical penetration analysis in an infinite soil mass was performed 
to evaluate the implemented constant stiffness boundary condition in the chamber. Good agreement 
between experimental and numerical cone resistances demonstrates the possibility of using the advanced 
small volume MARCC for producing controlled CPT results applicable in true field test conditions. 


1 INTRODUCTION advantages of CC tests, the limited size of the sam- 
ple or chamber may impose boundary effects on 
Calibration chambers (CCs) play a crucial role in the measured cone resistance. This phenomenon 
the interpretation and analysis of cone penetration was observed when different chambers or cone 
test (CPT) results. The advantage of cone penetra- sizes were adopted for tests under BC1 and BC3 
tion tests in a CC is that material properties and along with defined materials or stress conditions 
the stress state of the sample can be controlled.  (Jamiolkowski et al., 1985). Moreover, the bound- 
Therefore, uncertainties in the dependency of cone ary effect may also be related to the soil density. 
resistances on soil and stress state are less ambiva- For example, Schnaid & Houlsby (1991) reported 
lent than in field tests. The conventional boundary an increase of boundary effect with increase in 
conditions of the sample in a CC are either con- relative density (D,) under BC1 conditions. 
stant stress or constant strain in lateral and vertical The calibration of field CPT data with labora- 
directions. Two widely used boundary conditions tory CC experiments requires either the sample to 
are BC1 and BC3. In both cases the vertical stress be large enough or the measured q, to be corrected 
boundary is applied, the lateral boundary in BC! for boundary effects. Parkin and Lunne (1982) 
applies a constant stress, while in BC3 the lateral concluded that the boundary effect is negligible 
displacement is fully constrained, which results in when the ratio of sample to cone diameter (R,) 
a constant strain (Salgado et al., 2001). Despite the is larger than 50 and Jamiolkowski et al. (2003) 
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recommended a R, of at least 70. Working with 
such big CC is technically and economically more 
challenging regarding the amount of materials 
needed and the time spent on sample preparation. 
Therefore, some studies attempted to establish cor- 
rection factors for the q, values measured in small 
volume CC by comparing the values of CC with 
field tests (Mayne & Kulhawy, 1991; Jamiolkowski 
et al., 1985; 2003; Butlanska et al., 2009). A prob- 
lem associated with these studies is that the cor- 
rection factors are determined for specific samples, 
cone sizes or sands. Therefore, they cannot be gen- 
erally used for all CC test. Another approach to 
tackle the size effect is to impose a constant stiff- 
ness on the lateral boundary of the sample and to 
simulate an infinite soil mass. Huang & Hsu (2005), 
following the work of Ladanyi (1972), proposed a 
stress-strain relation for the lateral stiffness bound- 
ary utilizing the equilibrium equation in cylindrical 
coordinates. The stress-strain response of the soil 
is first determined by compressing the sample in 
the lateral direction and then the obtained radial 
stress-strain relationship is used to replicate the 
stress on a sample embedded in an infinite soil 
mass. This boundary condition is called BCS or 
simulated field boundary condition. Their sam- 
ple in CC is confined with several rings and each 
ring controls the required stress strain relationship 
independently. 

In this study, a small volume CC (Fleischer 
et al., 2016) with a R, of 25 was equipped with 
three circumferential strain sensors. The approach 
initially proposed by Ladanyi (1972), which 
has the aim to determine the undrained shear 
strength of clay using a pressuremeter, was refor- 
mulated for CC in order to estimate the imposed 
stress at the sample boundary under BCS. An 
important step is to validate this new boundary 
condition and to prove that the stress state inside 
the chamber is comparable to the stress of an infi- 
nite soil mass. For this purpose, several chamber 
tests were conducted under BCI, BC3 and BC5 
and the q,-D, relationships were generated for 
these boundary conditions. Cuxhaven-Sand, an 
onshore material analogous to Pleistocene South- 
ern North Sea sand was used as the sample mate- 
rial. Then, numerical models of the chamber with 
these three boundary conditions were generated 
using the commercial finite element (FE) software 
ABAQUS (Abaqus manual version 6.11). Mohr- 
Coulomb soil parameters were obtained from tri- 
axial testing and then the soil model was calibrated 
using CC test with the constant strain boundary 
condition of BC3. The numerical results were 
compared with the CC tests under both BCI and 
BCS in order to evaluate the capability of the CC 
in reproducing q„ comparable with CPT tests in 
an infinite soil mass. 
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2 THE SMALL VOLUME CALIBRATION 
CHAMBER 


2.1 


A small volume CC was developed in Marine 
Engineering Geology working group of the 
Center for Marine Environmental Sciences 
(MARUM), University of Bremen (Fleischer 
et al., 2016). The MARUM CC (MARCC) is 
similar to a large triaxial cell with a sample 
of 300 mm in diameter and 550 mm in height 
placed in a latex membrane (Fig. 1). An in-house 
designed small cone with a 12 mm diameter is 
used for the tests resulting in a R, of 25. The 
chamber is equipped with three LVDT circumfer- 
ential sensors to measure the lateral strain of the 
sample throughout the tests. The LVDT sensors 
are placed at vertical distances of 150, 250 and 
350 mm from the top of the sample. 


Overview 


2.2 Boundary conditions 


MARCC has different vertical and lateral bound- 
aries. The top boundary of the sample is a fixed 
sintered steel plate, while the lower boundary is a 
stress-controlled water filled cushion and applies 
a constant pressure. The lateral boundary can be 
fully fixed by using a rigid steel casing, which is 
used for boundary condition BC3 (Fig. 2). The 
BCI is realized by regulating constant pressure 
around the latex membrane of the sample in CC. 
The complexity, however, lies in the implemen- 
tation of the simulated field boundary condition 
BC5 in the MARCC. In an ideal scenario, the 
BCS should reproduce the stress and strain at the 
sample lateral boundary in such a way that the 
sample is embedded in an infinite soil mass (Fig. 3). 
While BC1 and BC3 are independent of soil 
properties and the sample size, BCS simulates the 
material dependent displacement and induced 


Figure 1. An overview of the calibration chamber facil- 
ity MARCC at MARUM, University of Bremen. 


Cone 
ee 


Rigid steel plate 


v= 

=> mM 

— O 

a a 

ba 

a> * o 

— pen a 

xz S 

(79) Y 
a2 


— 

TD 
a 
—> 
de 

U 
—> 
> 


Figure 2. Axisymmetric schematic drawing of the BCI 
and BC3 in the CC. 
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Figure 3. Axisymmetric schematic drawing of an ideal 
BCS in the CC. 


stress at the lateral boundary. The actual lat- 
eral stress in BC5 thus depends on how the soil 
deforms during penetration. In order to derive an 
analytical expression for the stress-strain response 
around a cylindrical cavity expansion, Ladanyi 
(1972) proposed to use the equilibrium equation in 
cylindrical coordinates with no body forces and no 
vertical stress variation as follows: 


ate anti IN, (1) 
dr F 
where r is the radius and o, and o, are the total 
principle stresses in radial and tangential direc- 
tions, respectively. As the o, and o, are the principal 
stresses, the term o, - 0, is a deviatoric stress, q. 
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The equilibrium equation should be satisfied at 
any point inside the sample and on the boundary. 
During penetration the cavity radius expands, 
Equation | is then integrated for any incremental 
change in the sample radius for r, to r, as follows: 


| do, = [oar D 


where q;;„ is the deviatoric stress at increment i to 
i+]. Assuming a constant q,,,, through each incre- 
mental radius change. After some mathematical 
calculation, Equation 2 can be rewritten as: 


oi =—q, (n+ e) In (+ &))+ 0: (3) 


where e, is the radial strain and the superscript / is 
the increment number. 

Equation 3 is an analytical expression of radial 
stress and radial strain around the axis of symmetry 
of the sample. The term q,,,, is a function of the 
stress level, the distance from the center of cavity 
expansion and the soil mechanical response. If it is 
assumed that the elastic response of the soil under 
small deformation at the chamber boundary is simi- 
lar in both compression and expansion, g,,,, can be 
evaluated by an initial lateral compression of the 
sample. Therefore, after the preparation and con- 
solidation of the sample, the lateral stress is incre- 
mentally increased by 10 kPa/min until a maximum 
radial strain of 0.08% is reached. The radial strain is 
derived from the circumferential LVDTs and allows 
a relationship between q, ,,, and e, to be established. 

When the cone penetrates under BCS, the 
required incremental increase in the lateral stress is 
calculated for each increment of radial strain and 
its corresponding q,,,, using Equation 3. 

Within the MARCC, the increase in lateral 
stress is controlled by the maximum radial strain 
recorded with the three LVDTs. This potentially 
introduces some artefacts, as the stress increases 
around the whole height of the chamber uniformly 
and the radial strain measurement is only at three 
levels. The effectiveness of this approach for incor- 
porating simulated field boundary condition in 
calibration chambers is discussed in Section 6. 


3 MECHANICAL PROPERTIES 
OF CUXHAVEN SAND 


The mechanical properties of the Cuxhaven-Sand 
are needed to perform numerical analysis of the 
CPTs in MARCC. A linear elastic-perfectly plastic 
behaviour with Mohr-Coulomb failure envelope 
was chosen for this study, requiring the elastic 
parameters, the internal friction angle and dilation 
angle of Cuxhaven-Sand. 
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Figure 4. Peak friction angle as a function of relative 
density. 


A correlation between the peak/critical friction 
angle and relative density for Cuxhaven sand was 
derived by a sequence of monotonic triaxial com- 
pression tests and sand cone pluviation tests, fol- 
lowing procedures outlined in Wichtmann (2005) 
(Fig. 4). The critical friction angle is 32 degree and 
the dilation angle is estimated using 


W=- (4) 


where p, and g/are the peak and critical friction 
angles and y is the dilation angle (Susila and 
Hryciw, 2003). 

The Young’s modulus, of the soil significantly 
controls the concentration of induced stress 
around the cone. The Young’s modulus is nonlin- 
ear and known to be affected by the mean effective 
stress (Susila & Hryciw, 2003; Tolooiyan & Gavin, 
2011). Therefore, CPT results are used to calibrate 
this parameter for the Cuxhaven-Sand. 

In order to estimate the relative density of the 
Cuxhaven-Sand inside the chamber, the maximum 
and minimum void ratio was determined follow- 
ing DIN 18126 (1996) and the relative density is 
calculated as: 


ë E 0.82- e 
Da = = (5) 
Emax Emin 0.82 — 0.48 
where eax Emn and e are the maximum, minimum 


and actual void ratio, respectively. 


4 CPT IN MARCC WITH DIFFERENT 
BOUNDARY CONDITIONS 


The q.D, relationships of the Cuxhaven-Sand for 
BC1, BC3, and BCS conditions were established 


for initial relative densities ranging from dense to 
very dense based on several tests per boundary 
condition (Fig. 5). 

All samples were prepared by air pluviation to 
relative densities between D¿=0.75 and Dp=0.95. 
Air-pluviated samples were vacuum saturated in 
MARCC by allowing de-aired and demineral- 
ized water to slowly percolate from the bottom 
to the top of the sample. A Skempton B-value 
of at least 0.95 was reached for all tests. Vertical 
and radial consolidation stresses of 300 kPa and 
190 kPa were applied, respectively and a back 
pressure of 100 kPa was realized. These condi- 
tions represent a burial depth of around 18 m to 
20 m, which is important for offshore wind tur- 
bine foundations. All saturated and consolidated 
samples were penetrated by a 12 mm cone under 
drained conditions with a constant penetration 
speed of 2 cm/s. 
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Figure 5. CPT results in Cuxhaven sand obtained in 
MARCC with different boundary conditions. 
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Figure 6. Comparison between CPT results obtained in 
Huang 8 Hsu's (2005) chamber and MARCC under BCS. 


312 


Figure 5 provides the q, — D, relationships 
obtained with different boundary conditions. One 
data-point for CPT represents the steady-state 
cone resistance over a penetration depth of usu- 
ally 150-300 mm. As expected, the constant stress 
boundary condition BCI results in the lowest q. 
values and the constant strain boundary condition 
BC3 gives the highest. The simulated field bound- 
ary condition, BCS shows values between BCI and 
BC3. 

The larger CC of Huang & Hsu (2005) with its 
independent circumferential rings is, despite our 
use of only one lateral stress and the use of a dif- 
ferent sand, in good agreement with the results 
presented in this study (Fig. 6). 


5 NUMERICAL MODELLING OF 
CALIBRATION CHAMBER TESTS 


The numerical analyses of the CC tests were 
carried out using the commercial finite element 
package, ABAQUS (Abaqus manual version 6.11). 
The symmetry around the cone axis allows an 
axisymmetric formulation for the model set up. 
Suitable mesh refinement around the cone is an 
important numerical parameter, which needs to be 
determined in order to avoid mesh-dependency in 
the results. As there is no rule of thumb, the appro- 
priate mesh size is evaluated by repeated runs with 
a stepwise mesh refinement until the value of q, 
stays constant. 

The penetration process of CPT involves large 
deformation of the soil around the cone. There- 
fore, the arbitrary Lagrangian-Eulerian (ALE) 
formulation, implemented in ABAQUS, is used 
as a means to avoid the excessive mesh distortion 
around the cone, which could terminate the solu- 
tion. This method allows for the adjustment of the 
aspect ratio of elements around the cone where 
excessive deformation takes place (see Hu &Ran- 
dolph, 1998). The ALE formulation is only applied 
to a zone round the penetration path. 

The soil mass is considered to be weightless 
and elastic-plastic using the Mohr-Coulomb fail- 
ure criteria. The solution is explicit dynamic so 
axisymmetric linear elements (CAX4R) are used. 
The cone and rod is assumed to be rigid, therefore 
an analytical rigid surface is adopted to represent 
them. As the tests are static CPT in highly perme- 
able sand, it is assumed that the system is drained. 
Therefore, based on the values of pore pressure and 
total stresses mentioned in Section 4, the numerical 
analyses are conducted with the effective stresses of 
200 kPa and 90 kPa for vertical and lateral bounda- 
ries, respectively. The contact friction between the 
cone and the sand is assumed half of the internal 
friction angle of the soil (Susila & Hryciw, 2003). 


ALE-Mesh Conventional FE-Mesh 


Deformed mesh around the cone in the FE 


Figure 7. 
model. 


The BCI and BC3 boundary conditions are 
applied as constant stress or fixity at the boundaries. 
However, in order to test the BC5 of the MARCC 
in the numerical model, an infinite soil mass is 
required in the lateral direction of the chamber. 
Therefore, the lateral boundary is extended (see 
Figure 3) four times leading to Ry = 125, which 
is beyond the recommended value of 70 for CC. 
The employed mesh refinement around the cone 
and the quality of the deformed mesh with ALE 
formulation is presented in Figure 7. 


6 NUMERICAL ANALYSES OF CPTS IN 
MARCC 


6.1 Calibration of the stiffness of Cuxhaven-Sand 
with CPT results 


BC3 is the best-defined boundary condition con- 
sisting of a top and circumferential fixity with only 
the lower boundary being subjected by variable 
but constant stresses. Therefore, BC3 tests were 
selected for the purpose of model calibration using 
the soil stiffness for the Cuxhaven-Sand as a vari- 
able. A relative density was chosen for the calibra- 
tion and its corresponding mechanical properties 
are derived from experimental results, whereas the 
Poisson's ratio (v) is assumed (Table 1). 

Several attempts with different elastic modu- 
lus values were conducted in order to calibrate 
this parameter for a relative density of 82% and 
the best result is presented in Figure 8 along with 
two other trials. An £ of 50 MPa results in a cone 
resistance of almost 31 MPa, which is similar to 
the measured cone resistance in the CC test. It is 
also observed that the Young’s modulus of the 
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Table 1. Experimental data for the selected relative 


density. 
Parameters Values 
Relative density (D,) 82% 
Peak friction angle (;) 41 
Critical friction angle (¢/) 32 
Dilation angle (y) 
Young’s modulus (£”) ? 
Poisson’s ratio (v) 0.3 
Cone resistance, q, (MPa), in MARCC with: 
BCI 20.2 
BC3 31 
BCS 29 
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Figure 8. Three trial numerical CPT curves for CC test 


under BC3 with soil parameters presented in Table 1 and 
different Young's moduli, the straight-line represents the 
average value of the steady state part of the experimental 
CPT curve. 


Cuxhaven-Sand has a significant effect on the sim- 
ulated q, due to its influence on the induced stress 
concentration around the cone. 

The value of 50 MPa for this sand for a mean 
effective stress (p”) of 126.7 kPa is in good agree- 
ment with the experimental graph of p’-E reported 
by Tolooiyan & Gavin (2011) for Blessington Sand, 
which gives E = 50.6 MPa for the same p’. 


6.2 Prediction of the CPT results in MARCC 
under BCI and BC5 


The set of mechanical properties of Cuxhaven- 
Sand with relative density 82%, achieved in the pre- 
vious section, is used in order to predict the cone 
resistance in CC with BC1 and BCS. Comparing 
the numerical result with the CC test is important 
in two aspects. First, it is interesting to see how well 
the boundary effects are reproduced in FE analyses. 
This could potentially help to determine boundary 
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Figure 9. Numerical and experimental results for the 
uncalibrated CPTs in CC under BCI and BCS. The 
straight-lines represent the average values of the steady 
state part of the experimental CPT curves. 


effect correction factors for the CC results using 
finite element analysis. Second, as the numerical 
CPT with BCS has an actual infinite lateral bound- 
ary, it allows us to evaluate the performance of the 
implemented BCS in MARCC. 

Figure 9 shows the numerical CPT curve 
versus the g, measured in MARCC with both 
uncalibrated boundary conditions BCI and 
BCS. A good agreement between FE analyses 
and the experimental results is observed. It can 
be concluded that the less sophisticated set-up 
in MARCC for the simulated field boundary is 
effective enough to produce CC’s results, which 
are comparable to CPTs in infinite soil mass. A 
slight error in reproducing CPT results under BC1 
condition can be seen. This issue could poten- 
tially be due to the simplicity of the soil model or 
caused by friction on the lateral boundary in the 
MARCC test, which was considered as friction- 
less in the numerical model. 


7 CONCLUSION 


In this study, the small volume calibration chamber 
MARCC was equipped with circumferential strain 
gauges and a servo-control lateral pressure system 
in order to reproduce the so-called simulated field 
boundary conditions BCS. This boundary condi- 
tion allows production of CPT results comparable 
to field tests in calibration chambers. A numerical 
analysis was then used to evaluate the performance 
of the implemented boundary conditions. 
Through several numerical and experimental 
CPTs with Cuxhaven-Sand, it was shown that 
numerical modelling captures the effect of dif- 
ferent boundary conditions in the calibration 


chamber. This could potentially be a way to correct 
the calibration chamber's results for the bound- 
ary effect. In addition, the implemented BCS in 
MARCC was validated by this numerical analy- 
sis. It is observed that—despite the simplicity of 
the MARCC—the measured cone resistance with 
simulated field boundary conditions is in good 
agreement with a more sophisticated calibration 
chamber in the literature and also matches well 
with the numerical CPT results in an infinite soil 
mass. This finding is of great importance, as it 
allows for the use of MARCC’s output for engi- 
neering practice with more confidence. 
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Transition- and thin layer corrections for CPT based liquefaction 


analysis 


J. de Greef & H.J. Lengkeek 
Witteveen+Bos, Deventer, The Netherlands 


ABSTRACT: Liquefaction potential of the subsoil is often assessed by performing an automated CPT 
based liquefaction triggering procedure. Due to a bias in the measured cone penetration resistance errone- 
ous prediction of the liquefaction potential can be expected at the transition of soft, non-liquefiable and 
stiffer, liquefiable layers. This too is the case for relatively thin liquefiable layers interbedded in soft soil 
layers. A simple procedure is proposed that provides a solution to both issues in an automated liquefac- 


tion potential screening. 


1 INTRODUCTION 


1.1 Problem description 


Liquefaction potential of the subsoil is often 
assessed by performing an automated CPT based 
liquefaction triggering procedure. These trig- 
gering procedures are established rather well for 
sand-like and clay-like materials. On the interface 
of the two however, there exists a discreet bound- 
ary (Robertson, 2009). Close to this boundary the 
soil can be interpreted in two ways: either the soil 
is not liquefiable at all (clay with a relatively high 
cone tip resistance), or the liquefaction potential is 
very large (fine sands with a relatively low cone tip 
resistance). As such the triggering assessment may 
give an erroneous prediction of the liquefaction 
potential and consequential expected settlements 
or lateral displacements. This is the case at inter- 
bedded sandy soil layers and in the proximity of 
layer transitions. 

Youd et al. (2001) recommend an often referred 
to lower bound relationship, which can be used to 
account for the effect of thin interbedded sandy 
soil layers that are affected by surrounding soft 
soil layers. This procedure does however require 
human interference upon application. 

Erroneous prediction of the actual relative den- 
sities close to the proximity of layer transitions can 
be addressed by performing two steps. First iden- 
tifying these transition zones, e.g. by establishing a 
criterium of the rate of change of the soil behavior 
type with depth. Second is then deleting them from 
the analysis results. This could in practice also lead 
to deleting soil layers with a low relative density 
that happen to be located close to a transition. 


1.2 Scope 


Boulanger et al. (2016) note that there exists a 
potential bias from the thin layer effects and cor- 
rections are not uniformly applied or relied upon. 
Ideally bias should be removed from the analysis in 
a repeatable procedure. The scope of this paper is 
doing exactly that by relying closely on the original 
recommended relationship by Youd et al. (2001). It 
is stressed that further laboratory testing schemes 
are required to increase the understanding of the 
physical aspects of the problem. 

The formulation of the thin layer correction by 
Youd et al. (2001) is given by Equation 1. 


ie | (1) 


Tla, j 


Herein: 


K,, is the correction factor applied to the cone 
resistance of an entire sandy soil layer that is 
embedded in two soft soil layers 

H is the thickness of this sand layer 

D, is the diameter of the cone from which the cone 
resistance is measured 


Equation 1 can be applied to an ideal situation 
of an interbedded sand layer. As the thickness 
of H decreases to 0 m, the factor K,, in the limit 
approaches a maximum value of 1.78. The maxi- 
mum interbedded layer thickness for which a cor- 
rection is still applied is approximately equal to 30 
times the cone diameter d,. Formally, the bound- 
ary condition for using Equation 1 is H/d, < 17 - 
1.77 = 30. 
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2 PROPOSED PROCEDURE 


2.1 Formulation 


In reality the expected influence of the soft soil 
layer on the cone resistance will be largest at the 
boundaries of the soft soil layer, and smallest in the 
center of the interbedded layer. From this perspec- 
tive the following formulation is proposed: 


K, =1+025 4| 2? |-1.77 
: 17| d, 


Herein: 


(2) 


K, is the correction factor applied to the cone 
resistance of each CPT measurement interval, 

z is the shortest distance to a boundary between 
the considered sand layer and a soft soil layer. 


Using this formulation, independent of the 
total thickness of the interbedded layer H, there 
will always be a correction near the transition of 
soft and sandy soils. As z approaches 0 in this 
case, the correction at the intersection is exactly 
the maximum value of K,, of 1.78. In the middle 
of an interbedded layer (z = 0.5H) the correction 
factor is equal to the correction factor that follows 
from the original formulation by Youd et al. (2001) 
in Equation 1. The boundary condition for imple- 
menting Equation 2 is z/d, < 17/2 - 1.77 = 15. 


2.2 Theoretical example 


Suppose that there exists a soil profile with a depth 
of 2 meters in which there are two soil layers: a 
soft soil layer represented by a cone resistance of 
1 MPa and an interbedded sand layer represented 
by a cone resistance of 3 MPa. By assuming a fic- 
tive cone tip diameter of 33.2 mm the correction 
factor K,, reduces exactly to 1.0 at an interbedded 
layer thickness of 1.00 m. The difference between 
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Figure 4. Thin layer correction according to Equa- 
tion 1 and Equation 2 for an interbedded layer thickness 
of 1.00 m. 


Equations 1 and 2 is shown in Figures 1 to 4 for 
interbedded layer thicknesses of respectively 0.25, 
0.50, 0.75 and 1.00 m. 


2.3 Relative layer thicknesses 


Using the proposed formulation from Equa- 
tion 2, there still are some issues that need to be 
addressed: 


— In the ideal situation a perfectly clean sand 
layer is interbedded in perfectly clean clay lay- 
ers. In reality a boundary should be defined 
to determine whether a soil is ‘clay-like’ or 
‘sand-like’. 

— Itis assumed that the correction at the boundary 
of a sandy soil layer is independent of the thick- 
ness of the clay layer. Intuitively this assumption 
is incorrect as a clay lamination with a thickness 
of 2 cm is expected to have a smaller influence 
than a clay layer with a thickness of 2 m. 


As a boundary between clay-like and sand-like 
behavior the soil behavior type index I, by Rob- 
ertson (2009) can be adopted. As a first guess a 
value of 2.6 will depict the boundary between 
liquefiable and non-liquefiable soils and thus the 
soil types, but it is recommended that locally an I, 
plot will be compared with a borehole description 
to establish whether this value is indeed appropri- 
ate. Note that the sleeve friction f, is inherently 
averaged over the length of the sleeve. As a con- 
sequence there are in practice limitations to cor- 
rectly identifying layers with a thickness less than 
the sleeve length. 

To implement the thickness of the surrounding 
soft soil layers in the approach, the formulation 
from Equation 2 is extended further: 


K =140.25| L 22 |-1.77 (3) 
“e 17| a, 


Herein z, represents the effective distance to a 
layer boundary. If the thickness of a soft soil layer 
A is large compared to the distance of an interbed- 
ded layer, z, should approach z. If the thickness 
of a soft soil layer is small compared to the dis- 


tance from that layer, z, should approach infinity 
(although the limit z/d, < 15 still applies). Given 
these boundary conditions Equation 4 is proposed 
wherein a and b are fitting parameters that can be 
chosen on a basis of expert judgment (see Figure 5) 
or can be verified based on back-calculation of 
case history data. 


b 
z,=2(1+02) (4) 


2.4 Implementation in spreadsheet 


In this paragraph the implementation of Equa- 
tion 2 into an Excel spreadsheet environment is 
presented. 

Table 1 shows the different column descriptions 
after which Equation 5.C to 5.H give the formu- 
lae that can be implemented in a spreadsheet. 
These should be entered in Row #1 and can then 
be dragged down to Row #1000, assuming a total 
of 1000 CPT data entries starting at Row #1. It is 
noted that the reference level in Column A should 
contain values that are decreasing with increasing 
depth. 

Note that for the implementation of Equation 3 
a similar set of equations can be used. If the bot- 
tom of the clay layer is known, all thicknesses are 
available. By comparing the distance z to a clay 
layer with a certain thickness A, Equation 4 can 
be applied. By doing so at the top and bottom of a 
sand layer, Equation 5.H can be applied to deter- 
mine K,,. 


Table 1. Implementation of Equation 2 to Excel. 
Column Description Equation 
A reference level - 

B id soil type - 

C top of sand layer 5C 

D top of clay layer 5.D 

E bottom of sand layer 5.E 

F H/z from top of layer S.E 

G H/z from bottom of layer 5.G 

H correction factor K, 5H 


= IF(B1 = “sand”;IFERROR(LOOKUP(2;1/($B$1:B1 = 
“clay”);$A$1:A1);MAX($A$1:$4$1000)+5);0) (5.C) 
= IF(B1 = “clay”; IFERROR(LOOKUP(2;1/($B$1:B1 = 
“sand”):$A$1:A 1);MAX($A$1:$A$1000));0) (5.D) 


ze/z 
oR NY RU DN o © 
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A/z 


Figure 5. Implication of Equation 4 using a= b = 0.5. 
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IFERROR(INDEX(D1:$D$1000;MATCH(TRUE;IN 
DEX (D1:$D$1000<>0;);0)):MIN($A$1:$A$1000)-5) (5.E) 
= IF(BI = “sand”;(C1-A1)/d_cone;0) (5.F) 
= IF(B1 = “sand”;(A1-E1)/d_cone;0) (5.G) 
= IF(BI = “clay”;1;1+0.25*(MIN(2*F1;2*G1;1.77*17)/ 
17-1.77)2) (5.H) 


3 METHOD APPLICATION 


3.1 Application to CPT 


In this chapter the proposed automated procedure 
will be evaluated. This is done by comparing for 
multiple CPTs the lateral displacement indices as 
reported by Boulanger et al. (2016). Herein it is 
reported that by simply applying a liquefaction 
triggering analysis the LDI index indicates that sig- 
nificant liquefaction effects are expected to occur 
along part of the Cark canal in the 1999 Kocaeli 
earthquake (M, = 7.5 and PGA 0.4 g). In real- 
ity these effects were not observed and therefore 
the conclusion is drawn that using default analy- 
sis parameters in this case results in a conserva- 
tive estimation of the liquefaction potential. An 
attempt is made to identify the factors that lead to 
the erroneous prediction. These factors are thin— 
and transitional layer corrections, site-specific 
fines calibration and site-specific soil behavior 
index calibration. 

Equation 2 is applied to the same case study to 
verify the outcome with the results from the paper. 
For this purpose the CPT-based triggering proce- 
dure by Boulanger & Idriss (2014) is used. The LDI 
is calculated by depth-integration of the Ypa, values 
from Yoshimine et al. (2006) using the limit value 
Yin AS Suggested by Idriss & Boulanger (2008). 

The calculated LDI values for the different CPTs 
are presented in Table 2. The intermediate analysis 
results in terms of a depth profile are presented in 
Figure 6 and Figure 7 for CPT-1—23. 

The range of outcomes from the default analy- 
sis closely resembles the range noted by Boulanger 
et al. (2016) of 56-123 cm. The reported median 
values are 76 cm, 53 cm and 36 cm for respectively 
the default approach, after thin—and transitional 
layer corrections, and after adding a site-specific 
fines calibration using C,,. = 0.27. Although these 
values are slightly lower than the median values 
from Table 2 of 86 cm, 62 cm and 46 cm, the per- 
centual decrease for each step is very similar. 

At CPT-1-21 and CPT-1-24 the phreatic lev- 
els were not reported. For both locations it was 
assumed that the phreatic level was at 3 meters 
below surface level, which closely resembles the 


Table 2. LDI values [cm] for the different CPTs. 


Default + Eq. 2 t Cre + PoE, 
CPT-1-21* 111.5 83.7 47.4 43.0 
CPT-1-22 57.0 47.5 33.0 31.8 
CPT-1-23 73.7 55.2 39.7 38.5 
CPT-1-24* 85.9 62.4 45.7 44.0 
CPT-1-25 97.3 66.0 51.4 47.5 


* The phreatic level at these locations was not available. 
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Figure 6. Cone tip corrections and calculated liquefac- 
tion safety factors at CPT-1-23. 
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Figure 7. Maximum shear strain at each 2 cm interval 
and culumative lateral displacement at CPT-1-23. 


average of the other three CPTs. Particularly at 
CPT- 1-21 this assumption has a great influence on 
the outcome. 

By default the liquefaction triggering analy- 
sis is performed at an exceedance probability of 
16%. When looking at expected values in the case 
of field observations an exceedance probability 
of 50% seems more appropriate. Given the low 
values of FS,,, for the potentially liquefiable layers 
as presented in Figure 6, the influence on the 
analysis outcome is marginal. For lower magnitude 
earthquakes where values of FS,,, are close to F, the 
exceedance probability may have a significant influ- 
ence on the calculated lateral displacement indices. 


3.2 Application to laboratory test results 


In 2015 multiple laboratory test were performed by 
Deltares to examine the effect of thin layers and 
layer transitions on the measured cone tip resist- 
ances. The details of these tests are documented in 
the master thesis by Van Der Linden (2016). 
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The results of the tests 5-TEST1 and 6-TEST1 
are presented below respectively in Figure 8 and 
Figure 9. The tests consisted of driving a cone with 
a tip diameter d, of 25.2 mm through clean sand 
with a relative density of 55% and multiple thin 
clay layers with varying thicknesses. 

In test S-TESTI the thickness of the clay lay- 
ers and the distance between the clay layers was 
80 mm, in test 6-TESTI the thickness of clay lay- 
ers and the distance between the clay layers was 
20 mm. No overburden pressure was applied, so 
the tests were performed at relatively low effective 
stress levels. 

In Figure 8 and Figure 9 the automated cone tip 
corrections from Equation 2 and Equation 3 are 
presented. Herein also the cone tip resistances are 
presented that can be estimated by applying the rela- 
tion from Baldi et al. (1982), given the relative den- 
sity of the sand and the vertical effective stress level. 

Due to the low (effective) stress level, commonly 
applied CPT correlations for estimating the satu- 
rated unit weight and soil behavior types are not 
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Figure 8. Results for test 5-TEST1. 
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Figure 9. Results for test 6-TESTI. 
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accurate. For application of the thin layer correc- 
tion therefore the a-priori known clay layer bound- 
aries are used. 


4 CONCLUSIONS AND 
RECOMMENDATIONS 


— A repeatable transition—and thin layer correc- 
tion procedure is proposed which is in line with 
the recommended relation by Youd et al. (2001). 

— The proposed procedure gives very similar 
results to transition—and thin layer corrections 
as reported by Boulanger et al. (2016). 

— Accounting for thickness of clay layers using a 
formulation like Equation 3 seems logical, but 
for now lacks substantiation. The correction 
will be less, whereas the LDI from the case study 
should even be lower. 

— From lab tests a clear asymmetry between the 
decrease in cone resistance at the top and the 
bottom of the sandy soil layer can be observed. 
The proposed procedure does not account for 
this. 

— For 5-TEST1 the proposed correction seems 
to be appropriate, although other correlations 
for estimating the relative density may provide 
less convincing results given the low effective 
stress level and varying stress exponents in other 
correlations. 

— In laminated soils with layer thicknesses of 
about d, and less, it is very difficult to distin- 
guish between the layers in-situ. Moreover, if the 
distinction can be made the maximum applica- 
ble correction factor of 1.78 seems inappropri- 
ate. For these soils it is recommended to perform 
(large size) cyclic tests to assess the liquefaction 
potential. 

— At known case history sites where transitional— 
and thin layer effects play a significant role it is 
recommended to evaluate the proposed method 
in combination with liquefaction severity indices 
other than the LDI too, such as the LSN or the 
recently developed LPI,,,, by Maurer et al. (2015). 
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Soil classification of NGTS sand site (Øysand, Norway) based on 
CPTU, DMT and laboratory results 


A.S. Gundersen, S. Quinteros, J.S. L Heureux & T. Lunne 
Norwegian Geotechnical Institute (NGI), Oslo, Norway 


ABSTRACT: The Norwegian GeoTest Site project (NGTS) established five research sites in Norway 
in 2016. The sites are referred to as sand, soft clay, quick clay, silt and permafrost. The project is funded 
by the Research Council of Norway and the aim of the project is to establish, characterize, share digital 
data and manage the use of the test sites in the coming 20 years. The sites are open to other researches for 
developing and calibrating new tools and techniques. The focus of this paper is the soil classification of 
the NGTS sand site at Øysand based on Cone Penetration Tests (CPTUs) and Dilatometer Tests (DMT). 
The fluvial and deltaic deposit at Vysand consists of a 20-25 m fine silty sand with occasionally high con- 
tent of gravel. The deposit is generally normally consolidated in loose to medium dense states. The in situ 
test data is further supported by laboratory test results from a 20 m long and continuous borehole. This 
paper presents the results of tw CPTUs and one DMT in addition to laboratory test results, all from the 
same location at the research site. The prediction of soil behavior type and unit weights from CPTU and 
DMT tests, based on existing correlations, are compared qualitatively to the soil classification from grain 
size distribution and unit weights from laboratory measurements. 


1 INTRODUCTION 1.3 Aim of the study 


{1 Background The purpose of this study is to present preliminary 
results summarizing the geotechnical properties 
Loose sandy soils are challenging materials in geo- of the Øysand research site. Focus is given to the 
technical engineering with many difficulties asso- interpretation of soil type and unit weight based 
ciated with sampling undisturbed material and on piezocone (CPTU) and dilatometer (DMT) 
interpretation of in situ and laboratory test data. tests. The results are compared qualitatively to the 
To this aim, the Norwegian Geotechnical Institute grain size distributions (GSD) and unit weights 
(NGI) and its partners, the Norwegian University measured in the laboratory. The results will form 
of Science and Technology (NTNU), SINTEF a useful reference to engineers working on similar 
Building and Infrastructure, the University Cen- intermediate soils worldwide and will be used as 
tre in Svalbard (UNIS), and the Norwegian Public reference for further research planned at this site. 
Roads Administration (NPRA) recently estab- 
lished a research site on a natural sand deposit 2 DATA AND METHODS 
at Oysand, Norway. This site is part of a larger 
research project called the Norwegian GeoTest ; 
Site (NGTS), funded by The Research Council of an, Hield data and merhods 
Norway (L'Heureux et al. 2016, 2017). Field tests including state of the art techniques 
for field characterization e.g. seismic CPT and 
DMT, multichannel analysis of surface waves, 
MASW, symmetrical resistivity profiling, SRP, 
The Øysand research site is located in central Nor- Multi-sensor core logging, MSCL, electrical resis- 
way, approximately 15 km south of Trondheim tivity tomography, ERT, ground penetrating radar, 
(Figure 1). The area available for geotechnical GPR, etc. were carried out in 2016 and 2017. How- 
investigations at Øysand is about 35,000 m? and ever, this paper only presents the CPTU and DMT 
is used only for agricultural purposes. The deposit results from locations nearby borehole OYSB09, as 
at the site consists of fluvial material, underlain illustrated in Figure 1. 


1.2 Site location 


by deltaic material deposited at the mouth of the NGI retrieved disturbed samples at borehole 
Gaula River. Today the Gaula River borders the OYSBO9 using a 54 mm GEONOR piston sam- 
site to the east. pler. Continuous sampling was carried out to 
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Figure 1. Location of soil investigations. 


20 m below ground level except in the depth range 
between 4 to 5 m, where a hard layer of gravelly 
material was drilled through. 

CPTU tests were performed to 20 m depth using 
standard 10 cm? Geotech cones at the locations iden- 
tified as OYSC02 and OYSCO9. The CPTUs had 
area ratios of 0.857 and 0.844 respectively. CPTUs 
where performed following ISO 22476-1:2012. The 
tests included predrilling to a depth of 1 m and 
2 m respectively to avoid damaging the cone while 
penetrating trough the top gravelly layer. Moreover, 
predrilling was also needed during the CPTU test at 
OYSC09 between ca. 4 m and 6 m depth because of 
a gravelly layer, which could have damaged the cone. 
The total depth of the CPTU tests was 20 m. 

The same DMT test setup as described by TC16 
(2001) and Marchetti (1980) was used at Oysand, 
while ASTM D6635-01 (2007) testing procedures 
were followed. Two days of testing were required 
(Oct. 27th and Nov. 2nd, 2016) for the DMTs, 
because of the need to predrill through the gravel 
layer between 3.5 m and 6.0 m depth. The total 
achieved depth of the DMT test was 18 m. 


2.2 Laboratory data and methods 


NGI’s main laboratory in Oslo, Norway, carried 
out index testing to establish the water content, 
W, unit weight, UW, and grain size distributions, 
GSD, of the 54 mm diameter samples from bore- 
hole OYSB09. This borehole was located at about 
5 m from the CPTs and DMT locations. Table 1 
provides an overview of the number of tests car- 
ried out and testing procedures followed. As seen 
in this table, a representative amount of tests has 
been performed. 
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20 Meters 
J 


Table 1. Summary of relevant laboratory tests. 
Type of test No. of tests Reference 
W 19 NS 8013 
UW 36 NS 8011 
GSD 20 NS 8005 


Samples that contained mainly sand and gravel 
were subjected to dry sieve analysis, while materi- 
als containing more than 5% silt and clay particles 
were wet sieved on a 75 mm sieve before dry sieving 
as per the standard mentioned in Table 1. The fall- 
ing drop method described in Moum (1965) was 
used for samples containing mainly silt or clay. 


3 GENERAL STRATIGRAPHY AND 
IN-SITU CONDITIONS 
3.1 Stratigraphy 


The overall stratigraphy at the site represents a 
general coarsening upward sequence as typically 
observed in deltaic sequences. A snap of the site 
stratigraphy, using field and lab data is shown in 
Figure 2. Two main soil units are identified down 
to 20 m below the ground surface. Unit 1 at the 
top is up to ca. 10 m thick and consists of a fine 
to coarse sand with presence of gravel. Unit 2 
consists of finer material comprising medium silty 
sand and sandy silt with traces of organic material. 


3.2 Groundwater level and pore pressures 


Piezometers were installed at several depths inter- 
vals down to 20 m below the surface near borehole 


Soil description B 2 Water content Unit weight + 
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Figure 2. Borehole log OYSBO9. 
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Figure 3. Grain size distribution from borehole OYSB09. 


OYSB09 in 2017. The results show mostly constant 
values in time with hydrostatic pore pressure from 
2 m below ground level where the groundwater 
level is found. 


4 LABORATORY TEST RESULTS 


GSD curves of samples from borehole OYSB09 
are shown in Figure 3a. Figures 3b and 3c show 
the fines and coarse contents per depth respec- 
tively. The GSDs results form the basis of the 
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soil description in the borehole log presented in 
Figure 2. From this figure, it can be inferred that 
gravel to silt can be found at Øysand. The predom- 
inant soil being silty sand. 

Figure 2 shows also values of UW calculated 
based on W, derived from Magnetic Susceptibil- 
ity Core Logging (MSCL) readings and estimated 
using the sampled 54 mm piston tubes. Note that 
the estimated UW from piston samples is expected 
to be less reliable in the gravel soil, because during 
the sampling process dense soil may be loosened 
and heavily disturbed. Good agreement between 
all measurements of UW by the three presented 
methods is found below 5 m depth, where the rep- 
resentative value is 19 kN/m’. Above 5 m depth, 
UW from WC is consistently higher than the 
obtained from the piston samples. However, the 
representative value of UW was used when inter- 
preting DMT and CPTU readings. 


5 INSITU TEST RESULTS 


CPTs have been available to geotechnical engineers 
since the 1930s as a mechanical test. The incor- 
poration of electric strain-gauged load cells was 
introduced in the 1960s. A recent ISO standard 
(ISO 22476-1:2012) covers equipment, procedures 
and reporting which has been applied for soil inves- 
tigations at Vysand. Lunne et al. (1997) presented 
methods for interpretation, which are used herein. 

Figure 4 shows the CPTU results including cone 
resistance, q,, unit sleeve friction resistance, f,, and 
the pore pressure measured behind the cone, u,. 
Figure 5 illustrates the DMT results from sound- 
ing OYSDO1 close to borehole OYSB09 where Ip is 
the material index, K,, is the horizontal stress index 
and E, is the dilatometer modulus as defined in 
TC 16 (2001). These parameters can be regarded as 
intermediate parameters calculated from the cor- 
rected first and second DMT readings, p, and p,, 
as follows: 


q. (MPa) f, (MPa) u, (MPa) 
5 
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Figure 4. CPTU results OYSC02 and OYSC09. 
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Ip = (p, a Po)/(Po z Uy) (1) 
Kp = (Po — uo”, (2) 
E, = 34.7(p, — Po) (3) 


Here u, is the pre-insertion pore pressure and O'o 
is the pre-insertion effective overburden stress cal- 
culated assuming a total unit weight of 19 kN/m?. 

It is worth mentioning that three independ- 
ent measurements (q, f, u,) are obtained from a 
CPTU test, while only two (A and B reading) are 
obtained from a DMT test (excluding penetration 
resistance record and C-readings). In addition, the 
CPT provides close to continuous data while the 
DMT provides data every 20 cm. 


6 SOIL CLASSIFICATION & UNIT 
WEIGHT 


6.1 Soil classification and unit weight from CPT 
and DMT results 


Based on the work of Wroth (1984), Robertson 
(1990) suggested the following normalized CPTU 
parameters to identify soil behavior types: 


Qin = (Qi = 0)/0' o (4) 
F, =£/(q, — 0,0) (5) 
B, = (u, = u,)/(q, a 0.) (6) 


where: q, is the corrected cone resistance and O, 
and O”, are the pre-insertion in situ total and effec- 
tive vertical stress respectively. 

Robertson (1990) suggested two charts based on 
the combination of either Q,, & F, or Q,, € B, but 
recommended that the Q,,— F, chart was generally 
more reliable. 

Jefferies 8 Davies (1993) identified that a soil 
behavior type index, I„ could approximate the 
material boundaries in the Q,,— F, chart where I, 


is simply the radius of concentric circles. Accord- 
ing to Robertson & Wride (1998), the circles can be 
described using the following equation: 


I, = [(log F, + 1.22)? + (log Qn — 3.47)")°° (7) 


CPTU and DMT tests are mechanical in nature 
and both Robertson (1990) and Marchetti (1980) 
suggested the soil classification based on these tests 
indicates the soil behavior type (SBT), and not 
a strict soil classification like that obtained from 
GSD. Comparison should therefore be qualitative, 
rather than quantitative. Moreover, the classifica- 
tion from CPTU and DMT are generally empiri- 
cal and care should be exercised when a dataset 
is outside the domain of the data from which the 
empirical method was developed, like for the grav- 
elly sand layers at Oysand. 

Robertson (1990) observed that most unce- 
mented, normally consolidated, young soils tend 
to follow an approximately diagonal line between 
the upper left corner and the lower right corner in 
the Q,,-F, chart. Figure 6 shows how the results 
from Oysand display the same property except for 
the more overconsolidated sand towards the top of 
the stratigraphy. 

Similarly, Marchetti (1980) noted that in nor- 
mally consolidated cohesive soils where the soil 
has not been influenced by aging, structure or 
cementation, the value of K, is approximately 2. 
As seen in Figure 5, K, from DMT test at Øysand 
approaches the value of 2 below 6 m depth, which 
is consistent with the CPTU results and geological 
history of the site. 

From Figure 6, it is also observed that the 
deposit falls mainly into zones 4 to 6, hence 
described as silt mixtures to sands. The estimated 
UW, normalized by the unit weight of water, yw, 
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are generally in the range of 1.7-1.9. This is on 
the low side of the results from laboratory testing 
shown in Figure 2. The estimation of UW based 
on CPT, shows significant scatter (see Fig. 6), espe- 
cially towards the top of the stratigraphy, where no 
obvious trend seems to exist. The assumption of a 
single UW is certainly not possible from the CPTU 
interpretation, and hence in disagreement with the 
general trend of laboratory and MSCL results 
(Figure 2). 

Marchetti & Crapps (1981) proposed a log-log 
chart, based on I, and E, for estimating the soil 
type and UW. E, distinguishes mud/peat from 
other soil types and relates to the material unit 
weight as presented in Figure 7. The material index 
differentiates between clays, silts and sand soil 
types. Figure 7 shows the interpreted DMT results 
from Vysand. As seen in this figure, sandy silt or 
silty sand, in terms of their behavior, are identified. 
The occasionally high content of gravel is not indi- 
cated. The results propose a material unit weight 
mainly in the range of 18 to 19 kN/m*, which is in 
good agreement with the general trend from labo- 
ratory and MSCL. 

Table 2 summarizes the boundaries for the 
SBT indices in the CPTU and DMT frameworks 
proposed by Robertson (1990) and Marchetti & 
Crapps (1981). This table gives a better overview 
of the expected values of both Ic and I, for identi- 
fication of the soil behavior type. 
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Figure 7. DMT-SBT chart after Marchetti & Crapps 
(1981) for DMT test OYSDO1. 


Table 2. Soil behavior type boundaries for I. (CPT) & 
I, (DMT). 


Soil behavior type Ie (CPT) Ip (DMT) 
Clay Ic > 2.95 0.1<I1, < 0.6 
Silt 2.05<1,<2.95 06<I,<1.8 
Sand I, < 2.05 1.8 < I, < 10.0 


6.2 Comparison of soil classification and unit 
weight from CPT and DMT with laboratory 
results 


To compare the classification from DMT and 
CPTU as function of depth, a simple linear trans- 
formation of the DMT material index has been 
made. The equation is given below: 


L,* =0.75I + 1.6 (8) 


where: I,,* has the same soil behavior boundary 
values between clay and silt and silt and sand as the 
CPTU material index I,. The uniqueness of the cri- 
teria, proposed by Marchetti (1980), is preserved. 

Figure 8 displays the transformed DMT mate- 
rial index from OYSDO1 and the CPTU index from 
OYSC02 and OYSCO9 with depth. It can be seen 
that both the DMT and CPTU predict well the 
overall SBT at Øysand although the high contents 
of gravel are not identified. At greater depths both 
the DMT and CPTU reflects the change in soil 
behavior from highly drained to more undrained 
to some degree. 

The trend of higher content of silt and clay par- 
ticles around 14 m depth is also evident from the 
laboratory tests. It is further noted that the DMT 
seems to identify the material as generally coarser 
than the CPTU. 

The two CPTUs show consistency in the inter- 
pretation of soil behavior type. At 9 meters depth, 
the two CPTUs show a difference in the SBT which 
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Figure 8. SBT-indices with depth for OYSB09. 
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Figure9. Unit weight from CPT (Robertson, 1990), DMT 
(Marchetti & Crapps, 1981) and 54 mm tube samples. 


is thought to be due to lateral variability in the soil 
conditions of the site. 

It can also be seen that the soil behavior type 
index, Ic, does not predict as much clay behavior 
as the Q,,-F, chart. This is due to the definition 
of Ic, which is not able to match the soil behavior 
chart exactly. For Øysand, the CPTU soil behavior 
index seems to give a more correct picture of the 
soil conditions than the soil behavior chart. 

Figure 9 illustrates the unit weight from in situ 
tests and laboratory measurements with depth. It 
can be seen that the values from CPTs are gener- 
ally lower than the unit weights from laboratory 
measurements on 54 mm tube samples between 5 
and 15 m depth. DMT results show similar ten- 
dency between 5 and 15 m depth while it displays 
higher unit weight at shallow depth compared to 
the 54 mm tube. 


7 CONCLUSION 


The Norwegian GeoTest Site project (NGTS) 
established five research sites in Norway in 2016. 
These are referred to as sand, soft clay, quick 
clay, silt and permafrost sites. This paper presents 
laboratory and in situ test results (CPT, DMT 
and MSCL) for the sand site with focus on soil 
classification. 

Soil classification based on grain size distribu- 
tion, CPTU (Robertson 1990) and DMT (Mar- 
chetti & Crapps 1981) have been presented and 
compared qualitatively. The CPTU and DMT 
results support the assumption that the site is a 
close to normally consolidated loose sand deposit. 
The interpretation of the in situ results show that 
the soil behavior type is generally sandy silt or 
silty sand, which is consistent with the laboratory 
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results. In situ tests failed to identify the occasional 
high content of gravel, but the correlations are able 
to reflect the change from highly drained to more 
undrained material to some degree. This demon- 
strates how the existing correlations can be used 
to estimate soil behavior type with confidence for 
this site. 

Existing correlations made it possible to com- 
pare the interpreted total unit weights from CPTU 
and DMT with values measured in the laboratory. 
The results from the DMT test matched the labo- 
ratory test results slightly better than the CPTU. 
Both DMT and CPTU predictions generally fall 
on the low side of the measured values from the 
laboratory. Some further refinement in the correla- 
tions may be necessary to better predict the unit 
weight from CPTU and DMT test results. 
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ABSTRACT: The numerical simulation of Cone Penetration Tests (CPT) is a challenging field 
in geotechnics. Both the underlying physical model and the numerical method need to be capable of 
taking into account large deformations and displacements within the problem domain. Researchers at 
the Polytechnic University of Catalonia (UPC) and the International Center for Numerical Methods in 
Engineering (CIMNE) have developed a Particle Finite Element Method (PFEM) code named G-PFEM 
which conducts fully coupled analysis of penetration problems in saturated porous media. An updated 
Lagrangian description is used in order to formulate the governing equations. The PFEM is based on 
frequent remeshing of critical regions of the problem domain adding additional computational cost to the 
solving process. Therefore, the use of linear elements in combination with a stabilized mixed formulation 
of the governing equations helps to reduce the computational effort and at the same time cope with the 
phenomenon of volumetric locking associated with linear elements. Within the present work, anisotropic 
permeability is introduced and tested by means of consolidation of an elastic soil layer. Furthermore, 
recalculations of an available in-situ CPT are performed allowing the examination of the influence of 
changing boundary conditions, such as anisotropic permeability of the soil or penetration velocity of the 
cone, on the measured tip resistance, sleeve friction and pore water pressure. It was found that the recalcu- 
lation with G-PFEM provides comparable results for undrained conditions and anisotropic permeability. 


1 INTRODUCTION problems where a rigid cone penetrates a fully 
water saturated soil body. Thereby, the focus lies 
The characterization of soils is an integral part on investigating partial drainage and gaining a 
of geo-technical engineering. In-situ investigation more profound understanding of the mechanical 
methods, such as cone penetration testing (CPT), behaviour during penetration by numerical means. 
have gained in popularity, especially when dealing This paper aims to give a brief explanation of 
with sensitive soils where the specimen is easily dis- the model, introduce an anisotropic permeability 
turbed during recovery. In cone penetration test- tensor to the problem and present a first recalcula- 
ing hydraulic and mechanical soil properties are tion of in-situ CPTs under undrained conditions 
derived from the measured tip resistance, sleeve with the focus on anisotropic permeability. 
friction and pore water pressure, whereby the qual- 
ity of the empirical correlations plays a decisive 
role. Experience has shown that CPT provides 2 MODEL 
reasonable results for applications in sand or clay 
where either drained or undrained behaviour gov- The simulations are carried out using the platform 
erns the penetration process. However, correlations G-PFEM, short for Geotechnical-Particle Finite 
for partial drainage, as it occurs during penetration Element Method (Monforte et al. 2017a, Monforte 
in silts, are still an ongoing research topic. et al. 2017b), which has been developed within the 
Recent advances in the numerical simulation of Kratos framework (Dadvand et al. 2010) at the 
large deformation problems based on a Particle Polytechnic University of Catalonia (UPC) and 
Finite Element Method (PFEM, see Oñate et al. the Center for Numerical Methods in Engineering 
2011) allow to model this kind of penetration  (CIMNE). 
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2.1 G-PFEM platform 


In G-PFEM, the quasi-static linear momentum 
and mass balance equations are formulated for a 
solid and fluid phase adopting an updated Lagrang- 
ian description. The basic idea behind the PFEM 
is a continuous remeshing of critical regions of the 
domain, where new nodes can be added and old ones 
removed, in order to deal with large deformations 
and avoid excessive mesh distortion. This strategy 
results in an increased computational cost and there- 
fore low order elements in combination with a mixed, 
stabilized formulation of the problem are used. 

In this way, the computation time is reduced 
and the issue of locking associated with low order 
approximation is addressed. Monforte et al. (2017b) 
implemented and tested different mixed formula- 
tions, where an additional degree of freedom— 
the determinant J of the deformation gradient 
or the mean pressure p—is introduced on top of 
the displacement and water pressure fields u and 
Pẹ respectively. It was found that the mixed u-J-p, 
formulation performs well and thus the formula- 
tion is adopted within this work. Furthermore, the 
problem is stabilized using the Polynomial Pres- 
sure Projection. The interested reader is referred to 
Monforte et al. (2017a) and Monforte et al. (2017b) 
for a more detailed outline of the PFEM. 


2.2 Anisotropic permeability 


In natural soil deposits the water flow is often 
governed by a highly anisotropic hydraulic perme- 
ability. In order to model CPTs in a realistic way 
the anisotropy is an important aspect to consider. 
According to Larsson & Larsson (2002) Darcy’s 
law in the spatial configuration is given as: 


vı =—k, (Vp, - 2,8) (1) 


with the relative Darcian velocity of the fluid phase 
v,, the spatial permeability tensor k, the water 
pressure p,, the water density p, and gravity g. 
Furthermore, k, can be expressed depending on the 
initial permeability tensor Ko: 
k,=J°F-K,,-F' (2) 
where F is the deformation gradient and J its 
determinant. Thus, the principal directions of 
the tensor—initially defined by a horizontal and 


vertical permeability—rotate with the deformation 
of the soil (Larsson & Larsson 2002). 


2.3 Consolidation of an elastic finite soil layer 


The analytical solution for consolidation prob- 
lems in multi-layered half space with anisotropic 
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permeability by Chen (2004) serves as validation 
for the anisotropy feature in G-PFEM. Thereby, 
a homogeneous, fully saturated, elastic soil layer 
is bedded on a rigid, rough and impervious base 
and subjected to a circular load (see Figure 1). The 
radius of the load and the thickness of the soil layer 
are equal, resulting in a = H. Assuming weightless 
soil and water, Chen (2004) provides solutions for 
the dimensionless surface settlement uw(r,z,T)/ 
(qa) at the centre point (r = z = 0) depending on 
the dimensionless time factor T = k, t/a? and for 
the dimensionless pore water pressure p/q along the 
normalized centre axis z/H where u stands for the 
shear modulus of the soil. The solutions are based 
on Poisson’s ratio of 0.25, the elastic water bulk 
modulus K, = 4.5-10'° Pa and permeability ratios 
Y = k/k, of 0.01, 1, 10 and 100. 

Figure 2 shows the development of the normal- 
ized surface settlement at the centre point of the 
domain over time. The numerical results agree very 
well with the analytical solution, not only in terms of 
the initial and final settlements but also regarding the 
consolidation curves for different anisotropy ratios. 

Furthermore, the pore pressure profiles over 
depth at the time instances T equal to 0.001 and 
0.01 are displayed in Figure 3 and again good 
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Figure 2. Comparison of normalized displacement 
over time factor T for different permeability ratios y 
(Chen 2004). 
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over dimensionless depth at given T (Chen 2004). 


overall agreement between numerical and analyti- 
cal results is obtained. Free drainage at the top of 
the layer results in a steep initial pressure gradient 
which decreases during consolidation. Both the 
evaluation of the surface settlement and the pore 
pressure profile show that horizontal water flow is 
dominant within the system. 


3 SIMULATION OF CPT 


3.1 Modelling of CPT 


Modelling a CPT involves an ideally rigid cone 
that penetrates a deformable two-phase medium at 
a constant velocity. This leads to an axisymmetric 
model consisting of a rectangular box with a height 
of 1.1 m and a width of 0.5 m. The cone radius 
R measures 1.78 cm with a tip angle of 60° cor- 
responding to the standard geometry (base area of 
10 cm?). The penetration starts from an initial posi- 
tion where the cone is located at a depth of 10 cm. 
The lateral and lower boundaries are fixed in nor- 
mal direction while an overburden pressure can be 
applied at the top of the domain. Moreover, free 
drainage is allowed at the boundaries except along 
the symmetry axis. Figure 4 shows the basic model. 

From a mathematical point of view, the contact 
between cone and soil body is described by a set of 
constraints and a penalty method is considered for 
the realization. The contact algorithm is explained 
in detail in Monforte et al. (2017a). 

The constitutive behaviour of the soil is 
described by means of the Modified Cam Clay 
(MCC) model whereby the elastic regime follows 
the hyperelastic model by Houlsby. 


3.2 Recalculation of in-situ CPTu 


Based on the available data from Sachsenhofer 
(2012) a recalculation of a CPTu is performed. 
Thereby, the in-situ soil parameters (in terms of 
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Figure 4. Axisymmetric model (left) and refined mesh 
during penetration process (right). 


Table 1. Input parameters for MCC model. 

Ps Pw uo g M G o 
[kg/m] [kg/m] H H [P] [-] [kPa] [-] 
1700 1000 0.015 0.005 22.5 0.88 2900 0 
OCR Pw K, k, k, Ko Pu & 
[-] [kPa] [kPa] [m/s] [m/s] [-] [Y E 
1 100 1-108 2-10% 2.107 0.7 7 0.5 


the specific weight y, the Oedometric stiffness E, 
and the effective friction angle g’) and the CPTu 
profiles for the tip resistance q,, the sleeve friction f, 
and the pore water pressure u, at the shoulder posi- 
tion are given. Additionally, Poisson’s ratio of 0.3, 
a vertical hydraulic permeability k, of 2-10 m/s 
and a permeability ratio k,/k, of 10 are estimated 
for a clayey silt and the soil parameters are aver- 
aged over a 5 m thick layer located at a depth of 
13 to 18 m. The derived input parameters for the 
MCC model are summarized in Table 1. Note that 
the friction on the interface between cone and soil 
is taken into account assuming an interface fric- 
tion angle y, roughly equal to ¢/3. 

The simulations are carried out for 3 different 
penetration velocities of 1, 2 (standard velocity) 
and 3 cm/s. The recorded tip resistance q., sleeve 
friction f, and the water pressures u,, u, and u, are 
shown in Figure 5 as normalized depth profiles. 
Generally, all measured quantities tend to reach 
a stationary level after an initial transient phase. 
Note that the pore pressure profiles at the shoulder 
position u, show the strongest oscillations which 
is due to the fact that the measuring point is at a 
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Figure 5. CPT profiles for tip resistance q, (with the averaged mean value q, = 635 kPa) sleeve friction f, (f = 15 kPa) 
and pore pressures u,, u, (ui, = 320 kPa) and u, for varying penetration velocities. 


geometric non-linearity where high pressure gradi- 
ents occur. Apparently, a variation of penetration 
velocity has no impact on the system behaviour 
suggesting undrained conditions for all 3 cases. 
Thus, the resulting pore pressure represents a max- 
imum value reached during undrained loading. At 
the shoulder position, the stationary average of u, 
(being the total pore water pressure) yields approx- 
imately 320 kPa. Burns & Mayne (1998) suggest 
an analytical way to calculate the undrained excess 
pore pressure based on cavity-expansion theory 
and the Modified Cam-Clay model. Equation (3) 
gives the total pore pressure u,, depending on the 
initial water pressure u,, the effective, initial, verti- 
cal stress O” y, the critical stress ratio M, the over 
consolidation ratio, the shear modulus G, the und- 
rained shear strength s, (summarized in the rigid- 
ity index I, = G/s,) and the plastic volumetric stain 
ratio A = 1 — C/C.. The latter is based on the swell- 
ing and compression indices of the soil. 


A] = A] 
MESS Jing [1-(22%) ba 
3 2 2 2 


Eventually, the calculated u, yields 350 kPa and 
shows good agreement with the maximum und- 
rained pore pressure of 320 kPa from the numeri- 
cal calculations. 


Furthermore, Sheng et al. (2014) proposed a 
critical ratio between the penetration rate v and 
the (isotropic) soil permeability k suggesting that 
values of 10% or larger lead to undrained behaviour. 
For the penetration velocities of 1, 2 and 3 cm/s, 
the ratios v/k, of 0.5 - 10°, 1.0 - 10° and 1.5 - 10° and 
v/k, of 0.5 - 10°, 1.0 - 10° and 1.5 - 10° are obtained, 
respectively. Thus, it appears reasonable to assume 
almost undrained behaviour with the onset of 
partial drainage due to the increased horizontal 
permeability. 

However, the initial goal was to recalculate 
an actual in-situ CPTu by numerical means and 
compare the results for q,, f, and u,. With the in- 
situ results only being available on a large scale 
(Sachsenhofer 2012) the comparison is made in 
terms of averaged values at the depth of 13 to 
14 m and summarized in Table 2. Note that the 
measured and calculated values q, and f, show 
the same order of magnitude whereas almost one 
order lies between the calculated and measured u,. 
The numerical simulations reproduced undrained 
system behaviour which results in increased pore 
pressure and reduced tip resistance while in-situ 
for this kind of soil (clayey silt) some partial drain- 
age can be expected. Thus, the numerical approach 
provides reasonable results for the undrained case 
and forms the basis for future investigation of par- 
tial drainage where the tip resistance is expected to 
increase as the pore pressure decreases. 
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Table 2. In-situ and numerical results for q.,£ and ū, . 


q: f Us 
Averaged values [kPa] [kPa] [kPa] 
In-situ 800 20 35 
Numerical 635 15 320 


3.3 Anisotropy under undrained conditions 


The recalculation in section 3.2 showed that und- 
rained system behaviour is obtained for different 
penetration velocities, however the role of aniso- 
tropic permeability during undrained penetration is 
not yet clear. Therefore, two test cases based on the 
set up from section 3.2 are simulated with standard 
penetration velocity of 2 cm/s, a smooth interface 
between cone and soil and inverted anisotropic 
permeability. Test case (a) considers an increased 
horizontal permeability with k, = 2-107 m/s and 
k, =2-10 m/s while case (b) includes the opposite 
case (k, =2-10* m/s and k, = 2-107 m/s). 

The modified anisotropy is crucial for the hydrau- 
lic behaviour and prescribes the preferred flow direc- 
tion which is horizontal for case (a) and vertical for 
case (b). Now the profiles of q, and u, are compared 
in Figure 6 and in both cases (a) and (b) the expected 
undrained behaviour with u, of around 320 kPa 
and q, of 600 kPa is observed. However, a closer 
look reveals that test case (a) gives a slightly lower 
pore pressure (315 kPa and 330 kPa) and a higher 
tip resistance (610 kPa and 585 kPa) compared to 
case (b): These observations are consistent with the 
assumption of a preferred flow direction due to ani- 
sotropy. As the cone penetrates the soil radial (or 
rather horizontal) flow is dominant caused by the 
geometric boundary conditions of the test. 

Thus, for case (a) the preferred flow directions 
due to anisotropy and problem geometry coincide 
which leads to increased drainage of the system. 
For case (b) the opposite occurs and the main 
flow direction is vertical. Consequently, the overall 
behaviour is rather undrained with regard to case 
(a) and u, increases while q, decreases. Of course, 
on a large scale both cases are still considered to be 
in the undrained regime. 

Furthermore, the effect of anisotropic per- 
meability on the pore pressure field is shown in 
Figure 7. Thereby, one observes that the order of 
magnitude of the occurring water pressures is the 
same, again as expected for undrained conditions, 
but the distribution differs. Then again, for case (b) 
the pressure bulb has an increased vertical exten- 
sion along the preferred drainage direction. Addi- 
tionally, different effective stress fields are found 
for test cases (a) and (b) whereas the total stress 
field remains the same. The latter observation is 
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Figure 6. Comparison of q, and u, for inverted anisotropic 
permeabilities; case (a) with k, = 2 - 10 m/s, k, = 2 - 107 m/s 
and case (b) with k, = 2 - 107 m/s, k, = 2 - 10% m/s. 


Figure7. Pore pressure fields for inverted anisotropic per- 
meabilities; case (a) with k, = 2 - 10% m/s, k, = 2 - 107 m/s 
and case (b) with k, = 2 - 107 m/s, k, = 2 - 10% m/s. 


consistent for undrained behaviour where the soil- 
water body acts as a one-phase medium. 


4 CONCLUSION 


The results suggest that G-PFEM is an appropriate 
tool for simulating CPT. The application considers 


anisotropic permeability and the comparison with 
the analytical solution for consolidation of an elas- 
tic soil layer with anisotropic permeability (Chen 
2004) showed very good results. 

Furthermore, an in-situ CPTu was recalculated 
whereby, apart from the standard penetration 
velocity of 2 cm/s, additional velocities of 1 and 
3 cm/s were considered. Eventually, all three cal- 
culations led to the same profiles for q,, fẹ u,, u, 
and u, suggesting predominant undrained system 
behaviour. The calculated water pressures are up 
to one order of magnitude higher compared to the 
in-situ measurement while the calculated tip resist- 
ance is lower than the in-situ reference value but 
shows the same order of magnitude. However, the 
comparison is consistent because it can be assumed 
that the in-situ behaviour is partially drained. 

It was also shown that anisotropy influences 
the pore pressure and effective stress fields under 
undrained conditions depending on the preferred 
flow direction due to anisotropy and the dominant 
horizontal drainage direction during cone penetra- 
tion. In both cases the soil-water body behaves as 
a one-phase medium, and thus the total stresses 
remain unaffected. 
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Evaluating undrained shear strength for peat in Hokkaido from CPT 


H. Hayashi & T. Yamanashi 
Civil Engineering Research Institute for Cold Region (CERI), Sapporo, Japan 


ABSTRACT: In case of evaluating stability of soft ground using circular slip analysis, it is very 
important to determine the undrained shear strength (S,) of the ground. Meanwhile, fibrous and high 
organic peat is distributed widely in Hokkaido, the northernmost island of Japan. As peat is accumulated 
heterogeneously, unconfined compression tests, vane shear tests and other tests performed for only a few 
samples lack validity. The electric Cone Penetration Test (CPT) is more reasonable and valid than these, 
in that CPT can estimate average S, from in-situ tests, which continuously provide information. A series 
of K, consolidated-undrained triaxial compression tests (K,CUC tests) on undisturbed peat soil collected 
at several sites in Hokkaido was conducted. Also the CPT was performed at the same sites. This report 
describes the relationship between S, obtained from the K,CUC tests and CPT cone resistance (q,), and 


proposes a method for estimating S, in peat soil from q, 


1 INTRODUCTION 


When embankment such as road and river levee is 
constructed over soft ground, the stability of the 
ground is commonly evaluated by the safety factor 
obtained from circular slip analysis. In this analy- 
sis, it is very important to determine the undrained 
shear strength (S,) of the ground. As peat, which 
is a widely distributed soft and problematic soil in 
Hokkaido, Japan, is accumulated heterogeneously 
(Noto, 1991), unconfined compression tests, vane 
shear tests and other tests performed for only a few 
samples lack validity. The electric cone penetration 
test (CPT) is more reasonable and valid than these, 
in that CPT can estimate average S, from in-situ 
tests, which continuously provide information. 
Therefore, the aim of this study is to establish a 
method for estimating the S, of peat ground by 
performing CPT. 

A series of K, consolidated-undrained triaxial 
compression tests (K,CUC tests) on undisturbed 
peat soil collected at several sites in Hokkaido was 
conducted. Also the CPT was performed at the 
same sites. This report describes the relationship 
between S, obtained from the K,CUC tests and 
CPT cone resistance (q), and a method for esti- 
mating S, in peat soil from q, 


2 INVESTIGATION METHOD 


2.1 Investigation site 


A series of CPT and collection of undisturbed 
samples for the laboratory tests were conducted 


at the four sites (Shinotsu, Ebetsu city; Asa- 
jino, Sarufutsu village; Riyamunai, Kyowa town 
and Kitashima, Eniwa city) in peat ground in 
Hokkaido, Japan (Fig. 1). The undisturbed sam- 
ples were collected using a thin-wall sampler with a 
fixed piston (JGS 1221; JGS, 2015). Table 1 shows 
the soil types and the engineering properties of the 
sampling soils at the investigation sites. The sam- 
pling soils at the Asajino site and the Riyamunai 
site were classified as fibrous peat. For compari- 
son, undisturbed clay soil, which was underlying 
of peat, was collected at the Kitashima site. 


22° CPF 


Figure 2 shows the dimension of the CPT cone 
used. The penetration velocity was set at 2 cm/s, 
and q, skin friction (f) and pore water pressure (u) 
were continuously measured at each 1 cm of pen- 
etration. The q, obtained from the CPT is a value 
that takes into account the influence of water pres- 
sure at the filter, as determined by Equation (1), 
where q, is the measured cone resistance (kN/m?), 
A, is the effective cross-sectional area of the cone 
(m?), A, is the area of the base of the cone (m) and 
u is the pore water pressure (kN/m?). 


4,= Ico +0 — AJA) u (1) 
2.3 K, consolidated-undrained triaxial 
compression test 


To obtain the undrained shear strength of peat, the 
K,CUC test (JGS0525: JGS, 2011) was performed 
for undisturbed soil samples (Fig. 3). Each sample 
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Figure 1. Location of the investigation sites (Peat distribution in Hokkaido; Noto, 1991). 
Table 1. Engineering properties of the soil samples. 
S, obtaied from 
Natural Degree of In-situ K,-consolidated 
water Ignition decompo- void Conmpres- triaxial compres- 
Sample content loss sition ratio sion index sion test S, 
Site Ref. Soil type W,(%)  Li(%) von Post e C (kN/m?) 
Shinotsu No. 1 Peat 459 66 H5 9.3 5.1 20.7 
No. 2 Peat 424 58 H5 1.2 4.0 18.0 
No. 3 Peat 327 37 H5 7.0 4.2 21.5 
Asajino No. 1 Fibrous peat 860 92 H2 14.8 9.3 11,1 
Riyamunai No. | Fibrous peat 834 94 H3 13.5 10.0 7.4 
No. 2 Fibrous peat 724 82 H3 14.5 9.5 8.1 
Kitashima No. 1 Peat 387 55 - - - 20.3 
No. 2 Clay 142 9.5 — — — 13.5 
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Figure 3. Set up of the K, consolidated-undrained tri- 


35.6 unit : mm 


Figure 2. Dimension of the CPTU cone used in this 
study. 
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axial compression test used in this study. 


was 75 mm in diameter and 150 mm in height. The 
samples were carefully trimmed and set on the test 
device to avoid unnecessary disturbance. As the 
S, of the soil is significantly affected by the con- 


fining pressure, K, consolidation was conducted 
with a pressure equivalent to the in-situ stress. This 
means that the in-situ anisotropic consolidation 
was reproduced in the laboratory. After the K, con- 
solidation, compression (0.1%/min of strain rate) 
under an undrained condition was done. Addi- 
tionally, an oedometer test and physical index tests 
were conducted. 


3 RESULTS AND DISCUSSION 


3.1 CPT profile 


Figure 4 shows the depth distribution results of the 
CPT at the Shinotsu site. This is the typical CPT 
profile (q, f, and u) of this study. The geologic 
columnar section obtained from drilling at the Shi- 
notsu site was added to the figure. The g, in the peat 
layer (q, = 0.33-0.71 MN/m?) was lower than that 
in the other soil types, which indicates that the peat 
layer is very soft. Large excess pore water pressure, 
which was caused by the cone penetration, was 
generated in the peat layer and the clay layer. 


3.2 Relationship between cone resistance 
and undrained shear strength 


To calculate the S, of the ground from CPT, Equa- 
tion (2) is commonly applied. Where, the S, and 
q, are both expressed in units of kN/m’, o, is the 
total overburden pressure (kN/m?), and N, is a cor- 
rection coefficient called the cone coefficient (no 
dimension). 


Konrad & Lan (1987) reported that N, in Equa- 
tion (2) greatly varies by soil property. Figure 5 
shows the relation between (q, — Ow) and S, 
obtained from the K,CUC test, to reveal the N, 
of peat. As shear strength does not peak along 
compression strain in the K,CUC test on peat, S, 
was assessed by assuming 15% of the compression 
strain as failure. Overall, the S, in peat was only 
between 5-20 kN/m?, and S, increased linearly 
with increase in (q, — 0). Noto (1991) pointed out 
that the N, of peat is 20, based on the cone resist- 
ance obtained from a mechanical cone penetration 
test. Konrad & Lan (1987) reported that the N, of 
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Figure 4. Depth distribution results of the CPT at the Shinotsu site (Hayashi 8 Hayashi, 2016). 
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clay is between 10 and 20. In this study, the N, of 
peat almost ranged from 15 to 25, and was found 
to be greater than that of clay. 

Figure 6 shows the relationship between igni- 
tion loss (Z;), indicating content of organic matter 
in soil, and N, calculated by Eq. (2) and experi- 
mental data as shown in Fig. 5. The N, increased 
linearly with increase in £,. This indicates that the 
N, of peat is not constant value, and is affected by 
the content of organic matter. The relationship 


30 
N, =0.12 L; (%) +14.1 
25 
= 
20 
15 
20 40 60 80 100 
Igniton loss L; (%) 
Figure 6. Relationship between ignition loss and N,. 
Undrained shear strength S, (kN/m?) 
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Figure 7. Undrained shear strength calculated using 


Eqs. (2) and (3), and obtained from the K, consolidated- 
undrained triaxial compression test at the Asajino site 
(after Hayashi & Hayashi, 2016). 
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can be approximated by Equation (3), where L, is 
expressed in%. 
N, = 0.12 L (%) + 14.1 (3) 
Figure 7 shows the depth distribution of S,, cal- 
culated by Eq. (2) based on the g, measured at the 
Asajino site. For the calculation, N, value, which is 
obtained from Eq. (3) and L, of collected peat sam- 
ples at the site, was used. It was found that the S, 
obtained from K,CUC test almost corresponded 
to the calculated value. At the Asajino site, sliding 
failure happened during embankment construc- 
tion unfortunately. Back circular slip analysis was 
performed based on this fact of the sliding failure, 
which led S, of the peat layer to be 6 kN/m?. This 
roughly corresponds with the S, calculated by Eqs. 
(2) and (3). These indicate that it is possible for 
Eqs. (2) and (3) to estimate S, in peat ground. 


4 CONCLUSIONS 


To clarify the estimation method of undrained 
shear strength (S) for peat ground, a series of elec- 
tric cone penetration tests (CPT) and laboratory 
tests were conducted for peat ground in Hokkaido, 
Japan. The main results can be summarized as 
follows: 


1. The S, in peat was only between 5-20 kN/m’, 


and S, increased linearly with increase in 
(CA — Oy). 

. The N, of peat almost ranged from 15 to 25, 
and was found to be greater than that of clay. 

. The N, increased linearly with increase in L, 
and the relationship can be approximated by 
“N, = 0.12 L (%) + 14.1”. 

. It is possible to estimate of S, value for peat 
ground using this relationship. 
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Interpreting improved geotechnical properties from RCPTUs 
in KCI-treated quick clays 
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ABSTRACT: In January 2013, Potassium Chloride (KCl) wells were installed in a highly sensitive quick 
clay deposit at Dragvoll, Trondheim, Norway. The geotechnical properties significantly improved in the 
following years due to increased salt content and changed pore-water chemistry. Several Resistivity Cone 
Penetration Tests (RCPTU) were conducted around the wells to map the salt-plume extent, and to inter- 
pret improved geotechnical properties. The RCPTUs effectively mapped the salt plume extent around the 
wells, and the increased tip resistance clearly indicated improved properties in the salt-treated clay. Com- 
monly used correlations for Norwegian clays are used herein for interpreting the geotechnical properties 
in the original quick clay and the salt-treated clay. The interpreted Over Consolidation Ratio (OCR) and 
shear strength (c,) are compared to laboratory determined geotechnical properties on high quality down- 
sized Sherbrooke samples (mini-blocks). The tip resistance in the salt-treated clay increased significantly 
due to increased remolded shear strength and increased resistance to deformations. Improved OCR and 
c, in the salt-treated clay at Dragvoll are determined from the CPTU data applying existing correlations 
based on bearing factor for net tip resistance (N,,). The existing correlations for Norwegian clays work 
reasonably well, but ideally specific local correlations should be developed. 


1 INTRODUCTION two frameworks dividing clays into S, above and 
below 15. Therefore these correlations are widely 
Geotechnical properties are often interpreted from used amongst Norwegian geotechnical engineers 
CPTU tests as they are cost-efficient, and consid- as CPTU is one of the most used site investigation 
ered reliable. In Norway, geotechnical engineers tools on clay sites in Norway. These correlations 
often deal with highly sensitive quick clays, defined are used herein for interpreting improved geo- 
by a remolded shear strength (c,,) of less than technical properties in highly sensitive quick clays 
0.5 kPa (Norwegian Geotechnical Society, 2011). treated with potassium chloride (KCI). 
The Norwegian clays are characterized as having Six salt wells filled with KCl were installed at the 
high sensitivity (S,) > 30, medium S, in the interval research site Dragvoll, Trondheim in Mid-Norway 
8-30, and low S, < 8. The resistance to penetration in January 2013, aiming to improve the geotech- 
is smaller in highly sensitive clays than in clays nical properties in the highly sensitive quick clay 
with lower sensitivity. Therefore, the measured tip deposit. The salt migrated into the quick clay vol- 
resistance is generally low, and the measured pore ume, with time resulting in increased remolded 
pressure high in highly sensitive quick clays com- shear strength (c,,) and plasticity index (IP), and 
pared to in clays with higher c,, and low S. The decreased liquidity index (IL) and S, (Helle et al., 
CPTU correlations for Norwegian clays developed  2017a). In addition, the apparent pre-consolida- 
by Karlsrud et al. (2005), are based on empirical tion stress (p.) increased and the deformations at 
correlations between CPTU data and high-quality loads just beyond p, were significantly reduced 
block samples. Most of the included sites are in the (Helle et al., 2018). 
south-eastern part of Norway. A clear advantage Increased plasticity due to an increased liq- 
of the correlations is that they aim to differentiate uid limit may indicate decreased compressibility, 
between clays with high and low S, by including i.e. decreased volume change at increasing loads 
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(Bjerrum, 1967; Sridharan and Nagaraj 2000). 
Furthermore, increased over-consolidation ratio 
(OCR) may indicate increased peak undrained 
shear strength (e.g. Bjerrum, 1967; Ladd and Foot, 
1974; Karlsrud and Hernandez-Martinez, 2013). 
The tip resistance (q) increases with decreasing 
compressibility as the resistance against penetra- 
tion increases (Lunne et al., 1997b). The plasticity 
index in the salt-treated clay is increased, and the 
deformations at loads exceeding p, are decreased. 
Improved OCR and undrained shear strength (c,) 
may therefore be detected by increased q,. 
Resistivity cone penetration tests (RCPTU) were 
conducted to map the extent of the salt plumes by 
changes in the soil conductivity, and for detection 
of improved properties (Fig. 1) (Helle et al. 2017b). 
The conductivity profiles showed that the salt 
migrated slightly non-symmetrical and off-centered 
from the wells. Improvement of c,, > 1 kPa com- 
menced at very low salt contents and was caused 


Corrected tip 
resistance (kPa) 
200 400 


Conductivity 
(mS/m) 
200 400 600 800 0 


increases 
with 
increasing 


conducti 


ivity 


RCPTU 0.5 m from SW6 
RCPTU 1.0 m from SW6 
— RCPTU 1.5 m from SW6 (quick clay) 


Figure 1. a) Conductivity profiles and b) corrected 
tip-resistance (q) with distance from salt-well no. 6, 3 
years and 5 months after installation. The q, increases 
as the soil conductivity increases as a result of increased 
remolded shear strength. 
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by favorable changed pore-water chemistry; from 
being sodium dominated in the quick clay to hav- 
ing more than 20% of potassium, magnesium and 
calcium in the salt-treated improved clay even at salt 
contents less than 2 g/L. Therefore, the conductivity 
in the low-saline improved clay did not increase, and 
no unique correlations were obtained distinguishing 
improved salt-treated clays from non-treated quick 
clays based on conductivity. However, improved 
properties were detected at low salt contents when 
the normalised cone factor (N, = q,/(0’,, + attrac- 
tion)) improved beyond 3.5, and the pore pressure 
parameter (B, = (u,— u,)/q,) decreased below 0.9. 

This paper presents the interpreted OCR 
and c, profiles in the original quick clay and the 
salt-treated clay. The interpreted properties are 
compared to laboratory test results from clay 
samples extracted from nearby boreholes. The 
applicability of the correlations developed by 
Karlsrud et al. (2005) on interpreting geotechnical 
properties in the quick clay and salt-treated clay at 
Dragvoll is evaluated and discussed. 


2 CPTU CORRELATIONS COMMONLY 
USED FOR NORWEGIAN CLAYS 


Norwegian quick clays are highly sensitive, often with 
a S,, i.e. ratio between undisturbed and remolded 
shear strength, of more than 30. The correlations 
developed by Karlsrud et al. (2005) differentiates 
between clays with S, > 15 and S, < 15 (Table 1). 

The cone factor (Q,), and shear strength based 
on bearing factors for excess pore water pressures 
(Canau) and net tip resistance (Cu ng) are determined 
by Equations 1-3 (Lunne et al. 1997b). 


Q, = (q, - T)! Zo (1) 
Caran = (ty — tlo )/N a (2) 
Cu Nkt = (4, > Gu)! Nu (3) 


The interpreted c, profiles are often compared 
to c, profiles obtained from “Stress History 


Table 1. Bearing factors for excess pore water pressures 
(Na) and net tip resistance (N,,). OCR for clays with S, 
below and above 15 suggested by Karlsrud et al. (2005). 
The IP is in%. 


St < 15 St>15 
Nu 6.9-4.0 -log(OCR) 9.8-4.5- log(OCR) 
+0.07 - IP 
Na 7.8+2.5-log(OCR)  8.5+2.5. log(OCR) 
+ 0.082 - IP 
OCR (Q/3)2 (Q/2)" 


Table 2. Range of a and m for Norwegian clays. From 
Karlsrud and Hernandez-Martinez (2013). 

a M 
Average 0.30 0.70 
Lower 0.25 0.65 
Upper 0.35 0.75 


> 


And Normalized Soil Engineering Properties” 
(SHANSEP) developed by Ladd and Foott (1974) 
(Equation 4). 

Cu sransep = 0 Oy) OCR” (4) 
where constants & = (c,/ Ow ) at OCR = 1, and m 
may be determined from laboratory tests. Karlsrud 
and Hernandez-Martinez (2013) suggest o and m 
for Norwegian clays based on laboratory tests on 
high-quality block samples within the ranges given 
in Table 2. 


3 CPTU SOUNDINGS, SAMPLING 
AND LABORATORY TESTS 


Resistivity cone penetration tests (RCPTU) were 
conducted both in the original quick clay and the 
salt-treated clay around the installed salt wells, 
using a 5 ton GeoTech CPTU Nova and 2 ton Envi 
CTPU, both with tip areas of 10 cm’. 

Mini-block samples, downsized Sherbrooke 
samples (for further description see Emdal et al. 
(2016)), were extracted from the Dragvoll quick 
clay, and 54 mm steel-tube piston samples were 
extracted from the salt-treated clay around the salt 
wells. Water content, Atterberg limits, fall cone 
undrained and remolded shear strength and density 
were determined on all samples. Constant rate of 
strain oedometer tests (CRS) with a strain rate of 
0.75%/hr were conducted on some of the samples. 
All samples were tested in the laboratory within 
48 hours to minimize storage effects on the results. 


4 LABORATORY DETERMINED 
GEOTECHNICAL PROPERTIES IN THE 
DRAGVOLL CLAY 


4.1 Quick clay 


The c,, is <0.1-0.5 kPa (Fig. 2), and a S, based on 
fall cone tests is in the range of 32-143. The quick 
clay is of low plasticity with a plasticity index (1P) 
in the range of 4.4-6.3%. The liquid limit is well 
below the natural water content, and the IL is in 
the range of 3.44.3. The sample quality of the 
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oedometer tests were evaluated based on the differ- 
ence in void ratio from the start of the test (e,) to 
the void ratio at in-situ effective overburden stress 
(Ae/e,) (Lunne et al. 1997a). CRS were conducted 
on samples of very good to excellent quality (Ae/ 
e, = 0.025-0.038). The OCR decreases from 2.2 at 
4.1 m depth to 1.2 at 5.9 m depth. 


4.2 Salt-treated clay 


In the samples extracted from 5.4 m depth around 
salt-well no. 7, IP and c,, increase to 21.9-24.0% 
and 4.7-5.1 kPa respectively. The CRS tests con- 
ducted on these samples were of good to fair qual- 
ity (Ae/e, = 0.040-0.042). The p, increases and 
deformations decrease at loads just beyond p,’, and 
the OCR increases from 1.2 in the quick clay to 1.7 
and 2.1 in the salt-treated clay having salt contents 
of 9.7 and 27.7 g/L respectively. 

Unfortunately, the measured pore pressures (u,) 
in the RCPTUs conducted around salt-well no. 
7 were affected by the close proximity to the open 
sampling boreholes. The measured u, was in the 
order 50-100 kPa lower than in the original quick 
clay Therefore one of the RCPTU soundings nearby 
salt-well no. 3 is used for interpretation of the geo- 
technical properties in the salt-treated clay. The clay 
around salt-well no. 3 (Fig. 3) has about the same 
salt content, fall-cone undrained and remolded shear 
strength as found in the clay around salt-well no. 7. 


5 INTERPRETED PROPERTIES IN THE 
QUICK CLAY AND SALT-TREATED 
CLAY 


5.1 Quick clay 


The corrected tip-resistance is low in the quick clay 
(Fig. 4a). The interpreted soil profiles in the original 
quick clay show that the OCR is overestimated when 
applying the equation for clays with higher S, than 
15 (Fig. 4b). The c, is underestimated by 25-30% 
(Fig. 4c). Surprisingly, the interpreted OCR and c, ya, 
profiles match the laboratory results in the highly sen- 
sitive Dragvoll quick clay when applying the relation- 
ships for S, < 15. The c, yy, profiles are the same using 
both the relationships, and fit reasonably well with c, 
found in the triaxial tests (Fig. 4d). The SHANSEP c, 
profile (grey thick solid line) match the c, by applying 
the interpreted OCR profile for clays with S, < 15, and 
the constants o of 0.38 (=c,,/ Op =27.7 kPa/73.6 kPa 
at 7.9 m depth), and m of 0.75. 


5.2 Salt-treated clay 


The measured pore pressure (u,) is slightly 
decreased compared to that in the quick clay down 
to about 6 m depth, possibly also resulting in a 
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Figure 2. Geotechnical properties in the original quick clay. a) Water content (w), plastic (wp) and liquid limit (w,). 
b) Fall-cone c, and c,,, and peak-undrained shear strength (c,.) from triaxial tests. c) Salt content. d) Total (o,,) and 
effective (O, ) vertical stress, p, and OCR. 
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Figure 3. Geotechnical properties in salt-treated clay 0.5 m from salt-well no. 3. a) w, wp and w,. b) Fall-cone c, and 


C,- €) Salt content. d) Vertical stresses and p, found on samples from around salt-well no. 7. 
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Figure 4. 


Interpreted geotechnical properties in the original quick clay for S, above and below 15. a) Corrected tip 


resistance (q,), pore pressure behind the cone (u,) and in-situ pore pressure (u,). b) Interpreted OCR, and OCR from 
CRS tests (symbols). c) Shear strength profiles based on N,,, and c, from CAU, tests (symbols). d) Shear strength pro- 
files based on N,,, and c, (symbols). The grey thick solid lines in c) and d) show the SHANSEP c, profile interpreted 


by applying OCR = (Q//3)'? (S, < 15) in b). 


decreased corrected tip resistance (q,) (Fig. 5a). 
The sounding was conducted at a distance of 0.5 m 
from the well, so this reduction in pore pressure 
was caused by the well installation. Nevertheless, q, 
clearly increases in the salt-treated clay (black thick 
solid line in Fig. 5). The interpreted OCR increases 
and correlates well with the OCR found in the salt- 
treated clay with a salt content of 27.7 g/L (open 
star in Fig. 5b). Even though increasing OCR 
should induce increased shear strength (c,), the 
Canau 18 practically unchanged compared to the 
quick clay due to almost no changes in u,. The 
Cy»nke however, increases by 10-45% compared to 
the original quick clay due to increased q,. 

The SHANSEP c, profile for the salt-treated 
clay (dashed grey line in Fig. 5c and d) is devel- 
oped by applying the same constants as found for 
the quick clay. As the interpreted OCR profile in 
the quick clay fits reasonably well with the CRS 
tests, the interpreted OCR based on the cone fac- 


tor was applied in the SHANSEP profile for the 
salt-treated clay. SHANSEP c, is slightly higher 
than the Cinge 

In addition to conducting laboratory tests on 
in-situ treated clay, CRS and undrained aniso- 
tropically consolidated compression tests (CAU) 
tests were conducted on undisturbed mini-block 
samples submerged in KCl slurry (Bryntesen, 
2014; Helle et al. 2015). The salt content in the 
pore water after storage was of 170-260 g/L. The 
samples were stored for several months, and were 
allowed to swell. Nevertheless, the deformation 
curves from the CRS tests corresponded well to 
the curves from the CRS tests conducted on the in- 
situ salt-treated quick clays which imply decreased 
brittleness. Furthermore, the peak undrained shear 
strength of the samples stored in the containers 
was slightly improved to the order of 26-32 kPa; 
fairly consistent with the c, yng profile (black thick 
solid line in Fig. 5d). 
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Interpreted geotechnical properties in salt-treated clay 0.5 m from salt-well no. 3. a) Corrected 


tip resistance (qt) and pore pressures in the original quick clay (grey line) and the salt-treated clay (thick black line). 
b) Interpreted OCR for the original quick clay and salt-treated clay. Both interpreted by the relation for sensitivity (St) 
less than 15. CRS determined OCR at 5.43 m for in-situ salt-treated clays with salt contents of 9.7 g/L (black filled star) 
and 27.7 g/L (open star). c) Undrained shear strength (c,) interpreted by N,,. d) c, interpreted by N,,. The grey dashed 
line in c) and d) show the SHANSEP cu profile interpreted by applying the interpreted OCR for the salt-treated clay in 
b). e) Plasticity index (IP) in the original quick clay (grey symbols) and salt-treated clay (black symbols). 


6 DISCUSSIONS AND CONCLUSIONS 


The RCPTUs effectively map the salt-plume extent 
at the same time detecting improved geotechnical 
properties in the salt-treated clay. Interpreting the 
parameters of the Dragvoll quick clay by apply- 
ing the CPTU correlations for clays with sensitivity 
(S,) higher than 15, overestimates the over consoli- 
dation ratio (OCR) and underestimates the shear 
strength (c,.) by as much as 25-30% compared to 
laboratory tests on high-quality mini-block sam- 
ples. Such underestimates may create large costs in 
projects. Applying the equations for S, < 15 for the 
quick clay, the interpreted OCR and cnau profiles 
fit the laboratory results, whereas the c, yy, profile 
is slightly lower. The SHANSEP c, profile fits rea- 
sonably well with the laboratory results with the 
assumptions o of 0.38 and m of 0.75, and applying 
the interpreted OCR profile for S, < 15. 

Treating the clay with potassium chloride (KCI) 
increases the OCR. The CPTUs show no change in 
the measured pore pressure (u,) compared to in the 
quick clay, and the bearing factor for excess pore 


pressures (N,,) is about the same as in the original 
quick clay even though both OCR and the plastic- 
ity index (IP) increase. Therefore, the c, yy, profile 
shows no sign of improvement. The corrected tip 
resistance (q,) is increased, which is included in the 
Canke: It is therefore recommended to interpret the 
c, profile in salt-treated clays by C, yy, (Equation 3) 
rather than c, nau (Equation 2). 

The CPTU correlations developed by Karlsrud 
et al. (2005) differentiating between clays with sen- 
sitivity lower and higher than 15 have been most 
valuable, and have eased the interpretation of geo- 
technical properties from CPTUs in Norwegian 
clays. The correlations are widely used amongst 
Norwegian geotechnical engineers. However, the 
number of quick-clay samples included in the 
study of Karlsrud et al. (2005) is limited, and most 
of them are from sites in south-eastern Norway. 
There are discussions on whether these correla- 
tions apply for clays found in Mid-Norway as these 
clays tend to have higher silt content. To improve 
correlations for clays especially in Mid-Norway, a 
research project collecting data from sites where 
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CPTU results are correlated to high-quality mini- 
block or block samples has been initiated in the 
Norwegian Public Roads Administration. 

The results presented herein show the impor- 
tance of making local correlations between labo- 
ratory tests on high-quality samples and CPTU 
results for interpreting the mechanical properties. 
This was also emphasized in Karlsrud et al. (2005). 
The interpreted profiles in the original Dragvoll 
quick clay fit better toc, nau where N,, is determined 
based on the equation for S, < 15, even though the 
quick clay has S, in the range of 32-143. Applying 
the N,, for interpreting c, from CPTU in clays is 
often considered the best approach. However, as 
the pore-pressure response is unchanged in the 
salt-treated clay whereas q, increases, interpreting 
the c, profile based on N,, is considered a better 
approach for salt-treated clays. 
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ABSTRACT: The use of the Cone Penetrometer Test sounding (CPT) in geotechnical exploration in 
Mexico goes back to the 1970s, during which time a great deal of experience and a set of empirical 
correlations with different mechanical properties of the soils have been obtained; however, that local expe- 
rience has been limited almost exclusively to the measurement of tip resistance (qc) in soft clay deposits, 
especially in the Valley of Mexico. In recent years, new versions of cones have been made available in our 
country that allow digital measurements and visual checks on real time, not only of end resistance against 
depth but also of sleeve friction and pore pressure during driving, i.e., the piezocono test (CPTu). In this 
paper, we present several case histories of the application of the digital piezocone (CPT-u) in various 
geotechnical environments; In soft clayey stratified soils with hard layers, in clean sands and in tailings 
deposits. It highlights the advantages and disadvantages of this new generation of electrical cones, mainly 
on aspects of field execution, equipment operation and interpretation of recorded data. 


1 INTRODUCTION geotechnical environments are presented; in soft 
clayey stratified soils with hard layers, in clean 
The use of the Cone Penetrometer sounding test sands and in tailings deposits. This paper high- 
(CPT) in geotechnical exploration in Mexico goes lights the advantages and disadvantages of this 
back to the 1970s, during which time a great deal new generation of electrical cones, mainly in the 
of experiences and a set of empirical correlations aspects of field execution, equipment operation 
with different mechanical properties of the soils and interpretation of recorded data. 
was obtained; however, local experience has been 
limited almost exclusively to the measurement of 
tip resistance (q,) in soft clay deposits, especially in 
the Mexico City. In recent years, new versions of 
cones have been made available in our country that 
allow digital measurements of tip resistance (q7), This project is located in a coastal zone of Mexico, 
sleeve friction (f) and excess pore pressure (u,), where an industrial plant will be built on a 10-hec- 
as well as the inclination and the driving speed. tare lot. The subsoil is made up of a clean sand 
In accordance with international standard ISO deposit with different degrees of compactation 
22476-1:2012, the piezocone is driven ataconstant and with a deep water level table, with no risk of 
velocity of 2 cm/s. In addition to these new cones, liquefaction problems. In order to ensure proper 
specifically designed hydraulic machines are used. behavior of the platforms for the industrial nave, 
These have greater capacity (up to 200 kN) and the first 13 mts of the deposit will be improved 
speed control, which has allowed for the reduction using Vibrocompactation. Vibrocompactation is 
of uncertainties in the test and has extended the applied in a square pattern with 5 m to each side, 
potential of use of this exploration tool not only improving the four corners and a fifth point found 
to soft clayey soils, but to sandy soils, tailing dams, at the center of the pattern (Fig. 1). 
and soft soil with hard layers, among others. In order to evaluate the efficiency of the Vibro- 
In this paper, three case histories of the appli- compactation, exploration was performed using 
cation of the digital piezocone (CPT-u) in various  piezocones driven to a depth that varied between 


2 CASE HISTORIES 


2.1 Alvarado project 


347 


<— 5m —> 


CPTu (after) 
CPTu (before) 


ie Vibrocompactation 


Pattern for improvement of soil using Vibro- 


Figure 1. 
compactation method. 


8 and 20 m, in which q,, f, and u, were measured 
before and after the improvement. In accordance 
with the company that performed the improve- 
ment (Keller, 2016), the level of improvement was 
established taking into account the relative den- 
sity, determined indirectly based on the piezocone 
sounding, as per expression 1. 


D, =100* [Yu (1) 


DR 


where, Cp, is a constant (=350) 


— Gr ~ Ow) Pa 
O, P, (2 ) 


vo 


0, O,, and p, are total and effective vertical 
stress, and atmospheric pressure, and 
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Here are the results obtained in the two sites 
studied, in which the improvement was inade- 
quate (Fig. 2) and efficient (Fig. 3), presented as 
examples. 


q (MPa) fs (kPa) u2 (kPa) SBT 
0 10 20 30 40 O 100200300400 -50-25 0 25 50 0246810 


Dr (%), Ic 52.6 
0 2040 60 80100 


---u2 before 
— after 


---fs befoi 
[fs after 


Y ---qt before 
— at after E 
---sB7'fefore 
—SBT,after 


BS wavauaunno 
BES warvansunro 
Depth (m) 

EB eavanaunro 


Depth (m) 
Depth (m) 


Figure 2. 


at (MPa) fs (kPa) 
O 10 20 30 40 o 


SBT Dr (9%), Ic $2.6 
100 200 300 400 0246810 0 50 80100 


mie © 


14 ---before 
4% —after 


Semvaousunno 


hm) 


before 


Janer 
Bud 


Figure 3. Site where improvement was efficient. 


In the first case, we can see that the measure- 
ments of q, and f, taken before and after the 
improvement, are practically the same, concluding 
that the subsoil at this site was not improved. On 
the other hand, in Fig. 3 we can see results where 
the improvement was efficient, seeing that there 
is an important increase in values of q,, f, and D, 
after the improvement of the first 10 m. 

Based on the results of the campaign performed 
with piezocones, sites where improvement was 
inadequate were identified and a second improve- 
ment was performed, but this time using the 
dynamic compactation technique. 

The application of the piezocone in the assess- 
ment of the quality of the improvement has the 
following advantages: it is fast (8 piezocones were 
performed per day at the site), it is practical (only 
one truck was used, with no need for secondary 
equipment and the option for use of lightweight 
equipment in case of difficult access) and the 
results obtained can be clearly interpreted. 


2.2 Soft clayey stratified soil 


The subsoil of Mexico City is made up of a very 
soft soil deposit with alternating hard lenses/layers. 
Figure 4 shows a typical probe of the area of a vir- 
gin lake to the depth of the first hard layer. 

The use of the piezocone in this type of soil has 
proven favorable since it characterizes in detail 
the clay deposit and it is possible to determine the 
mechanical properties using correlations. However, 
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Figure 4. Probes using typical digital piezocones in the 
lacustrine zone. 
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Figure 5. Some problems faced when the piezocone is 
driven into soft soil deposits. A. Alternation between hard 
lenses/layers and very soft ones, and B. Pore pressure. 


use in this type of subsoil has the following prob- 
lems (Fig. 5): 


e Crossing the alternating soft soils layers and hard 
lenses. These alternations cause sudden changes 
in the resistance of the tip, from very high val- 
ues to very low ones, happening repeatedly. This 
means that the instrumentation must guarantee 
low hysteresis in order to obtain trustworthy 
data. 

e The measurement of friction in the shaft. In very 
soft soils, where the water content is near the liquid 
limit, the drive of the cone remolds the soil caus- 
ing thixotropy. In such conditions, the soil behaves 
as a liquid, so it is difficult to measure parameter 
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fJ. This problem has been solved by using special 
sheaths (shaft striation) and increasing the resolu- 
tion of the equipment. 

e Hard layers that are less than 0.5m thick. The 
drive of the cone in very soft soil deposits is 
interrupted when it comes to a hard layer. When 
trying to go through this layer, no matter the 
thickness, the tooling has lost its verticality and 
on occasions the bars have broken. This factor 
generates a decrease in the performance of the 
exploration since a different technique must be 
used to cross or to explore the hard layer. The 
stretch where the cone was driven also must be 
shored in order to continue driving the cone to 
the lower part of the hard layer. This causes an 
increase in time and cost of the exploration, due 
to the need for more equipment and another per- 
foration method to cross through the hard layer. 

e Measuring pore pressure. In very soft soils where 
the permeability coefficient is very low, determin- 
ing equilibrium pore pressure using pore pressure 
dissipation testing has a disadvantage in that the 
time it takes to reach equilibrium in the reading 
is over 6 hours, so it is not possible to perform 
continuous driving. Besides, leaving the cone in 
the soil for long periods of time causes the soil to 
stick to the cone shaft and to the entire length of 
the tubing, making extraction difficult and occa- 
sionally causing the loss of the entire tooling. In 
the case of Mexico City, during cone driving only 
dynamic pore pressure is measured and the static 
pore pressure of the soil is determined by recov- 
erable Viber Wire piezometers. 

e Fissures. The presence of fissures in clay deposits 
randomly causes abrupt drops in the reading of 
parameters q, and f. Unfortunately, these drops 
can be associated with errors in measurements 
and not attributed to the presence of fissures. 


Another interesting aspect is the determination 
of mechanical properties. In the specific case of 
very soft soils in Mexico City, there are correlations 
with the following mechanical parameters (eq 2 to 
5; Rangel et al, 2017): non-drained shear resistance 
(s,) in normally consolidated soils, remolded cut- 
ting resistance (s,,,) and compressibility modules 


rem 


in virgin stretches and in discharge (C, y C,). 


s, a (2) 
LL (3) 
C, =217.6(4,) * (4) 
C=t4(g.)” (5) 


Usually the period of geostatic vertical stress 
is included in the correlation g;.vs.s,, however, in 
the case of clays in Mexico City, this parameter is 


of no greater influence, so it is often omitted. As 
well, the correlation index obtained for the rela- 
tion q,.vs.C, is very low, so the value of C, is only 
indicative. 


2.3 Tailing deposits 


Tailing deposits are mining residues that have gen- 
erally been through a process of mechanical disin- 
tegration, and so are made up mainly of granular 
materials. The characterization of these materials 
is complex, due to the heterogeneity of the deposit, 
in depth and horizontally, and because unaltered 
sampling is difficult. 

In order to define the stratigraphic characteris- 
tics and to have an order of the magnitude of the 
mechanical parameters of tailing deposits, two pie- 
zocone soundings were performed, one in the area 
where the tailings contain fines (Fig. 6a, CPTu-03), 
and another where the tailing is mainly granular 
(Fig. 6b, sounding CPTu-05). 

In Fig. 6 we can see the continuous variation in 
parameters qr f, and u, up to 50 m deep, as well as 
a strongly oscillatory behavior produced mainly by 
the heterogeneous composition of the tailing. Just 
as in clay and sandy soils, the records show a ten- 
dency in which values q, and f, grow proportion- 
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Figure 2.6. CPTU carried out in fine and granular 
zones (a and b, respectively). 


ally to the depth and when examining the curves in 
detail it is possible to distinguish the sequence of 
depositing of tailings when the tendency is inverted. 

The CPT-u has a high-level potential due to 
the fact that using lightweight equipment (100 kN 
penetrometer) the tooling has been able to drive 
this tool into areas that are difficult to access and 
perform soundings to a depth of 50 m. 


3 CONCLUSIONS 


From what we have examined previously, we can 
make the following conclusions: 


e Three cases of the use of the piezocone in Mex- 
ico are presented: In clean sand deposits, in soft 
clayey stratified soils with hard layers and in 
tailings deposits. 

e In the case of clean sand deposits, the efficiency 
of the improvement of the deposits using Vibro- 
compactation was evaluated. Two cases were 
presented, one in which the improvement was 
efficient and one in which it was inadequate. 
The evaluation of the improvement was done by 
comparing the measurements of D, before and 
after the improvement. There are three main 
advantages to using the piezocone as a measure 
of control in compactation: speed, simplicity 
and clarity in the interpretation of results. 

e The use of the piezocone in very soft soils 
allows for the stratigraphy to be detailed and for 
mechanical property values to be obtained using 
correlations. However the implementation has 
the following challenges: when crossing through 
alternating layers of soft and hard soils there 
are errors in the measurements of parameters 
q, and f, there is difficulty in the measuring of 
shaft friction, f, caused by remolding during 
cone drive, the impossibility to cross hard lenses/ 
layers that have a thickness of more than 0.5 m, 
it isn’t possible to measure static pore pressure 
due to low soil permeability, and the cracking of 
the soil causes errors in measurement. 

e Stratigraphic characteristics were evaluated for 
tailings using the piezocone. This technique has 
great potential since it is possible to perform 
deep explorations with lightweight equipment. 
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ABSTRACT: A case-study of evaluating nine u, CPTu dissipation tests (I to V types) of small ¢,, with 
3 published methods is presented. One method is a one-point fitting method, based on J, and 4. The two 
newer methods implies automatic, multi-point curve fitting, with output for not only c but also for the 
initial condition, the parameter error and some reliability information. The results indicate that the 
dissipation tests are good tools to identify soil property/layer boundary information, the new methods 
can be used to study the partly drained penetration and to get c value using tests shorter than the t; 


testing time. 


1 INTRODUCTION 

Nine, partly drained u, dissipation tests (Robertson, 
2017) with various shapes (from type I to type V) 
were evaluated using three methods; a t; method 
and two newer (“fast and slow”) methods, to deter- 
mine the coefficient of consolidation c. The dissi- 
pation test data were used for soil identification. 
The two newer methods were also applied to trun- 
cated tests (tests shorter than f,,). 

The values of c identified using the complete 
dissipation test showed the usual, similar pattern 
indicating that the newer methods can be used in 
practice, like to the t; method. 

Concerning shorter tests than 4, the values of 
the c identified using the fast method showed that c 
became constant after a so called minimum testing 
time fain With larger f55-t,,i, for less dilatory tests. 

The identified initial condition gave some infor- 
mation on partly drained penetration (see eg., 
Sheng et al, 2014). 


2 METHODS 


2.1 


The method of Teh-Houlsby (1988) is based on 
a two-dimensional consolidation model and one- 
point fitting, using Z, information, typically based 
ON t;o: 

The assumed initial pore pressure distribution 
is determined by the strain path method, in soft, 


The evaluation methods 
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normally (NC) to lightly over-consolidated (OC) 
soils. However, in OC soils the solution provide 
a poor estimate of the initial distribution of pore 
pressure, it cannot always handle if £,,< 50 s, and if 
the dissipation is starting from less than u, values. 
No reliability information is given (e.g. goodness 
of fit, uniqueness and parameter error). 

In the newer methods, called “fast” and “slow” 
methods (some second long and some 10 minute 
long, resp., Imre et al, 2013, see the App.), the c and 
the initial pore pressure distribution is identified 
with an automatic, conditional minimisation in 
two different ways, with different computer time. 
The output includes parameters (c, initial condi- 
tion), parameter error, uniqueness and goodness 
of fit information in both cases. The newer, rou- 
tine methods are not using /, information but the c 
result is needed to be adjusted for r, (varying with 
filter position, see section 4.1.2.). 

In the fast method-versions (“fast 1,.. fast k”), 
the coefficients of a k-jet of the infinite series ana- 
lytical solution are identified. The so resulted ini- 
tial condition is limited by the number of terms in 
the jet (for k = 1, it is monotonic, for k > 1 it is 
non-monotonic), less than about 5 terms are used 
in practice since the method is numerically unsta- 
ble for larger jet term number k than about k = 5 in 
at present state. 

In the slow method k = 200 coefficients are 
determined beforehand for a non-monotonic, 
physically admissible, parametric shape function 
series of the initial pore pressure distribution (see 


the App.) The shape functions with four inte- 
ger parameters (s, n,, m, sign) describe both the 
negativity and the widths of the shear zone (with 
parameters n, and s, resp.), and the positivity out- 
side the interface shear zone, with parameters n,). 
The shape functions vary over a wide range, the 
mirror images are related to the negative multipli- 
ers while c is identified. 


2.2 Soil types on the basis of dissipation data 


Three CPTu profiles were made up to a depth of 
18 m at a site in California, with nine dissipation 
tests (Fig. 1). The dissipation tests were represented 
forming two groups, in Figure 2, using their initial 
excess pore pressure Au and Au/u, data as follows. 

Tests 4, 7, 8 are with t < 1 min, are type III 
and V, with small initial pore water pressure at the 
shaft Au < 100 kPa, with —12 < Au/u, < 1.7. These 
tests are basically drained. In the classification of 
distribution of pore pressures in granular soils 
(Fig. 3), type V tests are loose sand, type III are 
loose silt. The Au/u, = —12 extreme value is caused 
by the small u. 

Tests 1, 3 are transitional in terms of drainage 
parameters, being possibly silty soils. Test 1 is type 
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Figure 1. Dissipation tests 1 to 9 in CPTI to CPT3. 
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Figure 3. Distribution of initial pore pressures in gran- 
ular soils (upper) and plastic+ soils (lower). Robertson 
et al, 1986. 


Table 1. The list of dissipation tests. 

t 150 Uy u — ug 

[min] [min] [kPa] Aulu, [kPa] Ir 
1 7 1,30 82 05 12:2, 100 
2 22 5,47 79,1 7,6 520,9 200 
3 7 0,15 130,0 2,0 130,0 100 
4 15 0,55 34 -10,2 38,4 100 
5 25 1,95 24,9 149 345,1 100 
6 30 11,63 41,6 13,2 508,4 200 
7 5 0,13 4,7 -0,5 22,7 100 
8 6 0,27 27,0 1,6 17,0 100 
9 45 4,12 50,0 6,2 260,0 200 


IV with ¢,, < 1,5 min with small Au < 100 kPa and 
with negative Au/u, = -0,5. It can be OC or can be 
situated close to a more permeable layer boundary. 
Test 3 is type I, with t; < 1 min, but with medium 
stress 100 kPa < Au < 150 kPa, with Au/u, = 2, can 
be near NC. 

Test 5 is with high stress and medium ¢,, ~ 2 min, 
Aulug = 15, possibly the soil is OC clayey silt. Tests 
2, 6 and 9 are likely lightly OC to OC clays, the 
penetration is undrained or slightly drained, with 
ts) > 4 min, with Au > 150 kPa, with 6 < u/ug < 14. 

Real negative pressures occurred in three cases 
modifying the Figure 3 upper diagram. The J, was 
selected approximately, as 100 for all non-clay soils, 
and as 200 for clays (Table 1, Figs. 2, 3). 


3 RESULTS 


3.1 Comparing c values of long tests 


The identified c values are represented in Figure 4, 
in Tables 2 and 3. The c,,,, improved with k for 
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Figure4. Identified c, rearranged from granular to plastic. 

Table 2. Identified fast c compared to slow c[c;,.,/C..,,]. 

Sign, soil Fast k= 1 Fast, max k 

4 - CPT2/1 V 4,3 0,3 

7 - CPT3/1 V 3,6 0,3 

3 - CPT1/3 I 6,7 0,3 

8 - CPT3/2 Tr 0,8 1,6 

1 - CPT1/1 Iv 14,3 0,6 

5 - CPT2/2 III 1,1 1,1 

2 - CPT1/2 III 1,0 1,4 

6 - CPT2/3 III 1,0 1,0 

9 - CPT3/3 TIT 1,5 0,3 


clays: 1 to 1.5, clayey soils: 1 to 1.13, silt-sand: 1 to 2 


Table 3. Newer methods c compared to c of îs [Cy.4/C,sol- 
Slow Fastk=1  Fastlastk 
4-CPT21. V 2,9 12,5 4,2 
7-CPT3M V 5,0 18,0 5,0 
3-CPTIB I 3,2 21,1 6,3 
8-CPT3/2 M 11,4 9,5 15,2 
1-CPTI/l IV 0,7 10,0 6,0 
5-CPT2/2 M 11,4 12,9 14,3 
2-CPTI/2 Ul 14,3 14,3 20,0 
6-CPT2/3 M 17,6 17,6 17,7 
9 - CPT3⁄3 HN 8,5 12,8 4,3 


granular soils, the ratio values given for granular 
soils were related to the largest k with the best solu- 
tion in Tables 2, 3. 

The ratio Cas/Cgoy for the new methods was 
equal to 1-1.5 for clays, 1-1.2 for clayey mixtures, 
1-2 for silt-sands. 

The c of the ¢,, method compared with c of new 
methods showed the following. For granular soils 
the new methods have larger c by about a factor 
of 3 to 6 (if the k values for the fast method were 
larger than 1). 


353 


In clay the new method c was greater by gen- 
erally a factor of 10 to 20 except for the near- 
monotonic test where this factor was 8. (Where 
the ¢,, method c differed more from the slow 
method c, the initial condition was generally 
non-optimal). 


3.2 The c values of the truncated tests 


Truncated data with test duration less than the £,, 
time were evaluated for the tests with t; > 4 min 
(Figs. 5, 6) with the slow method and the fast 
1 method. Only the fast 1 method gave monot- 
onic results with ¢, there was a minimum testing 
time fmin Such that for 1 > tnin the identified c value 
was about constant. The Zain < fs, was met for each 
case. In the near-monotonic test 9, a one-minute 
long test gave the proper c value. In tests 2 and 6 
min = fsg — d was found with increasing d for increas- 
ing monotonicity. 


3.3 Evaluation details — newer methods 


For sandy soils (tests 4 and 7) with 0.55 and 
0.13 min ¢,, times and with type V dissipation 
(Fig. 7, Tables 1 to 4), the initial pore water pres- 
sure shape functions identified with the slow 
method are negative; and are also negative with the 
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Table 4. Identified shape function parameters, slow 
method. 
s mE] om, sien 
4 - CPT2/1 6 2 2 - Vv 
7 - CPT3/1 1- 3 3 - Vv 
3 - CPT1/3 1- 2 3 + I 
8 - CPT3/2 5 3 5 + III 
1 - CPT1/1 7+ 5+ l- + IV 
5 - CPT2/2 T+ 2 8 + III 
2 - CPT1/2 T+ 2 9+ + Ill 
6 - CPT2/3 T+ 2 T + III 
9 - CPT3/3 6 2 5 + TIT 


+/- boundary value (25% silt-sand, 66% clay, 100% silt). 


fast k = 1 methods, partly positive for the fast k > 
2 method (which is probably qualitatively the best). 

For assumingly transitional soil with types IV 
or I dissipation (test 1 and 3), with t; of 1.2 and 
0,15 min (Figs 8 and 9, Tables 1 to 4), the initial 
condition is starting to be positive but is non-opti- 
mal with the slow method for test 1, the s value is 
too small. 

Three tests (2, 6, 9) are III, III and III-I type 
tests in clay with fs, of 5.47, 11.63, 4.12 min. The 
initial condition is non-optimal in cases 2 and 6. In 
Figures the results related to 10 and 11 tests 9 and 
2 are shown, the fast 1 and 2 methods gave realistic 
initial conditions, resp. 
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Figure 7. Test 4. Type V dissipation. (a) Measured and 
fitted data. (b) to (c) Identified initial condition (slow 
method, n, = 3. n, = 3. s=1, fast method k = 1..4). (d) 
Merit function sections for the reliability tests (from left 
to right: slow, fast k = 2, fast k= 1). 
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Figure 8. Test 1, type IV dissipation. (a) Measured and 
fitted data, slow method and fast method. (b) and (c) 
Identified initial condition (slow method, n, = 5, n, = 1. 
s=7, fast method k = 1..3). 
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Figure 9. Test 3, type I. (a) Measured and fitted data. 


(b) and (c) Identified initial condition (slow method, 
parameters: n, = 2, n, = 3. s = 1, fast method k = 1,2). 


4 DISCUSSION 


4.1 


4.1.1 Shear zone in sand 

The results indicate that the initial pore water pres- 
sure for loose silts-sands can be (real) negative with 
type V dissipation curves (Figs. 3 and 7). 

The rebound around the shaft after a large 
drained compression below the tip may cause OC 
state in the originally loose sand. The OC clay and 
the OC sand behaviour differ in the extent of nega- 
tivity, since the deformation of the soil grains in 
clay may be large but this is not the case for sands. 

The hypothesis that the (negative) pore water 
pressures may be influenced by the undrained 
deformability of the grains and pore fluid, follows 
from the identification results of several conven- 
tional compression tests (see eg., Imre et al, 201 3(a)). 

Moreover, earlier results indicate that the shear 
zone thickness s may increase with decreasing plas- 
ticity or with increasing OC state (see the correla- 
tion trends between the fitted parameters n,, n, and 
s, with the parameter c of 70 dissipation tests under- 
taken at Hunter river, Australia, Bates et al, 2013). 

The shape functions were identified with nega- 
tive sign (Tables 4, 5) for granular soils. This may 
have occurred due to the large negative and small 
positive part of the initial condition, indicating 
large shear zone size parameter s, also. 


Initial condition in partly drained cases 


4.1.2 The displacement domain 

In the newer methods, the pair n = (r, - r,)/ rọ = 36 
for J, = 150 (from Baligh, 1986) are used in u,. 
Using the approximate time factor, a model law 
applies (see App., Imre et al, 2010) since in filter 
position u, the n is different, and all c values are 
needed to be divided by a constant of 1 to 1.5. 
The effect of the rigidity index 7, can be taken into 
account if the time factor of Teh and Houlsby is 
combined with the time factor derived in the con- 


Table 5. 
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Figure 11. Test 2, type III dissipation. (a), (b) Measured 
and fitted data. (c), (d) Identified initial condition (shape 
function parameters: n, = 2, n, = 9. s = 7, fast method 
k = 1..3). 


solidaton modelling of the newer methods (see the 
App.) as follows: 
m = (n În, =i) =T T (1) 
From Eq (1), the value of n = (r, - ro) ro is 
dependent on the rigidity index /, n and r, is 
smaller for less Z, than for larger /,. For 7, = 100 and 
200; n = 32,53 and n = 38,49 are valid, resp., in filter 
position u,. 


5 SUMMARY, CONCLUSIONS 


5.1 General results with the three methods 


Concerning the comparison of the three methods, 
the results can be summarized as follows. 

The coefficient of consolidation (c) result of 
the three methods showed similar pattern here and 
in the previous studies (Imre et al, 2005, 2014). 
The newer methods gave higher c values, than 


the 1,, time method. This result indicates that the 
newer methods are reliable. The differences can 
be explained by the approximate, non-optimal ini- 
tial conditions of the newer methods, and by the 
approximate J, information (the shear modulus 
may decrease with strains by a factor of 20 or 30, 
Mayne, 2007). 


5.2 Some notes on the newer methods 


5.2.1 Uniqueness, goodness fit, initial condition 
The slow method did not have unique solution in 
less than half of the cases (Table 5), in those cases 
the unique solution of the fast 1 method was used 
to select the good solution for the slow method. 

The fit of the slow/fast methods was good for all 
or 75% of the silt-sands, for 66% or all clays and, 
was not good for transitional test 1 in either case 
(Table 5). The fast method had good fit in clays 
with for k = 1 or 2, in granular soils for larger k. 

The limitations of the newer methods can be 
attributed to the non-optimal initial conditions, both 
methods need extension (additional shape functions: 
slow method, fast method: larger k values). 

The shape functions were acceptable for slightly 
OC clay dissipation curves, were limiting for more 
dilatory curves and not acceptable with positive 
sign for granular soils (Tables 4, 5). 

Results show that the shear zone thickness s 
may increase with decreasing plasticity or increas- 
ingly drained penetration, which also follows from 
earlier non-monotonic evaluations. 


5.2.2 Truncated tests 

By evaluating truncated tests with test duration 
t shorter than the t. time, the c - t function was 
determined. The c - ¢ function identified for the 
fast 1 method was monotonic, and the c was con- 
stant for larger test durations ¢ than a limit time 
tnin: The fain Was smaller if the dissipation test was 
less dilatory. 

The short computer time of the fast 1 method 
allows the identification the c value in each minute 
of a dissipation test. The so determined c - £ function 
can be used to terminate the dissipation test after 
tins When the identified c value becomes constant. 
Further research is suggested on this, and on the 
minimization of dilatory nature of the dissipation. 


5.3 The dissipation tests in the geotechnical 
design 


By representing the dissipation curves in this work 
(Fig. 2), the subgraph area gave soil type informa- 
tion based on the simple fact that both parameters 
Au, ts) are increasing with plasticity (except in the 
presence of a layer boundary). The ratio Au/u, gave 
information to density or NC-OC state (Fig. 3). 
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Figure 12. The change in the initial excess pore water 
distribution for more drained penetration or for less plas- 
tic soil. 


In this work real negative pressures occurred 
in three granular soils, modifying the upper dia- 
gram in Figure 3, indicating that the initial pore 
water pressure distribution is not fully known for 
sands at present. The initially loose silts-sands may 
behave as OC soils due to the large compression 
below the tip. However, the initial condition may 
differ from the OC clay case, due to the different 
grain material compressibility. 

Further research is suggested on silts-sands (eg., 
using DEM, and real measurements) and, on the 
initial condition in case partly drained penetration. 
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APPENDIX: SUMMARY OF NEWER 
METHODS 


Consolidation model 


The analytical solution of the spherical coupled 
1 model (Table A1) for the pore water pressure u 
and its derived time factor T: 


l Š 2 os (Ar) + MY SAN] | 
an ee 
Fà dió [Jos (An) + MY (AM) 


(AD) 
(A2) 


ct 


Ti 
(i=) 
where r is space coordinate, 1 is time, J, and Y, are 
Bessel functions, c is coefficient of consolidation, 
the A, u, depend on r, and r, and C, (i= 1 to k) on 
the initial condition, T time factor. 


Evaluation methods 


The two methods (slow, fast) differ in computer 
work which is smaller by about 2 order of magni- 
tudes for the fast method. 

In the fast method, the output includes the C, 
(= 1 to k) linearly dependent coefficients for a few 


Table A1. One dimensional linear models (Imre et al., 
2010). 

Type Spherical Cylindrical 
Uncoupled Torstensson Soderberg 
Coupled 1 Imre-Rózsa Imre-Rózsa 
Coupled 2 Imre-Rózsa Randolph-Wroth 


terms, the c nonlinearly dependent parameter and, 
the parameter error is computed for the linearized 
model. For k= 1, the method is monotonic and has 
unique solution, for k > 1 non-monotonic. 

In the slow method, output includes the c and 
the identified, initial condition shape function 
(Fig. A1). Every shape function parameter is non- 
linearly dependent except the scaling, resulting in 
large numerical work. The C; (i= 1, 2... 200) values 
for each shape function are built in, being deter- 
mined beforehand. 


The initial condition shape functions 


The initial excess pore water pressure u, is the sum of a 
negative part due to the interface shear in a thin zone 
along the shaft and a positive part due to the pen- 
etration normal stresses. The first part is described 
by one of 5 linear functions within the shear zone 
(between r, and r) (Fig. Al, I to V). The second part 
(r, <r < r,), is given the function described by: 


awah eT] F #0; F #00 (A3) 


with fixed F values. Seven r, values (varying 
between 0.17, and 2r,) were used, given in Table 
A2. Hence, 350 shape functions are resulted. For 
negative scaling, 350 mirror image shape functions 
are resulted. 


Figure Al. Shape functions. The n,=1 to 5 correspond 
to I to V linear functions in the sheared zone, s = 1 to 7 
is related to the ts sheared zone thickness ts, n, = 1 to 9 
for the positive part, and a positive or negative scaling 
constant is used to adjust. 


Table A2. Thickness values of the interface shear zone 


sH] t, [cm] r,=r,+ t, [cm] s=t/rJ[-] 
1 0.1 1.85 0.05 
2 0.21 1.96 0.12 
3 0.42 2.17 0.24 
4 0.84 2.59 0.48 
5 1.89 3.64 1.08 
6 2.94 4.69 1.68 
7 3.36 5.11 1.92 
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ABSTRACT: 


In 2016 in Russia, a new Standard STO 36554501-049-2016 “CPT Application for Soil 


Foundation Control on Permafrost” was developed and enacted. The standard determines the basic 
requirements for CPT (Cone Penetration Testing) application for geotechnical control and investigation 
of the foundations located on permafrost soils. The standard applies to soils which are dispersive, natural 
and man-made, frozen/freezing and thawed/thawing. The composition and condition of these soils should 
allow continuous penetration of a penetrometer used for CPT. Many chapters of the standard are relevant 
and applicable for performing geotechnical site investigation for foundation design purposes. Particular 
attention is paid to the CPT probe applications with additional sensors. 


1 INTRODUCTION 

In 2016 in Russia, a new Standard STO 36554501- 
049-2016 “CPT Application for Soil Foundation 
Control on Permafrost” was developed by N.M. 
Gersevanov NIIOSP involving Fugro Consult- 
ants Inc., Houston, USA, “GEOINZHSERVICE” 
LLC, “FUNDAMENTPROJECT” JSC, BGAU 
and “PIKA-TECHNOSERVICE” STC (Standard 
2016). 

The standard establishes requirements for CPT 
procedure using electrical probes for geotechnical 
control and investigation (further—control) of the 
foundations of buildings and structures (further— 
structures) under construction and operated ones, 
located on permafrost soils. 


2 RELEVANCE AND OBJECTIVES OF 
STANDARD DEVELOPMENT 


Control over the foundations of buildings and 
structures under construction and operated ones, 
located on permafrost soils is a challenge that must 
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be met by surveyors, designers, builders and build- 
ing operation and maintenance services. 

Despite the relevance of this problem and the 
efforts made in recent years in Russia to develop 
and improve new approaches, techniques and 
equipment, it has not been handled yet. The cur- 
rent standards do not adequately illustrate the 
issues concerning control over the foundations, 
and the potential and experience of the new in- 
situ express methods are not sufficiently used for 
soils. 

CPT holds a special place among the in-situ 
express methods (Lunne et al. 2004; Minkin 2005; 
Ryzhkov & Isaev 2016). The studies carried out 
in Russia (Volkov & Isaev 1983; Isaev 1989; Isaev 
et al. 1995; Dlugach et al. 1995; Isaev 8 Ryzhkov 
2010; Isaev 2011la, 2011b, 2012a, 2012b; Sokolov 
et al. 2016) and abroad (Ladanyi 1976; Blouin et al. 
1979; Ladanyi 1982; Woeller et al. 1991; Buteau 
et al. 2005; Fortier & Yu 2012; McCallum et al. 
2014, 2014a) showed the applicability and effec- 
tiveness of CPT application on permafrost soils, 
particularly when using electrical probes equipped 
with additional sensors and devices. 


3 STRUCTURE AND CONTENT OF THE 
STANDARD 


The document consists of seven chapters, which 
reflect: the standard application limitations; nor- 
mative references; terms and definitions, require- 
ments for equipment, instruments, preparation 
and testing; main principles for the geotechnical 
control of foundations by CPT. 

The sections of the standard contain conditions 
on the CPT application for the geotechnical con- 
trol: soil types; soil temperature and temperature 
for monitoring well installation; state of soils and 
detection boundaries between frozen and non-fro- 
zen soils; groundwater mineralization and salinity 
of soil; groundwater level; corrosiveness of soils; 
consolidation of thawing soils; seismic soil lique- 
faction; site seismicity; thermophysical properties 
of soils; mechanical properties of frozen/non- 
frozen soils; mechanical properties of frozen soils 
after thawing; pile bearing capacity; pile driving 
capability to specified level. 

Appendices, supporting and detailing the con- 
tent of the main sections of the Standard, are: 
additional sensors in CPT cones; types of CPT 
cones and measured parameters; applicability of 
CPT cones depending on task of geotechnical 
control; applicability of CPT cones depending on 
soil conditions; design of special CPT cone with 
temperature sensor; diagram for determination of 
soil condition (frozen/non-frozen) according to 
CPT data; electrode location in special CPT cone 
equipped with an electrical resistivity sensor; CPT 
depth correction by inclinometer; examples for 
CPT locations on a studied site, depending on the 
number of test cycles; recommended CPT depth 
when controlling foundations of various engineer- 
ing structures, etc. 


4 GENERAL 


The following are the most important provisions 
of the standard: 


a. A list of additional sensors and devices, includ- 
ing the measured parameters and performed 
functions; the following types of special probes 
(Table 1). The cone tips may additionally 
include: a temperature sensor (T-CPT, RT-CPT, 
HT-CPT, T-CPTU); a temperature sensor and 
a heat element (HT-CPT); a pore pressure sen- 
sor (CPTU, T-CPTU, R-CPTU, S-CPTU); an 
electrical resistivity sensor (R-CPT, RT-CPT, 
R-CPTU); a seismic-acoustic sensor (S-CPT, 
S-CPTU); a gamma radiation sensor (GR- 
CPT); a gamma-gamma radiation sensor 
(GGR-CPT); a neutron-neutron radiation sen- 
sor (NNR-CPT). 
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Table 1. Types of special probes and measured 
parameters. 

Measured parameters 
Probe af “© T, 4 J, viv, L, Ly Lp E 
T-CPT x XXX 
R-CPT x XxX =x x 
RT-CPT x XXX x 
HT-CPT x xX X x 
S-CPT X x xX x 
GR-CPT x x x x 
GGR-CPT x x x x 
NNR-CPT x x x x 
CPTU Xx Xx x 
T-CPTU x XXX X 
R-CPTU x x x x x 
S-CPTU X XxX x x 


Note: Measured parameters: q, — cone resistance; f, — 
sleeve friction; a — inclination of the cone tip determined 
by inclinometer; T, — cone tip temperature; u, — pore 
pressure between the cone and friction sleeve; J, — cur- 
rent strength between the isolated electrodes; v, and 
v, — velocities of the primary and secondary seismaic 
waves; I, — flux density of the natural gamma radiation; 
I,,— flux density of the dissipated primary gamma radia- 
tion; /,,, — flux density of the moderated neutrons during 


> “nn 


dissipation in soil. H — heat element 


. Depth requirements (Tables 2 and 3) and 
requirements for the number and location of 
the CPT points taking into account the types of 
buildings and structures (local or linear, under 
construction or operated), the type of founda- 
tion and soil (plastic-frozen or hard-frozen), the 
principle of using soils as foundations (frozen, 
thawed or thawing soils are used). 

. Applicability of electrical probes (Table 4) 
depending on the type of probe, degree of soil 
dispersion (gravel-pebble, sandy, clays) and state 
of soil (thawed, plastic-frozen, hard-frozen). 
Probes incorporating a heat element (HT-CPT), 
which is located in the cone, are most used in 
frozen soils. 


The standard considers controlling over the 
following (Table 5): types and varieties of soils 
and engineering geological sections; groundwater 
level; soil temperatures and thermometric wells; 
condition of soils; boundaries between thawed 
and frozen soils; salinity of soils and detection 
of cryopegs; corrosiveness of soils; consolidating 
of thawing and hardening of freezing soils; pos- 
sible liquefying of thawed sands in dynamic and 
seismic effects; parameters of seismic microzon- 
ing of permafrost and thawed soils; physical and 
thermophysical properties of soils; strength and 
deformation properties of soils; mechanical prop- 


Table 2. Recommended depth for CPT when controlling foundations of independent buildings and structures. 


Depth for CPT for soil foundation, frozen (Principle I) and non-frozen (Principle II): 


Type of foundation Principle I Principle II 


Plastic-frozen soils 
Strip foundations with loads 
on a foundation (kN/m): 


— up to 500 10-12 m from the foundation 10-12 m from the foundation base (but 
— up to 700 12-15 m base 12-15 m 5 m min. below the designed 
— up to 1000 15-20 m 15-20 m depth of soil thawing) 
Separate piers with loads 
on a pier (kN): 
— up to 2500 8-10 m from the foundation 10-12 m from the foundation base (but 
— up to 5000 10-12 m base 12-15 m 5m min. below the designed 
— up to 10,000 10-12 m 12-15 m depth of soil thawing) 
— up to 15,000 12-15 m 15-20 m 
— up to 20,000 15-20 m 20-25 m 
Pile foundations 5 m below the pile tip 5 m below the pile tip, but 5 m min. below 
the designed depth of soil 
thawing 
Slab foundations 3-5 m below the depth of the 5 m below the designed depth of soil 
compressible thickness thawing, but 7-10 m min. from the 


foundation footing 
Hard-frozen soils 


Strip foundations and 7-10 m from the foundation - 
separate piers footing 
Pile foundations 3-5 m below the pile heel, but 
10-12 m minimum. 
Slab foundations 12-15 m minimum. 


NOTE: Lower depths are taken for foundation soils with low ice content, greater ones—for icy ones and for foundation 
soils with high ice content. 


Table 3. Recommended depth and distance between CPT locations for control of linear structure foundations. 


Depth for CPT when using dispersed foundation soils on the 


Distance principle: 
between CPT 
Type of a linear structure points, m I II 
Railways and highways 50-200 3-5 m below the designed 3-5 m below the designed depth of soil 
depth of soil seasonal thawing under the mass of the 
thawing embankment, but 10-12 m max. 
Bridges, viaducts, elevated Piers on-site, by 5 m below the pile heel 5 m below the pile heel, but 5 m min. 
roads and overhead power 1-2 points below the designed depth of soil 
lines thawing 
Engineering underground 50-150 10-15 3-5 m below the designed depth of 
networks (water pipeline, soil thawing, but 12-15 m min. 
sewage, heating networks, 
gas pipeline) 
Main pipelines (oil and gas 50-100, piers 3-5 m below the depth 3-5 m below the designed depth of 
pipelines): on-site of pier installation soil thawing under the pier, but 3 m 
— above-ground routing (on min. below the pier installation depth 
piers); 
—in the embankment, under- 50-100 7-10 m below the pipeline 3-5 m below the designed depth of 
ground routing soil thawing 


Note: Lower depths are taken for foundation soils with low ice content, greater ones—for icy ones and for foundation 
soils with high ice content. 
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Table 4. Applicability of electrical probes with regard to soil conditions. 


Dispersed soils 


Thawed Frozen 


ys 
Icy soils 


Sands 


Probe 


Q | Gravel-pebble 

Q | Plastic-frozen sands 
w | Plastic-frozen clays 
Q | Hard-frozen soils 


> | Cla 


Y 
Q 
Y 


Probes without heat elements CPT, T-CPT, 
R-CPT, RT-CPT, S-CPT, GR-CPT, 
GGR-CPT, NNR-CPT, CPTU, T-CPTU, 
R-CPTU, S-CPTU 

Probe with a heat C A-B A-B B-D A-B B-C B-C 
element HT-CPT 


Notes: The table illustrates domestic and foreign experience on applicability (possible pushing) of an electrical probe in 
various soil conditions. Applicability: «A» — high, «B» — medium, «C» — low; «D» — the probe is not used. 


Table 5. Applicability of electrical probes with regard to the objectives of control over foundations. 


3 g 
5 2 
O 
> > v & & 3 3 
S E =m g Z = 
S 3 5 ò 3 3 = 
2 3 oa BE g £ a 
et o 20 = 3 ¿0 [=] a n 
= z £ ES E 5 qg ic! 
Ss 8 3 2 $ aA E 20 2 
S 2 8 = = B 0 e S £ o o a 2 
E Bo% E £ Sg g SES řas gag 
LE E E apoda 13358 EES 
— 5 s E = 2 $6 e e 5 2 D o a R SS æ 
S $592 % a E § r FSP B Foes e Eag 
a sz LE a Zac? 5 =e a Bea SE SF Bs 
3 985 e ss 3 o aa 3 82 5 8 2 3 3 3 5 BE SB 
o 588E 3 BRB SF Sts E E 2 2 ae yu. 
Teo BP ESE E 53558283 3 E 53535248 
probe F ODE ü SBOADOHR FTA A FE BOA aa & 
1 2 3 4 5 6 7 8 9 10 11 12 13 14 15 16 17 18 19 20 21 22 23 
CPT B/C - C/B B C B - B - C Ch - - B C- B A 
T-CPT B - A CB A A A B Cc © C B - - C-B - A 
R-CPT BC B - C/B B C ABB B - C CŒ- C B C- B A 
RT-CPT B B A CB A AABB B - C CŒ- C C B - - C- B - A 
HT-CPT B - A CB A A A B © C B B - - C- BB A 
S-CPT A/C — - C/B B C B- - B BB Œ B B- B A 
GR-CPT A/C - - CB B CB - - B - C C- - - B — - C- B - A 
GGR-CPT B/C - - C/B B C B- - B - C AB - - B - - C- B - A 
NNR-CPT B/C A - C/B B C B B C CH A/B B C- B A 
CPTu A/C - - CB AB C B - B- C Ch - B - B B- B - A 
T-CPTu A/C - A CIB A A A- - B - C C- - C B - - C-B - A 
R-CPTu A/C B - CB AB C A B B B C C- C B B B- B A 
S-CPTu A/C - - CB ABCB-- B B B CL -— - B - B BEB- A 
Notes: 
1.Applicability: “A”, “B”, “C” — the probe is used; “-” — the probe is not used. 


2.Applicability: “A” — high, “B” — medium, “C” — low. 
3.In the numerator—for thawed soils, in the denominator—for frozen soils. 


362 


erties of frozen soils with regard to their thawing; 
load-bearing capacity of foundation soils; quality 
of geotechnical works in foundation engineering. 
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Thermophysical finite element analysis of thawing of frozen soil 
by means of HT-CPT cone penetrometer 


O.N. Isaev, R.F. Sharafutdinov & D.S. Zakatov 


Gersevanov NIIOSP Moscow, Russia 


ABSTRACT: The paper presents the results of the FE-based numerical thermophysical analysis 
of geocryological factors (soil type, temperature and moisture) and constructive-technological factors 
(power, heating and cooling time) having an effect on the thawing area size around the HT-CPT cone 
penetrometer. Based on the results obtained, the empirical dependencies are proposed to predict the depth 
and diameter of thawing area around the HT-CPT cone penetrometer. 


1 INTRODUCTION 

For the first time, CPT on permafrost soils was 
tested in 1974 by the Canadian researcher B. Ladanyi 
(Ladanyi, B. 1976). He showed technical feasibility 
and serviceability of CPT to study permafrost soils. 

Today CPT is often used for geotechnical inves- 
tigations or scientific research of permafrost soils 
(in particular, plastic-frozen), ice and snow. 

Studies carried out in USSR and Russia (Volkov 
& Isaev 1983; Isaev 1989; Isaev et al. 1995; Dlu- 
gach et al. 1995; Minkin 2005; Isaev 201 1a, 2011b, 
2012a, 2012b; Ryzhkov & Isaev 2016; Sokolov 
et al. 2016) (65% of Russia’s land is covered by per- 
mafrost) and abroad (Ladanyi 1976; Blouin et al. 
1979; Ladanyi 1982; Lunne et al. 1997; Buteau 
et al. 2005; Fortier & Yu 2012; Adrian et al. 2014) 
have revealed high efficiency and serviceability of 
CPT. It makes it possible to evaluate the following: 
pile load-bearing capacity, modulus of deforma- 
tion, equivalent adhesion, piling up to the specified 
depth, soil condition (thawed or frozen), etc. 

CPT is efficiently used in permafrost if cone pen- 
etrometers are equipped with special sensors and 
devices—temperature sensor (T-CPT, RT-CPT, 
T-CPTU); temperature sensor and heat element 
(HT-CPT); pore pressure sensor (CPTU, T-CPTU, 
R-CPTU, S-CPTU); electrical resistivity sensor 
(R-CPT, RT-CPT, R-CPTU); seismic-acoustic sen- 
sor (S-CPT, S-CPTU); gamma radiation sensor 
(GR-CPT); gamma-gamma radiation sensor (GGR- 
CPT); neutron-neutron radiation sensor (NNR- 
CPT). Almost the whole of these cone penetrometers 
are in mass production of A.P VANDENBERG, 
FUGRO, GEOTECH, PAGANI, PEAK-TECH- 
NOSERVICE, VERTEK and other companies. 

A cone penetrometer equipped with a tem- 
perature sensor and a heat element (HT-CPT) is 


365 


the only one that is not manufactured anywhere 
and has not been studied until recently. HT-CPT 
cone penetrometer can make it possible to meet 
a number of challenges which cannot be met by 
other cone penetrometers: 


e to push the cone penetrometer into low-temper- 
ature hard-frozen soil layers by their repeated 
local thawing; 

to evaluate frozen/thawed soil resistance to CPT 
during intermittent actions; 

to determine strength and deformation prop- 
erties of frozen soils, taking into account their 
thawing; 

to evaluate thermophysical properties of frozen 
soils. 


Numerical thermophysical studies and labo- 
ratory tests carried out at Gersevanov NIIOSP 
(Moscow) resulted in approaches and methods 
used to solve these problems. The report presents 
the results of numerical studies on various factors 
having an effect on the thawing area parameters of 
frozen soil around the HT-CPT cone penetrometer. 


2 METHODOLOGY OF THERMOPHYSICAL 
FINITE ELEMENT ANALYSIS 


Mathematical simulation of thermophysical inter- 
action of the “HT-CPT cone penetrometer—frozen 
soil” system was performed using “GeoStudio 
TEMP/W” software package in the axisymmetric 
set. 

Physical and thermophysical characteristics of 
permafrost soils were taken after Appendix B of 
Building Code SP 25.13330.2012. 

The cone penetrometer was modeled in its full 
size with dimensions as per IRTP. It included a 


cone tip and a push rod. The cone base diameter 
was 36 mm, the apex angle of the cone — 60°.The 
holes were modeled in the cone (Figure 1) for the 
heat element (30 mm in length and 6 mm in diam- 
eter) and the temperature sensor (23 mm in length, 
3 mm in diameter). 

Calculation was carried out in two stages: the 
first one—heating of the cone penetrometer within 
120 minutes, the second one—cooling of the cone 
penetrometer within 120 minutes after switching 
off the cone penetrometer. 

Heating was modeled by the heat flow radiating 
from the heat element. 

The finite element grid was spaced in intervals 
of 0.05 m. For greater accuracy of calculations, 
grid spacing decreased to 0.01 m in the soil area 
adjacent to the cone penetrometer; the cone pen- 
etrometer itself was set out with a grid spacing of 
0.005 m. The calculated model with the finite ele- 
ment grid is shown in Figure 3. 

The calculated area was chosen from the con- 
dition of the changed temperature attenuation in 
the soil due to heating by the cone penetrometer. 
The experiments revealed that the dimensions of 
the calculated area did not influence interaction of 
the cone penetrometer with the adjacent soil if the 
dimensions of the calculated area were 2.5 m along 
the X axis and 2 m along the Y axis. That is why 
these dimensions of the calculated area were used 
in simulation. 

The boundary conditions at the boundary 
of the calculated area were set by the frozen soil 
temperature. 


Figure 1. Schematic illustration of the cone with holes 
for the heat element and temperature sensor. 


Figure 2. Calculated area of thawing in the vicinity 
of the cone: Ha, — depth of thawing, R,, — radius of 
thawing. 


Calculation 


Figure 3. scheme with FE grid: 
a — the whole calculation scheme; b—expanded fragment 
of the calculation scheme in the vicinity of the cone. 


The following parameters were considered: 


e soil type (sand, clay sand, loam and clay); 
e soil temperature (-0.3; —0.5; —1.0; -2.5; 
=5.5; -7.0°C); 

soil moisture (5...25% for sands; 5...35% for 
clay sands; 5...40% for loams and clays); 

heat element power (20, 40, 60, 100 W); heating 
time of the cone penetrometer (10, 30, 60, 90, 
120 min); cooling time (10, 30, 60, 90, 120 min). 


A series of numerical experiments simulating 
the given calculated situations were performed 
after a specially developed plan. When studying a 
particular parameter, the values of the rest param- 
eters were taken to be equal to their mean values. 

Then the analysis of the obtained depth and 
diameter of the frozen soil thawing around the 
HT-CPT cone was performed. The values of the 
depth and diameter of thawing were recorded 
according to the scheme shown in Figure 2. 
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3 RESULTS OF THERMOPHYSICAL 
FINITE ELEMENT ANALYSIS 


The calculations resulted in the graphs showing 
the nature and extent of constructive-technologi- 
cal and geocryological factors having an effect on 
the maximum depth and diameter of thawing area 
(Figure 4). 

A comparative analysis of the graphs makes it 
possible to note the following. 

The influence of the factors under study on the 
parameters under evaluation were relatively equal 
for clays and loams, so they were combined into a 
single group later. 

Heating and cooling time. When heating was 
performed within 120 min, the depth of thawing 
was 4.5 cm for sands, 3.7...3.9 cm—for clay soils, 
1.e. 19% less. The greatest intensity of thawing was 
observed at the initial moment of heating, and 
then it slightly decreased. During the last 30 min 
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Figure 4. Graphs of constructive-technological and geocryological factors versus the maximum depth and diameter 


of the thawing area. 
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of heating, the depth of thawing increased in direct 
proportion to the heating time. 

When heating was stopped, the depth of thaw- 
ing (sands and clay sands) continued to increase by 
3...5% and reached its maximum within 30 min. 
For loams and clays it decreased by 0.1...0.2 cm 
within 30 min. In 120 min, when heating was 
stopped, the depth of thawing for all soils became 
relatively equal to each other — 3.0...3.3 cm. 

When heating was performed within 120 min, 
the maximum diameter of thawing was 15.3 cm for 
sands, 12.7...14.0 cm—for clay soils, i.e. 8...17% 
less. The greatest intensity of thawing (0.5 cm/min) 
was observed at the initial moment of time and it 
significantly decreased after 15 min, and then the 
diameter of thawing increased in direct proportion 
to the heating time at a speed of 0.06 cm/min. 

When heating was stopped, the diameter of 
thawing slightly changed during 120 min for the 
whole of soils, i.e. by 7...12%, and reached 14.7 cm 
for sands and 12.5 cm—for clays. 

Soil temperature. When heating was performed 
within 120 min, and the initial soil temperature 
decreased from -0.3 to -7.0 Ñ, the depth of thaw- 
ing decreased from 5.6...6.2 cm to 3.1...3.7 cm; the 
diameter of thawing decreased from 16.0...18.0 cm 
to 12.0...13.0 cm. Thus, the area of thawing 
depends most strongly on the initial soil tempera- 
ture in the range from -0.3...-1.0 Ñ, and then it 
changes approximately linearly. In here, the more 
dispersed the soil is, the smaller depth of thawing 
area is observed. 

Soil moisture. When heating was performed 
within 120 min with soil moisture increased from 
5 to 40%, the depth of thawing decreased from 
5.3...6.0 cm to 3.0...3.8 cm, i.e. by 76...100%, 
and the diameter of thawing decreased from 
17.0...18.2 cm to 11.0...12.0 cm, i.e. approximately 
by 50%. The type of soil almost does not affect this 
dependence—the whole curves are very close to 
each other. 

Heat element power. When heating was per- 
formed within 120 min with the heat element 
power increased from 20 to 100 W, the depth of 
thawing increased significantly —from 2.2...2.9 cm 
to 5.7...6.8 cm, i.e. by 134...160%, and the diameter 
of thawing—from 10.0...12.2 cm to 17.4...18.9 cm, 
i.e. by 55...74%. The type of soil greatly affects this 
dependence; given the same heat element power, 
the more dispersed the soil is, the smaller depth of 
thawing area is observed. 

It is necessary to note that cone temperature 
increases up to 170 X if heat element power is high 
(100 W); it is not permissible in in-situ testing of 
frozen soils with HT-CPT cone penetrometers, 
since evaporation of moisture and soil pressure 
increase will occur and hence, natural soil condi- 
tions will be violated. 


4 EMPIRICAL DEPENDENCIES OF 
THE THAWING AREA SIZES UPON 
CONSTRUCTIVE-TECHNOLOGICAL 
AND GEOCRYOLOGICAL FACTORS 


Based on the statistical analysis of the data 
obtained, regression equations were developed 
in the form of the second degree polynomials to 
determine the maximum depth H, and diameter 
D,, of thawing. The regression equation coeffi- 
cients were selected separately for sands, clay sands 
and clays/loams using IBM SPSS Statistics pro- 
gram. The input parameters of equations are pre- 
sented in Table 1. 
The regression equations are as follows: 
HA, =41?*+aT +4, +bW,2+bW,, 


iot 


+00 +t td P + d,P (1) 
D, =4 1” +4,T +4, + Wu +bW.,, 
+ 00 +c1+d,P? +d,P (2) 


The empirical coefficients were tabulated for 
convenience (see Tables 2, 3). All regression equa- 
tions can only be used when they substitute factor 
values in the ranges of the experimental data that 
were used to compile the equations! 

In order to determine the accuracy and appli- 
cability of the regression equations for predicting 


Table 1. Input parameters of equations. 

Dimension 
Parameter Symbols of quantity 
Soil temperature T. °C 
Soil moisture A % 
Heating time t Min 
Heat element power P W 


Table 2. Empirical regression equation coefficients to 
determine H, 


Soil type 

Coefficient Sand Clay sand Loam/clay 
a= 0.023 0.026 0.042 
a,= 0.391 0.391 0.531 
a, = 1.187 1.285 1.792 
b,= 0.004 0.002 0.002 
b,= 0.181 0.128 0.124 
c= —0.00019 —0.00017 —0.00016 
c= 0.057 0.053 0.049 
d= —0.00026 —0.00021 —0.00021 
d, = 0.066 0.056 0.053 


the thawing area sizes, the depths and diameters 
of these areas were calculated from the empirical 
equations (1), (2) and obtained in numerical simu- 
lation. The obtained values were compared and are 
shown in Figure 5. 

The graphs show that the convergence of the 
results is rather good for engineering calculations. 
The results obtained were processed using math- 
ematical statistics methods. It has been concluded 


that the developed technique is sufficiently reli- 
able and can be used to predict the thawing area 
sizes of the frozen soil heated by the HT-CPT cone 
penetrometer. 


5 CONCLUSIONS 


The results of numerical studies of thermophysical 
interaction between the HT-CPT cone penetrome- 
ter and thawing soils make it possible to conclude: 


1. The study resulted in determining the regulari- 
ties and nature of the constructive-technologi- 
cal and geocryological factors having an effect 
on the thawing area sizes of frozen soils heated 
by the HT-CPT cone penetrometer. The follow- 
ing regularities can be noted. The effects of the 
factors under study are relatively equal for clays 
and loams. The thawing area sizes are most 
affected by the power and duration of heat- 
ing. Soil moisture also affects significantly. Soil 
type and temperature affect less. When heat- 
ing is performed, the intensity of thawing area 
increase is much higher than the intensity of its 
decrease in initial frozen soil temperature recov- 
ery. When heating is stopped, the thawing area 


Table 3. Empirical regression equation coefficients to 
determine the D,,. 
Soil type 

Coefficient Sand Clay sand Loam/clay 
a, —0.030 0.041 0.084 
a = —0.003 0.687 1.079 
a = 4.110 6.716 8.074 
b,= —0.0095 0.0043 0.00424 
b,= 0.264 0.311 0.316 
C= —0.0004 —0.00039 —0.00039 
c, = 0.127 0.122 0.118 
d, = 0.000048  —0.00056 —0.0005 
d, 0.0011 0.1378 0.1276 
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sizes are stabilized for a certain period, and then 
they decrease. 

2. Asa result of statistical calculations, the empiri- 
cal equations obtained for frozen sands, clay 
sands and clays/loams have made it possible to 
determine the depth and diameter of the soil 
thawed by the HT-CPT cone penetrometer tak- 
ing into account the soil type, its temperature 
and moisture, power and heating time. The 
equations obtained allow predicting the thawing 
area sizes of frozen soils heated by the HT-CPT 
cone penetrometer with sufficient accuracy to 
be used in practice. 
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Large deformation modelling of CPT probing in soft soil —pore 


water pressure analysis 


J. Konkol & L. Batachowski 


Faculty of Civil and Environmental Engineering, Gdansk University of Technology, Gdansk, Poland 


ABSTRACT: This paper presents the results of finite element modelling with Updated Lagrangian 
formulation of the Cone Penetration Test in soft soil deposit located in Jazowa, Poland. The numerical 
calculations are carried out for homogenous, normally consolidated, organic soil layer. The Modified 
Cam Clay constitutive model for soft soil and Coulomb model for interface are used. The study compares 
the registered pore water pressure distributions for type-2 piezocone observed during in-situ penetration 
and corresponding numerical model. The numerical dissipation test is carried out and the results are 
confronted with in-situ registered data. The influence of orthotropic soil hydraulic conductivity on pore 
water pressure development at shoulder filter element during dissipation tests is examined. Finally, the 
distribution of pore water pressures around the piezocone obtained from numerical simulations is com- 


pared with high quality literature database. 


1 INTRODUCTION 

Piezocone is one of the most widely and success- 
fully used site investigation tool. It enables to 
measure the pore water pressure development dur- 
ing cone penetration into the subsoil as well as pore 
water pressure dissipation at stationary cone posi- 
tion. Dissipation tests are commonly used to esti- 
mate the horizontal coefficient of permeability or 
horizontal coefficient of consolidation. However, 
the above mentioned variables are usually deter- 
mined by empirical correlations based on statisti- 
cal analysis with scatter data and its applicability is 
often limited (e.g., Robertson et al., 1992). 

In recent years, the rapid development of 
numerical methods introduces the new possibili- 
ties in analysis of pore water pressure distributions 
around the piezocone (e.g., Burns & Mayne, 1998). 
These studies mainly concern on developing of 
new methods of coefficient of consolidation esti- 
mation (e.g., Chai et al., 2012) or the horizontal 
coefficient of consolidation determination (e.g., 
Ansari et al., 2014). The parametric studies which 
link the coefficient of consolidation with strength 
and consolidation parameters of the soil have 
been also carried out (e.g., Mahmoodzadeh et al., 
2014). The influence of partial drainage on dissi- 
pation curves was also in terms of interests (e.g., 
Sheng et al., 2014; Ceccato et al., 2016). However, 
in most of these studies isotropic soil permeabil- 
ity is applied (e.g., Chai et al., 2012, 2014; Ansari 
et al., 2014; Ceccato et al., 2016). The influence of 
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orthotropic coefficient of permeability is usually 
neglected and it is rarely investigated. 

In this paper the case study of numerical model- 
ling of piezocone penetration and dissipation test 
for soft soil deposit located in Jazowa, Northern 
Poland is presented. In the first part of this paper 
the applicability of numerical methods in terms 
of Updated Lagrangian (UL) for CPT penetra- 
tion prediction is shown. Next, the influence of 
anisotropy of the coefficient of permeability on 
dissipation curve is investigated. On the basis of 
numerical tests the empirical correlation for hori- 
zontal coefficient of permeability presented by 
Robertson (2010) is calibrated on the purpose of 
Jazowa clayey mud case. Finally, the pore water 
pressure distributions obtained from numerical 
calculations for Jazowa site are compared with 
available database. 


2 REFERENCE FIELD TESTING SITE 


The Jazowa testing site is chosen as the refer- 
ence site and it is located in Vistula Marshlands, 
50 km southeast of Gdansk, Poland, within the 
S7 highway. Jazowa testing site is supervised by 
Gdansk University of Technology and Menard 
Polska under the cooperation within the National 
Centre of Research and Development grant. For 
purpose of this paper 14 piezocone penetration 
tests (CPTu) and 4 dissipation tests are used as 
reference field tests. The authors decide to model 


Table 1. Jazowa clayey mud parameters. 


Parameter Symbol Value Unit 
Soil dry bulk density Pa 1.074 g/cm? 
Void ratio e, 1.416 — 
Coefficient of permeability k 2.74 x 10 m/s 
Shear modulus G 4000 kPa 
Undrained shear strength Gingo 29 kPa 
obtained in UU test 
Logarithmic elastic modulus x 0.0359 S 
Logarithmic plastic modulus yu 0.1890 - 
Mean preconsolidation stress p, 55 kPa 
Stress ratio in p'-q plane M Ls - 
Lateral earth pressure at rest K, 0.54 = 
coefficient 
Overconsolidation ratio OCR 1.0 — 


numerically the CPTu probing from 8 to 9 m depth 
below ground level and to perform dissipation test 
at the 9 m depth, where 4 field reference dissipation 
tests have been carried out. 

The soil parameters used in the numerical study 
are based on laboratory testing, see Table 1. The 
initial soil conditions in terms of earth pressure at 
rest coefficients are determined from 8 flat dilatom- 
eter test (DMT) soundings that have been carried 
out at Jazowa site. The coefficient of permeability 
has been estimated from isotropically consolidated 
soil sample in triaxial apparatus. This value has 
been verified using dissipation curves and Robert- 
son formula (2010): 


, 
0 


k, = (1.67 x10*) x100") x y, / (Q? x oF 


) 
(1) 


where k, = horizontal coefficient of permeability; 
t; = time corresponding to 50% of consolidation; 
y, = water unit weight; O, =(q,— 0.) / Oy; q, = Cot- 
rected cone resistance; o,, = total vertical stress; 
and O',, = effective vertical stress. 

Equation | returns k, =3.6 x 107" m/s for Jazowa 
CPTu dissipation and probing data. 


3 NUMERICAL MODEL DEVELOPMENT 


The numerical calculations are performed with UL 
formulation as it is implemented in Abaqus 6.14. 
The UL formulation is provided in Abaqus Stand- 
ard when the nonlinear geometry option (NL- 
GEOM) is toggled on. UL formulation uses the 
reference domain from the previous time increment, 
which facilitates the analysis when large deforma- 
tions occur (e.g., Mahmoodzadeh et al., 2014). The 
axisymmetric soil domain is 2.2 m high and 1.0 m 
wide and it is discretized with 6936 quadratic, sec- 
ond order elements with reduced integration, see 
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Figure 1. The cone is pre-bored at the depth of 5 cm 
in the soil and it is jacked with standard velocity 
of 2 cm/s using zipper type technique. In this tech- 
nique, the rigid cone is connected with tube that is 
in frictionless contact with soil domain and which 
moves downward with cone (Mabsout & Tassoulas, 
1994). The overburden pressure and the pore water 
pressure are applied to simulate in-situ conditions. 
The penetration stroke is 1 m and the final level cor- 
responds to approximately 9 m depth in field. Then, 
the numerical dissipation test is carried out. 

The Modified Cam-Clay (MCC) model is used 
to simulate the soil behavior with the parameters 
presented in Table 1. However, some minor changes 
have been applied and they are discussed below. The 
soil parameters calibration procedure on TX sam- 
ples suggests the reduction of plastic surface size on 
the wet side of critical state line (CSL) by 30% (Das- 
sault Systèmes, 2014). The plastic surface in m-plane 
is not modified and is kept as a circle. The coeffi- 
cient of permeability is increased to k = 2 x 10° 
m/s due to isotropic consolidation calibration tests. 
However, this modification still preserves the und- 
rained conditions which are commonly accepted for 
k < 10% m/s for clayey soils (e.g., Ceccato et al., 2016; 
Suzuki, 2015). As the piezocone is pressed into the 
subsoil with much higher rate than it is achieved 
during standard Unconsolidated Undrained (UU) 
triaxial compression tests, the MCC model must 
also reflect the rate dependency. Kulhawy and 
Mayne (1990) have shown that the undrained shear 
strength increases with the strain rate after formula: 
c, = Co X(1+0.1x log(é)) (2) 
where c, = actual undrained shear strength; 
Cu = reference undrained shear strength corre- 
sponding to strain rate of 1%/h; and ¿= strain rate. 

Preliminary laboratory testing of Jazowa clayey 
mud has confirmed the rate dependency of the 
material. For strain rate of 1%/h the reference c, 
is equal to 25 kPa. According to Equation 2, the c, 
obtained in UU triaxial test with £= 60%/h should 
be equal to 29.5 kPa and similar value was measured 
directly in laboratory, see Table 1. For CPTu pene- 
tration the strain rate is approximately 200000%/h, 
which results in c, = 1.5 c Consequently, the 
MCC parameters should simulate the undrained 
behavior corresponding to c, equal to 37.5 kPa. To 
achieve this goal only the preconsolidation pres- 
sure p’, will be modified. Worth (1984) have shown 
that c, can be derived from MCC parameters when 
the same plastic surface size for wet and dry side 
of the CSL is used. However, Worth's derivation 
can be easy expanded for different sizes of plastic 
surfaces on the dry and wet side of CSL (Konkol, 
2017) and consequently, the preconsolidation pres- 
sure that supports the corresponding c, for und- 
rained shearing can be defined as: 


Figure 1. 
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where: p’, = preconsolidation pressure correspond- 
ing to c,; M = stress ratio in p'-q plane; B= size of 
the Figure 1. UL model geometry and boundary 
conditions plastic surface on the wet side of CSL; 
c, = undrained shear strength; p’, = initial mean 
effective stress; « = logarithmic elastic modulus; 
and A= logarithmic plastic modulus. 

To provide the c, equal to 37.5 kPa, the Equa- 
tion 3 returns p’,=82 kPa. Consequently, this value is 
used in the numerical model to satisfy the shear rate 
influence instead of the value provided in Table 1. 
The last modification of the parameters is related to 
large deformation problem where rigidity index G/ 
c, is usually around 50 (Vardanega & Bolton, 2013). 
To satisfy this condition G= 2000 kPa is assumed in 
numerical models. 

The last modelling issue is the interface behavior 
between cone and the soil. In Abaqus tangential con- 
tact between soil and cone is used in terms of effec- 
tive stresses. This is a widely used assumption as a 
smooth contact between water and cone is consid- 
ered. However, this implies a problem in modelling 
when undrained shearing occurs at the interface and 
where adhesive contact should be applied. Labora- 
tory direct shear tests on smooth steel—Jazowa 
clayey mud interface suggest the effective angle of 


Refined 


UL model geometry and boundary conditions. 
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interface friction 6, as equal to 10° and adhesion a 
= 0.36. Assuming c, = 37.5 kPa, the limit interface 
shear stress is equal to 13.5 kPa. The frictional con- 
tact have been applied with Coulomb friction coef- 
ficient of 0.176 (corresponding to 5. = 10°) in order 
to accurately model the cone—soil interface during 
penetration. To include the adhesion contact, the 
maximum allowable shear stress at the interface is 
limited to 13.5 kPa. During CPTu dissipation test, no 
shear stress limit is defined due to drained analysis. 

In this paper the results of 5 cases are presented 
and the testing program is summarized in Table 2. 
Test-1 (default) is preliminary calculation with 
isotropic soil hydraulic conductivity. In Test-2 to 
Test-5 the orthotropic coefficients of permeability 
are applied. The boundary value of k, = 10% m/s is 
chosen to maintain undrained condition during pie- 
zocone penetration. The tested ratios of coefficients 
of permeability are in agreement with available 
databases for cohesive soils (e.g., Robertson et al., 
1992). 


4 RESULTS ANALYSIS 


4.1 Field measurements versus numerical ones 


Due to undrained penetration of piezocone all 
tests show almost the same response during prob- 
ing. The numerical results of corrected cone resist- 
ance q,, Sleeve friction f, and pore water pressures 


Table 2. Numerical testing program for Jazowa clayey 
mud piezocone. 


Soil coefficient of permeability [m/s] 


Test 
no Vertical Horizontal k,/k, 
i 2x 10° 2x 10° 1 
2 2x10° 4x 10° 2 
3 2x 10° 6x 10° 3 
4 2x 10° 8x 10° 4 
5 2x 10° 10% 5 
q, [MPa] f, [kPa] U, [kPa] 
0 5 10 15 20 O 100 200 300 
8.0 Ha T 
W 
4 
84 
E d 
è | 
8.8 U 


9.2 


~ Field tests 


Figure 2. Numerical results of CPTu penetration com- 
pared with in situ measurement. 


u, are compared with the field measurements 
in Figure 2. The numerical readings start from 
8.05 m depth due to cone pre-installation. The 
pore water pressure reading cannot be obtained 
automatically from numerical model. As a result, 
the u, value is read out with 10 cm interval manu- 
ally at mesh node in the vicinity of filter location. 
As can be seen, very satisfactory results have been 
achieved. The numerically obtained q, is the lower 
bound of the field measurement while f, is the 
upper bound. The previous research on numeri- 
cal modelling of penetration has shown that q, is 
sensitive to rigidity index G/c, (e.g., Van den Berg, 
1994). As c, cannot be changed due to modelling 
assumptions, the perfect fit for q, authors achieved 
when G = 3000 kPa which corresponds to G/c, 
= 80. The friction sleeve is constant and equal to 
13.5 kPa. This is in agreement with the assumption 
presented in section 3, where the shear stresses at 
the interface have been limited to this value. How- 
ever, the field tests at Jazowa site with different 
penetration rates suggest that rate dependency on 
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interface is not so obvious and further studies in 
this area are required. Consequently, the assump- 
tion of rate dependency of interface shear strength 
used in section 3 may be questionable. The field 
measurement of u, is characterized by a large scat- 
ter which may be caused by many factors (Cam- 
panella et al., 1986). However, very satisfactory fit 
between field measurement and numerical results 
has been achieved in terms of u, distributions, 
especially for the last 40 cm of probing. Con- 
sequently, it can be assumed that the numerical 
modelling in a very accurate way reflects the field 
measurements performed at Jazowa site. 


4.2 Influence of the permeability coefficient 
anisotropy 


The application of the orthotropic coefficient of 
permeability results in a faster pore water pressure 
dissipation and a lower maximum calculated values 
of u,, see Figure 3. The dissipation curves presented 
in Figure 3 prove that the horizontal coefficient of 
permeability plays a key role in pore water pres- 
sure dissipation behavior and even slight deviation 
in k,/k, from isotropic distribution results in vis- 
ible reduction of dissipation time. However, the 
rate of this process decreases with increasing k,/k.. 
The k,/k, between 4 and 5 seems to reflect the in- 
situ conditions. Moreover, the conducted UL tests 
allow for the calibration of Robertson (2010) for- 
mula in terms of horizontal coefficient of perme- 
ability. The back calculation revels the conversion 
of empirical factor 1.67 x 10% to 4.0 x 107. Con- 
sequently, k, for Jazowa site can be calculated as: 


he, = (410°) x 100P#9) x y, /(Q xon) (A) 


where k, = horizontal coefficient of permeabil- 
ity; t = time corresponding to 50% of consoli- 
dation; y, = water unit weight; O, = (q, — Ow)/O; 
q, = corrected cone resistance; 0;, = total vertical 
stress; and o”, = effective vertical stress. 

Equation 4 returns k, =8.6 x 10? m/s for Jazowa 
CPTu data. The results of calibration are similar 
to the results of numerical research on normally 
consolidated soil presented by Ansari et al. (2014). 
According to the procedure described by Ansari 
et al. k, =9.4 x 10° m/s has been obtained. 


4.3 Pore water pressure distribution around 
the piezocone 


The distribution of pore water pressures around 
the cone and sleeve at the end of piezocone 
penetration has been compared with the available 
database of pore water pressure measurements in 
soft, normally consolidated soils (Chen & Mayne, 
1994). The four possible filter locations have been 
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Figure 3. Numerical results of dissipation tests versus field measured ones. 
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Figure 4. Pore water pressure distribution around the piezocone obtained from numerical tests and compared with 


database (Chen & Mayne, 1994). 


considered in numerical models to provide suffi- 
cient comparison, see Figure 4. As one can see, the 
numerical modelling results of CPTu penetration 
in Jazowa clayey mud are in the range of other in- 
situ measurements. Further, the pore water pres- 
sures calculated in each filter location in numerical 
models are similar to the trend outlined by average 
values from database. 


5 CONCLUSIONS 


The numerical studies performed have shown that 
UL formulation as it is implemented in Abaqus 
can be successfully used for the CPTu penetra- 
tion problem and the two-phase soil model. The 
satisfactory results achieved with UL formulation 
and presented in this paper as well as in previous 
research (e.g., Chai et al., 2012; Mahmoodzadeh 
et al., 2014) are sufficient to conclude that UL 
formulation is well-established method for large 
deformation problems. 
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The results of numerical analysis of CPTu prob- 
ing in Jazowa clayey mud have been verified by 
field tests conducted at the site. Some final remarks 
about introduced studies can be formulated. 
Firstly, the simplification in terms of limitation of 
maximum shear stress at the interface can be used 
to simulate the adhesive contact for undrained pen- 
etration. However, the pure friction contact behav- 
ior is based on effective pressures and the change 
in friction behavior results in practically the same 
pore water distributions during cone penetration 
regardless the limit shear stresses at the interface 
are defined or not. This is proper model response 
due to smooth steel-water interface. Nevertheless, 
the laboratory tests on clay-steel interfaces have 
shown that increasing interface roughness results 
in increasing pore water pressures at the interface 
(Tsubakihara & Kishida, 1993). The same mecha- 
nism in observed when total stress analysis in used 
(e.g., Beuth & Vermeer, 2013). Consequently, fur- 
ther studies in this area are required. Secondly, the 
orthotropic soil hydraulic conductivity strongly 


influences the dissipation response measured at 
u, position. The horizontal coefficient of perme- 
ability also influences the shape of the dissipation 
curve as it was shown in Figure 3. However, it was 
found that dissipation time decrease weakens with 
increasing k,/k, ratio. Consequently, UL model- 
ling of CPTu can be used as an additional tool 
to calibrate the orthotropic hydraulic conductiv- 
ity of soil as 1t was shown for Jazowa clayey mud. 
The numerical tests also enable to calibrate and to 
match the commonly accepted formulas for k, esti- 
mation to the local soft soil deposits as 1t has been 
shown in this paper. Finally, the numerical model- 
ling presents the reasonable values of pore water 
pressure at u, and u, positions in accordance to the 
collected database. Therefore, the u, and u, pres- 
sures obtained from the numerical modelling can 
be treated as a representative and accurate values 
for Jazowa clayey mud. 

Summing up, the numerical tests performed 
in this paper have confirmed the applicability of 
UL formulation. The influence of anisotropy of 
coefficient of consolidation on the dissipation 
tests results has been analyzed and the empiri- 
cal equation for k, initially presented by Robert- 
son (2010) has been calibrated for the purpose 
of Jazowa clayey mud case. Consequently, the 
advanced numerical methods find its place as an 
additional tool for more precise geotechnical site 
investigation. 
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ABSTRACT: The evaluation of soil parameters for design is best undertaken through comprehensive 
laboratory test programmes. However, due to sampling difficulty, time and cost constraints correlations 
between in-situ tests and physical-mechanical properties of soils are routinely applied in practice. This 
paper presents data collected from five sites in Northern Croatia at which Cone Penetration Tests (CPT) 
and comprehensive laboratory test data was available. One of the advantages of using CPT data in prefer- 
ence to other types of in-situ tests for establishing correlations, is the large volume of high-quality data 
available at each probe location allows for the application of advanced statistical approaches. In this paper, 
the use of neural networks in developing such correlations is demonstrated. Using a database of 216 data 
pairs, obtained from the five sites, a correlation between CPT q, and soil unit weight is established. A 
validation exercise was performed in which the correlation was tested against data from the recent Veliki 
vrh landslide that occurred in the same geographical region as the database sites. In addition, by using the 
soil behaviour type index, Jc, normalised cone tip resistance, Qin, and normalised sleeve friction, Fr, the 
results can be compared to correlations developed for soils from geotechnical diverse regions to check for 
consistency in the derived correlations. 


1 INTRODUCTION oped over recent years indirectly relating CPTs 
to various geotechnical parameters. Additionally, 
Evaluating design values for soil parameters in a  CPTs generate large volumes of near continuous 
laboratory environment is a time consuming, chal- data during testing which means that the sample 
lenging task, which involves painstaking attention size of CPT based correlations is much higher 
to detail and numerous retests to validate results than that of laboratory tests, thus greatly reducing 
and ensure representation of reality. As with any the influence of erroneous tests. CPT based cor- 
methodology, there are advantages and disadvan- relations greatly streamline the construction proc- 
tages to such an approach. Some of the advan- ess allowing for savings in both time and money. 
tages of laboratory testing include repeatability, They are typically developed using either statistical 
high accuracy and precision, and importantly the approaches or curve fitting or both. However, it 
explicit measurement of the parameter in question. is important to note that while these correlations 
While the disadvantages include significant cost, typically perform well, they are not exact solutions 
substantial processing time, sampling difficulty, | and consequently are not infallible and need to be 
and the perennial problem of determining whether applied with caution by experienced geotechnical 
the laboratory investigation adequately represents engineers. 
site conditions. This paper investigates the use of both statistical 
In-situ CPTs can easily overcome these disad- regression and a machine learning technique, arti- 
vantages, while still providing high accuracy and ficial neural networks (ANN), for developing CPT 
repeatability and although they may not provide based correlation between cone tip resistance, ¢., 
explicit measurements of critical geotechnical depth, z, sleeve friction, f, and soil unit weight, y. 
parameters many correlations (Librié et al., 2017; These correlation are developed using a database 
Mayne, 2014; Robertson, 2009) have been devel- of 216 pairs of corresponding CPT and laboratory 
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results, obtained from five sites across Northern 
Croatia. The resultant correlations are verified 
using results from a separate test site in the same 
geographical region, Veliki vrh, a site which was 
not used in the initial development of the models. 


2 SELECT EXISTING CORRELATIONS 


CPT based soil correlations and classification 
charts are typically expressed in terms of normal- 
ised piezocone parameters, to evaluate normalised 
piezocone parameters it is first necessary to evalu- 
ate the total and effective overburden pressure, 
both of which first require an estimate of the soil 
unit weight. Naturally, the precise measurement of 
soil unit weight involves a laboratory test, however, 
in an attempt to expedite the process and save both 
time and money, many authors have developed 
CPT correlations to describe soil unit weight. 

Mayne (2007) described a relationship between 
sleeve friction and total unit weight by linking 
the relationships between shear wave velocity and 
sleeve friction and shear wave velocity and total 
unit weight. The database used contained a wide 
variety of soil types ranging from soft clays to 
gravel. The relationship can be seen in Equation 1. 
7, =2.6log f, +15G, — 26.5 (1) 
where G, is the specific gravity of the soil solids in 
question. Mayne et al. (2010) expanded this rela- 
tionship using data from 44 sites to incorporate 
depth, z, and cone resistance corrected for pore 
pressure, q, see Equation 2 and 3. An R? value of 
0.72 was obtained using the relationship. 


7, =11.46+0.33l0g z +3.1log f, + 0.7logg, (2) 


(3) 


where u, is the pore pressure measured behind the 
cone and a is the cone area. Robertson & Cabal 
(2010) proposed a similar relationship which uti- 
lises the friction ratio (R, = (R, = (£,/4,J100) 
instead of directly using the sleeve friction, their 
relationship presented in Equation 4, was trialled 
using published data from around the world and 
generally reported a good fit. 


q,=9, + ux(l =a) 


G, 


265 O 


F: =| 0.27log R, +0.36l0g £- +1.236 
Ve T; 


where P, is atmospheric pressure and y, is the unit 
weight of water. Mayne & Peuchen (2012) pro- 
posed a regression method that takes account of 
unit weight variations with depth. They accom- 
plished this using a parameter m, which is the 


378 


change in normalised cone resistance with depth 
(Aq, / Az), see Equation 5. 


| oa] 


Ghanekar (2014) noted that these relationships 
work much better in uniform soil deposits and 
typically break down when used in layered soil 
profiles. 
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3 NEURAL NETWORKS 


Artificial neural networks are an advanced machine 
learning technique developed by computational sci- 
entists (Basheer and Hajmeer, 2000; Rojas, 2013; 
Rosenblatt, 1958) based on how we perceive the 
human brain and nervous system to interpret infor- 
mation and perform calculations. Mimicking real life 
brain neurons, interconnected artificial neural ele- 
ments work together, passing information to and fro 
so as to establish the relationship between different 
parameters within a system, in order to learn or emu- 
late how it functions. The major advantage of neu- 
ral networks lies in their ability to adapt and update 
hypotheses when supplied with new data. Neural 
networks can be used to perform regression analy- 
sis, classification analysis and predict future system 
response. Every connection between a neuron and 
another neuron receives a weighting. These weight- 
ings determine how the neural network responds 
and adapts by assigning more or less importance to 
relationships of note. These systems of weightings 
are trained by mapping inputs onto some output or 
outputs, and optimising the weightings until the neu- 
ral network reacts as the system does. 

Neural networks are typically arranged into 
an input layer; a hidden layer or layers, and an 
output layer (see Figure 1). The number of input 
and output nodes required is typically dictated by 
the underlying engineering problem. While the 
number of hidden neurons needed is a lot more 
subjective and requires investigation on a prob- 
lem by problem basis. Too many hidden neurons 
and the neural network will be slow to converge 
while also at the same time being at an increased 
risk of over-training. Too few, and the neural net- 
work will be too general and will be inconsistent 
with unseen data. A multi-layer feed forward neu- 
ral network with a sigmoid activation function for 
hidden neurons and a linear activation function for 
output neurons was used in this example. In a feed- 
forward neural network, information only moves 
in one direction from the input nodes through the 
hidden nodes to the output nodes, i.e. there is no 
recursive programming involved. 


Outputs 


1 


Output layer 


Hidden layer 


Input layer 


Figure 1. General schematic of a feed-forward artificial 
neural network. 


neuron inputs 


individual neuron outpu 


Figure 2. Close up of an individual neuron and how it 
interacts with the neurons around it. 


During training, both the inputs and outputs 
of the specified problem are given. The weightings 
are then developed automatically without human 
intervention in the hidden layer by the ANN. This 
process is shown in Equation 6, where / represents 
an individual neuron, w, represents the individual 
weighting between input neuron i and hidden neu- 
ron j i.e. the factor by which every value passing 
from node i to node j is multiplied. These weight- 
ings are then summed at each node and a bias 
term w,, is added, See Equation 6. An activation 
function needs to then be applied to this term (S,) 
to generate the individual neuron's output, see 
Figure 2. Any function can be used for this pur- 
pose, but if backpropagation is used to train the 
model then the function needs to be continuously 
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differentiable. The sigmoid function is the activa- 
tion function most commonly used in feedforward 
neural networks and is shown in Equation 7. The 
two layer feed forward neural network used in this 
study was trained using the Bayesian Regularisa- 
tion backpropagation algorithm. 


S,= Su, + Wo; (6) 
1 

x)= 7 

f(x)= 0 


This training phase continues until the ANN 
can adequately model the system response or until 
all available training data has been exhausted. The 
ANN should then be validated using a new set of 
input data, which had not previously been used 
during model training. If the ANN can determine 
the outputs of this dataset, then it can be said to 
model the system accurately. Provided enough 
input and output data has been provided during 
training, an ANN model should be able to deter- 
mine the significance each individual parameter 
has on the outcome. 

The ANN developed in this study used q, depth, 
and f, as inputs, to predict the soil unit weight y as 
an output. Three hidden layers were utilised in this 
application. 


4 TEST SITES 


Five test sites from Northern Croatia were used 
to train, validate, and test the developed neural 
network model, while a sixth site Veliki vrh was 
used as an external unseen verification measure. 
Four of the 6 sites consisted of highly over con- 
solidated soil, while the remaining two Bid-Bosut 
and Ilok port were found to be slightly over 
consolidated (Reale et al., 2018). The initial data- 
set used to train, develop, and test the model con- 
sisted of 216 pairs of CPT/ Laboratory results. A 
short overview of each test site and the geotechni- 
cal testing carried out at each site is given below. 
All laboratory unit weight tests were carried out 
in accordance with the European Standard (HRS 
CEN ISO/TS 17892-2:2004) for the determination 
of density of fine grained soil (Tehni and Speci- 
fikacija, 2013). 


4.1 Bid-Bosut Irrigation canal 


A 14 km long irrigation canal was constructed 
as of the multi-purpose Danube-Sava canal. The 
canal geometry consists of two stepped slopes the 
upper slope has a 1:2 gradient while the lower slope 
is at 1:3. The total excavation is approximately 7 m 
deep and a relatively wide step exists between the 


two slopes. The geotechnical site investigation at 
the site consisted of 12 m deep boreholes at 300 m 
centres with core classification and extraction of 
representative soil samples for lab tests (consist- 
ency levels, particle size distributions, and direct 
shear tests). At 150 m intervals, 4 to 5 m deep trial 
pits were excavated along the canal route. Repre- 
sentative samples were extracted from each pit and 
tested in the laboratory. Cone Penetration Tests 
and standard penetration tests (SPT) were carried 
out at each borehole together with two hold tests 
to measure pore pressure dissipation on the CPT 
cone. 15 piezometers were installed to a depth of 
8 m, to monitor trial pumping conducted in explo- 
ration wells. In total 75 pairs of laboratory tests 
and CPT, results were obtained at the site. 


4.2 Ilok port 


Ilok port which is currently under construction 
will be located on the right bank of the Danube 
1296.5 to 1297.0 km, downstream from the Ilok- 
Bačka Palanka Bridge, in the Danube inundation 
area. The geotechnical investigation carried out at 
the site consisted of a total of 9 exploration wells 
with continuous coring to a maximum depth of 
30 m. Dynamic (SPT) and static (CPTU) testing, 
geophysical testing using seismic refraction, multi- 
channel analysis of surface waves (MASW), seis- 
mic static cone penetration test (SCPT), together 
with laboratory tests. The site yielded 36 pairs of 
laboratory testing and CPT results. 


4.3 Krsisce landslide 


The Krsisce landslide occurred on the south- 
ern slopes of the Medvednica Mountain, in the 
Markusevec area, at an altitude of approximately 
300 meters. On Krsisce street, an unstable slope 
was detected, adjacent to house no. 43. Soil move- 
ment at the site occurs periodically along the inter- 
face between the Clay and Marl materials, where 
excess pore pressures develop during wet periods. 
Investigation work included 5 boreholes, with 
continuous coring to a maximum depth of 8 m, 
dynamic (SPT) and static (CPTU) testing, together 
with laboratory tests. 20 pairs of laboratory and 
CPT results were obtained at the site. 


4.4 Mirogoj landslide 


The Mirogoj landslide is located on the southern 
slope of the Medvednica Mountain. Adjacent to 
the Mirogoj cemetery is a slope that drops uni- 
formly towards the north-east. The slope inclina- 
tion in the area affected by the landslide is between 
20° and 25°. A total of 5 borings were made, with 
continuous coring to a depth of 8 m, dynamic 
(SPT) and static (CPTU) testing was carried out 
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in conjunction with laboratory testing. 25 pairs of 
laboratory tests and CPTs were gathered from the 
site, 


4.5 Krematorij landslide 


The Krematorij landslide is located east of Kamen- 
iti stol street, in the Gornji grad—Medvescak 
area, on the southern, more cavernous slopes of 
the Medvednica mountain. The unstable area is 
located between 250 and 225 m above sea level. 
The geotechnical investigation carried out at the 
site comprised of 5 exploration wells with continu- 
ous coring to a maximum depth of 12 m, dynamic 
(SPT) and static (CPTU) testing, together with 
laboratory tests. 60 pairs of laboratory testing and 
CPT results were obtained from the site. 


4.6 Verification site: Veliki vrh landslide 


The site located on the southern slopes of Medved- 
nica Mountain, at an altitude between 205 and 
225 metres, is a shallow translational landslide. The 
landslide was the result of pore pressure build up 
along the contact zone between Clay and Marl lay- 
ers after heavy rainfall. The site investigation con- 
sisted of 4 boreholes with continuous coring to a 
depth of 12 m, dynamic (SPT), and static (CPTU) 
testing in conjunction with laboratory tests. In 
total 19 pairs of laboratory tests and CPT, results 
were gathered at the site. Table 1 shows the results 
of the CPT and laboratory tests for the site. 


5 NEW CORRELATION 


Using the data obtained from the five test sites, 
this paper proposes another log regression model 
similar in formulation to the model proposed by 
Mayne et al. (2010), but with a higher initial inter- 
cept value and lower constants for z, f, and q, 
respectively. Initially, it was proposed to develop 
the model using just q, and f., as it was postulated 
that the depth trend would already be accounted 
for within the CPT results. While this approach 
yielded similar accuracy and regression values, 
it was significantly less precise than a regres- 
sion model containing z. The best fit relationship 
found in this study is shown in Equation 8. Both 
Mayne et al.’s relationship and the proposed have 
very similar regression values when applied to the 
dataset, however, as can be seen from Figure 3: The 
statistical correlation developed in this study, with 
Mayne et al. (2010) for comparison et al’s equation 
significantly overpredicts unit weight magnitude 
but captures the relative increase reasonably well. 
The relationship from this paper effectively reduces 
the magnitude of Mayne et al’s relationship to 
more closely approximate reality. 
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Figure 3. The statistical correlation developed in this 


study, with Mayne et al. (2010) for comparison. 


y, =11.849+0.109logz+2.595log f, + 0.561l0g4, 
(8) 


6 ANN RESULTS AND DISCUSSION 


The model development dataset which comprised 
of sleeve friction, depth, and corrected tip resist- 
ance as inputs and soil unit weight as an output 
was split randomly into the following proportions 
80% for training, 10% for testing, and 10% for vali- 
dation. For training, the ANN had access to both 
inputs and outputs allowing it to learn the sensitiv- 
ity of each variable and understand each param- 
eters effect on the system response. The next 10% 
was used as a test set, during the testing process 
only the inputs were supplied to the model. At the 
end of the testing phase, the neural network per- 
formed a system recalibration on itself so that sys- 
tem inputs could be more accurately mapped onto 
system outputs based on the test results. Following 
completion of the testing phase the final 10%, or 
the validation set, was sent to the neural network. 
Only inputs are sent in the validation phase, thus 
allowing the direct comparison of outputs from the 
validation set to actual measured values. Provided 
a good correlation has been achieved the neural 
weightings are saved and the entire data set is sub- 
sequently inputted blind. The resultant outputs are 
compared to actual outputs, see Figure 4. A regres- 
sion coefficient of 0.8853 was achieved for the 
entire dataset, with a correlation coefficient of 0.94. 
As can be seen from Figure 3, there is very little 
data scatter, and importantly no extreme outliers. 
Therefore while a misclassification could occur, 
an extreme difference between predicted soil unit 
weight and measured soil unit weight is unlikely. 
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Figure 4. ANN predicted unit weight for five test sites 
used in model development. 


Table 1. Unit weight and CPT results from Veliki vrh. 
Sample z 4, d Y 
GB/CPTU no [m] [MPa] [kPa] [kN/m*] 
B1/CPTUI 1 2.20 1.63 116.00 19.05 
2 2.80 0.74 62.00 18.20 
3 3.30 0.60 38.00 17.61 
4 5.00 3.38 172.00 19.72 
B2/CPTU2 5 2.10 1.55 93.00 18.84 
6 2.80 0.79 72.00 18.72 
7 3.60 0.62 55.00 18.52 
8 4.40 1.29 69.00 18.76 
9 5.60 1.12 90.00 18.73 
10 6.60 1.51 101.00 18.90 
11 7.20 1.58 96.00 18.90 
B3/CPTU3 12 1.60 0.81 54.00 17.43 
13 2.20 0.62 26.00 17.18 
14 3.80 4.69 188.00 20.46 
15 5.80 2.24 104.00 18.62 
B4/CPTU4 16 1.80 2.04 122.00 19.11 
17 2.20 1.99 84.00 18.79 
18 3.10 4.99 193.00 19.27 
19 3.70 6.59 203.00 19.99 


To ensure the model was working correctly 
input data from an additional site within the same 
geographic region, Veliki vrh was supplied to the 
model. This data which can be seen in Table 1, 
consisted of 19 pairs of CPT and laboratory unit 
weight results. 

An extremely good R? of 0.8495 was obtained 
for this external verification with a correlation 
coefficient of 0.92. The predicted unit weight ver- 
sus measured unit weights is shown in Figure 5. 
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Figure 5. predicted unit weights for Veliki Vri using 
closed loop ANN and regression approach. 


The statistical approach proposed earlier in Equa- 
tion 8 performed equally well on the unseen data- 
set, Veliki vrh, achieving an R? of 0.8466. Both are 
shown in Figure 5, giving virtually identical results. 


7 CONCLUSION 


This paper presents two approaches, regression 
and neural network, for automatically calculat- 
ing soil unit weight using CPT measurements as 
inputs. Both approaches could easily be performed 
automatically onsite as the CPT is ongoing, thus 
allowing for an extremely fast interpretation of soil 
unit weight. This would reduce the quantity of lab- 
oratory tests needed per site thus saving time and 
money. An additional benefit of such an approach 
is that any laboratory tests that are carried out can 
then combined with their respective CPT sound- 
ings become additional data entries for both the 
regression and ANN models, thus improving their 
future accuracy. In this way, the models can con- 
tinue to evolve over time, gradually increasing in 
both accuracy and precision. 

The approaches were developed using 216 pairs 
of CPT/laboratory unit weight tests from five 
different locations across Northern Croatia. An 
entirely separate sixth site Veliki vri was used as an 
external verification measure for the saved neural 
networks. The models performed extremely well on 
both the initial dataset and the subsequent verifi- 
cation dataset. 

Unfortunately, ANN-based models have some 
drawbacks, of particular concern is the black box 
nature of the results, which makes proof of con- 
cept hard to verify, while also making their stan- 
dalone implementation a risky process for the 
engineer involved. The authors think that much of 
this can be mitigated by testing a small number of 


382 


samples from every site in the laboratory for local 
verification. Thus, allowing the training database 
to continue to grow in size over time making incor- 
rect classifications less likely to occur. Over time 
reducing the cost, time, and labour involved. 

This study confirms the functional link between 
CPT results, and soil unit weight..The developed 
neural network and regression models performed 
admirably for a wide range of soil types closely pre- 
dicting soil unit weights between 16 and 21 kN/m’. 
The close prediction between the neural networks 
and the regression model is a testament to the accu- 
racy of log regression models for predicting soil 
unit weights and further validates their use in eve- 
ryday design situations, given their simplicity and 
transparency. One caveat which needs mentioning 
is all soils tested were either heavily or slightly over 
consolidated and the correlations may not perform 
as well in normally consolidated deposits. 
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ABSTRACT: The interpretation of CPT within intervals consisting of multiple sequences of thin soil 
layers holds large uncertainty. For multi-layer systems, it is expected that the cone resistance would be 
influenced by the layer thickness (relative to the cone diameter), the number of layers within the zone of 
influence and the characteristic cone resistances of the individual layers. The Dutch method for deter- 
mination of the pile base resistance can be used to simulate the cone resistance in thinly inter-layered 
soils and to come up with correction factors as function of the aspects mentioned above. A test program 
(parametric study) is defined in order to validate the proposed modified Dutch method. The proposed 
simulation method fits reasonably well with the interim test results. 


1 INTRODUCTION 

The resolution of CPT (Cone Penetration Testing) 
in delineating stratigraphic layers is related to the 
size of the cone tip and the friction sleeve and the 
sample recording rate relative to the penetration 
rate. A transition zone can be defined around the 
interface between two different soil layers, since 
the measured resistance will be affected by both 
the under—and overlying layers. The dimensions 
of such a transition zone are, inter alia, a function 
of the cone tip size. The CPT interpretation within 
these intervals holds large uncertainty, especially 
for deposits containing multiple thin layers, since 
the cone resistance will be affected by several sur- 
rounding layers (Van der Linden et al. 2017). For 
several applications a better understanding of CPT 
in thinly layered soils is desired. One may think of 
the estimation of the liquefaction potential of thin 
sand layers and the shear strength of thin soft lay- 
ers. Current methods for correction of “thin” lay- 
ers are based on analytical linear elastic solutions 
(e.g. Vreugdenhil et al. 1994; Robertson and Fear 
1995; Joer et al. 1996) or numerical analysis for 
single intermediate layers only, having a thickness 
larger than the cone diameter (Ahmadi and Rob- 
ertson 2005; Mo et al. 2016). 

This paper presents a selection of interim 
results of a study undertaken to devise a correc- 
tion method which will determine more realistic 
engineering properties of thin sand layers within 
thinly inter-layered zones. Thin layers are defined 
as layers which are thinner than the diameter of 
the penetrometer. The measured cone resistance 
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needs to be converted to a ‘clean sand’ resistance, 
hereafter referred to as characteristic resistance. 
CPT has been performed in artificially constructed 
deposits containing multiple soil layers. The test 
results are simulated with the analytical method 
based on the Dutch method as described in Van 
der Linden et al (2017). 


2 LITERATURE OVERVIEW 


Numerical work regarding the effect of soil lay- 
ering on cone resistance, compared to a uniform 
soil formation with the same physical properties, 
has been extensively investigated (e.g. Vreugdenhil 
et al. (1994), Robertson & Fear (1995), Van den 
Berg et al. (1996), Youd & Idriss (2001), Ahmadi & 
Robertson (2005), Walker & Yu (2010), Mo et al. 
(2016)), also often in combination with physical 
modelling, (e.g. Van den Berg (1994), Joer et al. 
(1996), Ahmadi (2000), Silva and Bolton (2004), 
Mtlynarek et al. (2012), Mo (2014), Tehrani et al. 
(2017)). However, none of the studies addressed 
the effect of multiple thin layers. Van der Linden 
et al. (2017) provides a more detailed discussion on 
the content of before mentioned authors. 

From the literature mentioned above it can be 
concluded that the size and the location of the 
transition zone depends on the ratio between the 
characteristic resistances in the stiff and soft soil 
layer. It can be also concluded that more penetra- 
tion is needed to reach the full steady state cone 
resistance in a sand layer than in a clay layer. Fur- 
thermore, it can be concluded that the difference 


between the measured and the characteristic cone 
resistance in a “thin” sand layer, interbedded in 
soft layers, increases with increasing density index 
of the sand. Therefore, for multi-layer systems, it 
is expected that the cone resistance would be influ- 
enced by the layer thickness (relative to the cone 
diameter), the number of layers within the zone of 
influence and the characteristic cone resistances of 
the individual layers, which depend on, inter alia, 
the porosity and the stress level. 


3 DUTCH METHOD 


Van der Linden et al. (2017) conclude that the 
Dutch method for determination of the pile base 
resistance can be used to simulate the cone resist- 
ance in thinly inter-layered soils. However, differ- 
ent approaches are proposed for layer thicknesses 
greater and smaller than the cone diameter. The 
method considers the variation of the cone resist- 
ance in the range of 4D,, (the equivalent pile diam- 
eter) below and 8D,, above the base level and is 
derived from a combination of empirical data and 
theoretical influence shapes. The procedure of this 
method is set up such that a conservative approxi- 
mation of the path of least resistance will be found. 

Three trajectories are defined for which a gov- 
erning cone resistance has to be determined by 
averaging, see Figure 1. The distance below the pile 
base over which averaging takes place (trajectory I 
and II) varies between 0.7D,, and 4D,,, depending 


ep 


Figure 1. Schematization of the trajectories taken into 
account in the Dutch method. 
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on the distance over which the minimum value will 
be met. The procedure to determine the governing 
cone resistance for the trajectories II and III is such 
that the q, taken into account cannot be higher 
than the q, at deeper levels of these trajectories. The 
distance above the pile base over which averaging 
takes place (trajectory III) is fixed at 8D,,, 

The following relations are proposed to 
approach the measured cone resistance in thinly 
interlayered zones: 


for H > cone Go dea 0) 
for H < done $ q, = 0.254. 5.4, + 0.254, 
+ Soria 2) 


where q, represents the measured cone resistance, 
H the layer thickness and d, the penetrometer 
diameter. The characteristic cone resistance of the 
individual layers has to be used as input for the 
calculations. 


4 PHYSICAL MODELLING 


4.1 Testing program 


A test program (parametric study) was defined in 
order to validate the proposed modified Dutch 
method. The test program is a continuation of ear- 
lier work (Van der Linden, 2016). Different layer 
configurations, bulk density indices (J,), stress 
levels and cone diameters are applied in order to 
investigate the influence of these parameters. CPT 
was performed on saturated layered soil deposits, 
which were artificially built up in a cylindrical con- 
tainer. The layered units of multiple clay and sand 
layers, each having an equal thickness, were sand- 
wiched between two thicker sand layers. For each 
I,a uniform sand model was prepared in addition 
to the layered models in order to serve as a refer- 
ence. Table 1 provides details about the variations 
applied (not all possible combinations are tested). 


4.2 Sample preparation 


Model preparation followed the same methodol- 
ogy as Van der Linden (2016, 2017), 1.e. pluviation 
of dry sand in a partially water-filled container. 


Table 1. Testing variables. 

Variable Value Unit Value Unit Value Unit 
Penetrometer 25.33 mm 35.8 mm 

Density index 0.30 — 0.60 — 

Layer thickness 20 mm 40 mm 80 mm 
Vertical stress 25 kPa 50 kPa 100 kPa 


Table 2. Soil properties. 


Parameter Symbol Unit Value! 
Cohesionless material 
Mass-Median-Diameter d mm 0.136 
Coefficient of uniformity  d,,/d,, 1.4 
Particle density Perans kgm? 2650 
Minimum porosity Minin = 0.356 
Maximum porosity New = 0.471 
Cohesive material 
Water content W % 23.5+0.3 
Undrained shear strength’ s,,, kPa 11.7+0.9 
Sig kPa  17.3+1.4 
Liquid limit LL % 32.3 
Plastic limit PL % 15.8 
Plasticity index PI % 16.5 
Liquidity index LI % 46.7 
Coefficient of consolidation c, ms! 1.8- 10° 


1) Plus-minus values refer to one standard deviation. 
2) Undrained shear strength index testing has been deter- 
mined with pocket penetrometer (pp) and torvane (tv). 


This method of preparation has been described 
by De Lange et al. (2016), and results in a fully 
saturated sand-sample. The density of the sand is 
controlled by periodically tamping the sand sur- 
face during pluviation. Clay layers were placed 
after trimming prefabricated clay bricks to the 
required dimensions. Densification of the sand 
during the placement of the clay was limited by 
temporarily lowering the phreatic level. By lower- 
ing the phreatic level the capillary action provides 
apparent cohesion to the sand. The employed sand 
and clay are Baskarp and Vingerling K 147, respec- 
tively. Table 2 provides details on the applied soils. 

During preparation the bulk density was closely 
monitored by measuring the sample height. Upon 
completion of the cone penetration tests the soil 
model was excavated and volume-mass density 
measurements were performed at various positions 
and depths in the model. 


4.3 Testing equipment 


The test setup itself is a further development of the 
setup discussed by Van der Linden et al. (2016). 
It consists of a cylindrical steel cell with a 0.90 m 
inner diameter and is 0.96 m in height. The cell 
wall is lined with a rubber membrane and the space 
in between can be filled with a film of water (a geo- 
textile was placed in between to ensure this). In this 
way the horizontal stress can be controlled. The 
horizontal stress applied is equal to 0.5 times the 
vertical stress. Vertical stress is applied by a flexible 
water-filled cushion which is placed on top of the 
soil model. 
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Figure 2. 


Schematized test setup. 


The employed cone penetrometer is either a 
35.8 mm or a 25.3 mm (corresponding to a cone 
face area of 10 cm? and 5 cm?, respectively), 
depending on the test, and were manufactured 
by Fugro. The penetrometers were installed by a 
hydraulic jacking unit at a rate of 4 mm-s! with 
a measurement frequency of 4 Hz, resulting in a 
data point every 1 mm. 

In situ vertical soil stress was monitored using a 
total stress transducer while the applied horizon- 
tal and vertical stress was measured using pres- 
sure transducers. Any change in volume of the soil 
model was monitored by measuring the volume 
change in the water supply of both the membrane 
and the cushion and any water dissipated through 
the bottom drain of the test setup. Figure 2 shows 
a schematic overview of the test setup. 


4.4 Measurement uncertainty 


The measurement uncertainty of the cone resist- 
ance has been estimated with the uncertainty pro- 
vided in the calibration certificates. In the softer 
clay layers of about 500 kPa cone resistance the 
measurement uncertainty is about 35 kPa (or 7.0% 
of the indicated value). In loose sand with a cone 
resistance of about 3.5 MPa, the measurement 
uncertainty is assessed to be about 45 kPa (or 1.3% 
of the indicated value). 

Uncertainty for (bulk) density index measure- 
ments in cohesionless material has been assessed 
using guidelines presented in EA-4/02 (2013). For 
small, but accurately known, volume-mass den- 
sity measurements, such as performed during the 
excavation of the model, the measurement uncer- 
tainty was assessed to be about 6% 1,. For bulk J, 
measurements during preparation, the uncertainty 
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strongly depends on the sample height. Because 
diameter and mass of the sample are accurately 
known compared to the sample height, the height 
is the governing parameter influencing the uncer- 
tainty. The uncertainty of bulk density index for 
the full preparation height of 0.96 m is about 2.5% 
I, For smaller intervals of, say, 0.05 m, the uncer- 
tainty increases to about 20% 7, 


4.5 Interim results 


Only some of the results can be presented in this 
paper, since the investigation was still ongoing at 
the time of writing. It has been chosen to present 
the CPT results in two artificial soil samples: sam- 
ple 2 and 3. Sample 2 contained a layered unit of 
4 clay layers and 3 sand layers, each having a layer 
thickness of 4 cm, while sample 3 contained a lay- 
ered unit of 6 clay layers and 5 sand layers, each 
having a layer thickness of 2 cm. An initial bulk 
density index of around 30% has been applied for 
these samples. Multiple CPTs (2 or 3) were per- 
formed at the same soil model. First, the desired 
stress level has been applied and after reaching a 
sufficient degree of consolidation a CPT has been 
performed. Subsequent tests were performed at 
different locations and stress levels, leaving the pre- 
vious cone(s) in place. The CPTs were performed 
at 300 mm from the container wall and a distance 
between the CPT locations of 260 mm has been 
applied. 

Figure 3 shows the measured cone resistance in 
sample 2 for two stress levels (vertical stress applied 
to the top of the sample is 25 kPa and 50 kPa, 
respectively). The individual layers can be clearly 
distinguished. Also the effect of the applied stress 
level can be observed resulting in higher a cone 
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Figure 3. Test results sample 2 (the four 4 cm thick clay 


layers are indicated in gray). 
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Figure 4. Test results sample 3 (the six 2 cm thick clay 
layers are indicated in gray). 
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Figure 5. Normalized cone resistance of the four tests 


presented in this paper. 


resistance for higher a stress level. Figure 4 shows 
the measured cone resistance in sample 3 for the 
same stress levels. In this case, the individual thin 
layers can be hardly distinguished. The initial peak 
in cone resistance at about 5 cm depth is an artifact 
of a cylindrical tube which was in place to protect 
the cushion. 


Figure 5 shows the cone resistance in sample 


2 and 3 normalized for the applied stress level 
using the following equation (based on Lunne 


et al.1997): 
4. 
denon = oon o 


In which o, is the applied vertical stress level. 


5 NUMERICAL SIMULATION 


Simulations are made by calculating the tip resist- 
ance at each mm by the method as described in 
section 3. In order to get a more realistic simula- 
tion the moving average over a height of 27 mm 
(the cone height) has been calculated. The average 
of the measured cone resistance in the upper and 
bottom sand layer is used as characteristic cone 
resistance for the sand layers. For the clay layers 
a value of 0.035 is used, based on the test results. 
Figure 6 shows the simulation of the tests per- 
formed at sample 2. The normalized test results are 
also plotted in this graph. A good fit is obtained 
with the proposed method. 

Figure 7 shows the simulation of the tests 
performed at sample 3 with the normalized test 
results. A good fit is obtained for the layered unit, 
while the simulation deviates strongly from the 
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Figure 6. Simulation of CPTs at sample 2. 
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Figure 7. Simulation of CPTs at sample 3. 
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measurements for the transition zones between 
the layered unit and the upper and bottom sand 
layers. However, since the difference between the 
maximum measured resistance within a layer and 
the characteristic resistance is of interest in this 
investigation, the proposed method can still be 
used. 


6 DISCUSSION 


It should be noted that the penetration rate applied 
in the experiments (4 mm/s) differs from the stand- 
ard rate applied in the field (20 mm/s). Further- 
more, the cone resistance has not been corrected 
since no pore pressure measurement was per- 
formed. The effects of both these aspects are con- 
sidered to be minimal. 

Local variation in void ratio was observed in 
the artificially constructed soil samples, since 
it was hard to control the density index during 
preparation of saturated layered samples. This 
aspect has to be taken into account in the further 
analysis of the results and in order to come up 
with a correction method for CPT in thinly inter- 
layered soils. 

It should be noted also that the tested multi- 
layered samples contained sand and clay layers 
of equal thickness. This is certainly not always the 
case in the field. Therefore, the results cannot sim- 
ply be applied to all thinly inter-layered soils. 


7 CONCLUSION AND FUTURE WORK 


A test program (parametric study) is defined in 
order to validate the proposed simulation method 
for CPT in thinly inter-layered soils. The proposed 
simulation method fits reasonably well with the 
interim test results. The simulation method can be 
used to set-up a correction method. Such a method 
should incorporate the influence of the layer thick- 
ness (relative to the cone diameter), the number of 
layers within the zone of influence and the char- 
acteristic cone resistances of the individual layers. 
The recognized uncertainties have to be taken into 
account as well. 
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ABSTRACT: A reliable estimate of the saturated soil weight from CPT analysis can be useful for vari- 
ous purposes. An often used relation that gives a reasonable first approximation is presented by Robert- 
son & Cabal (2010). In The Netherlands very soft and highly organic soils are omnipresent and these types 
of soil are absent in the aforementioned relation. In this paper a new relation is proposed that can be used 
to estimate the saturated soil unit weight for a wider range of soils, from sands to highly organic soils. 


1 INTRODUCTION 


1.1 Problem description 


Cone penetration testing has a widespread applica- 
tion in The Netherlands, from code regulated pile 
foundation and dike design, and in recent years 
liquefaction triggering assessments in Groningen 
related to induced earthquakes. 

CPT based parameter estimation is applied in 
a wide variety of geotechnical projects. The quan- 
tity of complementary laboratory tests in general 
depends on the risks involved in a project. Due to 
increased computer performance more and more 
analyses are being performed and will be auto- 
mated. Since a CPT provides continuous data in 
a vertical soil profile, the obtained data lends itself 
for automated interpretation. 

The use of CPTs in the design of dikes in The 
Netherlands has intensified with the Dijken op 
Veen method (Zwanenburg & Jardine, 2015). In 
this method a layer specific empirical cone fac- 
tor (N, ) is determined and applied directly to the 
CPTs to derive the undrained shear strength (S,). 
In order to do so, laboratory test are required to 
determine the in-situ undrained shear strength, the 
undrained shear strength ratio (S), the unit weight 
(y) and the pre-consolidation stress (p.). These tests 
are normally performed on undisturbed samples 
taken from a few boreholes with an adjacent CPT. 
This allows for correlating the aforementioned 
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parameters. The large natural variability associ- 
ated with geotechnical soil properties is taken into 
account by applying the correlation to each indi- 
vidual CPT. 

In practice it turns out that the identification of 
soil type and in particular the estimation of unit 
weight for soft organic soils and peats is often not 
very accurate. Most existing methods are validated 
for, and therefore applicable to mineral soils only. 
Applying these correlations will lead to an over- 
estimation of the unit weight and consequentially 
and erroneous prediction of stresses and strength. 


1.2 Scope 


By combining soil properties obtained from labo- 
ratory testing with fairly constant CPT results, 
layer-, site- or region-specific correlations can be 
obtained between CPT measurement data and geo- 
technical properties of the soil. When automating 
this process for all measurement points or multiple 
CPTs, it is preferable to have a direct reliable rela- 
tion between the measurement data and the esti- 
mated soil unit weight, so that human interference 
is limited to a minimum. Moreover, because many 
soil properties (and thus the applicable correla- 
tions) depend on the stress level, it is paramount to 
have an indication of the stress profile over depth. 
For this purpose use of lookup tables (such as pro- 
vided in the Dutch version of Eurocode 7) is not 
preferable. 


1.3 Approach 


The approach is based on matching laboratory 
tests results with CPT data. The CPT data is 
taken from the same level as the samples, where a 
maximum distance between borehole and CPT of 
1 meter is applied. Soil investigation programs at 
the locations from Table 1 across the Netherlands 
have been used. 

For the definition of the CPT Class reference is 
made to ISO 22476-1:2012 which is effectively in 
use in The Netherlands since February 2013. 

In Table 2 an overview of both the number of 
samples and the minimum and maximum values of 
the observed values are presented. 

Chapter 2 will further elaborate on the unit 
weight of organic soils as measured in the labo- 
ratory. A new correlation is presented in order to 
estimate the organic content based on the water 
content. This correlation can be useful in practice 
because most often the organic content or specific 
gratify is not determined. 

Chapter 3 will elaborate on a new framework 
correlation for the unit weight based on the cone 


Table 1. Overview of CPT locations. 
Number 
Location of CPTs Class 
Amsterdam 42 2 
Bergambacht 19 2 
Delfzijl 32 2 
Eemdijk 42 1 
Eemshaven 52 2 
Katwoude 36 1 
Krimpen aan den IJssel 11 1 
Leeuwarden 6 2 
Rotterdam 6 2 
Terneuzen 46 2 
Uitdam 8 2 
Table 2. Overview number of samples. 
Number 
of Minimum Maximum 

Property samples value value 
qı [MPa] 300 0.10 33.05 
R; [%] 300 0.22 10.54 
u, [MPa] 218 —0.06 1.67 
Vat [Mg/m*] 300 10.05 21.33 
Yary [Mg/m*] 257 0.81 18.29 
Water [%] 294 16.6 1145 

content 
Loss on E 78 0.0 89.5 

ignition 
Specific E 9 1.45 2,33 

gravity 
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resistance and friction ratio, calibrated with labo- 
ratory measurements. 


2 UNIT WEIGHT OF ORGANIC SOILS 


2.1 Organic clays and peats 


Large parts of The Netherlands have Holocene 
deposits with organic soils such as peat. The 
specific gravity in organic soils is affected by the 
organic constituents, and cannot simply be set to 
somewhere near 2.7 as in mineral soils. Cellulose 
has a specific gravity of approximately 1.6, while 
for lignin it is approximately 1.4. These low values 
reduce the compounded specific gravity of organic 
soils (Den Haan & Kruse, 2006). Consequently the 
density of organic soils is lower than mineral soils. 
The organic content is unfortunately not always 
measured in practice. A collection of measure- 
ments from various soil investigation programs 
across the Netherlands is presented in Figure 1. 
Herein the measured loss on ignition (closely 
related to the organic content) is plotted measured 
saturated water content. Equation 1 presents the 
best fit to the data and is a slight adjustment to the 
correlation presented by Mitchell & Soga (2005). 


(w -18.3) 
6.35 


N=0< <90 (1) 


In which: 

N is the loss on ignition [%] 

W is the saturated water content [%] 

Equation 1 can be used in case the field classifi- 
cation indicates organic soils and no measurements 
of organic content has been performed. Once the 
loss on ignition is known the specific gravity (p,) 
of the solids can be determined. In Figure 2 the 
measurement loss on ignition is plotted against the 
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specific gravity together with Equation 2 as pre- 
sented in Den Haan & Kruse (2006). 


1 Z N (1-N) 
p, 1.354 2.746 


(2) 


The data fits very well with the existing equa- 
tion and data of Den Haan & Kruse (2006). This is 
probably the reason why this test is not often per- 
formed in practice. The specific gravity is required 
to calculate the correct densities and other clas- 
sification parameters, in particular the void ratio. 
In Figure 3 the measured dry and natural unit 
weights are presented together with the calculated 
saturated unit weight. From Figure 1 to Figure 3 1t 
can be observed that there is practically an absence 
of data on organic clays and peats with a satu- 
rated unit weight between 11.0-12.0 kN/m*, dry 
unit weights between 2.0-4.5 kN/m?*, water con- 
tent between 200-400%, loss on ignition between 
30-70% and specific gravity between 1.6-2.0 
[-]. Apparently these soils are less present in the 
Holocene deposits in The Netherlands. 
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3 PROPOSAL NEW FRAMEWORK AND 
UNIT WEIGHT CORRELATION 


3.1 Existing methods 


Estimating the soil unit weight from CPT measure- 
ment data is required to determine the total and 
effective stresses in a soil profile. As such this step 
is at the basis of further CPT data interpretation 
and evaluation as for many relations correcting for 
the in-situ (effective) stress level is required. 

One way to determine unit weights and an ini- 
tial stress profile is by using look-up tables. After 
having identified a certain soil type from the raw 
measurement data, e.g. Douglas & Olsen (1981) 
and Robertson et al. (1986), a discrete unit weight 
value can be assigned to each soil type after which 
the total and effective vertical stresses can be com- 
puted. Using a continuous rather than a discrete 
function is however preferable because also inter- 
mediate states and densities can be accounted for. 

Robertson & Cabal (2010) proposed a con- 
tinuous function where the saturated unit weight 
is a function of the cone tip resistance q, and the 
friction ratio R, The downside of their formula- 
tion is that it is only derived for clays and sands 
that have saturated unit weights of 15 kN/m* and 
higher. As can be observed from the dotted curves 
in Figure 4, the estimated unit weight increases 
with increasing friction ratio for all soil types. For 
soft clays and organic soils typically the opposite is 
observed, namely that the saturated unit weight is 
expected to decrease as the friction ratio increases 
as a consequence of the increase of the organic 
content in the soil. 

Mayne et al. (2010) used a regression analysis 
on a wider array of soil types including soft clays 
and silts with a minimum considered y,,, of about 
12 kN/m’. Their regression analysis resulted in the 
formulation presented by Equation 3. 


o 0.06 0.06 
Vous =1.95. YA (E (E (3) 
O O 


atm / N“ atm 


Although this relation captures the range of 
interest better, an iteration or first estimate of the 
vertical effective stress is required which is sur- 
mountable, but undesirable nonetheless. The same 
holds for relations that depend on the shear wave 
velocity, unless SCPT measurement data is avail- 
able. As the latter is most often not the case, the 
application range of such relations is less desirable. 

Mayne (2014) furthermore suggests a rela- 
tion that is solely dependent on the sleeve fric- 
tion f, which gives reasonable results to the soft 
clay domain. When organic soils are considered 
the relation seems clearly off. By considering the 
graphical interpretation of f, relation introduced 


Y sae [KN /m?] 


qt [MPa] 


Rf [%] 


Figure 4. Graphical representation of the framework by Robertson & Cabal (dotted) and the proposed framework 


(continuous). 


by Mayne (2014) it can be seen clearly that organic 
peats do not fall within the desired range. 


3.2 Formulation 


A new formulation is proposed to estimate the soil 
unit weight from CPT measurement data, having 
the following expedient properties: 


— The saturated unit weight is a continuous func- 
tion of the standard CPT measurement data 

— No iterative procedure is required 

— The application domain is extended to the 
soft and organic soils typically found in The 
Netherlands 


The analytical formulation is given by Equa- 
tion 4. Similar to the proposed relation by Robert- 
son & Cabal (2010), contours of equal unit weight 
can be drawn in the q,-R, plane (see Figure 4). 


V sat = Y sat,ref 2- (4) 


Herein: 


eat ror 18 the reference unit weight at which the cone 
resistance is constant regardless of R,. 

trer 18 the reference cone resistance at which the unit 

weight is constant regardless of friction ratio. 

trer 18 the reference friction ratio at which the apex 

of all lines of equal unit weight is located. 

Bis a measure for the inclination of the equal unit 
weight contours. 


R 
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The functional form of Equation 4 implies that 
for all cone tip resistances lower than q, „r the satu- 
rated unit weight decreases with increasing friction 
ratio. Although the functional form allows for the 
calculation of values of y,,, lower than 9.81 kN/ 
m' (bottom right corner of Figure 4) it is recom- 
mended to use this value as a practical cut-off since 
the saturated unit weights will never be far less 
than the unit weight of water. Peats however often 
contain gas and therefor the natural unit weight 
can be as low as 9.0 kN/m? as shown in Figure 3. 

The basic formulation is such that the reference 
values can easily be chosen and the inclination 
parameters easily be fitted. This can be done for a 
specific soil type, a site specific layer or in general 
for projects or even large regions as done here. 


3.3 Verification with data 


To verify the proposed framework and Equation 4, 
values of saturated unit weight obtained from 
laboratory measurements are compared with CPT 
measurement data at mid sample depths. Data 
is obtained at multiple locations and at various 
depths. Requirement for this verification proce- 
dure is that the borehole from which the sample is 
taken and the CPT are in close proximity (at maxi- 
mum | m) and the variation in CPT measurement 
data is not too large. On some locations this turned 
out to be an issue because the Holocene deposits in 
The Netherlands show significant variation in ver- 
tical and horizontal direction and the layer thick- 
ness 1s limited. 

Using the proposed framework the whole 
range of soils and unit weights can be addressed 
as is shown in Figure 4 to Figure 6. By combining 


a regression analysis with expert judgment the 
adopted values to be implemented in Equation 4 
are presented in Table 3. For this purpose the 300 
data points mentioned in Table 2 are used. 

A comparison between the measured and the 
calculated saturated unit weights is also made for 
other available correlations. Graphically this is 
presented in Figure 5, where for the sake of clarity 
the correlation by Mayne (2014) is not shown. The 
observed trend, namely that the calculated values 
are too high when organic soils are considered, 


is equal. Table 4 gives the R? values and slopes 
for the four considered methods. From these val- 
ues it is obvious that over the whole considered 
range the proposed framework is superior to the 
correlations. 

The general trend (Pearson R? and slope [1:x]) 
of the proposed correlation has improved signifi- 
cantly. The variation is large but the standard error 
on regression (Sxy) is reduced. As noted earlier in 
the method by Robertson & Cabal (2010) no values 
of Ya below 15 kN/m? were considered and Mayne 
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Figure 5. 


Measured versus calculated saturated unit weights using some of the different correlations from Table 4. 


Note that herein no cut-off value is applied for the minimum value of the calculated unit weight. 
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Graphical representation of the measurement data in the proposed framework at discrete unit weight 


Table 3. Proposed parameters for Equation 4. 


Parameter Adopted best fit values 
Yeat.ref 19.0 
bret 5 0 
Rover 30.0 
4.12 


Table 4. Results for multiple methods. 


Method R? slope [1:X]  Sxy 
Equation 4 0.88 0.95 1.13 
Robertson & Cabal (2010) 0.49 0.45 1.46 
Mayne et al. (2010) 0.45 0.47 1.65 
Mayne (2014) 0.39 0,42 1.68 


et al. (2010) focus mainly on soft clays and silts 
with a minimum considered y,,, of about 12 kN/m?. 

Therefore a comparison is also made for meas- 
ured Ya» 15 kKN/m? based on 193 measurements. The 
R? is 0.77 for Equation 4 compared to 0.28-0.60 for 
the existing correlations. This means that also for 
non-organic soils a better estimation is found. 

The standard error of the estimated unit weight 
is typically + 1 kN/m’. This error is first of all 
caused by the distance between CPT and borehole 
and the variation in lateral and vertical direction. 
Furthermore the measurement accuracy of the 
CPTs, in particular for peats with very low cone 
resistance and sleeve friction. But also the accu- 
racy of the laboratory tests as it turned out that in 
about 5% of the samples the measured unit weight 
and water content were inconsistent. Finally the 
error is inherent to the variation in soil types, effec- 
tive stress, over-consolidation, aging, organic con- 
tent, saturation etc. 

In addition a comparison has been made between 
Class 1 and Class 2 CPTs for ya. 15 KN/m?. The R? 
is respectively 0.71 and 0.78. The difference is not 
much but still it is surprising that the Class 1 CPTs 
have a lower R?, This could be explained by the very 
low measured q, and f, values of peats that where 
mainly investigated by Class 1 CPTs. 


4 CONCLUSIONS AND 
RECOMMENDATIONS 


— The correlations by Mitchell & Soga (2005) 
and Den Haan & Kruse (2006) are confirmed, 
where it appears that the former can be slightly 
improved. This will enhance better prediction 
of the density and classification parameters of 
organic soils. 

— The new framework and proposed equation for 
estimating the saturated unit weight based on 
q, and R, measurements can be applied to the 


entire range of firm sandy soils to organic soils 
and peat, as typically can be found in Holocene 
sedimentary deposits in The Netherlands. 

— For the considered soil data, the proposed relation- 
ship outperforms other considered correlations. 
The variation in the estimation is however still 
considerable and comparable to earlier studies. 

— Itis recommended that care is taken when apply- 
ing the relation to other non-sedimentary soils. 
The authors are curious to see how the proposed 
framework performs for other type of soils as 
the framework allows for adjusting the fitting 
parameters. 
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Impact of sample quality on CPTU correlations in clay—example 
from the Rakkestad clay 


J.S. L'Heureux, A.S. Gundersen, M. D’Ignazio, T. Smaavik, A. Kleven, M. Romoen, 
K. Karlsrud, P. Paniagua & S. Hermann 
Norwegian Geotechnical Institute (NGI), Oslo, Norway 


ABSTRACT: As part of the zoning plan for the new 30 km long highway, E16, from Nybakk to 
Slomarka, an extensive laboratory and field testing campaign was conducted by NGI. The deposit along 
the highway is a normally to slightly overconsolidated clay with a water content in the range of 30-45% 
and a plasticity index ranging between 7-25%. 72 mm diameter piston samples at 70 localities were taken 
and CPTUs were carried out at over 120 locations. About 180 CRS oedometer tests and 360 triaxial 
tests were performed. These results generally show good to excellent sample quality. However, due to 
the interpreted lower values of undrained shear strength from local CPTU correlations, 9 block samples 
were retrieved at 3 locations and additional laboratory testing was performed. The active undrained shear 
strength obtained from the block samples was up to 53% higher. Based on this data set, correlations were 
established to optimize the engineering solutions for the new road and to address the impact of sample 
disturbance on geotechnical engineering parameters. The results lead to important economical saving for 
the project and highlight the need for local and high quality samples for CPTU correlations in soft and 
sensitive clays. 


1 INTRODUCTION To evaluate the impact of sample quality on 
the CPTU correlations, nine block samples (Sher- 
All building and construction works require reli- brooke type; 8250 mm) were retrieved at three 
able and proper determination of geotechnical locations and additional laboratory testing was 
design parameters. A careful consideration of the performed on the clays. This would allow for an 
most appropriate investigation method is likely to optimization of the chosen design parameters and 
result in improved understanding of soil behaviour thereby optimize engineering solutions in connec- 
and, therefore, in more cost-effective and sustain- tion with the construction of the new road. 
able solutions for the construction, transport and The goals of the present paper are to demon- 
energy sectors. There is a need for better under- strate and document the impact of sampling meth- 
standing of the behavior of soft and sensitive clays ods on the stiffness and strength properties of the 
in order to improve geotechnical design, make it Rakkestad Clay, and to give recommendations 
more innovative, and to reduce risks related to e.g. on the most appropriate CPTU correlations for 
landslides and excavation failures. assessing the strength and stiffness properties of 
NGI was recently involved in the elaboration this clay. The results lead to important economi- 
of the detailed zoning plan for the new highway, cal saving for the project and highlight the need for 
E16, from Nybakk to Slomarka (approximately local and high quality samples for CPTU correla- 
50 km northeast of Oslo, Norway). Samples were tions in soft and sensitive clays. 
collected using a piston sampler (872 mm) at c. 70 
localities and CPTU soundings were carried out at 
over 120 locations. About 180 CRS oedometer tests 2 STUDY AREA AND DATA INCLUDED 
and 360 triaxial tests were carried out to assess the IN THIS STUDY 
strength and stiffness properties of the Rakkestad 
clay along this E16 section. The results generally The location of the planned highway, E16, from 
show good to excellent sample quality. However, | Nybakk to Slomarka is shown in Figure 1. The soil 
the undrained shear strength interpreted from conditions in the study area are fairly homogenous 
local CPTU correlations and based on the labora- and can be generalized with three layers. The top 
tory results was about 15% less than expected from layer consists of a 0.4 m thick cropland overlying 
previous experience. a layer of desiccated clay or dry crust underneath. 
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Figure 1. Location of the study area with the planned 


highway E16. The red circle shows the location where 
block samples were taken in the study area. 


The dry crust generally extends 3-4 m below the 
ground surface. Further down, a normally consoli- 
dated and sensitive marine clay is found. The sen- 
sitivity (S,) of the clay varies in this deeper layer (S, 
up to 230) and the clay is also found to be quick (i.e. 
remolded undrained shear strength; s,, < 0.5 kPa) 
at certain localities and depths. Aging may have led 
to some overconsolidation in the clay. The thick- 
ness of the marine clay deposit varies from approx- 
imately 20 to 45 m below the ground surface. 

A high number of undisturbed samples were 
retrieved from 102 boreholes with an 072 mm 
GEONOR piston sampler. The compiled database 
with results from tests on 72 mm samples is further 
referred to as the Reference database. 

To evaluate the effect of sample quality on the 
strength and stiffness characteristics of the clay, 
0250 mm Sherbrooke block samples were retrieved 
at three locations along the planned E16. These 
locations are referred to by their borehole identi- 
fication numbers which are 2371, 2411 and 2284. 
All block samples were carved at similar depths as 
the previously retrieved 72 mm samples and are 
representative of the general soil conditions in the 
study area. 


3 GEOTECHNICAL PROPERTIES 
OF THE CLAY 


3.1 Index properties 


The water content of the clay samples in the 
study area ranges from 30-45% while the total 
unit weight varies between 17.5 and 19.5 kN/m? 
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Figure 2. Typical borehole log (2371) in the study 
area showing results from index tests, strength tests and 
CPTU. 


(Fig. 2). The plasticity index (Ip) is generally in 
the range of 7-25%. An example of a geotechnical 
profile with index properties for borehole 2371 is 
shown on Figure 2. 


3.2 Effective stresses and stress history 


From the geological history of the area, no 
exceptional loading events are known; only 
normal sedimentation processes. Some overcon- 
solidation is however observed at some loca- 
tions in the study area due to unloading caused 
by erosion from creeks and rivers over the past. 
Groundwater level is 1-2 m below the ground 
surface. The pore water pressures were measured 
at several depth intervals and locations through- 
out the study area. The data generally show pore 
water pressures equal to 60-85% of hydrostatic 
conditions. 

The preconsolidation pressure (or yield stress), 
p”. has been measured from CRS oedometer 
tests on the 72 mm and 250 mm samples. In gen- 
eral the overconsolidation ratio (OCR) in the clay 
ranges from 1.3 to around 6 at some locations. 
Figure 3 shows typical CRS results for tests car- 
ried out on block and 72 mm piston samples in 
the study area. CRS results on the block samples 
clearly show a better distinction between the over 
consolidated stress range and the normally con- 
solidated stress range. Hence the reliability in the 
selection of p’, and OCR is better from the CRS 
test results on block samples. 


Effective Axial Stress, oa' [kPa] 
800 


0 200 400 600 


Axial Strain, sa [%] 
Constrained Modulus, M [MPa] 


—— Block sample, depth=6.25m — 72-mm sample, depth=6.45m 


Figure 3. Example of oedometer test results from sam- 
ples collected with a 72 mm sampler and a 250 mm block 
sampler in the study area. Test results are from borehole 
location 2371. 
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Figure 4. Example of CAUC triaxial test results from 
samples collected with a 72 mm piston sampler and a 
250 mm block sampler in the study area. Test results are 
from borehole location 2371. 


3.3 Strength properties 


Typical results from anisotropically consolidated 
triaxial tests sheared in compression (CAUC) are 
shown in Figure 4 for both 72 mm samples and 
block samples from the same location and depth. 
According to the sample quality criteria proposed 
by Lunne et al. (1997) all samples were categorized 
as being of good to excellent quality. All stress- 
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Table 1. 


Relative increase in undrained shear strength 


from block samples with respect to 72 mm samples. 


Borehole Depth s,“72mm  s,“Block % increase 
no. m kPa kPa % 
2371 5.43 57.3 61.9 8.0 
2371 10.43 63.6 68.2 TE 
2371 15.23 76.8 89.9 17.2 
2411 6.21 45.1 56.6 25:5 
2411 10.45  — 61.1 — 
2411 12.06 48.0 73.8 53.8 
2284 6.25 28.7 44.0 53.3 
2284 11.36 — 51.1 - 
2284 12.4 34.9 48.7 39.5 
2 
1 + 
7 e 
07 CES | 
— 0.6 + pa + 
= 05 a a» | 
E F A + | 
s + 
ARA | 
0.3 po ¢* 
- 
0.2 4 
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0.1 
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OCR [] 
Figure 5. Normalized undrained shear strength ratio 


(s,/p,') from triaxial tests (CAUC) as a function of 
OCR. 


strain curves on Figure 4 show a strain softening 
behavior for the Rakkestad clay. However, results 
from CAUC tests on block samples show a higher 
peak shear strength and a more brittle behavior 
than those on the 72 mm samples (Fig. 4). The 
difference in peak strength can be important and 
was observed to be up to 53.8% at some locations 
(Table 1). 

Figure 5 illustrates the undrained shear strength 
normalized by the in situ effective stresses (p’,) 
against OCR for CAUC laboratory tests. The nor- 
malized strength results from block samples show 
less variation than the 72 mm reference database. 
Also, the block samples generally give higher und- 
rained shear strength ratio than that obtained from 
tests on 72 mm samples from same locations and 
depth. 


4 CPTU CORRELATIONS 


4.1 Correlations for OCR 


CPTU correlations for assessing OCR in Norwegian 
clays have previously been established by Karlsrud 
et al. (2005). These correlations were established 
based on CPTU cone factors such as N,,, Ny and 
N, and a large database of block samples with 
overall similar soil conditions as those found herein. 
However, in this study, all form of correlations 
between OCR and the CPTU cone factors were 
found to be poor (i.e. very low regression coeffi- 
cient; r°). The best fit regression result was obtained 
between the normalized cone parameter Q, and 
OCR (Fig. 6) through the following equation: 
OCR = 0.35 + 0.645Q, r? = 0.95 (1) 
where Q, = (q, — 6,,)/0’,,, q, with being the cor- 
rected cone resistance, ©, the total vertical stress 
and o, the vertical effective stress. 

As shown on Figure 6, the trendline of Equa- 
tion 1 is very similar to the Q,-OCR trendline defined 
by Karlsrud et al. (2005) for clays with sensitivity 
higher than 15. One can also note little variation in 
the block sample data compared to the 72 mm data 
points. For a given a value of Q, the best regression 
line for the 72 mm reference database provides a 
much lower OCR value (i.e. black line in Fig. 6). 

Figure 7 presents a regression of data based on 
the pore pressure parameter B,, Ip, and the OCR. 
The regression analysis shows a fairly high regres- 
sion coefficient, only slightly lower than r° for 
Equation 1. The best fit is given as: 


OCR = 16.5-Bq?**-Ip°” r’ = 0.84 (2) 


20 * 2284 - Block = Regression (blocks from this study) 
* 2371 - Block —— Karlsrud et al. (2005); St>15 
al *  2411-Bloc — Karlsrud et al. (2005); St<15 
+ Reference database —— Regression (Ref. database 72 mm) 


OCR[] 


Figure 6. Normalized cone parameter Q, against OCR. 
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u, against undrained shear strength from CAUC triaxial 
tests. 


Once again, the results from block samples 
show more consistent results than those from the 
72 mm reference database. 


4.2 Correlations for undrained shear strength 
in compression (s£) 


Figures 8 and 9 illustrate the excess pore pressure 
and the net cone resistance against the measured 
undrained shear strength in compression (s,°) from 
the study area. From these figures, one can see that 
the undrained shear strength data correlates bet- 
ter (higher coefficient of determination; r°) with 
the Au parameter. On these figures, a larger scatter 
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Figure 9. Net cone resistance (q,.) against undrained 
shear strength from CAUC triaxial tests. 
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Figure 10. Calculated versus measured undrained shear 
strength in compression using Eq. 3. 


can also be observed in the reference database com- 
pared to the larger diameter block samples data set. 

To evaluate the most appropriate equation form 
for the interpretation of s,© from CPTU data in 
the study area, a series of regression analyses were 
performed. 

The two best fits were obtained by using 1) the 
Au parameter with OCR, and ii) the q,,, param- 
eter with OCR. The resulting best fit equations are 
given as follows: 


r=093 (3) 
r=0.74 4 


s,=4.82+0.114u + 1.380CR 
s, =0.390CR%".q, ¿08 
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Figure 11. Calculated versus measured undrained shear 
strength in compression using Eq. 4. 


As shown from the r? coefficients above, the 
best statistical fit is obtained with Equation 3 on 
the basis of the Au parameter and OCR data. 
Figures 10 and 11 shows that both Equations 3 
and 4 gives reliable estimates of s© in the study 
area, within +/- 10% of that measured in the labo- 
ratory from CAUC on block samples. 


5 DESIGN CONSIDERATIONS 


A typical example of the use of Equations 1—4 in 
the study area is shown in Figure 12 for a CPTU 
test carried out at location 2371. On this figure, 
the OCR and s,° interpretations are compared to 
results from other empirical correlations normally 
used in design in Norway (i.e. Karlsrud et al. 2005) 
and to correlations based on laboratory results from 
72 mm samples. The latter is based on the best fit 
N,, correlation (i.e. N,, = Au/s€) shown in Figure 8. 

As expected, a better match with the relation- 
ships based on the block sample correlations is 
obtained. The Karlsrud et al. (2005) relationship 
seems to underestimate the OCR of Rakkestad 
clay. The differences are significant throughout the 
profile (Figure 12). 

Differences are also observed in the case of the 
interpreted undrained shear strength (Figure 12). 
Here the difference can be up to 30-40% when com- 
pared to the interpretation based on the 72 mm ref- 
erence database. Also, at depths larger than 10 m, 
the estimated shear strength from Equations 3-4 
is generally higher (up to 30%) than that obtained 
from the Karlsrud et al. (2005) methodology. 

The major difference between the undrained shear 
strength estimated from the 72 mm reference data- 
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Figure 12. Interpretation of OCR and s, of Rakkestad 
clay at borehole 2371 based on correlations by Karlsrud 
et al. (2005) and on the best fit empirical correlations 
obtained from this study (i.e. both 72 mm and block 
samples). 


base and that based on the block samples is asso- 
ciated with sample quality and sampling technique. 
Throughout this project, the laboratory results on 
the block samples showed consistently superior 
quality than those acquired on the 72 mm samples, 
which resulted in a notable difference in undrained 
shear strength. This seems to agree with other stud- 
ies documenting the impact of sampling processes in 
soft and sensitive clays (e.g. Berre et al. 2007). 

Results from this study show with little doubt 
that one can use a higher undrained shear strength 
profile in design for the Rakkestad clay along the 
planned El6 highway. At some locations along the 
highway, the difference between the previously rec- 
ommended design line and the new design criterion 
from block samples can be important (1.e. up to 40% 
in active undrained shear strength). The results are 
expected to lead to important economic savings for 
the E16 project and highlight the need for local and 
high quality samples for CPTU correlations in soft 
and sensitive clays. A first assumption is that the 
findings will lead to a saving of approximately 30% 
of costs associated with lime-cement stabilization 
of road cuttings along the E16 highway project. 
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6 CONCLUSIONS 


A high quality database including results from 
CPTU and laboratory tests performed on O72 mm 
piston samples and 9250 mm block samples col- 
lected along the planned new highway, E16, from 
Nybakk to Slomarka, in southeastern Norway was 
assembled. The laboratory results on block sam- 
ples show a superior quality compared to 72 mm 
samples, a higher peak undrained shear strength 
and less scatter in the other important geotechni- 
cal parameters such as preconsolidation stress and 
overconsolidation ratio. 

Based on regression analyses, the database 
allowed the development of empirical correlations 
between CPTU parameters and the undrained 
shear strength and the overconsolidation ratios for 
the Rakkestad clay. The recommended CPTU cor- 
relations in the study area show up to 40% increase 
in undrained shear strength when compared to 
previously established CPTU correlations for Nor- 
wegian clays, or to correlation based on laboratory 
tests performed on 72 mm samples. 

Results presented herein clearly show the impor- 
tance of establishing site specific correlations when 
assessing geotechnical parameters from CPTU 
tests. In soft and sensitive clays, it is also particu- 
larly important that the correlations are established 
from large diameter samples of very high quality. 
For the E16 project, a small investment in the field 
campaign to collect large diameter block samples 
will lead to cost-effective solutions and savings of 
approximately 30% associated with the lime-ce- 
ment stabilization of road cuttings. 
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ABSTRACT: Free Fall penetrometer (FF-CPTU) testing can provide significant advantages over 
conventional CPTU investigation for shallow sub-surface offshore site investigations. Much work has 
been done on soil characterisation and on determination of the undrained shear strength (s,) from FF- 
CPTU testing. However, little data has been published on analysis of FF-CPTU dissipation testing. Here, 
FF-CPTU data from two Norwegian fjords with evidence of recent landsliding are presented, and the 
techniques used to analyse and correct the data are described. At Hommelvika, relatively high residual 
excess pore pressures (15-17 kPa) were found in the vicinity of a large pockmark identified on the fjord 
bed from multibeam data. At Finneidfjord, the residual excess pore pressures are lower and are in agree- 
ment with long-term piezometer data from the area. Reliable estimates of the coefficient of consolidation 
(c,) were also be obtained from the FF-CPTU dissipation tests. 


1 INTRODUCTION 


Near-shore and submarine landslides are hazards 
along Norwegian fjords and in other similar envi- 
ronments worldwide. One particular issue is the 
occurrence of excess pore water pressure in rela- 
tively thin soil layers that undermines the stability 
of slopes. This phenomenon has led to a number 
of significant slope failures, including the well- 
documented 1996 Finneidfjord landslide (Longva 
et al. 2003). As the investigation of the seafloor 
conditions using conventional CPTU or drilling 
techniques is difficult and expensive, an alterna- 
tive, less expensive and faster approach for investi- 
gating these situations using the free fall piezocone 
penetrometer (FF-CPTU) is presented herein. As 
pointed out by Strout & Tjelta (2005) and others, 
offshore dissipation testing and interpretation of 
the results are challenging. 

The focus of this paper lies therefore on the use 
of overnight dissipation tests in order to determine 
the pore pressure regime in specific soil layers. 
Dissipation test data and the analysis workflow 
applied from two offshore sites at Finneidfjord 
and Hommelvika in Norway are examined. The 
analysis of the data allows for the determination 
of the excess pore water pressures as well as the 
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coefficient of consolidation. Finally, some implica- 
tions of the findings for landslide hazard assess- 
ment are discussed. 


2 INSTRUMENT AND DEPLOYMENT 
METHOD 


Standard CPTU testing is the main method of 
obtaining in situ offshore data. This method 
requires a suitably equipped and relatively large ves- 
sel or drilling platform, and therefore, the method 
is expensive. Reasonable weather conditions are 
also generally required. FF-CPTU instruments uti- 
lise a more simple gravity-driven deployment style. 
They can be installed from relatively small vessels 
by two people. Instrument recovery can be facili- 
tated by a battery powered portable winch. 

Many FF-CPTU devices have been developed 
recently (see Chow 8 Airey 2013, Chow & Airey 
2014). These devices are primarily used to char- 
acterise the undrained shear strength of the sedi- 
ments. However, these devices are also useful to 
study dissipation of excess pore water pressures 
and the consolidation characteristics of the soils 
(Chow et al. 2014). Lucking et al. (2017) describe 
how the pore pressure response during FF-CPTU 
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Figure 1. Free-fall penetrometer instrument (modified 
after Steiner et al. 2013). 


penetration can be used to help characterising 
near-shore sediments. 

The FF-CPTU instrument used in this study 
was developed at MARUM (Center for Marine 
Environmental Sciences, University of Bremen, 
Germany), see Figure 1. A full description of the 
device is given by Stegmann et al. (2006a) and 
Stegmann et al. (2006b). It is designed to free-fall 
through the water column, impact the seabed and 
record penetration data at a high sample rate. 

The instrument uses a 15 cm?/10 MPa GEOMIL 
subtraction piezocone measuring cone resistance 
(qa, sleeve friction (f), pore pressure behind the 
tip during penetration (u,), but also tilt, and in 
situ temperature. It has a modular design and the 
length can vary between 1.5 m (short mode) and 
7.5 m (long mode) by adding | m long rods. The 
length of the probe used in this study was 7.5 m. 
Depending on the sediment strength, modular 
weight pieces (15 kg each) can be added in order 
to achieve deeper penetration (up to 4 x 15 kg- 
pieces). The weight of the instrument ranges from 
45 kg in short mode to a maximum of 170 kg in 
long mode. 

Data logging frequency is variable but is typi- 
cally set to 40 Hz. Binary data are temporarily 
stored on a micro flash card and then downloaded 
to a computer. 


3 SITE DESCRIPTIONS 


Data from two Norwegian sites at Finneidfjord 
and Hommelvika are presented here. A short 
description of each site follows. 


3.1 Finneidfjord 


The 1996 landslide at Finneidfjord and the sub- 
sequent investigations and analyses are well 
described by Longva et al. (2003), Lecomte et al. 
(2008), Cassidy et al. (2008) and L’Heureux et al. 
(2012a), amongst others. Steiner et al. (2012) 
described the use of the FF-CPTU at 38 locations 
across or in the immediate vicinity of the landslide 
area to characterize the strength of the soft layers 
at this site (Figure 2). 

Ground conditions in the Finneidfjord area 
comprise beach deposits (sand and gravel) overly- 
ing a thick sequence of clayey silts resting on bed- 
rock (Fig. 3). Significant pockets of very sensitive 
clay and quick clay were found at several locations 
along the shoreline and also offshore (Fig. 3). 

T'Heureux et al. (2012a) suggest that this land- 
slide initiated within a weak layer in the fjord-ma- 


444750 445500 445750 446000 


7341000 
4 
7341000 


o 
D 
3 
3 
a 
R 


7340500 


7340250 
1 
7340250 


-f : Kartverket, Geovekst og kommin 
Geodata AS 


7340000 


T 
445250 


T 
444750 


445000 445500 445750 446000 


Figure 2. Swath bathymetry image of the Finneidfjord 
study area showing the location of free-fall penetrometer 
tests (green triangles) performed in 2010. Piezometers 
were also installed at FF-CPTU location 21. 
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Figure 3. 
failure mechanism at Finneidfjord (modified after 
L'Heureux et al. 2012). 
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rine sediments before developing retrogressively 
across the shoreline. They explain that, through the 
integration of results from sediment cores, free-fall 
cone penetrometer tests and high-resolution 3D 
seismic data, the slide-prone layer is a regional bed 
likely sourced from clay-slide activity in the catch- 
ment of the fjord. The sediments in this regional 
layer are softer and more sensitive than the typical 
fjord-marine deposits, which explain their role in 
slope instability. 


3.2 Hommelvika 


The bay of Hommelvika is located approximately 
20 km northeast of Trondheim, Norway. Ground 
conditions in the Hommelvika area comprise a 
complex distribution of sandy silts overlying silty 
clay. The clays are generally of medium sensitivity. 
The FF-CPTU work at Hommelvika was designed 
to investigate large pockmarks (Figure 4). The 
purpose of the FF-CPTU testing was to charac- 
terise the nature of the materials and their und- 
rained shear strength. In addition, the possible 
presence of excess pore pressure inside and close 
to the large pockmarks was of interest (Figure 4). 
The pockmarks are up to 75 m in diameter and 
5 m deep. They can be an indication of groundwa- 
ter seepage. 
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Figure 4. Swath bathymetry image of the Hommelvika 
study area showing the location of free-fall penetrometer 
tests performed in 2010. Landslide debris and large pock- 
marks are also observed on the fjord bottom. 
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The excess pressure likely originates from 
groundwater infiltration in the near-shore sedi- 
ments due to the significant topographic gradients 
in the region. Similar processes and pockmarks are 
often observed in other lakes and fjords in Nor- 
way e.g. Lake Botnen at Rissa; L'Heureux et al. 
(2012b). 


4 DATA PROCESSING 


4.1 Strategies for FF-CPTU tests 


Generally, three options are available for FF- 
CPTU tests. Type A testing aims at a high-reso- 
lution vertical record (1 kHz logging frequency) 
of the sediment properties. The FF-CPTU instru- 
ment is lowered at 1.0 to 2.0 m/s winch speed to 
a level 10 m to 15 m above the seafloor. It is then 
released in free-fall mode until the probe impacts 
the seafloor and dynamically decelerates until its 
terminal depth is reached. The instrument is recov- 
ered immediately after the FF-CPTU probe comes 
to a complete halt. Due to the short time length 
of the test, no dissipation data for pore pressure 
is recorded. 

Type B testing is initially similar to Type A (same 
test parameters). However, it aims at the recording 
the absolute pore pressure evolution once the FF- 
CPTU instrument is embedded in the sediment. 
Pore pressure dissipation is usually recorded for 
20 minutes to 25 minutes. 

Type C testing focuses on the logging of the 
absolute pore pressure evolution overnight (pore 
pressure dissipation for 12 hours to 15 hours) using 
a recording frequency of 10 Hz. The deployment 
is basically similar to Types A and B. Only pore 
pressure is recorded. As of yet, the system does not 
allow recording pore pressure response and other 
parameters for extended periods of time. 


4.2 Examples of Type B dissipation tests 


Some examples of Type B, short term dissipa- 
tion tests, for the Hommelvika site are shown on 
Figure 5. The location of the tests is shown on 
Figure 4. 

On impact with the fjordbed, negative excess 
pore pressures develop. These reach a minimum 
value at the end of the FF-CPTU penetration 
and then slowly rise to reach a maximum after a 
while. Seifert et al. (2008) classify this pattern of 
pore pressure behaviour as a “Type B1” signal and 
suggest the development of the negative excess 
pore pressure is due to a combination of factors, 
including the dilatory response of the soil due to 
some silt and sand content and also the presence of 
gas in the sediments. The tests were of insufficient 
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Figure 5. Short term dissipation tests for Hommelvika. 


length for any subsequent dissipation of the excess 
pore pressure to be observed. Thus, for these tests, 
it is not possible to obtain the in situ excess pore 
water pressure. 

Tests 1 and 3, located towards the center of the 
bay, show very similar results. Test 5, close to the 
edge of the bay, shows a much slower recovery of 
pore pressure. 


4.3 Long term Type C dissipation tests 


Results from three Type C tests at Finneidfjord and 
one at Hommelvika are also available. Due to the 
overnight duration of these tests, the data require 
corrections to take into account tidal effects and 
atmospheric pressure variations. These corrections 
can be either positive or negative. 

Values for the absolute pore pressure were 
recorded by the instrument every tenth of a sec- 
ond over the 13 to 19 hour period during the long- 
term dissipation testing at the three locations. 
Due to the large amount of data recorded during 
testing, values of absolute pore pressure corre- 
sponding to 10 minute intervals were selected for 
plotting. As for the Type B tests, the pore pressure 
initially decreases as expected and then reaches a 
maximum before dissipating slightly and then rises 
again. The subsequent rise in pore pressure after 
the initial decline confirms that correction of the 
data is required. 

The correction required to be applied to the data 
due to tidal effects is calculated as follows: 


Pride = Poy SN (1) 


where: 

Pia, = correction to measured pore pressure reading 

P,, = density of seawater = 1030 kg/m? 

g =acceleration due to gravity = 9.81 m/s? 

h =mean tide level during test—actual tidal 
observation (referenced to “zero” datum) 


A similar approach was adopted for correc- 
tions in atmospheric pressure variations (p,;,). 
The standard reference value of atmospheric pres- 
sure (taken to equal 101.325 kPa) was subtracted 
from the measured value of the air pressure (cor- 
responding to the same time as the pore pressure 
value under study). 

Finally the corrected pore pressure value is 
determined as follows: 


Uy corrected = Uy measured + Pride + Pair (2) 
Excess pore pressure (Au) is obtained from: 


în (3) 


Au =u, 


2,corrected 


where: 

u, = in situ hydrostatic pore water pressure cor- 
responding to mean tide level. 

In any case, none of the test results were cor- 
rected for fluid dynamic effects such as Bernoulli. 


5 RESULTS AND DISCUSSION 


5.1 Excess pore pressures (EPP) 


The results of the three long term dissipation tests, 
with the results corrected as described above, are 
shown on Figure 6. 

The residual excess pore pressure values are: 


o Hommelvika FFCPTU-7 = 15-17 kPa 
o Finneidfjord FFCPTU-21 = 2-4 kPa 
o Finneidfjord FFCPTU-38 = 5-7 kPa 


5.2 Comparison with piezometers 


In order to assess the accuracy of these calculated 
in situ values, we compare the results with long- 
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Figure 6. Long term dissipation tests at Hommelvika 
and Finneidfjord. 
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term piezometer tests carried out at a nearby loca- 
tion in Finneidfjord (red circle; Fig. 2). Three set 
of piezometer data are available for Finneidfjord. 
These instruments were connected to logging sta- 
tions located onshore. Data is logged hourly and 
transmitted once per day. 

Figure 7 shows an example of the data from 
PZ2.3. The average in situ excess pore pressure 
in July 2013 is around 4 kPa and varies through- 
out the year [figure only shows | month] between 
2-5 kPa. Thus, the piezometer results agree very 
well with the data from the FF-CPTU tests. 
Figure 7 also presents information about tempera- 
ture, rainfall, tidal variation and total pressure var- 
iation during the measured time period. The excess 
pore pressure ratio R, (R, = Au/y,,,-z where y,,, is the 
total unit weight of the soil and z the depth below 
seafloor) is also shown and ranges from 0.19-0.26. 


5.3 Comparison with seabed features 


At Hommelvika, relatively high excess pore pres- 
sures occur in the vicinity of a large pockmark (Fig- 
ure 4). The presence of excess pore pressure inside 
the pockmark could be an indication of ground- 
water seepage as a key part of its formation. The 
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Figure 7. Long term interpretation of piezometer data 
for a selected period (July 2013) at the Finneidfjord site. 
EPP: residual excess pore pressure. 
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Figure 8. Example of calculation of c, from long-term 
dissipation test data. 


excess pressure from the groundwater seepage may 
be sourced from high pore pressure gradients in the 
near-shore sediments as is the case with pockmarks 
in Lake Botnen in Rissa, Norway (L'Heureux et al. 
2012b). Comparisons with piezometers located 
along the shoreline at Hommelvika confirm that 
significant hydraulic gradients exist. 


5.4 Coefficient of consolidation 


Long-term dissipation test data can also be used 
to determine the coefficient of consolidation c,. 
Several methods are available for performing these 
calculations. In the example shown on Figure 8 
(Finneidfjord test FF-CPTU-21) the classic tech- 
nique outlined by Teh & Houlsby (1991) is used to 
determine c, by obtaining the time for 50% con- 
solidation of excess pore pressure (t,,) from the test 
data. The following values of c, were determined: 


o Hommelvika FF-CPTU-7 = 47 m?/yr. 
o Finneidfjord FF-CPTU-21 = 60 m?/yr 
o Finneidfjord FF-CPTU-38 = 10 m7/yr. 


6 CONCLUSIONS AND IMPLICATIONS 


Free-fall penetrometer tests provide a valuable and 
time-efficient method for shallow offshore geo- 
technical site investigation. One particular issue 
in such environment is the potential occurrence 
of excess pore water pressures that—if present— 
would undermine the stability of slopes. Using a 
simple analysis workflow including, amongst other 
things, corrections for tidal effects and atmos- 
pheric pressure variations, results obtained from 
two study sites at Hommelvika and Finneidfjord 
in Norway compared well with piezometer data 
and morphological seafloor features. At Hommel- 
vika, relatively high residual excess pore pressures 
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(15-17 kPa) were found in the vicinity of a large 
pockmark. At Finneidfjord, the excess pore pres- 
sures are lower and are in agreement with long- 
term piezometer data from the area. The analysis 
of the data also allows determining the coefficient 
of consolidation in the clays. 
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Fibre optic cone penetrometer 
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Fugro, Nootdorp, The Netherlands 


ABSTRACT: This paper presents a novel prototype cone penetrometer for piezocone penetration 
tests (CPTU). It is equipped with Fibre Optic (FO) sensors for measuring cone resistance (q,) and 
sleeve friction (f). The FO sensors replace the classical, electric strain-gauges. Field results, laboratory 
calibration and uncertainty assessment show capability of achieving q, and f, values that are well within 
Application Class 1 of ISO 22476-1 “electrical cone and piezocone penetration test”. This makes the FO 
cone penetrometer particularly suitable for use in very soft clays, silts and peat, i.e. Soil A and Interpreta- 
tion H of ISO 22476-1. The cone penetrometer has potential to meet a significantly more stringent, Dutch 


Application Class 1+. 


1 INTRODUCTION 


Drawing on extensive fibre optics experience, 
Fugro developed a prototype fibre optic (FO) cone 
penetrometer which is capable to perform piezo- 
cone penetration tests (CPTU) well within ISO 
22476-1 Application Class 1. 

The FO cone penetrometer is intended for 
onshore use in soft clays, silts and peat, i.e. Soil A and 
Interpretation H of ISO 22476-1. The FO cone pen- 
etrometer should also meet the Application Class 1+ 
accuracies particularly developed for dike stability 
inspections in The Netherlands (Stoevelaar & van 
Duinen 2016). It is noted that the Class 1+ concept 
is experimental and it is currently not entirely clear 
how to interpret the Class 1+ requirements. 

The FO cone penetrometer fits within Fugro's 
process for metrological confirmation, including the 
ISO/IEC 17025 accredited calibration laboratory 
(Peuchen et. al., 2017) and including seamless upload 
of calibration data into the cone penetrometer itself. 

FO cone penetrometers are expected to be avail- 
able for commercial use by the second half of 2018. 


2 TECHNOLOGY 


The prototype FO penetrometer has a tip area of 
1 500 mm? and a net area ratio of 0.77. The FAZ 
Technology (2017) interrogator is used to convert 
optic signals into physical units, for cone resistance 
(q,), Sleeve friction (f), pore pressure (u, or u,), incli- 
nation (bi-axial) and temperature. The fibre optic 
sensors for measuring q, and f, have maximum 
ranges of 10 MPa and 0.5 MPa respectively. These 
ranges imply that this FO cone penetrometer can 
be used for soft soils only. Other ranges will follow 
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once the prototype is optimized. The FO cone pen- 
etrometer is of the type “cone resistance and sleeve 
friction load cells in compression”, as defined by 
Figure 1 of ISO 22476-1. 


Figure 1. Prototype FO cone penetrometer. 


This paper focuses on the performance of the 
q -sensor, for which testing is largely completed 
(2017). The required dynamic range of the optic 
signals of the q, -sensor is more challenging than for 
the f-sensor. Fine-tuning of the f.-sensor design is 
currently (2017) in progress. FO pore pressure and 
inclination sensors will follow later. 


3 PERFORMANCE 


3.1 Resolution 


Figure 2 demonstrates q, resolution of the FO cone 
penetrometer by a laboratory test where the cone 
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Figure 3. Test results for FO cone penetrometer. 
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tip was loaded by adding (dead weight) masses 
of 200 g, 100 g, 50 g and 20 g steps correspond- 
ing to equivalent q, values of 1.31 kPa, 0.65 kPa, 
0.33 kPa and 0.13 kPa respectively. The difference 
in the zero load reading before and after this test 
is 0.01 kPa. Similar dead weight tests have shown 
that load steps equivalent to q, values as small as 
0.07 kPa (10 g) can be distinguished. 

The FO cone penetrometer performs data 
acquisition at 500 Hz. Figure 3 presents results 
of a field test which demonstrates the difference 
between 500 Hz the classical 2 Hz data acquisition. 
Higher sampling frequency provides a possibility 
to detect very thin soil layers more accurately. 


3.2 Influence of ambient and transient 
temperatures 


As per ISO 22476-1, the FO cone penetrom- 
eter is designed in such a way that temperature 
changes are predominantly mechanically com- 
pensated. In addition compensation by calibra- 
tion is applied, as is common for strain-gauge 
cone penetrometers. 

Figure 4 shows a laboratory test where the FO 
cone penetrometer is preheated to 20°C and sub- 
sequently lowered into a 5°C cold water bath. The 
temperature shock caused a maximum drift in 
cone resistance of 33 kPa. The zero load drift of 
the test was approximately 1 kPa. This is equiva- 
lent to a hydrostatic water head of 0.1 m. 
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Figure 4. Cone resistance output upon transient tem- 
perature shock of 20°C to 5°C. 


Somewhat comparable laboratory tests with 
strain-gauge cone penetrometers showed a q, drift 
of approximately 50 kPa to 150 kPa for a tempera- 
ture difference of 15°C (Boylan et. al, 2008) 

One of the future development plans for the FO 
cone penetrometer is to fit a temperature sensor in 
the FO cone penetrometer. This sensor will target 
heat flux and may provide a possibility for correc- 
tion of transient temperature effects. 


3.3 Influence of bending of cone penetrometer 


As per ISO 22476-1, the measured error of cone 
resistance due to probe bending should be consid- 
ered. This error depends on the direction of the 
applied load. Laboratory test results for the FO 
cone penetrometer showed a maximum error of 
cone resistance due to probe bending of 0.35 kPa/ 
Nm. This value is approximately 8 times smaller 
than values for double bridge cone penetrometers, 
as presented by Peuchen & Terwindt (2014). To 
determine the error of cone resistance due to probe 
bending, the FO cone penetrometer was loaded 
close to the tip with a moment of 9.0 Nm. The 
cone resistance output was recorded while rotating 
the cone penetrometer 360°. Note that FO technol- 
ogy also allows for distinction between (bending) 
load direction and magnitude. 


4 CONCLUSION 


Test results indicate that the prototype fibre optic 
(FO) cone penetrometer is capable to perform pie- 
zocone penetration tests (CPTU) well within ISO 
22476-1 Application Class 1. 
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For the prototype penetrometer, the fibre optic 
sensors for measuring q, and f, have maximum 
ranges of 10 MPa and 0.5 MPa respectively. This 
implies applicability for onshore soft clays, silts 
and peat, i.e. Soil A and Interpretation H of ISO 
22476-1. The FO cone penetrometer has poten- 
tial to meet a significantly more stringent, Dutch 
Application Class 1+. 

Laboratory test results for the FO cone pen- 
etrometer show favourable performance for 
transient temperature change and penetrometer 
bending. 

Additional development and qualification activ- 
ities are ongoing (2017). It is expected that the FO 
cone penetrometer will be available for commercial 
use by the second half of 2018. 
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ABSTRACT: Holocene clays that contain a significant amount of sulphide are regularly discovered 
during site investigation programs carried out along the East coast of Sweden. Cone Penetration Tests 
(CPTs) are frequently executed during such investigations, and the mechanical properties of the soil is 
subsequently interpreted from the CPTs. The mechanical behaviour of the sulphide clays is somewhat 
similar to other high-plasticity Scandinavian clays, including shear-strength anisotropy, and a high level 
of strain-rate and temperature dependency. These factors make the interpretation of the soil properties 
complicated, since the testing conditions and the testing methods have a large influence on the soil behav- 
iour. Sample disturbance and the temperature of laboratory direct simple shear tests also influence the 
interpretation, since these have been used as a reference for in-situ tests. The boundary conditions of the 
soil during both the in-situ and laboratory tests are consequently mixed in the interpretation, resulting 
in significant uncertainty about the correct soil properties. The design shear strength is typically chosen 
conservatively, but studies show a significant variation in the resulting cone factors for sulphide clays 
from empirical correlations. There are however some cases where a low undrained shear strength is not 
conservative, and in which design guidelines create some confusion. A case study of Cone Penetration 
tests in sulphide clay in Eastern Sweden is examined and some factors which influence the soil behaviour 
are discussed, including the strain-rate, temperature and anisotropic strength. 


1 INTRODUCTION empirical cone factors, (Larsson et al 2007). Since 

the designation of the clay sample as sulphide clay 
Sulphide clays are frequently present in the is frequently done by inspection in the laboratory, 
Holocene sediments along the East coast of Swe- the sulphide content is not known for most sam- 
den. The sulphide and organic content are espe- ples. In addition, the reference DSS tests are often 
cially high along the Bothnian bay, but clays with carried out in room temperature (20°C), which 
sulphide content are also present all over Eastern reduces the undrained shear strength of clay, 
Sweden, including Stockholm. Such clays are (Westerberg et al 2015). Sulphide clays are also 
highly strain-rate and temperature dependent, quite sensitive to temperature changes, which indi- 
(Larsson et al 2007, Leroueil et al 1985, Leroueil cates that the laboratory reference tests carried out 
& Soares Marques 1996). Cone penetration tests in room temperature would result in significantly 
are frequently carried out as part of a site inves- lower shear strengths, (Leroueil & Soares Marques 
tigation program to assess the strength and defor- 1996). Sample disturbance also influence labora- 
mation properties of these clays. Empirical cone tory testing of Holocene clays, (Lundberg 2017). 
factors N, > 20, correlated to direct simple shear The shear strength in triaxial extension (c,”) has 
(DSS) tests for the undrained shear strength in been also shown to be larger than the DSS strength 
direct shear c,PSS are recommended for design,  (c,2%) as evaluated from DSS tests in Scandinavian 
(Larsson et al 2007, Westerberg et al 2015). This  high-plasticity clays, implying that the DSS test 
results in low evaluated shear strengths in design, results are somewhat conservative, and maybe be 
especially in comparison to typical Scandinavian influenced by sample disturbance, (Karlsson & 
clays, as demonstrated in Lunne et al (1976). There  Karstunen 2017). A large laboratory study of dif- 
is also significant uncertainty in the determina- ferent sulphide clays display a factor of at least 2 
tion of the soil properties, and correlation studies between the shear strength in triaxial compression 
also show low correlation factors for the suggested  (c,“) and the DSS strength (c,P55), which suggests 
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that sample disturbance can have a large influence 
on the reference DSS-tests, (Larsson et al 2007). 
There are consequently many factors which 
influence the undrained shear strength of sul- 
phide clays. This is frequently taken into account 
in design by choosing a conservative characteristic 
value. A conservative assessment of the undrained 
shear strength of a clay normally results in a design 
on the safe side. There are however some practical 
cases where such conservatism results in a design 
which is non-conservative, or on the unsafe side: 


— Structural analysis (e.g. of bridges) with the soil 
modelled as elastic springs, in which the spring 
stiffness is correlated to the rigidity index G/c,,. 
The structural forces are calculated for different 
load cases in such models, frequently including 
temperature expansion models, and a conserva- 
tive assessment of the undrained shear strength 
in such a load case will therefore result in a higher 
stiffness in the real surrounding soil, and differ- 
ent estimated forces in the structural members. 

— Ground improvement by triggered slides, in 
which surcharge is added to trigger a limited 
slide (e.g. intended to minimize the amount of 
material going to a recycling deposit). The con- 
servative assessment of c, underestimates the 
surcharge needed to trigger a slide. 

— Assessment of undrained shear strength from 
correlations from field full scale tests, which are 
frequently carried out quite fast. The high strain 
rate overestimates the strength of the clay, and 
contradicts the in-situ and laboratory tests. 


In the current study, some CPTs in a sulphide 
clay from Eastern Sweden are examined to illus- 
trate some of the main features of sulphide clay 
during cone penetration relative other in-situ and 
laboratory testing. The site is located in Eastern 
Sweden, and provides additional information 
about the geographical distribution of sulphide 
clays alongside the samples discussed in Larsson 
et al (2007) which originate from the North of the 
country along the Bothnian Bay. The CPT data 
is analyzed in comparison to some other stand- 
ard methods to determine the undrained shear 
strength of clays in direct shear, c,2, 


2 CHARACTERISTICS OF SULPHIDE 
CLAYS 


Sulphide clays are characterized by the presence of 
sulphide, commonly in the form of FeS and Fes”. 
Such soils mainly occur in tropical regions, but 
they are also present along the Northern and East- 
ern coast of Sweden. They are characterized by the 
dark colour of the FeS content and a normally low 
content of H,S, resulting a characteristic smell, 


(Larsson et al 2007). Sulphide clays are the result 
of sedimentation in an anaerobic environment, 
and the sulphide content originates from organic 
components in the clay sediments, (Yu 1993). 
The anaerobic decomposition of the organic sub- 
stances in the sediments occurs because of low 
water circulation, and results in Sulphur Hydrogen 
(HS), which reacts with the iron content is the soil 
(Fe**), producing iron-mono-sulphide (FeS). Dur- 
ing extended time periods FeS is transformed into 
FeS,, (Westerberg et al 2005). 

The geological conditions resulting in sedi- 
mentation of sulphide clays have historically been 
present in parts of the Baltic sea, where the hydro- 
dynamic conditions produced low circulation for 
such extended geographical areas, especially dur- 
ing the extension of the Littorina sea across the 
coastline around 9000 B.C.E. The warmer geologi- 
cal periods and the consequent increase in organic 
growth between 4000-8000 B.C.E. resulted in 
growth of large amounts of organic matter which 
was subsequently deposited along the coastline. 
The isostatic rise of the Fennoscandian shield 
means that these areas are currently located above 
the present sea level, (Eriksson 1989, Larsson et al 
2007). A detailed geological and chemical descrip- 
tion of sulphide clay is given in Georgala (1980). 
The sulphide content of these clays varies along the 
coastline; higher levels of FeS and FeS, are found 
in the Northern part of the coastline, and degree of 
composition also displays strong variation. An out- 
line of the region where sulphide clays dominate 
the Holocene soil layers is displayed in Figure 1. 


R Region 
¿> dominated by 
r sulphide clay 
¿Per \ Pact, 
IP 
Ay 
E Uppsala 
Ky 
AY A 


Figure 1. Location of sulphide clays along the Both- 
nian bay in Sweden. 
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Sulphide clays, however, also frequently occur in 
the Stockholm region further South, especially in 
large geological basins where significant amounts 
of organic clays have been deposited, (Larsson 
et al 2007). Assessment of the mechanical proper- 
ties of sulphide clays is consequently a frequently 
occurring feature in practical geotechnical design 
in Eastern Sweden. 

The sensitivity S, of the sulphide clays is mostly 
10-20, (Westerberg et al 2015). This level of sen- 
sitivity is similar to other Scandinavian Holocene 
clays. The cause of the comparably high sensitivity 
the creation of bonds during sedimentation, which 
are subsequently destructurated during remould- 
ing, resulting in high sensitivity (Larsson et al 
2007). 


3 CONSIDERATIONS IN ASSESSMENT 
OF SULPHIDE CLAYS 


3.1.1 Mechanical behaviour 

The mechanical behaviour of sulphide clays has 
been described in several studies, eg. Holtz $ 
Holm (1979), Eriksson (1989), Larsson et al (2007). 
Sulphide clays are related to some of the main 
characteristics of Scandinavian Holocene clays 
as outlined by Bjerrum (1979). The sedimentation 
process has resulted in an anisotropic yield surface. 
The yield surface is dependent on the strain rate 
and temperature, resulting in an expansion of the 
yield surface with an increasing strain rate and a 
contraction of the yield surface with an increase 
in temperature, (Eriksson, 1989; Yu, 1993). This is 
illustrated schematically in Figure 2 which shows 
an alteration of the anisotropic yield surface with 
any change in strain rate and temperature during 
shearing. 


(/ Yield surface 
7 


Figure 2. Alteration of anisotropic yield surface with 
strain rate and temperature changes. 
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3.1.2 Mechanical response during soil testing 

The strain rate and temperature dependence of the 
yield surface influences the mechanical response of 
sulphide clay during soil testing. The high-strain 
rate during in-situ testing increases the undrained 
shear strength, (Schnaid 2009). On the other 
hand, laboratory tests are influenced by soil sam- 
ple disturbance and the laboratory temperature. 
The influence on the temperature has been well- 
documented in laboratory experiments, (Eriksson 
1989). The influence of sample disturbance is not 
fully known for sulphide clays, but can be signifi- 
cant in laboratory testing of other high-plasticity 
clays, (Lundberg 2017). 


3.1.3 Spatial variability 

The spatial variability of the soil strata governs 
the reliability of any geotechnical design if fixed 
LRFD partial factors are used, e.g. in Eurocode 
7 (Lundberg & Li 2015). The spatial variability is 
consequently of interest in practical design. The 
horizontal and vertical scale of fluctuation for 
sulphide clays has been discussed in the litera- 
ture, (Larsson et al 2007, Westerberg et al 2015). 
However, no systematic study of sulphide clays 
has been carried out. Since empirical cone factors 
N „are referenced to DSS tests carried out at finite 
locations in the soil strata, this has some influence 
on the applicability of correlations used in practi- 
cal design. 


4 A CASE STUDY OF CPT 
MEASUREMENIS IN EASTERN 
SWEDEN 


4.1 Site location and local geology 


Cone Penetration Testing was carried out as part 
of a site investigation program for residential 
development in Uppsala, Eastern Sweden, shown 
in Figure 1. The site is located South of the area 
dominated by sulphide clay in Figure 1, but during 
site investigation a large extent of the soil strata 
(from 9 m to 23 m depth) was found to consist 
of sulphide clay. The sulphide clay was located at 
around the same depth at all boreholes, suggesting 
homogeneous strata. 

The clay deposit is around 50-60 m deep and 
located in the center of a valley formation, result- 
ing in uniform marine soil deposition of the clay 
sediments. The soil layers are described in Table 1. 
The top soil layer consists of organic high-plastic- 
ity clay, with around 5% organic content, followed 
by the sulphide clay. These layers were formed dur- 
ing the post-glacial period which started around 
10000 years BCE (Georgala 1980). The clay was 
deposited in marine-brackish conditions. Beneath 
these sediments, a layer of varved high-plasticity 


Table 1. Index properties of the soil strata. 


Layer Properties 


Organic post-glacial 
high-plasticity clay 


Depth: 3-9 m 

Liquid limit: 60-65% 

Water content: 60-70% 
Bulk density: 1.6 t/m? 
Sensitivity: 10-18 

OCR: 1.2-2 

Depth: 9-23 m 

Liquid limit: 80-100% 
Water content: 60-90% 
Bulk density: 1.45-1.60 t/m? 
Sensitivity: 8-14 

OCR: 1.2 

Sulphuric content: 1-1.5% 
Depth: 23-60 m 

Liquid limit: 45-70% 

Water content: 35-60% 
Bulk density: 1.60-1.90 t/m* 
Sensitivity: 3-8 

OCR: 1.2 


Sulphide clay 


Glacial varved 
high-plasticity 
clay 


clay extends to a 1-2 m layer of moraine depos- 
ited on the rock face. The clay basin extends for a 
couple of kilometers around the city of Uppsala 
and follows local rock faults located in the Western 
part of the Fennoscandian shield in the Eastern 
part of Sweden. 

The plastic limit is normally not evaluated dur- 
ing standard laboratory testing of high-plasticity 
clay in Sweden. Consequently, the plasticity index 
in not much used in soil classification, and the liq- 
uid limit is typically used instead, (Larsson et al 
2007). The plasticity index for typical clays ranges 
from 25-60, (Westerberg et al 2005). The sulphide 
clay layer has a very high natural water content, 
as shown in Table 1. The clay is normally consoli- 
dated with an OCR of around 1.2 because of creep 
in the clay since deposition after the glacial period, 
which is commonly occurring in the Scandinavian 
region (Bjerrum 1973). 


4.2 Cone penetration testing 


10 CPTs and two Field Vane Tests (FVTs) were 
carried out at the site. Soil compressibility in the 
vertical direction was assessed through Constant 
rate of Strain (CRS) tests performed at eight lev- 
els along the strata at four different boreholes. The 
sampling was carried out with a 50 mm Swedish St 
II piston sampler, described in Lundberg (2017). 
Fall Cone tests (FCs) were also executed on the 
clay samples. Both the strength and deformation 
properties were therefore evaluated through dif- 
ferent methods, forming part of the yield surface 
shown in Figure 2. Here only the penetration in 
the upper 25 m are discussed. CPT 1 is examined in 
detail to describe the features of the sulphide clay. 
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Figure 3. CPT 1: Cone resistance. 


Figure 3 shows the Cone resistance of CPT 1. 
The extent of the sulphide clay is displayed in the 
Figures. Figure 4 and 5 show the pore pressure 
development (u,) and sleeve friction of CPT 1. 
Figure 6 displays the friction ratio of CPT 1, sug- 
gesting a somewhat uniform response during the 
cone penetration of the sulphide clay layer. 

The sleeve friction and friction ratio also show 
that the sulphide clay is fairly uniform from 12—22 m 
depth, where is reached a plateau, and transforms 
from the shallow high-plasticity organic clay above 
to the high-plasticity varved glacial clay beneath it. 
The relatively high friction ratio indicates the organic 
content of the soil, following Lunne et al. (1997). 

The corrected cone resistance g, of all 10 CPTs 
that were carried out in the area are displayed in 
Figure 7, showing the uniformity of the soil layer. 
The distance between the CPTs were 50-150 m for 
a total area of around 250 x 500 m?. 


4.3 Interpretation of undrained shear strength 


The main objectives of CPT interpretation 
include the assessment of the undrained shear 
strength using empirical cone factors N,,, (Lunne 
et al 1997). An average CPT profile was assem- 
bled to assess the recommended N,, value of 20.2 


from Westerberg et al (2015). This profile of the 
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Figure 4. CPT 1: Pore pressure u,. 
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Figure 5. CPT 1: Sleeve friction. 


undrained shear strength in direct shear c,2% in 
the sulphide clay layer was compared to the meas- 
ured and correlated values of the undrained shear 
strength obtained through the correlations dis- 
cussed in Larsson et al. (2007). These include a 
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Figure 6. CPT 1: Friction ratio. 
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Figure 7. Corrected cone resistance q, of the 10 CPTs. 


correction factor for the undrained shear strength 
in direct shear c,PS5 assessed from the Field Vane 
Tests (FVT) and Fall Cone Tests (FC), as well as 
a correlation with the preconsolidation pressure 
from Jamiolkowski et al (1985). The undrained 
shear strength in direct shear c,?% estimated by 
these methods and the suggested cone factor for 


Undrained shear strength (kPa) 
10 


20 30 40 50 


Depth (m) 


A FC x FVT m CRS 
Nkt=25 ——=Nkt = 20.2 
Figure 8. Interpreted undrained shear strength in direct 


shear c,PSS with cone factors N,,= 20.2 and 25). 


the CPT are shown in Figure 8 for the sulphide 
clay layer. Figure 8 also shows the depth of the sul- 
phide clay layer and the evaluated undrained shear 
strength c,2% from the mean CPT for a cone fac- 
tor N,, = 20.2 and N,, = 25. The large variation 
in undrained shear strength c,?°* evaluated by the 
different methods indicate the need for site-spe- 
cific calibration for the cone factor N,,, since the 
value of N,, = 20.2 suggested by Westerberg et al 
(2015) might be unconservative for the specific site 
compared to the other test methods, consisting of 
FVTs, FCs and CRS-correlations. 


5 CONCLUSIONS 


CPT interpretation in sulphide clays remain a chal- 
lenge due to the complicated material behaviour of 
these soils. An example of a sulphide clay from 
Eastern Sweden was exhibited to display some 
main characteristics during cone penetration. The 
high friction ratio in the sulphide clay is notice- 
able. It is also shown that an empirical cone factor 
obtained from correlations with DSS tests car- 
ried out on soil samples from Northern Sweden is 
somewhat low, and that a cone factor of 25 provide 
more conservative fit with the standard methods 
to estimate the undrained shear strength in direct 
shear c,P% sulphide clays, and that site-specific 
correlations are needed in practical design. 
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ABSTRACT: Seven different cone penetrometers from 5 manufacturers have been used in a comparative 
testing program at the Norwegian GeoTest Site (NGTS) on soft clay in Onsøy, Norway. Tests with all cone 
types give very repeatable penetration pore pressure, u,. When comparing tests with different cone types, 
six of the cones give very similar u, values. One cone type give consistently higher u, values. Measured 
cone resistance, q, generally varies somewhat more, both regarding tests with the same cone, and when 
comparing results of one cone type with another. Some of the cone types give good repeatability for sleeve 
friction, f,, readings, while some show relatively large variation. When comparing f, from different cone 
types the variation is quite large, which is in line with previous experience. An attempt has been made to 


understand the reasons for the large f, variations. 


1 INTRODUCTION 

It is a well-known fact that even if cone penetrom- 
eters adhere to the international standards (e.g. 
ISO 22476-1:2012), results of tests using equip- 
ment from different manufacturers can give differ- 
ent results (e.g. Lunne et al.1986, Gauer et al. 2002, 
Powell & Lunne 2005, Tigglemann & Beukema 
2008, Lunne 2010, Cabal & Robertson 2014). This 
is particularly a problem when soil investigation 
contractors using different cones operate in the 
same area, and especially on the same project. 
Lunne et al. (1986) carried out a comprehensive 
laboratory and field study comparing tests results 
from cone penetrometers from 8 different manu- 
facturers. In that study it was shown that all three 
parameters q„ f, and u, could vary significantly, 
depending on the equipment used. 

A later study by NGI (Gauer et al. 2002) based 
on a number of different cone penetrometers 
tested in Onsoy clay showed that the situation had 
improved. The cone resistance showed relatively 
small scatter, and the penetration pore pressure 
was even more repeatable from one cone type to 
another. However, the scatter in the measured 
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sleeve friction, and hence the friction ratio, was 
very significant. 

Powell & Lunne (2005) showed that if calibra- 
tion of all cone penetrometers used was done in a 
consistent manner by one organization who also 
carried out all tests, then the variation in results 
will be reduced. 

Over the last few years further improvements 
in cone design and electronics have occurred by 
some cone manufactures. The establishment of 
5 new national test sites in Norway (L'Heureux 
et al. 2017) has given the opportunity to revisit the 
problem of uncertainties in CPTU test results by 
inviting several companies to do testing at 4 of the 
sites. 

This paper includes only results of tests from 
the soft clay site at Onsøy, a later paper will include 
test results from all 4 test sites. 

For the tests reported herein the calibrations 
were carried out by each cone manufacturer. It is 
thought that the test results will then be more rep- 
resentative for general practice in the soil investi- 
gation industry. Each cone manufacturer has tried 
to follow requirements and recommendations in 
international standards and guidelines. 


2 ONSØY TEST SITE 


The Onsøy test site is located about 100 km south of 
Oslo. It consists of a 25-35 m thick marine deposit 
which has never been subjected to higher vertical 
stresses than today, but 1t has an over consolidated 
ratio due to ageing. The Onsøy test site has been 
used by NGI for more than 40 years, including test- 
ing out of in situ tools and testing many types of 
samplers (Lunne et al. 2003). Due to development 
of the area for industrial purposes several locations 
at Onsoy have been used over the years. The present 
site appears to be slightly less uniform compared to 
the previous locations (L’Heureux et al. 2017). A 
soil profile is shown in Figure 1. 
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3 DESCRIPTION OF CONE 
PENETROMETERS USED 


Seven different cone penetrometers from five man- 
ufacturers were used in the present study. Some key 
dimensions and other information about the cone 
penetrometer is given in Table 1. 

As can be seen from Table 1 six of the cone pen- 
etrometers are of the compression type with both 
cone resistance, q„ and sleeve friction, f, being 
measured by separate compression load cells. One 
of the cones is of the subtraction type where one 
compression load cell measures q„ and another 
load cell measures q, + f,. Then f, can be calculated 
by subtraction. 

The penetration pore pressure is measured at the 
location just above the conical part, u,.The pore 
pressure measurement systems vary as shown in 
Table 2 where the filter type and saturation fluid 
are summarized. Six of the cones use filter made of 
bronze, brass or stainless steel. Five of these use sili- 
con oil as saturation fluid and one uses glycerin. One 
of the cone penetrometers use a so-called slot filter. 
As described in ISO 22476-1:2012, in this system 
the pore pressure is measured by an open system 
with a 0.3 mm slot immediately behind the coni- 
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Figure 1. Soil profile at Onsøy. 

Table 1. Dimensions and other relevant information regarding the cone penetrometer used in this study. 

Cone Cone Capacity 

type Dl D2 h L1 Ac Asb Ast As a-nom b-nom type qc fs ua 

1 35.76 35.78 10 134 1003.84 200 200 15014 0.80 0.0 Comp 50 1.6 2.5 

2 35.90 36.00 10 135 1012.23 163 163 15155 0:85 0.0 Comp 25 05 2 

3 36.00 36.10 10 135 1017.36 279 279 15000 0.80 0.0 Subtr 100 1 2 

4 36.00 36.10 10 135 1017.36 279 279 15000 0.80 0.0 Comp 100 1 2 

5 36.00 36.10 10 135 1017.36 279 279 15000 0.80 0.0 Comp 50 0.5 2 

6 36.00 36.00 10 135 1017.36 297 168 15268 0.69 0.008 Comp 50 1 2 

7 35.70 35.90 10 133.8 1006.6 208 208 15090 0.75 0.0 Comp 75 1 2 

Table 2. Pore pressure measurement systems for the various cone penetrometer used in this study. 

Cone Date Number 

type Filter type Saturation fluid performed of tests 

1 Bronze Silicone ISOVG 100 04092017 4 

2 Bronze Glycerine 17112017 3 

3 Brass 38 micron (SIKA B-20) Silicone oil 200 fluid 50 cSt 18092017 2 

4 Brass 38 micron (SIKA B-20) Silicone oil 200 fluid 50 cSt 18092017 4 

5 Brass 38 micron (SIKA B-20) Silicone oil 200 fluid 50 cSt 18092017 4 

6 Slot Grease/oil 13112017 3 

7 Stainless steel, S/S 10 micron Silicone oil, DC200, 50 cSt 14112017 2 
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4 TEST PROGRAM AND MEASURED 
PARAMETERS 


The tests included in this paper were carried out 
between 4th September and 17th November 2017 
within an area of 5 m by 12 m. All tests were car- 
ried out to a depth of 25 m below ground level 
except for cone 1 which was stopped at 21 m. Pore 
pressure measurements show that the water table 
has been at about 0.5 m throughout the testing 
period. Due to various circumstances a various 
amount of soundings (2-4) were carried out with 
each of the cone penetrometers. Predrilling to 1 or 
2 m was used for the tests with cones 2, 6 and 7. 
Figure 2 shows the results of all tests from the 
seven cone penetrometer types, in terms of meas- 
ured q., u, and f. The following immediate obser- 
vations can be made from visual inspection: 
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— For all cone penetrometers except cone 3, u, 
show very good repeatability. The two profiles 
with cone 3 are deviating 10-60 kPa from each 
other in the depth interval 5-20 m. The large 
deviation between 21 and 25 m is possibly caused 
by the sounding being influenced by a neighbor 
CPT hole. 

— For all cones the measured q, exhibit reasonably 
good repeatability, but not as good as u, 

— Most variations occur for f; especially for cones 
1, 2,3 and 7. 


All dimensions in mm; All areas mm’; Capacity 
qa f, and u, sensors in MPa; nominal means aver- 
age values given by manufacturer, D, = diameter 
of cylindrical part of cone tip; D, = diameter of 
sleeve; h = height of cylindrical part of cone tip, 
L, = length of friction sleeve, A, = cross-sectional 
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Figure 2. Measured q, u, and f, vs depth for all CPTU profiles included in study. 
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area of cone tip, A, = area where pore water pres- 
sure can act at bottom of friction sleeve; A, = area 
where pore water pressure can act at top of friction 
sleeve; A, = area of sleeve; a = area ratio of cone; 
b = are ratio of sleeve 


5 COMPARISON BETWEEN THE 
DIFFERENT CONE TYPES 


5.1 Measured parameters 


For all types of cones used a representative pro- 
file has been chosen. Average values have been 
worked out for all three basic measurements. Obvi- 
ous erroneous results caused by poor saturation, 
like for cones 4 and 5 have been excluded as well 
as some other anomalies. One test with cone 7 was 
not included due to large zero shift observed at 
test completion. As mentioned in the introduction, 
details in calibration of CPTU sensors can poten- 
tially vary between different cone manufacturers, 
especially in the lower range of values as in soft 
clay. At 10 m for instance a u, value of 300 kPa 
is typically measured and the nominal capacity of 
the pore pressure sensor is 2000 kPa, this means 
that about 15% of the capacity is utilized. q, with 
capacity of 100 MPa about 0.3% is typically uti- 
lized at same depth. And for f, with a typical load 
cell capacity of 1 MPa about 0.8% is utilized. It 
can be expected that the u, reading may be more 
accurate and consistent since a larger part of the 
capacity of the measurement sensor is utilized 
compared to q, and even more so f, 

In addition to the general calibration which is 
normally carried out at room temperature sensitiv- 
ity of zero readings to change in temperature can 
also be important. 

Figure 3a compares the representative profiles 
of the measured parameters (q. u, and f,), without 
any corrections for the 7 cone types. 

It should be noted that the a-factor has been 
measured in a calibration vessel for each cone 
used and may deviate slightly from the nominal 
values given in Table 1. The q, profiles in Figure 3 
for cones 1, 3 and 4 showed much lower values 
than the other tests. The a values for these cones 
were not much lower than the others so this effect 
cannot explain the differences in q.. Based on pre- 
vious experience it was suspected that zero shift 
caused by different temperature at ground level 
(generally about 15 °C, but in a few cases as low 
as 0 *C) and soil temperature (7 *C) could occur. 
Laboratory calibration tests by two of the manu- 
facturers (cones 1, 3, 4 and 5) showed that zero 
shifts due to change in temperature from 15 to 
7°C could cause measured q, to be too low by 
50-100 kPa. For f, temperature zero shifts were 
1-4 kPa for the same cones. For u, the tempera- 
ture zero shifts were not significant. Cone 7 gives 
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Figure 3. Comparison of representative values of q,, u,, 


fo q B, and R; for all cones. 


higher q,, even though the two profiles carried out 
with this cone gave very similar q, as shown in 
Figure 2. This can only partly be explained by an 
observed zero shift, which is 21 kPa for the aver- 
age profile for cone 7. 

For cones 1, 3, 4 and 5 corrections for tempera- 
ture zero shifts have been made before computing 
the derived parameters. For cone 2 zeroing before 
tests was done in a bucket with temperature as in 
ground. For cone 7 the air temperature was quite 
close to ground temperature, No corrections were 
required for the tests with these two cones. 

Except for cone 6, u, shows remarkably good 
comparison among the cone types. Cone 6 is 
the only cone using a slot (filter) instead of a fil- 
ter. This may be an explanation why u, is higher 
(20-80 kPa in depth interval 5-15 m) compared to 
the other cones. However, neither NGI nor NPRA, 
who have many years of experience with using slot 
filters have observed such deviations earlier. 


5.2 Derived parameters 


Derived parameters q, R, and F, are also shown 
in Figure 3b. The derived parameters are defined 
as follows: 


q,=9.+ (1 —a) * u, R¿=f/q,, % (1) 


Considering q, the range has narrowed down 
considerably when compared to the measured q. 
values. Computed B, values are as expected for a 
soft clay and generally within a range of 0.65—0.80. 
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The range for R, is larger, indicating that for soft 
clay B, can be a more reliable classification param- 
eter compared to R, Lunne & Andersen (2007) 
summarised the potential main reasons for lack of 
accuracy in f; 


1. Pore pressure effects on ends of the sleeve. 

2. Tolerance in dimensions between the cone and 
the sleeve. 

3. Surface roughness of the sleeve. 

4. Load cell design and calibration. 


Due to limited space, only factors 1 and 2 will 
be discussed in the following. To correct sleeve 
friction for pore pressure effects it is necessary to 
know the pore pressure in the u, position (behind 
the sleeve). Sleeve friction corrected for pore pres- 
sure effects: 
f,=f£ —(u,*A,—u*A JA, (2) 

NGI has previously carried out triple element 
CPTU at Onsøy which showed that on average 
u, = 0.77-u,. This has been used here for calculat- 
ing f,. Previous studies, e.g. Gauer et al. (2002) and 
Powell & Lunne (2005) have shown that the pore 
pressure correction has resulted in lower variation 
in f, compared to f.. 

Figure 4 shows f, (corrected for temperature 
zero shifts for the cone types mentioned above) 
and f, vs depth. For all cones except cone 6 the 
pore pressure correction is very small due to the 
following facts: i) equal end areas at both end of 
sleeves, ii) relatively small end areas and iii) u, is 
quite small compared to u,. And when comparing 
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Figure 4. Comparison of f, f, R; and F, for all cones. f, 
is corrected for temperature effects. 
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f, with f, in Figure 4 the differences in the ranges for 
f and f, are indeed small. For cone 6 the correction 
1s larger due to difference in end areas at the upper 
and lower ends of the friction sleeve. Estimates of 
pore pressure effects do not explain the differences 
in f, 

The effect of variations in sleeve diameter and 
cone diameter have been demonstrated by Hol- 
trigter & Thorp (2016) and Cabal & Robertson 
(2014). Holtrigter & Thorp (2016) showed that if 
the friction sleeve diameter is larger than the cone 
diameter this can have a significant influence on 
f, even if the sleeve diameter is within the toler- 
ances given in the international standards (ASTM 
2012, ISO 2012). Figure 5 shows the results at the 
Huapai (clay) site. The cone diameter in Holtrigter 
& Thorp’s work was 35.7 mm and sleeve diame- 
ters ranged from 35.7 to 36.15 mm. Based on the 
results shown in Figure 5 and results at 4 other 
sites, Holtrigter & Thorp suggested correction fac- 
tors to take into account the effect of larger diam- 
eter of sleeve compared to cone. Assuming that 
Holtrigter & Thorp’s correction factor for their 
Huapai clay can also be used for Onsøy clay, and 
using the diameters given in Table 1, the following 
corrections can be applied to the present f, values: 
cones | and 6: 1.0; cones 2, 3, 4 and 5: 0.9; cone 
7: 0.8. 

The overall range for the measured f, is 5.3 to 
9.4; applying the correction factors suggested by 
Holtrigter & Thorp for Huapai clay the range 
reduces somewhat to 5.0 to 8.1. 

The above indicate that for the present test 
series the variation in measured f, values can only 
to some limited extent be explained by the effects 
of oversized friction sleeve diameter. 

Figure 4 shows that R, varies as expected for 
one type of cone to another. At 10 m R, varies 
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Figure 5. Results of tests with different sleeve diameters 
Huapai clay from Holtrigter & Thorp (2016). 


Table 3. Average values at 10 m depth, kPa. 


Cone Cone Cone Cone Cone Cone Cone 
1 2 3 4 5 6 7 


fsmea. 68 90 7.1 56: 93 33°. De 
fscorr. 6.8 8.1 64 50 84 53 7.5 


from about 1.0 to 2.8%. If cone 6 is excluded this 
reduces to 1.7 to 2.8%. 


5.3 Final remarks 


The above discussion indicate that equipment 
related issues cannot explain all the variation in 
CPTU readings experiences in this study. A recent 
study by Kardan et al. (2016) showed that proce- 
dures and operator skill can have significant effects 
on the test results, in addition to the equipment. 
Thus uncertainties related to the test results can 
be caused by both the equipment and procedure 
details as well as operator skill. 

In the present study, tests with cone types 3, 4 
and 5 were carried out by the same personnel using 
one rig. Tests with all the other cone types were 
carried out by different personnel and rigs. It can- 
not be excluded that this also has had an influence 
on the results of tests with different cone types. 

The problems with the zero shifts caused by dif- 
ferent air and ground temperature could have been 
avoided if the zero readings at the start of the tests 
had been carried out with the cone in a bucket with 
the same temperature as the ground. This proce- 
dure was followed for the tests with cone type 2. 


6 SUMMARY AND CONCLUSIONS 


Seven different cone penetrometers from 5 manu- 
facturers have been used in comparative testing 
program at the Norwegian GeoTest Site (NGTS) 
on soft clay at Onsøy, Norway. Two to four tests 
were carried out with each cone type and the 
results have been systematically compared. The 
main findings are: 


1. Tests with all cone types gave very repeatable 
penetration pore pressure, u,. When comparing 
tests with different cone types, six of the cones 
give very similar u, values. One cone type using 
a slot filter gave consistently higher u, values. 

. Measured cone resistance, q„ generally varies 
somewhat, regarding test with the same cone, 
and more when comparing one cone type with 
another. This is expected since the cones have 
different a-factors. Taking zero shifts for differ- 
ent air and ground temperatures into account, 
and correcting for pore pressure effects, 
improved significantly the comparison between 
the q, values for the different cone types. 

. Some of the cone types give good repeatability 
for sleeve friction, f,, readings, while some show 
relatively large variation. When comparing f, 
from different cone types the variation is quite 
large, which is in line with previous experience. 
An attempt has been made to understand the 
reasons for the large f, variations, but there are 
still unanswered questions. 
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Evaluation of CPTU N,, cone factor for undrained strength of clays 


P.W. Mayne 
Georgia Institute of Technology, Atlanta, Georgia, USA 


J. Peuchen 
Fugro, The Netherlands 


ABSTRACT: The evaluation of undrained shear strength of clays (s,) is most often sought using the 
net cone resistance (q, = q,— 6,,) and a cone factor (N) such that s, = q,,.,/N ¡, While site-specific calibra- 
tion of N,, with laboratory reference values (i.e. triaxial compression, simple shear) or field benchmark 
(1.e. vane) is the best approach, this requires considerable extra time and funding to accomplish. In the 
approach covered herein, a database involving 407 high-quality triaxial compression tests (CAUC) was 
used to review strengths from a wide variety of clays ranging from intact soft to firm to stiff to hard and 
fissured geomaterials. The study considered a total 62 clays, categorized into five groups: soft offshore, 
soft-firm onshore, sensitive, overconsolidated, and fissured clays. The backfigured N,, factors ranged 
from 8 to 25 and found to decrease with pore pressure ratio, B, = (u, — UM e: 


1 INTRODUCTION the Wroth-Prevost hybrid model establishes the 


modal order in terms of normalized undrained 


1.1 Undrained strength 


The undrained shear strength (s, = c,) of clays 
is a predominant geoparameter used to evalu- 
ate foundation bearing capacity, including shal- 
low footings, rafts, and pilings, as well as input 
to short-term stability of excavations, slopes, and 
embankments. In conceptual terms within the clas- 
sical understanding on the stress-strain behavior 
of soils, the undrained strength can be taken as 
the maximum shear stress (7,,,,) for a stress path 
at constant volume. Yet, because of the complex 
effects of anisotropy, strain rate, direction of load- 
ing, and boundary conditions, assigning a single 
value of s, to a given clay is not possible. Instead, 
a family of s, values must be considered, including 
shear in compression and extension under various 
modes. 

The various strength modes can be evaluated by 
laboratory tests on intact, undisturbed soil sam- 
ples, for instance: anisotropically-consolidated 
triaxial (CAUC and CAUE), plane strain (PSC 
and PSE), as well as simple shear (SS), direct sim- 
ple shear (DSS), torsional shear (TS), and other 
modes (e.g., CIUC, true triaxial, hollow cylinder, 
directional shear, etc.). 


1.2 Strength modes 


Constitutive soil models help in establishing a 
general hierarchy of the test modes. For instance, 


shear strength to effective overburden stress for 
normally-consolidated (NC) clays: S = s,/o,,’, as 
shown by Figure | (Mayne 2008). In this frame- 
work, the values of S for all modes are expressed as 
functions of the effective stress friction angle (¢’) 
of the clay. 

The general hierarchy of the strength modes is 
borne out by laboratory tests on natural clays, as 
shown by Kulhawy & Mayne (1990), Ladd & DeG- 
root (2003), Karlsrud et al. (2005), and others. 


Wroth-Prevost Constitutive Soil Model 
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Figure 1. Normalized strength ratios for various shear- 


ing modes for Wroth-Prevost hybrid constitutive soil 
model (after Mayne 2008). 
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1.3 Strength evaluation by piezocone tests 


Field testing by piezocone penetration testing 
(CPTU) in clays is standardised by e.g. ASTM 
(2012), ISO (2012) and ISO (2014). For marine 
environments, including rivers and lakes, con- 
sideration can also be given to a free fall tool 
equipped with a cone penetrometer (e.g. Dayal 
1980; Peuchen et al. 2017). 

While several expressions are available for inter- 
preting the in-situ undrained shear strength in 
clays from CPTU results, the most common and 
reliable is given by: 


ner 
No 


(1) 


kt 


where o,, = total overburden stress, q,,, = net cone 
resistance and N,, = cone factor. 

The appropriate choice of N, can be made on 
the basis of theoretical, experimental, and/or sta- 
tistics relationships. Site-specific calibration of the 
CPTU with either selective laboratory strength 
testing performed on high-quality samples and/or 
selective field vane shear testing (VST) is the best 
approach, albeit requires considerable time and 
financial expense because of the more involved 
testing program, specifically added costs of drill- 
ing, sampling, transport, and testing. Moreover, 
the effects of sample disturbance on laboratory 
results are essentially inevitable and unavoidable in 
most instances (e.g. ISO 2006; ISO, 2014). 

Guidance on the empirical selection of N, fac- 
tors have been given for various clays. For CPTUs 
in soft to firm clays, Lunne et al. (2005) recom- 
mend a value N,, = 12 for the CAUC undrained 
shear strength, s,.. A study of piezocone data on 3 
onshore and 11 offshore clays by Low et al. (2010) 
found the range: 8.6 < N,, < 15.3, with a mean value 
of N,, = 11.9 for the triaxial compression mode. 
Similarly, a study of 17 soft to firm intact clays 
found a mean value of N,, = 11.8 for s,, correspond- 
ing to the CAUC triaxial mode (Mayne et al. 2015). 

For differing shearing modes, other operational 
values of N, must be used. For instance, Low et al. 
(2010) found a mean N, = 13.6 for the laboratory 
average strength (s,,,,,,) from triaxial compression, 
direct simple shear, and triaxial extension (range: 
10.6 < N,, < 17.4), which is close to the direct sim- 
ple shear mode (s,pss). For calibration with the 
field vane (s,,), they determined N, averages 13.3 
with a range 10.8 < N, < 19.9. 

For several sensitive Norwegian clays tested in 
CAUC mode, Karlsrud et al. (2005) show the cone 
factor is lower and within the ranges: 7.5 < N,, < 
11.5. Similarly, for a soft sensitive clay in Québec, 
Wang et al. (2015) reported that an N,, = 10.5 was 
needed to match VST results. 


424 


In contrast, for overconsolidated and fissured 
clays, Powell & Quarterman (1988) showed that a 
much higher N, factor (20 < N,, < 30) was neces- 
sary to match reference values of s, obtained from 
laboratory triaxial compression tests and field 
plate load test results. 

Theoretical solutions for N, are readily avail- 
able, including expressions based on limit plasticity 
(e.g. Konrad & Law 1987), cavity expansion theory 
(e.g. Mayne 2016), and strain path method (Teh & 
Houlsby 1991), as well as algorithms that approxi- 
mate the results from numerical finite element 
simulations (Lu et al. 2004). Yet, these approaches 
require additional input geoparameters that must be 
assessed beforehand, such as rigidity index (1, = G/ 
s,), cone roughness (œ), lateral stress state (K, = 0, / 
o, ), friction angle (¢'), and/or other variables. 

As a consequence of the aforementioned uncer- 
tainties and lack of guidance towards an available 
and reliable means for selecting N,, a detailed 
database approach was devised, with the results 
reported by Mayne (2014). 


2 CPTU-CAUC DATABASE 


2.1 Clay data 


The database focused on a total of 62 clays that 
were categorized into five main groupings: (a) 17 
offshore soft-firm clays that are normally-consoli- 
dated (NC) to lightly-overconsolidated (LOC); (b) 
30 onshore clays that are NC-LOC, (c) 5 sensitive 
clays that are NC-LOC, (d) 5 overconsolidated 
(OC) intact clays, and (e) 5 OC fissured clays. 

A listing of these individual clays is given in 
Figure 2, including assignment of a separate 
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Figure 2. List of 62 clays with CAUC-CPTU data. 


Table 1. Summary of CAUC s, versus CPTU 4,,, for 


clays. 

Statistical 

Regressions 

No. No. ——————Factor 

Clay sites data Slope Coef.* =1/m Mean 
Group N n m r Nu B, 
Offshore 17 115 0.0812 0.980 12.32 0.51 
NC-LOC 
Onshore 30 191 0.0833 0.867 12.00 0.53 
NC-LOC 
Sensitive 5 43 0.0968 0.507 10.33 0.84 
NC-LOC> 
OC 5 36 0.0737 0.862 13.57 0.49 
Intact 
OC 5 22 0.0445 0.393 22.47 -0.01 
Fissured" 
All 62 407 0.0750 0.923 13.33 0.55 
Clays 


“Note: 1? = coefficient of determination (for N, only), 
»Note: confidence level for sensitive clays is low, 
‘Note: uncertainty level for OC fissured clays is high. 


symbol for each site. For tracking purposes, the 
clay symbols are also grouped by color accord- 
ing to each category: offshore (blue), onshore 
(green), sensitive (pink), intact OC clays (purple 
dot with yellow infilling), and fissured OC clays 
(brown symbol with orange infilling). The results 
and findings herein are based on a review of high- 
quality laboratory and field data obtained from the 
open literature and private unpublished technical 
reports. 

The strength data for these sites were obtained 
from high-end laboratory tests, including consoli- 
dated triaxial tests, and in selected cases, also direct 
simple shear mode. In addition to the strength 
results, index parameter values and other infor- 
mation were also collected about each of these 
sites, including: water content (w,), liquid limit 
(LL), plasticity index (PI), unit weight (7), precon- 
solidation stress (o,’) and overconsolidation ratio 
(OCR = 0,/0,,), as well as other available data 
(i.e. groundwater table, calcium carbonate content, 
etc.), where reported. 

For both the NC-LOC offshore and onshore 
series, the in-situ OCRs generally ranged between 1 
and 2.5. These 47 soft-firm clays represent the bulk 
of the dataset with n = 306 paired sets of data and 
are characterized by an average B, = 0.52. 


2.2 Laboratory test procedures 


For each of the 62 clays considered, a reference 
value of s,. was evaluated from a CAUC or CK,UC 


uc 


test, or test series program, performed on an indi- 
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vidual specimen obtained from undisturbed sam- 
pling. Corresponding CPTu data were acquired 
at the same site at elevations consistent with the 
sampling depths. 

One important issue is that the testing labora- 
tories used different reconsolidation techniques 
to restore in-situ stress states on the specimens, 
including: direct recompression to o, and O, 
true K, conditions versus general anisotropic 
states (K,), unloading-type SHANSEP, and rec- 
ompression-type SHANSEP methods, as well as 
other variants (Lunne et al. 2006). In some 
cases, the differences in s,. obtained from different 
laboratory procedures may be small (say CAUC 
versus CK,UC). For some clays, the use of classi- 
cal SHANSEP testing destructures the specimens 
by consolidating past the in-situ yield stress or 
preconsolidation stress (o,), giving quite a dif- 
ferent strength in comparison to recompression- 
type series of tests that do not exceed o, (Le et al. 
2008). Also, both types of SHANSEP approaches 
rely on laboratory one-dimensional consolidation 
testing and approximate interpretation models 
for estimating the OCR at each elevation, which 
in turn is utilized to provide the undrained shear 
strength via normalized strength ratio power law 
trends established by the testing program (Ladd & 
DeGroot 2003). 

These s,/o,.’ versus OCR trends somewhat 
assume that vertical and lateral variability of the 
soil deposit is negligible, where in fact there may 
be significant or subtle changes across the site. 
In some instances, the traditional normalized 
strength plots have shown to vary with water con- 
tent (Finno & Chung 1992). 

Note, in the cases involving the few fissured 
clays, the CAUC types of tests have rarely been 
performed. Hence, the majority of s, reference data 
for fissured clays were procured from the results 
of isotropically-consolidated triaxial tests (CIUC) 
which are believed still valid since K, > 1 for these 
geomaterials. Regardless, the characterization of 
fissured clays represents a major challenge in prac- 
tice, e.g. Vitone and Cotecchia (2011). The work 
presented here is less reliable in fissured clays and 
therefore should be used with care. 


2.3 Piezocone data 


For the offshore series, most CPTu data were 
obtained using Fugro equipment, thus comparable 
results in high quality and reliable measurements. 
For the onshore series, the published results came 
from a variety of different commercial systems and it 
was not possible to scrutinize these for their design, 
maintenance & wear, analog-digital resolution, 
compliance with ASTM/ISO standards, prepara- 
tion of filter elements, saturation, and other factors. 


In all but one case (Osaka Bay), all three CPTu 
readings (q, f, u,) were obtained for each site. 

The test depths ranged from 1.4 m to 245.6 m 
below ground surface, with a mean test depth of z 
= 17.1 m. Cone resistances ranged from 112 kPa to 
10.7 MPa, with a mean q,,., = 1082 kPa. Sleeve fric- 
tion values ranged from 0.5 kPa to 167 kPa with 
a mean f, = 19 kPa. Penetration pore pressures 
varied from —22 kPa to 7.2 MPa, with a mean 
u, = 567 kPa. Using the CPTU soil behavior type 
(SBT) charts established by Robertson (2009), the 
range of soil behavior type index was determined as 
2.3 < 1, < 3.7, with a mean /,=3.12 and S.D. = 0.24. 
The corresponding soil zone was 3 (clay). 

Note that the table excludes cemented clays, 
carbonate geomaterials, and weak rock showing 7, 
values on the order of 3. These geomaterials pro- 
vide specific challenges for CPTU interpretation. 
It is also noted that CPTU u, measurements can 
be problematic for high OC and fissured clays. In 
such cases, acquisition of u, measurements should 
be considered (Robertson et al. 1986; Peuchen & 
Terwindt 2014), with approximate conversion to u, 
(e.g. Peuchen et al. 2010). 


3 UNDRAINED STRENGTH FROM CPTU 


3.1 Database results 


The total collection of 407 paired sets of undrained 
shear strengths obtained from triaxial compression 
mode tests (s,, ) versus the net cone resistance (q,,.,) 
are presented in Table 1 and sorted according to 
clay category as shown. The table also shows mean 
values for pore pressure ratio B, = (u, - 4y)/4er- 
Figure 3 provides the summary graphical results 
for each of the groups. 
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Figure 3. CAUC undrained shear strength versus net 
cone resistance for the five clay groups. 
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Figure 4. Trend of N, with B, for the five clay groups. 


Figure 4 presents the N, - B, relationship for s, 
for the five clay groups. Following the approach 
used by Low et al. (2010) whereby a single N,, is 
recommended for preliminary studies, each clay 
group could be assigned a typical value such as 
listed in Table 1, or by guidance in Figure 4: N, 
= 10 (sensitive clays); N,, = 12 (NC-LOC soft- 
firm onshore clays); N,, = 12.3 (NC-LOC offshore 
clays); N,, = 14 (OC intact clays); and N,,=25 (OC 
fissured clays). 

Within each group, however, there is consider- 
able range and variance for the specified N,, that 
could be associated with sample disturbance, clay 
mineralogy, fabric, organic content, and other 
variables. 


3.2 N, trend with B} 


One well-known relationship indicates that N,, 
decreases with B, (Lunne et al. 1985; Skomedal & 
Bayne, 1988; Lunne et al. 1997; Hong et al. 2010; 
Knappett & Craig 2012; Mayne et al. 2015). 
Figure 5 presents this direct trend for the data- 
base of Table 1. In this case, each of the 62 clays is 
given weighting by a single point, so as to not bias 
the relationship obtained by regression analyses. 
Adopting a continuous function between the clay 
groups, then s, is obtained from: 


Ny =10.5-4.6-In(B, +0.1) (2) 


which only applies when B, > —0.1. 

For the NC-LOC offshore group, the derived 
N, factor = 12.3 is close to the value N, = 12 rec- 
ommended by Low et al. (2010). Similarly, the 
NC-LOC onshore group gave N, = 12.0. For other 
clay groups, the N,, can be smaller (sensitive clays, 
where B, > 0.75) or higher (fissured OC clays, 
where B, < 0.5). 

Negative or low B, values are often character- 
istic in fissured OC clays. Negative B, values for 
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Figure 5. Overall trend of N,, with B, for 62 individual 
clays. 


onshore clays are limited by cavitation but consid- 
erable negative B, values are possible in an offshore 
setting. Therefore, the limiting value of B, > —0.1 
is forced by the logarithmic algorithm. Also, no 
paired TC-CPTU tests were available to extend 
into that range. 

Fugro software includes automated profiling of 
N,, values according to the above equation. The 
algorithm allows manual selection of a range of J, 
values. It also allows profiling for a bandwidth of 
N,, values, by applying range factors such as 0.8 N,, 
and 1.15 W,,. The range factors can be selected to 
match regional knowledge, expected data variabil- 
ity and site-specific laboratory test values. 

Using the database, reverse statistics can be con- 
ducted to evaluate the reliability of the methodol- 
ogy. The laboratory-derived s,. versus the CPTU 
data for the entire dataset of 406 triaxial compres- 
sion tests are shown in Figure 6. Two sets of sta- 
tistical measures have been performed, as listed in 
Table 2: (a) arithmetic; and (b) regressions using 
both least squares and best fit lines. Statistics are 
done for three groupings: (1) soft-firm onshore & 
offshore clays (plus 5 sensitive clays); (2) NC and 
OC intact clays; and (3) all clays. 

For the arithmetic statistics (dashed red line of 
Fig. 6), the ratio of measured-to-estimated values 
gives a mean value u, with desired best results at 
1.00. Also, the standard deviation (S.D.) and coef- 
ficient of variation (COV = S.D./u) are given. A 
COV as close to 0.0 is ideal. For the regressions 
(solid green line of Fig. 6), the best fit line pro- 
vides a slope, while the least squares equation 
provides a slope and intercept. In all 3 group- 
ings, a small intercept of around 6 kPa or less was 
obtained and slopes of both best fit line and least 
squares linear equation were within 3% of each 
other. Also given are the values of coefficient of 
determination with r? averaging about 0.95 and 
the standard errors of the y-estimator (S.E.Y.) 
ranging from 13.2 to 16.1. 
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Figure 6. Measured CAUC strength versus CPTU- 
evaluated strength with N, = fctn (B,) for all 62 clays. 


Table 2. Statistics on N,, from B, methodology. 
Soft-Firm Intact All clays: 
NC-LOC NC-OC NC, OC, and 
Parameter clays clays fissured* 
No. of data,n 356 386 406 
u = ratio of 1.093 1.091 1.087 
measured/ 
estimated 
S.D. 0.279 0.272 0.279 
COV =S.D./u 0.255 0.250 0.256 
Regression 0.947 0.964 0.996 
slope m 
Coefficient r? 0.965 0.963 0.935 
S.E. Y. 13.21 14.68 16.05 


“Note: Caution should be applied when using these 
results in fissured clays 


3.3 Strength anisotropy 


As noted in Section 1.2, clays exhibit strength ani- 
sotropy, often with the hierarchy: s,. > Supss > Sue 
For a given deposit, a reasonable means to quan- 
tify its strength anisotropy is to run parallel sets 
of compression, direct simple shear, and exten- 
sion tests on undisturbed samples taken at vari- 
ous depths. In review of lab data collected herein, 
Fig. 7 shows trends for 157 sets of data where all 
three modes were available. 

Using the compression mode (s,,) as the refer- 
ence, the ratios K,; = S,pss/s,. and K, = s,,)8,. can be 
used to represent loading at 45° and 90° (horizon- 
tal), respectively. Despite prior studies showing that 
K, increases with PI (Kulhawy & Mayne 1990) and 
K, increases with natural water content (Karlsrud 
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Figure 7. Strength anisotropy results from clay database. 


et al. 2005), no such trends were observed with this 
database. Won (2013) presented similar findings. 

The strength anisotropy data from this study 
indicate the average relationships: 


Sypss = 0.834 su, 
Sa = 0.678 su 


(1? = 0.936) (3) 
(r? = 0.878) (4) 


Also, the following average trends were observed: 


(1? = 0.976) (5) 
(r? = 0.977) (6) 


Suave = 0.999 supss 


Sua VE T 0.839 Suc 


4 CONCLUSIONS 


A high-quality database consisting of 407 labo- 
ratory triaxial compression tests paired with field 
piezocone data from 62 clays was grouped into 
five categories: offshore, onshore, sensitive, over- 
consolidated, and fissured geomaterials. A general 
trend to handle soft to firm to stiff to hard intact 
clays and fissured clays was observed indicating 
N, decreasing with pore pressure parameter, B,. 
The results are considered highly valuable for use 
as a reference database for assessing N,,. However, 
caution should be applied when using the database 
at new sites containing limited high-quality labo- 
ratory data, particularly when sensitive clays or 
overconsolidated fissured soils exist. 
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Applying breakage mechanics theory to estimate bearing capacity 
from CPT in polar snow 


A.B. McCallum 
Faculty of Science, Health, Education and Engineering (FOSHEE), University of the Sunshine Coast, Australia 


ABSTRACT: Demand for polar infrastructure is increasing and accurate determination of bearing 
capacity from CPT data is increasingly useful. Breakage mechanics theory has been applied to enhance 
pile end-bearing capacity predictions in crushable soils. Because polar snow can also be considered a 
crushable geomaterial, this technique may be useful in enhancing bearing capacity predictions using polar 
snow CPT data. This technique was preliminarily examined to investigate its application in determining 
bearing capacity from polar snow CPT data. Application of contemporary soil behavioural theories to 
polar snow undergoing penetration does not routinely occur and insights not typically examined by gla- 
ciologists can be obtained. However, extensive controlled laboratory testing is necessary to further refine 
the application of this technique to accurately deduce bearing capacity from CPT in polar snow. 


1 INTRODUCTION Application of breakage mechanics theory using 
FEM as described within Zhang, Nguyen, & Einav 

Increasing strategic political interest in the polar (2013) is outside the scope of this work and PSDs 

regions has increased the amount of science con- are not routinely collected in glaciological / snow 

ducted in these areas. This has resulted in a cor- mechanics observations. 

responding need for increased development of However, one facet of Zhang et al.’s work 

polar infrastructure, particularly in areas removed (Zhang, Nguyen, & Einav, 2013), application 

from the coast where rock or soil cannot be usedto of their derived constitutive model, is examined 

found infrastructure. herein, along with comparison with existing tech- 
McCallum (2013) conducted significant niques to assess whether application of this tech- 

amounts of fieldwork in Antarctica examining nique may be useful in generating more accurate 

particular facets of analysis of CPT in polar snow; bearing capacity estimates from CPT data obtained 

many of these investigations have been reported from polar snow. 

(McCallum (2013); McCallum (2014a); McCallum 

(2014b); McCallum (2017) etc.). McCallum (2012) 

preliminarily examined the derivation of bearing 2 METHOD 

capacity from CPT data in polar snow. However, i ; 

further examination of the direct determination of | Zhang, Nguyen, & Einav (2013) define an equa- 

bearing capacity from CPT data obtained in polar tion for the yield condition in terms of triaxial 


snow remains valuable. stresses as: 

Einav (Einav (2007a); Einav (2007b)) outlined A 
a comprehensive theory termed continuum break- 0 (p q? 1-B Y {q = 
age mechanics (CBM) that described the crushing Y= 2E.( K i 3G |1- @ Mp 1<0 


behaviour of granular materials (such as dry polar 
snow) under compression and Zhang, Nguyen, & 
Einav (2013) went on to apply this theory to the 
establishment of a reliable bearing capacity equa- e isa physical grading index that relates initial to 


where: 


tion for piles penetrating into sand. Zhang et al.’s ultimate particle size distribution, 

theory considers “the grain crushability as well as e E, is the Critical Breakage Energy (MPa) that 
other critical factors (e.g. GSD, friction coefficient, can be calculated from the Critical Comminu- 
and elastic stiffness)”. Polar snow is also a porous tion Pressure, p, (MPa), the pressure at which 
crushable geomaterial (McCallum, 2013); there- grain crushing commences during isotropic 
fore, this technique may be applicable to derive compression, 

bearing capacity from CPT data in polar snow. e p(MPa)is the mean (effective) stress, 
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q (MPa) is the triaxial shear stress, 

G (MPa) is the shear modulus, 

K (MPa) is the bulk modulus, and 

M equals (q, /p, ) and is the friction ratio at criti- 
cal state between the ultimate mean and triaxial 
shear stress, p, and q, respectively. 


This equation results from the degenerate Leg- 
endre transformation for first order homogeneous 
functions and is used to change the independent 
variables in a function of two variables by applica- 
tion of the product rule; in this case, to capture the 
internal energy of the system undergoing compac- 
tion that is subject to breakage. 

The term B, Breakage, is a scalar internal break- 
age variable, varying from 0 to 1.0 that represents 
the evolution of the cumulative Grain Size Distribu- 
tion (GSD) of a material undergoing compaction. 

The evolving cumulative GSD by mass (F(x, B)) 
can be expressed in terms of B by assuming a lin- 
ear scaling between the initial (F,(x)) and ultimate 
(F,(x)) GSDs (Zhang, Nguyen, & Einav, 2013): 


F (x, B) =(1- B) K, (x) + BF, (x) 


For estimated material parameters (Ec, K, G 
and M), values for q can be ascertained for vari- 
ous p, with yield occurring when y = 0. Further 
explanation on each of these terms can be found 
within Zhang, Nguyen, & Einav (2013) and break- 
age mechanics theory is presented in Einav (2007a) 
and Einav (2007b). Zhang, Nguyen, & Einav (2013) 
further outline non-associated flow rules defining 
incremental elastic volumetric and shear strains 
associated with this yield condition, but these are 
not considered further herein. 


3 RESULTS AND DISCUSSION 


3.1 Yield criterion 


After verifying numerical model performance 
using typical values for sand, as presented within 
Zhang, Nguyen, & Einav (2013), typical values for 
snow of initial density ~ 450 kg m” (Table 1) were 
used to examine shear stresses, q (MPa) at the yield 
condition for various initial confining stresses, p 
(MPa). Initially, no grain breakage was assumed 
thus B=0 and 0=1. 

Bulk and shear moduli values are from Mel- 
lor (1975) and Critical State Friction Ratio (M) 
is derived from Santamarina & Cho (2001). p, is 
obtained from Petrovic (2003) and E, is calculated 
using Equation 3 (Zhang, Nguyen, & Einav, 2013): 


_ pee 
AT 
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Table 1. Typical values for snow. 

Term Description Value 

K Bulk modulus 300 MPa 

G Shear modulus 160 MPa 

E, Critical Breakage Energy 0.00468 MPa 
P. Critical Comminution Pressure 10 MPa 

B Breakage 0 

0 Grading Index 1 

M Critical State Friction Ratio 1.42 


For a typical initial confining stress at a depth of 
1 m of ~ 20 kPa, application of Equation 1 results 
in a shear stress at yield of ~ 30 kPa. 

Although many of the terms used in calculating 
this shear strength are not well-developed for snow, 
this result is consistent with values for dry polar 
snow of density ~ 450 kg m” found at Halley Sta- 
tion Antarctica by McCallum (2012) and agree with 
historical values presented within Mellor (1975). 

Preliminary sensitivity testing showed that this 
value was unresponsive to variations in the Grad- 
ing Index; this is because the Critical Breakage 
Energy (E,) also depends on 6. Limited sensitivity 
was also evident for variations in Critical Commi- 
nution Pressure (p.). 

Varying Breakage from 0 to 1.0 for 6 ranging 
from 0 to 1.0 also resulted in no change to the yield 
condition. This is because the second term in Equa- 
tion 1 (dependent on p, q, K and G) approaches 
zero, thereby nullifying the effect of variations to 
both B and 0 in the equation’s third term. How- 
ever, altering the Friction Ratio (derived from the 
Critical State Friction Angle) by 10% resulted in 
shear variations of ~ 10%. 

Additional laboratory testing is necessary to 
further examine the values and effect of these vari- 
ables in polar snow undergoing compression. 


3.2 End-bearing capacity factor 


Zhang, Nguyen, & Einav (2013) then went on to 
apply this technique to estimate the end-bearing 
capacity of piles in crushable soils through the 
derivation of a new formula for the end-bearing 
capacity factor. Analysis of numerical analysis data 
showed that the end-bearing capacity factor N, was 
dependent on both the confining and critical com- 
minution pressures “through a sort of overconsoli- 
dation ratio, p/p,” (Zhang, Nguyen, & Einav, 2013). 

From these data Zhang, Nguyen, & Einav 
(2013) established the following relationship 
(Equation 4): 


where N,» is the end-bearing capacity factor and 
a and B are parameters that depend on material 
stiffness (G and K) and the friction parameter (M) 
(Zhang, Nguyen, 8 Einav, 2013). 

Zhang, Nguyen, & Einav (2013) resolved that B 
approached a constant value of 0.42 at steady state 
(for crushable soils); this was determined through 
both FEM and parametric analyses. Whereas o 
was determined to vary as a function of M, G and 
K (Equation 5) (Zhang, Nguyen, & Einav, 2013): 


a= Misia E) 


By then relating G and K in terms of Pois- 
son's ratio v, using the standard approxima- 
tion M = 6 sing/(3 — sing) and incorporating the 
dependence of the critical comminution pressure 
p. on 0, Equation 6 can be established utilising 
parameters from the breakage model (Zhang, 
Nguyen, & Einav, 2013): 


N: = Gsin p > =") 2KE, ui 
Í 3-sing l+y Op? 


Substituting representative values for dry polar 
snow from Table 1 into equation 6 results in a value 
for No of 13.34. 

This is substantially lower than the values for Nq 
obtained for Dog’s Bay sand (Zhang, Nguyen, & 
Einav, 2013) and is much lower than typical values 
for Dog’s Bay sand established by Zhang, Nguyen, & 
Einav (2013) for high p,/p, ratios, that approach 
1-200. This significant variation may be because 
of the order of magnitude variation in bulk and 
shear moduli between the crushable soils used to 
establish the breakage model and dry snow. 

For assumed snow density of ~ 450 kg m”, 
McCallum 2012 estimated that surface bearing 
capacity in homogeneous snow was approximately 
equal to average cone tip resistance divided by 3 
(Geavg/3)- 

Results described above suggest that the end 
bearing capacity of piles (q,) in homogeneous snow 
of density ~ 450 kg m” is approximately equal to 
N, * Po where p, is the initial effective confining 
pressure (Zhang, Nguyen, & Einav 2013). 

How may q, and Quay be related to enable 
comparison? 

Insufficient testing has occurred into CPT in 
polar snow to enable a robust empirical expres- 
sion to be presented relating these two parameters; 
the only work that has been conducted is that by 
McCallum, described herein and similar. 

A simple quantitative comparison may be 
sufficient to suggest the value or otherwise of the 
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Figure 1. All CPT data from tests conducted adjacent 


to snow test pit 1. The bold black line is the mean resist- 
ance value generated from all tests. Snow of density — 
450 kg m” existed between depths of ~ 1 to 1.4m. 


application of breakage mechanics to estimate 
bearing capacity in polar snow. 

For assumed snow density of ~ 450 kg m” the 
effective confining pressure at a depth of 1 m may 
be equal to 20-30 kPa. For a value of Nq* of 13.34, 
this results in a value for q, of — 260-400 kPa. Via 
McCallum's expression (McCallum 2012), this 
should equate to a q.,,, Of ~ 1 to 1.2 MPa. 

Figure | shows CPT tip resistance data for a 
test conducted in dry polar snow in Antarctica; 
homogeneous snow of density ~ 450 kg m” existed 
between depths of ~1 to 1.4 m. 

This preliminary comparison suggests that a 
value of N equal to 13.34, whilst very different 
to values for sand published by Zhang, Nguyen, & 
Einav 2013 may be a representative N,. value for 
polar snow. 


4 CONCLUSION 


This paper introduces the concept of Breakage 
Mechanics as conceived by Einav (2007a) and 
briefly suggests how it may be applied to compac- 
tion in dry polar snow. Dry polar snow is in many 
ways similar to crushable soil and this preliminary 
investigation shows that application of the Break- 
age Mechanics model (Einav, 2007a) in a manner 
presented by Zhang, Nguyen, & Einav (2013) may 
have merit in describing the behaviour of dry polar 
snow under compaction. 

However, more work is necessary to ensure that 
the morphological behaviour described is firstly 
appropriate for snow and secondly, that accu- 
rate estimation of necessary parameters can be 


achieved. Additional controlled laboratory testing 
is necessary to further refine the application of this 
technique to accurately deduce bearing capacity 
from CPT in polar snow. 
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ABSTRACT: CPT-based simplified methods are the common used approaches to determine the 
liquefaction hazard and they require cone penetration test with electrical tip. However, in some countries, 
as Italy, penetrometric tests are carried out with mechanical tip (CPTm). The cone—shape effects on 
sleeve friction (fs) have the greatest influence on soil classification in terms of SBT, underestimating the 
grain size of loose soils (e.g. sands) with respect to CPTu. An empirical correlation between the fs meas- 
ured with CPTm and CPTu was tested. Moreover, another correlation was developed to determine a Alc 
value as function of the cone resistance in the case of silty sands and sandy silts non correctly identified 
by the SBT classification systems. The correlation was applied to tests carried out in the area interested by 
the 2012 Emilia earthquake (Italy), where liquefaction phenomena have occurred. The procedure makes 
possible to use huge existing database (CPTm) for liquefaction risk assessment. 


1 INTRODUCTION 

Liquefaction mainly occurs in saturated sandy 
soils and causes the loss of shear strength, which 
in turn leads to an almost complete loss of bearing 
capacity. As a consequence, the structures experi- 
ence high differential settlements, tilting, or over- 
turning. Eventually, in the free field conditions, 
sand ejection and pore water pressure increase can 
damage infrastructures and lifeline systems. Recent 
examples of these effects include damage produced 
during the 2012 Emilia and 2010-2011 Canter- 
bury earthquakes (Lo Presti et al. 2013; Bray et al. 
2014). The identification of the area prone to liq- 
uefaction is therefore an important task for land 
use planning. It provides to decision makers useful 
information about site-specific geotechnical inves- 
tigation and the identification of areas requiring 
ground improvement. 

The most known methods for liquefaction haz- 
ard assessment are simplified empirical (or semi— 
empirical) procedures (Liquefaction Evaluation 
Procedures—LEPs) (Seed & Idriss 1971; Boul- 
anger & Idriss 2014; Robertson & Wride 1998). 

Simplified procedures evaluate the liquefaction 
potential of soils computing the factor of safety 
(FSL) against liquefaction at a given depth in the 
soil profile and consist of two steps: 1) Evaluation 
of the earthquake-induced shear stress through an 
estimate of the cyclic stress ratio (CSR) (Seed & 
Idriss, 1971) and 2) Evaluation of the soil strength 


435 


to liquefaction usually accomplished through 
an estimate of the cyclic resistance ratio (CRR). 
Because of the difficulty of sampling, CRR is gen- 
erally determined via in situ tests, such as standard 
penetration test (SPT) (Seed & Idriss 1971; Youd 
et al. 2009), cone penetration test (CPT) (Idriss & 
Boulanger 2006; Robertson & Campanella 1985; 
Juang et al. 2003), shear wave velocity (Vs) (And- 
rus & Stokoe 2000), flat dilatometer tests (DMTs), 
and self-boring pressuremeter (SBPT). Once the 
safety factor against liquefaction has been com- 
puted at various depths, numerical indicators or 
qualitative criteria to define the liquefaction sever- 
ity at ground level can be used such as the LPI 
index (Iwasaki et al. 1978) or the LSN parameter 
(Tonkin & Taylor 2013). 

CPT based LEPs were developed with reference 
to the results of electrical tests (i.e. cone tests with 
piezocone). On the other hand, in some countries, 
as Italy, huge databases of cone tests with mechan- 
ical tip (CPTm) are available. 

The different equipment of CPTm and electrical 
CPT lead to differences between the two typolo- 
gies of tests. While the cone—shape effects on tip 
resistance (qc) are not very relevant, those on the 
sleeve friction (fs) can strongly influence the FSL 
calculation, especially in the case of silty sands; fs 
measured with the mechanical tip is always greater 
than the one measured with the electrical tip (the 
difference is practically negligible for clay). The use 
of classification methods which were developed to 


interpret CPTu, mainly causes the lack of identifi- 
cation of sandy to silty liquefiable layers. 

Meisina et al. 2017 developed a relationship 
establishing empirical correlation between the 
sleeve friction measured with mechanical tip and 
that measured with electrical cone (piezocone) in 
order to correct CPTm results. The authors com- 
pared the SBT classes, evaluated according to Rob- 
ertson 1990, to that given by Schmertmann (1978) 
classification chart for a large CPTm database. 
They found an empirical correction of the Ic index 
(Soil Behaviour Type Index), so that the Robert- 
son SBT class coincide with that of Schmertmann 
(1978). 

The aim of the paper was to apply corrections of 
fs and Ic proposed by Meisina et al. 2017 to CPTm 
in order to verify the effectiveness of the proposed 
methodology in 1) liquefiable layers identification; 
2) build subsoil model for liquefaction hazard 
assessment. 


Table 1. Correspondence between Schmertmann (1978) 
and Robertson (1990) approaches (classes 1 and 9 of 
Robertson approach were not considered). 


Schmertmann (1978) SBTn (Robert- 
son 1990) 
Organic clay and mixed soils 2 
Insensitive non fissured inorganic clays 3 
Sandy and silty clays 4 
Clayey sands and silts 5 
Silt—sand mixtures 5 
Sands 6-7 
Dense or cemented sands 8 
Very shell sands, limerocks 8 
2,50 
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we 150 
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Figure 1. 


2 MATERIALS AND METHODS 


2.1 Materials 


Pairs of text CPTm and CPTu not used for the 
development of the correlation of Meisina et al. 
(2017) were analysed. They were carried out in the 
Po Plain in Northern Italy and belong to the data- 
base of the Emilia Romagna region interested by 
the seismic sequence of May-June 2012 (Regione 
Emilia Romagna 2011). This seismic sequence is 
an example of a moderate earthquake yielding the 
most prominent extensive liquefaction phenom- 
ena of the last century in Italy (Emergeo Working 
Group 2013). Liquefaction related phenomena 
and associated ground failures caused damages 
and extensive problems mainly to infrastructures 
(roads, wells, lifelines, etc.) while the foundation 
system of very few buildings was damaged. Most 
of the liquefaction sites are located on elevated flu- 
vial ridges. 


2.2 Methods 


Using the results of the tests that have been carried 
out at Pisa (Central Italy) and those of four pairs 
of CPTm/CPTu from Emilia-Romagna Region 
database (2011), a correlation function between the 
fs(CPTm) and the fs(CPTu) was found by Meisina 
et al. 2017. 

The measured sleeve friction is corrected accord- 
ing to the following equations 
fs(CPTu) =[0,0797 fs(CPTm) 


po 


(1) 


if fs(CP Tm) < 65 kPa 


60,00 80,00 100,00 120,00 


fs CPTu (kPa) 


Correlation function between fs(CPTm) and fs(CPTu). 
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Figure 2. Case history 1. Simplified borehole, CPTm and CPTu qc, fs and u.. In blue the Ground Water Table. 


JS(CPTu) = fs(CPTm) (2) 


if fs(CPTm) > = 65 kPa. 


The Ic index is also corrected according to the 
following equation: 


Alc = —0.296 In(qc) + 0.8568 (3) 
Ic (correct) = Ic(Robertson, 1990) — Alc (4) 


The correction was obtained by comparing 
soil classes of the Schmertmann (1978) approach 
to those inferred by using the Robertson (1990) 
SBTn (Tab. 1). Mainly the use of Robertson (1990) 
for interpreting CPTm leads to an underestimate 
of soil granulometry. The proposed correction 
applies only when the Robertson (1990) classifica- 
tion underestimate that of Schmertmann (1978b). 

Normalized class description: 2: Organic soils, 
peats; 3: Clays: clay to silty clay; 4: silt mixtures: 
clayey silt to silty clay; 5: Sand mixtures: silty sand 
to sandy silt; 6-7: Sands: clean sand to silty sand; 
Gravely sands to sands; 8: Very stiff sand to clayey 
sand; Very stiff sand to clayey sand. 


3 RESULTS 


3.1 Application of the developed methodology 


The methodology of correction was applied to dif- 
ferent pairs of tests CPTm-CPTu, representative 
of the following conditions: 


a. Level of sand interbedded within layers of 
sandy silt (Case history 1); 
b. Level of sandy silts and silty sand (Case history 2). 


The liquefiable layers consist on sand and 
silty sand with FC (materials passing a number 
200 sieve ASTM ) = 18-28%. 

The pairs CPTm and CPTu are at a distance 
less than 100-200 m from liquefaction phenom- 
ena (sand boils). They have a relative distance of 
50-30 m. For each pair of test a reference bore- 
hole, with a maximum distance of 9-50 m from 
the considered CPT, was selected in order to define 
a reference stratigraphic profile. The area is char- 
acterized by a strong lithological heterogeneity. 
Nevertheless, the pairs of tests and the reference 
borehole were selected so that they belong to the 
same geomorphologic unit and have therefore the 
same behavior with respect to liquefaction. 

The first step consisted in the borehole simpli- 
fication in order to obtain simplified soil profiles 
allowing to identify the critical layers responsible 
for liquefaction. 

In a second step for each layer Ic (normalized 
soil behavior index) values are calculated following 
the method of Robertson, 1990. It was assumed 
that liquefiable soils are characterized by Ic < = 2.6 
(Cubrinovski et al. 2017). Factors of safety against 
liquefaction were computed according to the proce- 
dures proposed by Boulanger & Idriss (2014) method. 

For the interpretation of CPTm and CPT the 
software CPT PaGE, developed by University of 
Pisa, was used (Stacul et al. 2017). 


3.2 Case history 1 


The stratigraphy of the subsoil is characterized by 
non liquefiable layers (clayey silt and silt and clay) 
in the first 4 m. The potential critical layers for 
soil liquefaction develop between 4 and 8 m and 
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it is constituted by silty sand (4-5 m), sand (5 to 
6 m), followed by two meters of sandy silt (Fig. 2). 
Clayey silt and clay are present till 18 m followed 
by sandy silt. The depth to the water table is 3.5 m. 

Differences of qc and fs can be also related to 
local heterogeneity of the soil stratigraphy (Fig. 2). 


IC 
10 15 20 25 30 35 40 


---- Ic CPT 


—— Ic corrected [-] 


DEPTH (m) 


Ic CPTU 


16 


18 


20 


Figure 3. Case history 1. Ic variation with depth. 


ac (MPa) 


4 


The Ic, calculated through CPTu, assumes val- 
ues generally greater than 2.6, except for the layer 
of sand (5-6 m) for which 1.8 < Ic < 2.55. 

In the CPTm the most surficial sandy silt layer 
has non corrected Ic values from 2.1 and 2.6, for 
the sand Ic ranges between 1.9 and 2.45; mean- 
while the deeper sandy silt layer presents values 
from 1.62 and 2.02 (Fig. 3). 

The CPTu test identify liquefiable horizons 
between 5-6 m (sand). 

The Ic values calculated through CPTm indicate 
that for mechanical penetrometric test the liquefi- 
able horizon is thicker and includes also sandy silt 
and silty sand. 

The application of the correction for CP Tm fur- 
ther reduces the values of Ic, which are always lower 
than 2.1 (from 1.3 to 1.9 for the sandy layer). 

In this case the Ic seems to be underestimated 
especially for soils between 8 and 10 meters. This 
lead to evaluate as prone to liquefaction clay and 
silty soils. 


3.3 Case history 2 


The subsoil is composed by the alternation of silty 
sand and sandy silt and silty sand till 8.8 m overly- 
ing clayey silt (Fig.4). 

The depth to the water table is 2.7 m. 

lc calculated though mechanical CPTm in the 
interval 3.1 to 8.8 m ranges between 1.98 and 2.55 
(Fig.5). 

For CPTu Ic is greater than 2.6 except between 
3.7 and 5 where it has values between 1.84 and 2.6 
(sandy silt and silty sand). 

The correction of CPTm allows to obtain Ic 
lower than 2.6. 
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Figure 4. Case history 2. Simplified borehole, CPTm and CPTu qc, fs and u. 


In blue the Ground Water Table. 
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Figure 5. Case history 2. Ic variation with depth. 


Also in this case the CPTu test identify thinner 
liquefiable horizons between 3.7 and 5 m (sandy 
silt). The Ic values calculated through CPTm indi- 
cate that for mechanical penetrometric test the liq- 
uefiable horizon is thicker and includes also sandy 
silt and silty sand. 

The application of the correction for CPTm 
bring to an underestimation of Ic, with value less 
than 2.6 also for clay and silty soils. 


4 CONCLUSIONS 


A procedure developed by Meisina et al.2017 for 
correcting mechanical CPTm parameters (sleeve 
friction and Ic) was applied to a certain number 
of mechanical CPTm in the Emilia Romagna area 
interested by the seismic sequence of May 2012. 
Liquefiable horizons are composed by sand con- 
taining a certain amount of silt. 

Results, in the case history documented in this 
study, demonstrated that: 


1. All the tests detect liquefiable horizons (layers 
having Ic < 2.6 were assumed to be potentially 
liquefiable) but with different thickness, gener- 
ally CPTu can misleading the interpretation of 
transitional soils as silty sand. 

2. The correction of CPTm could in some cases 
underestimated the Ic and this lead to consider 
potentially liquefiable also clay and silty soils. 


3. The Ic 2.6 threshold separating liquefiable and 
non liquefiable soils requires more analysis in 
the study area. 
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ABSTRACT: The paper presents an analysis of the qualitative impact of soil properties of varied origin 
on the rigidity index variability. This coefficient is defined as the ratio between the shear modulus G and 
undrained shear strength su. In order to determine values of this coefficient in four genetically varied soil 
groups, CPTU and SDMT tests were performed. The article discusses the concepts of evaluating the G 
modulus based on the values measured with the SDMT test, as well as the coefficient J,’ = G, : s, '. The 
results have revealed that the significant influence on the J, variation, apart from the characteristic soil 
properties, such as type of soils or plasticity index, is displayed by the cementation and over consolidation 
effects, and the anisotropy of macrostructure of certain sediments. 


1 INTRODUCTION 2 GEOLOGICAL CHARACTERISTICS OF 
INVESTIGATED SOILS 
The rigidity index is frequently used to describe 
changes in subsoil stiffness. Due to the fact that Investigations were conducted on 10 plots located 
this coefficient consists of two independent com- in northern, western and southern Poland. In each 
ponents, which are undrained shear strength and locations the CPTU and seismic downhole type 
shear modulus G, the rigidity index can be also tests (SDMT) were carried out as well as bor- 
used for design purposes in determining undrained ings for investigations of basic geotechnical and 
shear strength changes. The components of the geological properties. The total number of 234 
rigidity index are determined by two test meth- geotechnical data sets, was obtained as a result. 
ods that record the test parameters at substan- Such arrangement of research areas combined 
tially different deformation values (Mayne 2001). with clearly distinguished geological structures of 
CPTU static penetration test is commonly used to  Poland's surface layers enabled the assembly of 
evaluate the undrained shear strength values, while data on genetically varied material. 
SDMT-type dilatometer test or SCPTU-type static The oldest soil investigated was overcon- 
penetration test are used to determine the shear  solidated Pliocene clay, located in the vicinity of 
modulus. Variables related to the subsoil properties Bydgoszcz and Warsaw (Kumor 2008, Barański et 
affect the parameters measured both in the CPTU al. 2012). The aged glacial till formed in the Mindel 
test and the SDMT or SCPTU tests (Mtynarek glaciation, located in Derkacze, were also included 
2007, Mtynarek, et al. 2012, Hardin 1978), but their in this group. On the other side glacial sediments 
qualitative influence may vary. For this reason, the of the youngest glaciation on the area of Poland, 
rigidity index, which is the empirical coefficient the Weicheslian glaciation, were divided into two 
marking the proportion between shear modulus groups, depending on the phase of formation. The 
G and undrained shear strength, is not a constant  Posnanian phase soils form Jarocin and Marszew 
value. Mayne (2001) indicated that the determina- were assumed as overconsolidated but not aged, 
tion of the rigidity index requires knowledge of the and the Pomeranian phase soils form Batkowo, 
OCR preconsolidation coefficient and the plastic- | Rzepin and Boryszew, were assumed as normally 
ity index PI. An interesting question arises of what consolidated and slightly overconsolidated. The 
is the qualitative contribution of these variables in next group, silty aeolian loess and loess-like soils 
shaping the rigidity index values, and how this con- form Łańcut, are the normally consolidated soil. 
tribution is related to the soil origin. The aim of | However, in the case of this soil, due to strong 
this paper is to find answer to those questions. calcium carbonate CaCO, cementation, the upper 
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Table 1. Range of values of the selected physical param- 
eters of the analyzed soils. 

Parameters 

LI PI OCR CaCO, 
Genetic group E [%] HI [%] 


Pliocene clay! 0.00-0.30 25-32 11.4-22.9 7.21 
Pliocene sandy clay? 0.00-0.05 16-18 12.1-13.6 4,50 


aged & OC till 0.00-0.42 7-9  2.0-10.5 10.81 
OC til? 0.08-0.28 14-24 1.4-14.2 11.06 
OC till“ 0.00-0.56 5-17 1.1-9.8 7.12 
loess uncemented 0.10-0.52 6-18.5 1.0-7.9 6.23 
loess cemented 0.15-0.54 6-13 1.1-13.4 18,49 


young & NC till 0.15-0.50 14-16 1.2-5.5 4.12 
young till 0.00-0.37 13-18 3.1-8.2 3.12 
young till® 0.15-0.36 12-25 1.2-8.1 3,47 


organic & NC clay 0.25-0.75 11-28 1.24,8  — 


LI — Liquidity index, PI — Plasticity index, OCR — Over- 
consolidation ratio, CaCO, content, ! —Bydgoszcz, 
2 — Warszawa, ° — Jarocin, * — Marszewo, * — Rzepin, 
6 — Boryszewo cities. 


part of the loess profile can be assumed as a quasi- 
preconsolidated (Frankowski et al. 2010, Mtynarek 
et al. 2015). The separate group consists of cohe- 
sive and organic soil, deposited under the condi- 
tions of proglacial plains and postglacial lakes in 
northern Poland, in early Holocene. these soils are 
characterized by high porosity and considerable 
content of organic matter. In this group the silty 
clays and low organic and organic soil dominate. 
Concise characteristic of the basic properties of 
the soil are summarized in Table 1. 


3 METHODOLOGY OF DETERMINATION 
OF PARAMETERS FOR CALCULATION 
OF RIGIDITY INDEX 


The rigidity index is defined with the formula 
(Lunne et al. 1997, Vesic 1972): 


Tp = Gls, (1) 


where: G — shear modulus for selected deforma- 
tion, s, — undrained shear strength. 

In order to determine the s, values, various ref- 
erence tests are used. Based on these tests, diverse 
values of undrained shear strength are obtained 
(De Groot 2014, Mayne 2006). In the conducted 
tests, s, was determined from the CPTU test with 
use of the formula (Lunne et al. 1997): 


Sy (9-0, N 4, (2) 


where: q, — corrected cone resistance, o,,— total ver- 
tical stress, N,, — cone factor. 


The key parameter to determine the s, value 
from the Equation 2 is coefficient N,,. The values 
of this coefficient were assumed according to the 
type of soil origin and degree of overconsolidation 
(Mtynarek et al. 2018): 18 for Pliocene clay, 16 - 
loess, 14.5 - aged till, 14 - young till, 12 - organic 
soil. The coefficient has been related to the und- 
rained shear strength from the vane test. 

The second component of the Equation 1, the 
shear modulus G, is defined according to two con- 
cepts. In the first one, the coefficient œ is used to 
calculate the G-modulus on the basis of the meas- 
ured initial shear modulus G,; 


a= GIG, (3) 


With respect to the a coefficient there are several 
proposals for defining its "computational" value. 
Since the value of the modulus G depends on the 
degree of deformation y (Drnevich & Massarsch 
1979), it is important to assume a specific deforma- 
tion level for determination of this modulus. Har- 
din (1978), Massarsch (2004) acknowledge that the 
value y= 0.5% is correct for geotechnical analyses. 
This value also corresponds to the deformations 
observed in the subsoil during penetration tests such 
as DMT (Mayne 2001). Based on seismic in situ 
tests, the G, values can only be determined with very 
small deformations y= 10%. As a result, a need arises 
to correct the obtained results with the G/G, relation- 
ship, which has been repeatedly investigated, also in 
the context of soil load type (Vucetic & Dobry 1991, 
Massarsch 2004). In the instruction books for design 
purposes of specific constructions, a constant value 
of this ratio appears. Authors of the Guidelines for 
Design of Wind Turbines—DNV / Risø 2002 rec- 
ommend @ = 0.35. A similar value is suggested by 
Mayne (2006), while Robertson (2009), as well as 
Recommendations for design, calculation, instal- 
lation and inspection of wind turbine foundations 
(Working Group "Wind turbine foundations", Rev. 
Francaise de Geotechnique No. 138-139, 2012), rec- 
ommend values in the range of 0.30-0.38. It should 
be noted that the adoption of a constant value of the 
coefficient o is related to the typical, for a given con- 
struction, degree of subsoil deformation. This fact 
documents the adoption of the deformation level 
for the G and G, moduli, which are respectively 10? 
and 10*. Massarsch (2004) indicates that the o coef- 
ficient depends significantly on the soil type, and the 
value of the plasticity index in particular. Therefore, 
the analysis assumes that the value of the coefficient 
a= G/G,, denoted as R,, (Massarch 2004), will be 
determined from the formula (4) (Massarsch 2004). 


Ry, =0.0043PI +0.103 (4) 


The R,, values for soils used in this analysis, 
together with the basic statistical distribution 
parameters, are illustrated in Fig. 1. 
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Figure 1. Histogram of R,, values used in the analysis, 


with marked average and standard deviation values. 


Data for calculating the rigidity index and the 
G modulus from the Equation 4 were prepared as 
pairs of G,-s, measurements, at the average stress 
value o, in the subsoil profile for the individual 
homogeneous soil layer. The values of liquidity 
index and plasticity index, close to a constant in 
the layer, have been adopted as the homogeneity 
criterion. In total, 220 pairs of s, and G, measure- 
ments were used. 

In order to determine the qualitative influence 
of the soil properties on the rigidity index, the mul- 
tivariate analysis of variance was used. 


4 CONCEPT OF DATA PREPARATION 
FOR ANALYSIS 


The modified Hardin (1978) Equation 5 reveals 
that the shear modulus G, is influenced by a 
number of subsoil properties, related to its struc- 
ture (8), lithology (PD), stress state (0%,), consist- 
ency (LJ), and origin (0%) (5). 
G, = f(LI, PI, OCR, 0}, Oy, 0) (5) 
Similar characteristics, although in different 
ways, influence the cone resistance values in CPTU 
test (Mtynarek et al., 2012). On this basis, a prelim- 
inary analysis of the collected data was performed 
through comparing the seismic and CPTU results 
for all separated layers. The data was prepared for 
analysis according to the rule presented in sec- 
tion 3. The obtained results (Fig. 2) indicate the 
presence of an evident relationship between G, and 
q, This relationship, however, is distinct for indi- 
vidual test sites. It follows that one of the primary 
factors influencing the relationship between the 
cone resistance and the G, shear modulus is the soil 
origin and the effect of post-depositional processes 


443 


800 


oung till 
i > / organic & young clay 
A Y 
îi y 
600 @ OC& aged clay 7 
i Y 
m aged till y 
A young till Y 
T O organic & young clay @ aged till 
Z. 400 a 7 
o 
0] 
200 + 
OC & aged clay 
0 
0 5 10 15 20 25 
qt [MPa] 
Figure 2. Relationship between the shear modulus G, 


and the cone resistance q,. 


Table 2. Values of linear correlation coefficient 
obtained in multidimensional regression analysis for 
different genetic groups. 


Correlation 


Genetic group coefficient R? 


OC & aged clay 0.96 
Aged till 0.69 
Young till 0.81 
Organic & young clay 0.71 


(cementation, preconsolidation). In order to 
account for the so-called “locality”, it was neces- 
sary to adopt the geological-genetic criterion in the 
data division. As a result, all the data were catego- 
rized into 4 main genetic groups (Fig. 2). Obtained 
categories constituted the basis for further analysis 
of the effect of other measurable properties of the 
subsoil on its rigidity. 

Accuracy of the performed division, in the con- 
text of influence of the remaining soil properties 
on the analyzed dependency, can be confirmed by 
the results of the multivariate regression analy- 
sis. These results indicate a significant correla- 
tion between G, and q, in the respective groups 
(Table 2). 


5 DATA ANALYSIS 


As far as the assessment of the rigidity index vari- 
ability is concerned, two elements are highlighted. 
The first one is, as already mentioned, the assess- 
ment of the mean value of the J, coefficient for 


the population of its value in the separated soil 
groups. This type of analysis makes it possible to 
address the range of 7, variability in particular soil 
groups. The second element concerns the hierarchy 
of the influence of variables from Equation 4 on 
the rigidity index variability. 

In order to determine the mean of rigidity index 
it was assumed that the distribution of this index, 
as of the shear strength parameter and deforma- 
tion modulus, was normal (Lumb 1974). In this 
case, the range of 7, variability can be described by 
specification of confidence intervals at the level of 
a = 0.05. For each soil group, the following mean 
values of I, were obtained (Table 3). 

A very wide range of J, variability proves that 
the variables recorded in Equation 5 have a varied 
and significant effect on the rigidity index variabil- 
ity. This fact is well supported by the location of 
the J, values from the whole data set in the space 
described by PJ and LI coordinates. Figure 3 indi- 
cates that the variability of 7, strongly correlates 
with the variability of plasticity index and liquidity 


Table 3. Mean rigidity index values and 95% J, confi- 
dence intervals determined for individual genetic groups. 

Data —95% +95% 

number Mean confidence confidence 

N X interval interval 
OC & aged clay 11 76.97 39.19 114.76 
Aged till 68 99.28 86.34 112.22 
Young till 93 166.68 153.38 180.57 
Organic & 48 167.05 135.83 198.28 

young clay 


1000 
° OC & aged clay 
. aged till 
young till 
800 organic & young till 
600 
400 organic 
SS young till 
i aged till 
200 
C-& aged clay 
a 
0 
0 0.2 0.4 0.6 0.8 
LI [-] 


Figure 4. Rigidity index 7, vs liquidity index LI. 


index. Figure 4 shows the sample variability of the 
rigidity index associated with the change in liquid- 
ity index for particular soil groups. 

A qualitative assessment of the influence of the 
three basic variables from Equation 5 on the rigidity 
index variability can be obtained by means of mul- 
tivariate regression analysis (Draper & Smith 1981). 
The following approximate solution of the Equa- 
tion 5 were obtained for each individual soil group: 

OC & aged clay: 


Figure 3. 


3-dimensional ilustration of the relationship 
between /,, PI and LI determined for the entire data set. 
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Ig = 3.81 PI - 38.16 LI + 231.78; R? = 0.64 (6a) 
Ikirmoss) = 361.79 LI + 3.58 PI + 1.84; 
2 = 0.56 (6b) 
aged till: 
Ig = 8.80 PI-— 7.89 OCR — 7.21 LI+ 149.19; 
R? = 0,54 Ca) 
IR(RM =0,35) = 317,15 LI + 15,24 PI 
— 44,72 OCR - 17,34; R2=0,47 (7b) 
young till: 
Ig = 386.05 LI + 0.60 o’, + 9.45 OCR 
— 128.05 PI + 4.75; R? = 0,26 (8a) 


I 


R(RMA4,35) 


= 1.180%,+ 840.83 LI + 3.29 PI 
+ 13.43 OCR — 149.52; R2=0,28 (8b) 


organic & young clay: 


Ig =4.73 PI- 4.78 OCR — 14.04 LI + 151.74; 
R?=0,51 


Tecrross) = 267.33 LI + 3.63 PI-— 3.17 OCR 
+ 75.67; R?=0,45 


(9a) 


(9b) 


The OCR values in the aged clay group under- 
went little change, hence the influence of this 
variable on the rigidity index was statistically insig- 
nificant (Eq. 6a, 6b). For aged clay and aged till, 
the rigidity index variability was primarily related 
to the liquidity index variability. As far as young 
organic clay and young till are concerned, all the 
variables from equations 8 and 9 strongly deter- 
mine variability of the rigidity index. 

Crucial information is derived from the calcu- 
lated value of the multivariate regression coeffi- 
cient R? in individual soil groups. The R? values 
indicate that the rigidity index variability in the 
range from 45 to 64% is related to the variability 
of the parameters in Equations (6) to (9), irre- 
spective of the values of the coefficient œ or R, 
This means that there are other variables involved 
in the variability of the rigidity index in the sub- 
soil. This result confirms the statement that the 
rigidity index also depends on the cementation 
effect, the calcium carbonate content, and the 
anisotropic macrostructure of sediments. This 
process is particularly noticeable in young till 
sediments. The anisotropy of the macrostructure 
is connected with the occurrence of the thin lay- 
ers of fine sand in the clay or boulder loam layers. 
The influence of these factors also on the values 
of constrained modulus and initial shear modulus 
G, had already been demonstrated by Mtynarek 
et al. (2012). 

The fact that correlations used to calculate the 
rigidity index for the tested soils from Poland avail- 
able in the literature are useful is very important.. 
These relationships include formulas created by 
Keaveny & Mitchel (1980) (Eq. 10) or Krage et al. 
(2014). 


L= 026 Gy : a (10) 
0, | 0.33(0.330,) ~ 

where: O, — normalized cone resistance. 
xo( 12 = Pr) 

Ik= 23 (11) 


K 3.2 pă 
? mi (sis) | 
26 


Figure 5 indicates that in the zone of rigidity 
index values up to the level of 200, the J, values 
calculated from Equations 6 to 9 and Krage et al. 
(2014) are very close and concentrated near the 
1:1 straight line of calibration. Outside of the ZR 
zone of 200, the trend of changes in the rigidity 
index determined with the different formulas var- 
les dependently on the soil groups. 
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Figure 5. Comparison of changes in rigidity index 


determined with different formulas. 
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Figure 6. Changes in shear modulus G,, undrained 


shear strength and /,’ with depth in young till subsoil 
(location: Batkowo). 


The G, shear modulus and the rigidity index 
in the form of /,’= Gys," are frequently used to 
predict changes in the subsoil in the G, modulus, 
based on undrained shear strength s,, unless a seis- 
mic test is performed. In most cases, the s, value 
from the CPTU test is applied for this dependency. 
Figure 6 reveals that /,’is as dependent on the soil 
properties as the Z}. However, to assume J,’ val- 
ues at constant levels e.g. 2600 (e.g. Guidelines for 
the design of wind turbines—DNV/Risg) is highly 
risky, especially in the subsoil characterized by 
great variability of macrostructure, and effects of 
cementation and preconsolidation. 


6 CONCLUSIONS 


The main conclusion arising from the conducted 
tests is that the tests confirmed the hypothesis 
formulated by several authors (e.g., Keaveny and 
Mitchel 1986, Mayne 2006, Krage et al. 2014) that 
variability in rigidity index is related to variability 
in parameters that determine soil properties. The 
investigation also explicitly revealed that the influ- 
ence of these parameters is qualitatively differenti- 
ated and dependent on the soil origin. In the case 
of soils in Poland, the essential influence on the 
rigidity index value was displayed by such factors 
as cementation and anisotropy of macrostructure 
of certain sediments. This leads to the conclusion 
that the most effective correlations for determining 
the rigidity index are local correlations (e.g. Fig. 3). 
These correlations account for varied origin and 
properties of different soil groups that occur in the 
tested area. 
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ABSTRACT: Cone Penetration Testing (CPT) serves as a useful in-situ tool for site investigation and 
soil characterization, while the end-bearing and shaft capacities of driven piles could be directly related 
to the CPT measurements. In terms of interpretation of CPT data, state parameter concept has been 
employed largely owing to its good indication of soil behaviour at different stress levels and densities. 
Drained cavity expansion solution in a unified state parameter model for clay and sand (CASM) is 
adopted in this paper for the applications to CPT in sands regarding to in-situ soil state. The effects of 
initial stress condition, friction angle and soil compressibility on the correlations between cone tip resist- 
ance, sleeve friction and state parameter are presented and discussed. The proposed method indicates the 
influence of initial state parameter on the evaluation of normalised penetration resistance, and the state 
parameter is directly related to the soil behaviour type index. The analysis contributes to the theoretical 
background of the framework for interpretation of CPT data. 


1 INTRODUCTION cavity expansion methods have been proved to be 
suitable for analysis of penetration problems (Mo 
The cone penetration test (CPT) has become a et al., 2017; Mo & Yu, 2017), whereas numerical 
widely used in situ soil testing method, owing to techniques are usually employed for more realis- 
its repeatability and accuracy at relatively low tic situations (Shuttle & Jefferies, 1998; Suzuki & 
cost (IRTP, 1999; Robertson, 2009; Shuttle & Jef- Lehane, 2015). 
feries, 1998). Interpretation of CPT data aims to Compared to the conventional interpretation 
obtain soil parameters from the CPT continuous methods using the relative density or void ratio, 
soundings by solving the inverse boundary value the state parameter (yw, difference between the 
problem, which is usually replaced by empirical void ratio in the current state and that at the criti- 
correlations determined from calibration chamber cal state for the same stress condition, after Been 
tests. Based on geometric similarity, CPT-based  & Jefferies, 1985, see Figure la) is of a more fun- 
design methods for driven piles have been devel- damental importance to practicing engineers due 
oped with examination of relationships between to its correlations with friction/dilation angles 
cone tip resistance and pile capacity in siliceous derived from the critical state soil mechanics, as 
sands (e.g. Fugro-05, ICP-05, NGI-05, UWA- well as some indication of potential soil liquefac- 
05). However, penetration mechanism is not well tion. The use of state parameter has also been 
understood yet because penetration in soils is a reported by many researchers for interpreting CPT 
complicated process in which soil flows around data (Been et al., 1986; Ghafghazi & Shuttle, 2008; 
the penetrometer, large strains and stress distribu- Reid, 2015). The correlations between normalised 
tions are generated, together with the hardening/ cone tip resistance and initial state parameter were 
softening of soils. In consideration of a soil model found to be arguably unique for sand with various 
with strain hardening, numerical simulations have conditions. The interpretation of CPT data with 
been conducted to analyze various boundary value the state parameter concept is therefore preferred 
problems, including cone penetration test and pile for characterizing sand behaviour, and the state 
installation (e.g. Dijkstra et al., 2007; Kouretzis  parameter-based prediction of pile bearing capac- 
et al., 2014; Ahmadi & Golestani Dariani, 2017), ity in sands using CPT measurements is potentially 
while analytical solution is rather difficult and an effective approach. However, the current corre- 
limited. In terms of available analytical solutions, lations for CPT data interpretation are still heavily 
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Figure 1. Illustration of CASM after Yu (1998): 
(a) schematic of state parameter, (b) state boundary 
surfaces. 


relying on empirical methods, which remain the 
lack of theoretical explanations and hold the limi- 
tations for implication on variety of soil types. 

This paper aims to develop the interpretation 
with a more sophisticated soil model and the cav- 
ity expansion theory, which could contribute to 
the establishment of framework for interpretation 
with following investigations. In this study, a newly 
developed drained cavity expansion solution is 
adopted for the investigation of CPT data in sands 
using state parameter concept. After applying the 
large strain analysis with critical state soil model 
CASM, the cone tip resistance is predicted from 
the spherical cavity expansion solution. The effects 
of initial stress condition, friction angle, and soil 
compressibility are investigated in associated with 
the influence of initial state parameter. 


2 CAVITY EXPANSION SOLUTION AND 
INTERPRETATION APPROACH 


In this study, the drained cavity expansion solu- 
tion in sands is provided by Mo & Yu (2018), 
in which the unified state parameter soil model 
CASM (Yu, 1998) is applied. The model, adopt- 
ing the critical state concept, was developed based 
on the original Cam-clay model and formulated in 
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terms of the state parameter, which is illustrated in 
Figure 1(a). Comparing to the original Cam-clay 
model, two additional parameters (spacing ratio 
r* and stress-state coefficient n) were introduced 
to propose a general stress-state relation for both 
clay and sand by modifying the state boundary 
surfaces (see Figure 1b), which was then validated 
to capture overall behaviour of various soils under 
both drained and undrained loading conditions. 
The details on parameter determination and the 
comparisons with experimental data could also be 
found in Yu (1998). 

Based on the developed cavity expansion solu- 
tion in sandy soils, an initial cavity with a radius 
of a, embedded in an infinite geomaterial with 
isotropic stress condition, is uniformly expanded 
to an arbitrary size of a. The increased cavity pres- 
sure corresponding to the process of expansion is 
thus utilized for the analyses of cone tip resistance 
and sleeve friction, where spherical cavity expan- 
sion is assumed around the cone tip based on the 
analogous observation of soil deformation (Mo 
et al., 2015). The penetration of a probe is mod- 
eled as an expansion of cavity with radius from 
0.1mm (equivalent to grain size level) to 17.8mm 
(radius of a standard CPT probe), and the relation 
between cavity pressure and cone tip resistance can 
be given by Eq. (1), following Ladanyi & Johnson 
(1974) and Suzuki & Lehane (2015). 


o> 


q, = r wall sph x (1 + V3 tan Ø) (1) 

The sleeve friction (7,) of penetrometer could be 
predicated by Eq. (2), following the UWA-05 CPT 
based design method for driven piles in siliceous 


sand (Xu, 2007). 


Le {0.03 q. (hIDY™” + 4G,Ay/D} xtanó, (2) 


where h is penetration depth of the probe, G, is 
shear modulus from the cavity expansion solution 
(G =[3U-24)% pp1/[20 + 4) x], following Mo 
& Yu, 2018), Ay is the radial displacement during 
penetrometer loading Ay ~ 0.02 mm), and 6, is the 
interface friction angle (5, ~ 15°). l 


3 PARAMETRIC STUDY FOR 
INTERPRETATION OF CPT DATA 


As the solution utilized the state parameter as an 
important property determining soil behaviour, 
the interpretation of CPT data gains its benefits. 
Previous experimental and numerical study have 
also shown the correlations between state param- 
eter and CPT measurements. Results of paramet- 


ric study are presented in this section to investigate 
the effects of initial stress condition, friction angle, 
critical state parameter A, as well as the initial state 
parameter. The sand model parameters in this 
paper are selected for Ticino sand (after Yu, 1998 
and Mo & Yu, 2018): w= 0.3, IT = 1.986, A = 0.024, 
x= 0.008, p, = 32°, r = 108.6, n = 2.0. The effect of 
initial state parameter on the computed behaviour 
of drained triaxial compression tests on Ticino sand 
was provide by Yu (1998) and shown in Figure 2. 
The selection of Ticino sand is also because of its 
extensively investigations from laboratory elemen- 
tary tests and CPT tests. For spherical scenario, the 
critical-state friction angle is assumed as @,,, = 4, 
and the friction constant is then determined with 
M = 6Bin ¢,,, / (3 sin ø). State parameter (y) is 
taken as an important indicator for the interpreta- 
tion of CPT data, and the variation of y, ranges 
from -0.3 to 0.075 (yw, =(4-x)lnr* =0.075 as 
the reference state parameter) in this study. Note 
that sand with negative value of y, is located at 
the ‘dry’ side of the critical state line, indicating a 
denser initial condition with a high value of over- 
consolidation ratio. Figure 3 shows the stress paths 
of cavity expansion with variation of initial state 
parameter for tests under a constant initial stress 


2,5 


> p= 0.075 
+ p= 0.025 
= p= -0.075 
æ p=-0.15 


0 5 10 15 20 25 
E (%) 


Figure 2. Estimation of responses of drained triaxial 
compression tests for Ticino sand: (a) stress ratio against 
deviatoric strain; (a) volumetric strain against deviatoric 
strain (after Yu, 1998). 
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Figure 3. Relationships of (a) spherical cavity pressure 
and (b) normalised cone tip resistance against initial state 
parameter with various initial stress condition. 


condition p, = 200 kPa. The ultimate stresses after 
expansion decrease with the state parameter, and 
the ultimate specific volume is higher for a larger 
value of initial state parameter. The difference 
on stresses is over an order of magnitude from 
W = —0.3 to yw, =0.075 thus the influence of ini- 
tial state parameter is obviously significant. 


3.1 Effect of initial stress condition 


The effect of initial stress condition is examined by 
varying p, from 200 kPa to 1000 kPa in this sec- 
tion. Increased initial stress condition relates to a 
high magnitude of shear modulus, resulting to the 
growth of spherical cavity pressure, as presented 
in Figure 4(a). The decrease of cavity pressure 
with state parameter shows non-linear behaviour. 
Applying the correlation between q, and O, sa sph 
(Eq. 1), the normalized cone tip resistance 1s 
defined as Eq. (3), according to Robertson (1990) 
and Been et al. (1986). 


Q, = 22 6) 
Po 


It can be found from Figure 4(b) that the nor- 
malized cone tip resistance is hardly affected by 
the initial stress condition, in contrast to the trends 
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Figure 4. Relationships of (a) spherical cavity pressure 
and (b) normalised cone tip resistance against initial state 
parameter with various initial stress condition. 


of cavity pressure. This phenomenon indicates 
the direct relationship between O, and Y, irre- 
spective of stress condition and relative density, 
which is also confirmed by numerical simulation 
of cone penetration tests (Kouretzis et al., 2014). 
The linear expression between y, and logQ,, was 
reported by Been et al. (1988), providing an expres- 
sion of Q, =k-exp(-m-w,). The results show 
that m value increases with y, and linear curve fit- 
ting provides the soil-specific coefficients as: k = 39 
and m=4.67 for y, <—0.05. 

Considering the nonlinear increase of q, with p, 
for various soils, the normalization of cone resist- 
ance is suggested with a variable stress exponent 
n (approximated by the SBTn index and effective 
overburden stress, after Robertson, 2009), where 


(4. — Po)! Pa 


= (4) 
(p /p,) 


O, = 


and p, is the atmospheric pressure. The normal- 
ised tip resistance O,, shows a slight decrease with 
initial stress condition (see Figure 5). Finite ele- 
ment simulation of calibration chamber testing 
in Ticino 4 sand was reported by Ghafghazi & 
Shuttle (2008), indicating the relation between O,, 


=> 
© 
te 


© Ghafghazi & Shuttle (2008) 


© Maki et al. (2014): Been corrections 


A Maki etal. (2014): Salgado corrections 


10° 
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Initial state paraemter: Wo 
Figure 5. Normalised cone tip resistance Q,, against 


initial state parameter with comparisons of numerical 
simulation for Ticino sand. 


and w. Additional, experimental data from Maki 
(2014) was originally derived from calibration 
chamber tests of Ticino sand by Been et al. (1986), 
and both calibration chamber corrections by Been 
et al. (1986) and Salgado et al. (1998) were applied. 
The predictions on the basis of the proposed cavity 
expansion solution shows good comparisons with 
experimental and numerical results, as illustrated 
in Figure 5. In short, the determination of state 
parameter based on the normalised cone tip resist- 
ance seems to be obtained from the correlations as 
long as the soil parameters are known. This also 
confirms the direct interpretation of in situ state 
of soil based on the CPT data. 

Together with the prediction of sleeve fric- 
tion (Eq. 2), the SBT chart (Robertson, 2009) is 
employed to examine the variation of stress con- 
dition and initial state parameter, as shown in 
Figure 6. The normalised sleeve friction is defined 
as E= Es I(q. = Py) |x100%. Es effect of p, 
seems to be aliet e in Q,—F_ space, whereas 
higher state parameter results in a smaller value 
of Qin and a larger F, for a given stress condi- 
tion. When the variation of y, from -0.3 to 0.075, 
the trend is almost linear in the SBT chart, with 
increase of the soil behaviour type index, J, as 
defined by Robertson (2009). 


3.2 Effects of friction angle and critical state 
parameter À 


The measured CPT data is normally interpreted 
to obtain soil properties, including friction angle, 
density and elastic parameters. Since the concept 
of critical state has enabled the significant 
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Figure 6. Effects of initial stress condition and state 
parameter on the SBT chart. 


development of soil constitutive models with 
consideration of volumetric changes, the critical 
state parameters are becoming important to geo- 
technical engineers. Friction angle is correlated to 
the critical state friction ratio M. The influence of 
friction angle on the normalised cone tip resistance 
is examined and presented in Figure 7. Note that 
this test series keeps the constant initial confin- 
ing stress with p, =500kPa. Based on the afore- 
mentioned definition of G, the stiffness index 
G, / p, is directly related to initial specific volume, 
and thus to initial state parameter with constant 
Po: The trends in both Q,-G,/p, and Q,- W 
spaces show non-linear increases of Q, with fric- 
tion angle. 

Critical state parameter A (slope of critical state 
line in v — In p space) indicates the soil compress- 
ibility, and the impact of compressibility was 
reported to be significant to CPT data. Shuttle & 
Jefferies (1998) noted that the relationship between 
Q, and y, is weakly reliance on A, whereas Reid 
(2015) stated that the relationship of Q,, and y, is 
dependent of A and M, with A the dominant fac- 
tor. The effect of A is investigated in this study 
with interpretation of state parameter, as illus- 
trated in Figure 8(a). The significant influence 
on the relations between Q,, and y, is observed, 
and the decreasing rate of tip resistance with state 
parameter decays as the value of A increases. When 
a linear curve fitting in O, — Y, space is applied, 
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Figure 7. Effect of friction angle: (a) normalised cone 
tip resistance against stiffness index, (b) normalised cone 
tip resistance against initial state parameter. 
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Figure 8. Effect of friction angle: (a) normalised cone 
tip resistance against stiffness index, (b) normalised cone 
tip resistance against initial state parameter. 


the parameters varying with A are shown in Fig- 
ure 8(b). The results also provide the possible esti- 
mation of A based on CPT data, in addition to 
sample tests in laboratory. 

In general, it can be found the clear indication 
of initial state parameter for the interpretation 
of CPT data in sands. While the results of CPT 
measurements are dependent of soil inherent and 
state parameters, further study on variety of sands 
is still needed, together with the analysis of sleeve 
friction and soil behaviour type index. The cavity 
expansion solution with an applicable soil model 
and concept of state parameter could serve as an 
effective tool and provide a theoretical background 
for the interpretation of CPT data and CPT-based 
pile design methods. However, the interpretation 
of CPT data is actually dealing with the estima- 
tion of soil properties, corresponding to an inverse 
analysis of cavity expansion. By adopting a more 
sophisticated soil model like CASM, the number of 
soil parameters is usually larger than that of meas- 
urements, and therefore the derivations of direct 
correlations between CPT data and soil param- 
eters are not available. Further techniques, includ- 
ing stochastic analysis, probabilistic analysis and 
neural network methods, are required to incorpo- 
rate with the current analysis for the development 
of framework for interpretation of CPT data. 


4 CONCLUSIONS 


A state parameter based method was developed 
in this paper for the interpretation of CPT data 
using cavity expansion solution, which could also 
be extended to the prediction of bearing capacity 
of closed-ended piles. Drained cavity expansion 
solution in a unified state parameter model was 
adopted for the analyses owing to the benefits of 
state parameter concept. The presented investi- 
gation showed that the relationship between nor- 
malised cone tip resistance and state parameter 
is independent of stress condition, whereas the 
effects of friction angle and soil compressibility 
constant are relatively significant. The prediction 
of sleeve friction indicated that the effect of stress 
condition is nearly negligible and the state param- 
eter seems to increase with the soil behaviour type 
index in the exponent space of normalised penetra- 
tion resistance against normalised sleeve friction. 
The derivation of state parameter based on CPT 
measurements was therefore obtained from the 
correlations as long as the soil model parameters 
are known. To obtain correlations between CPT 
data and soil properties, further study on variety 
of soils is required with more investigations on 
penetration resistance and sleeve friction, together 
with probabilistic methods. It was concluded that 
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the state parameter based cavity expansion analysis 
with the unified soil model provides further insight 
into our understanding of the measured results 
from in-situ soil tests and pile foundations. 
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Permeability estimates from CPTu: A numerical study 
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ABSTRACT: Realistic numerical simulations of CPTu in soft soils are now becoming possible thanks 
to methods like the Particle Finite Element Method (PFEM). They may be used to systematically explore 
the traditional methods of CPTu interpretation, identify their limitations and propose alternatives. This 
paper discusses a series of tests simulation CPT installation and subsequent dissipation tests in soils 
represented by the Modified Cam Clay model. Simulation outputs obtained for different input perme- 
abilities are examined to obtain direct estimates of permeability using different methods proposed in the 
literature; additionally, a method to estimate the hydraulic conductivity during the piezocone penetration 
is also used. These estimates are then compared with the known input permeability value to assess their 


reliability. 


1 INTRODUCTION 

The cone penetration test (CPTu) is one of the 
most widely used geotechnical site investigation 
methods. During the test an instrumented cone is 
pushed into the ground at a controlled rate. Tip 
resistance and sleeve friction are always recorded, 
and, very frequently, the pore water pressure at 
several standard positions is also measured. From 
these measurements, stratigraphy and constitu- 
tive soil parameters are estimated based mostly on 
empirical correlations (Robertson, 2009). 

Traditionally, the evaluation of coefficients of 
consolidation of fine grained soils has been of 
much interest for geotechnical design. CPTu based 
methods for obtaining consolidation coefficients 
were researched intensively almost since the instru- 
ment became available (Tortensson, 1977; Baligh & 
Levadoux, 1986; Teh & Houlsby, 1991). The oper- 
ational procedure requires a dissipation test: the 
cone is halted and the variation in time of water 
pressure is measured. The interpretation of dis- 
sipation tests frequently needs other constitutive 
parameters that also require approximation. 

A coefficient of consolidation combines unit 
weight, permeability and soil stiffness. Because soil 
stiffness is dependent, amongst other variables, on 
stress level, strain level and loading path relating 
co-efficients of consolidation obtained from CPTu 
dis-sipation curves with those controlling behavior 
in a given geotechnical problem is not always easy. 

When, as it is increasingly frequent, numerical 
methods are used to study consolidation problems 
models typically require separate inputs for stiffness 
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and permeability (following common usage we 
employ here “permeability” instead of the more 
precise “hydraulic conductivity”). Consolidation 
coefficients may be then bypassed and the designer 
will be more interested in permeability, a parameter 
that has also direct application in other geotechni- 
cal problems (dewatering, drainage design, hydrau- 
lic heave, etc.). It is therefore increasingly necessary 
to evaluate permeability from CPTu records. 

In this work, the current available procedures 
to evaluate permeability form CPTu results are 
assessed using results from numerical simulations 
of piezocone penetration and dissipation. 


2 ESTIMATING PERMEABILITY 
WITH CPTU 


2.1 Methods based on dissipation results 


Several methods have been proposed to estimate 
permeability from piezocone records. Most of 
them require a dissipation test and relate the time 
to half dissipation, £,,, to permeability, k. 

Parez & Fauriel (1988) presented data support- 
ing an empirical relation between these two param- 
eters. The relation was presented in graphic form; 
Mayne (2007) approximated it by 


at 


where t, is expressed in s and k, is a laboratory 
measured coefficient of horizontal permeability, 


1 


== 1 
251 ty a) 


expressed in cm/s. Robertson et al. (1992) pre- 
sented another graphical empirical relationship 
between the same variables, showing larger scatter. 
Robertson (2010) presented a formula that, 
based on results by Houlsby & Teh (1991), sum- 
marized the relationship between coefficient of 
horizontal consolidation, c,, and t, as follows 


€, =3.67-107-10'losltso) 


(2) 


where t; has units of minutes and c, of m?/s. Hori- 
zontal permeability is then obtained as 


7 1.67-10-6 10 beso) 


k, > 
M 


(3) 


where y, is the unit weight of water and Ma 1-D 
constrained modulus. Robertson (2010) proposed 
to estimate M from the CPT results. The formula 
relevant here (valid for O, < 14) reads: 
M = 00 Q (4) 
where O, is a normalized net tip resistance that, for 
fine grained soils, is given by 


(5) 


2.2 On-the-fly method 


Building up on previous work by Elsworth and Lee 
(2005, 2007), Chai et al (2011) proposed an explicit 
equation to evaluate the hydraulic conductivity of 
soils from piezocone soundings performed at und- 
rained or partially drained conditions. The method 
does not require a dissipation phase, as 1t estimates 
permeability directly from the product OB, of 
normalized tip resistance and normalized excess 
pore pressure, 


Au 
q, => 09 


(6) 


3 NUMERICAL SIMULATIONS 


3.1 


Numerical simulations have been carried out by 
means of the numerical code G-PFEM (Geotech- 
nical Particle Finite Element Method), specifically 
developed for the analysis of large strain contact 
problems in geomechanics (Monforte et al, 2017, 
2018). The code is able to accurately simulate the 
interaction between fluid-saturated porous media 
and rigid structures. 


Simulation method 
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Table 1. Constitutive parameters adopted for the simu- 
lation of the CPT penetration in a Modified Cam Clay 
soil. 


K a e G (kPa) M 
0.02 0.2 1.94 10000 1.07 
OCR K, p (kg/m?) p, (kg/m?) 

1.1 0.765 2000 1000 


The material is described by a Modified Cam 
Clay constitutive model. The cone has the stand- 
ard dimensions (R = 1.78 cm; cone angle 60°) and 
is assumed rigid and smooth. Soil parameters, 
listed in Table 1, describe a quasi-normally con- 
solidated clayey deposit. 

At the beginning of the simulation the cone is 
wished-in-place in the tip at a depth of 2 cone radii. 
The weight of the soil is considered and, at the top 
boundary a vertical stress of 100 kPa is imposed. The 
penetration at the standard velocity (v = 0.02 m/s) is 
simulated to the depth of z = 20R. After stopping 
penetration a dissipation tests is simulated. 

The results presented correspond to a set of 
simulations in which the permeability is varied 
five orders of magnitude (from k = 107 m/s to 
107? m/s). For that range of permeability the pen- 
etration phase takes place in practically undrained 
conditions. The normalized cone velocity (Schnei- 
der et al, 2007) for the simulation with the higher 
permeability is V = 47.8. Permeability is assumed 
isotropic. 


3.2 Simulation results: penetration phase 


Figure | presents the penetration curves. Because 
of the continuous remeshing that is characteristic 
of the PFEM approach numerically induced oscil- 
lations appear on the penetration curves. These 
have been smoothed in the penetration curves 
using a moving average over a distance of IR. 

The results show that, within this undrained 
range, tip resistance and pore pressure show little 
sensitivity to permeability. Indeed differences in 
net cone resistance at steady state between simula- 
tions are within a range of 6%. For all cases volu- 
metric deformation was minimal, thus confirming 
the expected undrained behaviour. 

Table 2 presents the main results of the tests 
for the 6 different simulations. In particular, the 
table shows the normalized tip resistance and pore 
water pressure ratio, Q, and B, respectively. To fil- 
ter out remeshing induced noise the steady state 
values for each test are obtained as the average 
value for depths between 10 and 20 penetration 
radius. 


200 400 


4 (kPa) Au, (kPa) 


Figure 1. Computed net cone resistance and excess 
water pressure at the u, position in terms of the normal- 
ized penetration, z/R. 


Table 2. Results of the simulation of the Cone penetra- 
tion test. 

K (m/s) Q, B, ts (8) 
107 3.86 0.64 1.38 - 10! 
103 3,19 0.65 1.43 - 102 
10° 3.61 0.61 1.83 - 10° 
10-9 3:77 0.58 1.79 - 10% 
101! 3.75 0.63 1.61 - 10° 
10-2 3.77 0.63 1.60 - 10° 


3.3 Simulation results: Dissipation phase 


Figure 3(a) depicts the dissipation curves at the u, 
position for all the simulated cases. As expected the 
curves shift to higher times as permeability decreases. 
The value of the initial excess pore pressure varies 
significantly (between 220 and 310 kPa). The rea- 
son beneath this variation is numerical: pore pres- 
sure is only available at nodes, continuous remeshing 
results in slight variations in the relative node posi- 
tions with respect to the cone shoulder (Figure 2). 
This means that the record of dissipation, always 
interpolated from the nodes closest to the u, posi- 
tion, corresponds to slightly different positions in 
different meshes. This numerical procedure induces 
variability which is compounded by the well-known 
fact (Teh & Houlsby, 1991) that the highest gradi- 
ents of excess pore pressure during penetration are 
induced at the cone shoulder position. 

To overcome this problem the reference value 
for dissipation curves is taken as the steady-state 


Figure 2. Excess water pressure in the vicinity of the 
cone. 
350 
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Figure 3. Dissipation curves at the u, position. On the 
top, (a), results of the simulation; on the bottom, (b), 
time is normalized by the method proposed by Teh & 
Houlsby (1991) whereas the water pressure is normalized 
using the steady state value during penetration. 
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value for the penetration phase, Au,,. The time 
to half dissipation, t; corresponds to the time in 
which the dissipation curve reaches half Au. The 
values of t; thus obtained are reported in Table 2. 

Figure 3(b) shows the dissipation curves where 
the excess water pressure has been normalized 
by Au,,; additionally, time has been normalized 
according to the formula proposed by Teh & 
Houlsby (1991): 


(7) 


where c, is the coefficient of consolidation and J, 
is the rigidity index. For simplicity, the values of c, 
and J, corresponding at the initial state are consid- 
ered. It appears that the normalization works well 
in that all the curves converge after the normalized 
excess pore pressure passes below 0.95. 


4 ESTIMATION OF PERMEABILITY 
DURING PENETRATION 


Elsworth and Lee (2005, 2007) proposed a meth- 
odology to estimate the permeability of soils 
during cone penetration based on the product of 
the normalized resistance and normalized excess 
water pressure. Based on this product, a non- 
dimensional index, directly proportional to the 
permeability, might be evaluated. The authors 
(Elsworth and Lee, 2007) restricted the applicabil- 
ity of the method to partially drained conditions, 
thus excluding materials such as those considered 
here. Using cavity expansion theory they identified 
the transition from undrained to partially drained 
conditions in the range 1.2 < Q,B, < 5.6. The pre- 
cise value of this limit depends on soil constitutive 
parameters and the vertical effective stress. 

Chai et al (2011) extended the previously high- 
lighted interpretation technique to practically und- 
rained conditions. The authors linked the product 
of O,B, toa dimensionless hydraulic conductivity 
index K, =2ko%,(r y,v) (where r is the probe 
radii and vis the penetration velocity) through a 
bilinear model, shown in Figure 4. As such, the 
permeability may be directly estimated from the 
product of two cone normalized metrics. The 
authors validated their model with a set of field 
and laboratory data from clay sites. 

Figure 4 shows the numerical results plotted 
in the interpretation chart proposed by Chai et 
al (2011). The numerical results plot in an almost 
straight line: the mean value of the product Q,B, 
is 2.34 and the standard deviation is 0.12; this 
product does not show any trend with permeabil- 
ity. By using this method, a permeability equal to 
k=1.17-10% m/s is estimated for the mean value 
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Figure 4. Numerical results in the K, — Q,B, interpreta- 
tion chart proposed by Chai et al (2011). 


of the product Q,B,. This value is in the range of 
permeability values that separate undrained condi- 
tions from partially-drained conditions. 


5 ESTIMATION OF PERMEABILITY 
DURING DISSIPATION 


5.1 Parez & Fauriel method 


In Figure 5 the values of t;, are plotted against the 
input permeability. The figure also includes the 
correlation proposed by Parez & Fauriel as for- 
mulated by Mayne (2007). The estimated value of 
permeability is always within a factor of 5 from the 
input value. 

The correlation underestimates somewhat the 
larger values of permeability and does the opposite 
for the smaller values. Most permeability values in 
the database supporting the original correlation 
were close to 10* cm/s and this is also where the fit 
with the numerical results appears better. 


5.2 Robertson method 


Figure 6 plots the numerical results in the interpre- 
tation chart proposed by Robertson (2010). The 
permeability vs half dissipation plots appear well 
aligned with the predicted trend, but offset from 
the theoretical position that would be assigned 
according to their compressibility. 

In the upper panel, following the suggestion of 
Robertson, the constrained modulus is estimated 
based on the CPT penetration steady state values and 
Equation (4). In the lower panel the chart is directly 
labelled using values of constrained modulus. 

The average value of O, for the simulations is 
3.8 and the corresponding line is highlighted in the 
upper panel. It appears that the Robertson correla- 
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Figure 6. Numerical results in the 4, — k interpreta- 
tion chart proposed by Roberston et al. (2010). On top, 
approximating the constrained modulus by the CPT 
log. The thick line represents the mean normalized tip 
resistance obtained in the simulations, Q, = 3.76. On the 
bottom the constrained modulus is directly an input 
parameter; the thick line stands for the input parameter 
of the numerical simulations. 
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tion, if applied in this manner, would estimate a 
permeability value about 4 times larger than the 
input value. 

In the lower panel the line highlighted corre- 
sponds to the value of the tangent constrained 
modulus at initial state, which is M = 1.45-10* kPa. 
In this case the correlation would underestimate the 
input permeability approximately by a factor of 3. 

Of course, the tangent stiffness at the initial 
state is not representative of that of the soil after 
penetration, during the dissipation phase. Interest- 
ingly, the results obtained suggest that the opera- 
tive stiffness during dissipation is smaller than that 
of the intact soil but larger than that obtained with 
the tip resistance correlation. 


6 CONCLUSION 


In this work, several techniques to interpret the per- 
meability for clayey materials have been assessed 
against a set of data obtained from numerical 
analysis. The piezocone penetration and subse- 
quent dissipation has been simulated in a quasi- 
normally consolidated Modified Cam Clay soil, in 
which the only parameter that has been changed is 
the permeability. In all the simulations practically 
undrained conditions are found. 

Unfortunately, the results obtained do not sup- 
port the on-the-fly technique proposed by Chai et 
al (2011). That may be a side effect of the approxi- 
mations involved in the numerical solution; it is 
true, however, that the original range of applica- 
tion of the underlying theory was that of partially 
undrained penetration rather than fully undrained, 
as it is the case here. Exploration of this method in 
partially undrained conditions is ongoing. 

On the other hand, dissipation-based methods 
appear far more sensitive to permeability. The sim- 
ple correlation of Parez & Fauriel produces results 
that are in the correct order of magnitude. The more 
elaborate technique developed by Robertson (2010) 
improves slightly on those results, its limits essen- 
tially given by the difficulty in estimating the precise 
value of operative stiffness during consolidation. 

All the results presented here assume isotropic 
permeability. Anisotropic permeability has been 
already implemented in G-PFEM (Hauser, 2017) 
and a systematic exploration of its effects on per- 
meability estimates is ongoing. The effects of over- 
consolidation, plastic compressibility and strength 
are also topics of ongoing work. 
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Pore pressure measurements using a portable free fall penetrometer 
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ABSTRACT: Pore pressure measurements during penetrometer deployments can complement measure- 
ments of strength resistance, and provide additional information about the soil. However, for high-velocity 
impacts, hydrodynamic forces lead to complex pressure recordings during the free fall and penetration. To 
investigate these effects, a Computational Fluid Dynamics model (CFD) has been developed. Based on 
initial results from the CFD model, a quasi-steady approach based on a velocity-dependent correlation is 
proposed to correct for dynamic effects and shape dependent pressure gradients acting on the FFP, and 
thus, also on the pore pressure readings. Finally, the results are discussed with regard to opportunities for 


future research. 


1 INTRODUCTION 

Free Fall Penetrometers (FFP) are gaining popu- 
larity as a convenient early site investigation tool 
for surficial seabed sediments (sediment depths on 
the order of decimeters to meters). Modern FFP 
frequently house pressure transducers in addition 
to other sensors. In conventional cone penetra- 
tion testing (CPT), the pore pressure behavior of 
soils has been used to obtain insights into in-situ 
properties of the seabed such as strength measure- 
ment, relative density, stress history, consolidation 
and permeability of the soil (Lunne er al., 1997). 
However, conventional CPTs can be difficult to 
deploy in nearshore environments or other areas 
of difficult access. Free fall penetrometers have the 
advantage of being easy to deploy, and some enable 
deployment from small vessels. This makes them 
considerably less costly than conventional CPTs. 
However, they are subject to hydrodynamic forces 
that affect the pressure measurements. This leads 
to complex pressure signals, especially during the 
free fall and during the penetration into surficial 
seabed layers at high velocities (> 2 m/s) (Lucking 
et al. 2017; Stark £ Ziotopoulou 2017). Therefore, 
the accurate prediction of the hydrostatic pressure 
during the free fall is an important initial step to 
correct pore pressure recordings for hydrodynamic 
effects from high speed penetration. Additionally, 
the accurate prediction of water depth from the 
penetrometer may become crucial to assess consol- 
idation of the soil, or the accurate impact position 
in areas of complex morphologies. 

In summary, there is a need for correcting the 
pressure signal for fluid dynamic effects during 
high speed deployments of free fall penetrometers. 
The objective of this study is to investigate these 
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effects using basic fluid dynamics principles during 
the descent through the water column and a veloc- 
ity dependent quasi-steady correction. 


2 BACKGROUND/METHODS 


2.1 Free-fall penetrometers 


The portable FFP BlueDrop was used for this 
study. It was designed with an approximately 
streamlined shape to stabilize and optimize the fall 
through the water column even in energetic hydro- 
dynamic conditions. The penetrometer measures 
acceleration and tilt using 5 vertical and 2 hori- 
zontal micro-electro-mechanical system (MEMS) 
accelerometers with a sampling rate of 2 kHz. The 
data logging and analysis methods are explained in 
detail by (Stark et al., 2015) and are not repeated 
here. 

The FFP BlueDrop houses a pore pressure trans- 
ducer that measures ambient pressures up to about 
2 MPa. The sensor is located behind a pore pres- 
sure filter just behind the cone in the u, position. 
To ensure the proper saturation of the filter ring, 
it is submerged in water overnight before initiating 
the survey, or saturated using mineral oil. Fluids 
can be injected through a bypass from the inside 
through the filter ring to the outside to ensure full 
saturation. This study will focus on the analysis of 
the pressure data. 


2.2 Field survey 


A field survey was performed in the York River 
near Yorktown, VA (37.2388° N, 76.5097° W) in 
June 2017, with 30 free fall penetrometer deploy- 
ments around the George Coleman Memorial 


Bridge. Deployments were made by submerging 
the FFP in water from the side of a boat, and 
manually releasing the FFP with a rope attached 
to retrieve it later. 

The surficial layers of the seabed in the surround- 
ing area are mostly composed of soft organic mud 
(Hartman et al., 2008). Low maximum decelera- 
tion values measured by the penetrometer during 
impact and penetration (more than 90% are lower 
than 10g, with g being gravitational acceleration), 
and visual observation of mud retrieved using a 
sediment sampler confirmed soft clays (Albatal & 
Stark, 2017). 


2.3 Fluid dynamic effects 


Lucking et al. (2017) argued that the pressure 
measurement during the free fall of the penetrom- 
eter through the water column is affected by fluid 
dynamic forces governed by the particular shape 
of the penetrometer and velocity. To obtain a pres- 
sure signal equal to ambient hydrostatic pressure, 
a correction must be applied. Bernoulli’s principle 
explains the changes in pressure due to the motion 
of a fluid, and was applied here to attempt a cor- 
rection (Lucking et al. 2017; Stark & Ziotopoulou, 
2017). A quasi-steady approach, solving for the 
pressure distribution around the body, in steady vis- 
cous flow was adopted, thus ignoring added mass 
and transient viscous effects (on pressure forces). 

Following the Galilean invariance principle, 
the problem of the body falling down at constant 
velocity v, is assimilated to a problem of a fixed 
body immersed into an upward flow stream with 
uniform velocity vz. 

Due to the slender and approximately stream- 
lined shape of the penetrometer (Figure 1), a thin 
boundary layer exists around the body. Outside 
this thin layer, the flow can be well approximated 
by an inviscid, irrotational flow of an incompressi- 
ble fluid, such as water, and the Bernoulli equation 
can be applied, following the quasi-steady approxi- 
mation of the transient flow. 

Two points in the potential flow region were 
selected (Figure 1): Point 1 is chosen just outside 
the boundary layer, at the location of the pres- 
sure sensor on the penetrometer surface. Point 2 
lies outside the perturbed flow field created by the 
probe, at the same water depth as point 1. The Ber- 
noulli's equation between these two points reads: 


2 
2 


Pi + P82, = P, +f 


2 


Pit + pgz, (1) 


where p is density of the fluid, p is pressure, v is 
velocity of fluid and z is elevation of the chosen 


point. The flow velocity of water at point 2 v, is 
equal to the free-stream velocity, v, The veloc- 
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Vp(t) 


Figure 1. Schematic sketch of BlueDrop in a uniform 
flow stream of velocity v,. 


ity v, of water particles immediately outside of 
the boundary layer at the location of point 1 can 
assumed to be a fraction «of the free-stream veloc- 
ity, depending on the actual shape of the body and 
the position of the point 1: 
v,(t) =0-va(0), Y, =Vg (1) (2) 
Point 1 and 2 are located at the same depth, so 
that: 


(3) 


p83, = P82, (4) 
Pressure at point 2, p, represents the hydrostatic 

pressure, whereas the pressure at point 1, p, will be 

affected by the motion of the fluid. So: 

Py = Pon Pa = Psa (5) 
Here, the pressure coefficient C, is introduced, 

which is a non-dimensional measure of the pressure 

felt on an object in a flow field, calculated in steady 


flow at point 1 of the given body. In potential flow, 
according to (1) with conditions (2) and (3), the 
pressure coefficient can be related to the local flow 
speed measured at point 1: 


| grei 
a Pan _ Prot Pin 320 A ) 
PL py? Do ia 
is Pa Pra 
= =]- æ (6) 
Vg 
Simplifying (1): 


1 4 1 2 2 
pi = Dt PL) 
(7) 
1 
Pstar = Prot ~ 7220, (8) 
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The second term on the right hand side of equa- 
tion (8) represents the magnitude of the decrease in 
pressure due to the local velocity measured out of 
the boundary layer. 

To investigate the relative pressures on the pres- 
sure transducer of BlueDrop, a computational 
fluid dynamic (CFD) model was developed. For 
the CFD simulation, the Galilean invariance was 
deployed, i.e. the body was kept fixed, and flow 
velocity varied in accordance with the changes in 
fall velocity of the penetrometer. The model was 
developed with the actual body geometry and was 
solved using a steady Reynolds-Averaged Navier- 
Stokes Equation (RANSE) solver for a flow of 
6 m/s. The solution provides pressure coefficients 
C, along the body of the FFP. A velocity of 6 m/s 
was chosen, because it was the most commonly 
observed maximum velocity achieved during the 
free fall of the FFP at the study site. In the field, 
the velocity started decreasing to about 4-5.5 m/s 
at impact after achieving a maximum, due to the 
increase in rope drag. 

The pressure profile measured during a deploy- 
ment is then corrected using equation 8. The veloc- 
ity of the penetrometer v, is calculated by the 
integration of the acceleration profile. The profile 
start point is set at the point of release when the 
acceleration starts. The profile end point is set at the 
point where the FFP comes to a rest in the sediment. 


3 RESULTS 


3.1 CFD model results 


For this study, a series of steady flow solutions 
have been run on the body at different flow speeds 


with a fully turbulent RANSE segregated flow 
solver, using a two-layers (Rodi, 1991), realiz- 
able (Shih er al., 1994) k-e turbulence model. This 
type of turbulence model gives a good estimate 
of the thin boundary layer thickness around a 
streamlined body with prevalently attached flow. 
The finite-volume RANSE solver allows for non- 
structured polyhedral elements to discretize the 
physical domain. SIMPLE method is used to con- 
jugate the pressure field and velocity field, and the 
AMG (Algebraic Multi-Grid) solver to accelerate 
the convergence of the solution of the momentum 
and continuity equations at each iteration. A total 
number of about 300 iterations were sufficient to 
reach convergence of the solution (i.e. stable resid- 
uals with relative magnitude lower than 10~°). The 
solver has been validated in the past on a number 
of different hydrodynamic problems, including 
steady turbulent free surface flows around com- 
plex bodies such as ship hulls (Brizzolara & Villa, 
2010) or un-steady flow around propellers (Gag- 
gero et al., 2010). 

Due to the probe body symmetry, only 1/4 of 
the penetrometer body has been discretized, using 
symmetric boundary conditions on both longitu- 
dinal planes. The domain, presented in Figure 2 
spans about 20 body lengths along the flow direc- 
tion and about 10 body diameters in the transverse 
direction. The mesh counts 200k cells and three 
prisms layers around the body surface were to cap- 
ture resolve the thin boundary layer flow around 
the body. No particular refinement is used in the 
wake since the attention of the study was primarily 
in the entrance-body of the probe, where the pres- 
sure sensor is located. 

Results in terms of pressure distribution on the 
probe body surface and velocity distribution in the 
surrounding fluid are given in Figure 3 for a simu- 
lated inflow speed of 6 m/s. As evident, the probe 
is disturbing the flow only in a small region around 
its body. The deceleration around the tip and in the 


Figure 2. Domain extension (top) and detail of the 
polyhedral mesh created around the probe (bottom) for 
the RANSE simulations. 
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Figure 3. 
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(Left) Results of the RANSE simulations at 6 m/s: velocity magnitude flow field on the symmetry planes 


and pressure coefficient distribution on the penetrometer. Only 1/4 of the body is presented. (Right) Pressure coef- 
ficients (represented by black line) on the body of BlueDrop (represented by red lines), as a function of distance from 
the tip. The vertical distance from central axis of BlueDrop is multiplied by 10 for a better display. 


wake of the probe is evident, as well as the acceler- 
ation around the maximum area section at the base 
of the cone, where the pressure sensor is located. 
This acceleration of the flow determines the nega- 
tive dynamic pressure that reduces the actual pres- 
sure measured by the sensor with respect to the 
hydrostatic pressure of the surrounding fluid. 

A detailed pressure distribution curve along 
a meridian (longitudinal) section of the probe in 
between two fins is given in Figure 3. The pressure 
filter located just behind the cone, experiences suc- 
tion forces under flow (C, < 0), resulting from the 
shape transition from cone to shaft. The C, equals 
~ — 0.5 around the pressure filter area. The nega- 
tive value is due to the acceleration of the flow in 
response to the increase of the cross section area 
from the pointed leading edge to the area of the 
maximum section, just upstream the porous ring, 
where the pressure sensor is located. The negative 
C, leads to a measured pressure smaller than the 
actual hydrostatic pressure. 

This calculated C, value is used with equation 8 
to obtain the correct pressure values as following: 


1 
Pat = Pam + Pa = 0.5 (9) 


3.2 Corrected pressure signal 


The pressure measurements obtained during 
free fall through the water were corrected using 
equation 9. This has been applied to multiple 
deployments from the survey, and has provided 
matching results. An example deployment is shown 
in Figure 4. The FFP was submerged at a water 
depth of ~ 1 m, and then released falling under its 
own weight. It impacted the seabed at water depth 
of ~10 m, and was eventually brought to a stop by 
the resisting forces of the seabed sediments after 
~] m of seabed penetration. The recorded pres- 
sure during free fall was noticeably lower than 
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the hydrostatic pressure as shown in Figure 4(a), 
being in agreement with observations by Luck- 
ing et al. (2017) and Stark & Ziotopoulou (2017) 
from other locations. The corrected pressure signal 
(Figure 4-red lines) matched the hydrostatic pres- 
sure until entering the seabed. 

Insertion into the seabed was accompanied by a 
short period of subhydrostatic pressures. This is in 
line with observations by Stegmann et al. (2006), 
Seifert et al. (2008), Chow et al. (2014) and Stark 
et al. (2015). However, this phase may be overesti- 
mated if no correction of the measured pressure is 
applied. Considering the correction, the pressure 
signature changes to suprahydrostatic with posi- 
tive excess pore pressure of up to ~ 9 kPa within 
the upper 10 cm of penetration of the pressure 
transducer (Figure 4(b)). Allowing a direct appli- 
cation of the CPT concept that undrained shear 
strength s, can be estimated from excess pore 
pressure divided by an empirical cone factor N,,, 
(Lunne et al., 1997) and using s, = 8.1 after a sug- 
gestion by Rémai (2013) would lead to an estimate 
of s, = 1.1 kPa at a penetration depth of 0.8 m. 
While this has not been validated, it appears as a 
reasonable value based on the type of sediment. 
A preliminary analysis can be made on the basis 
of undrained shear strength ratios. Many authors 
have reported the undrained shear strength ratios 
of organic muds/clays to lie in the range of 0.4 
0.65 (Chandler, 1988; Edil & Wang, 2000). Using 
an intermediate value of shear strength ratio 
of 0.5 and a saturated unit weight of 12.8 kPa 
as measured by Faas (1973), undrained shear 
strength values of about 1.2 kPa are estimated, 
matching well with the value calculated from the 
excess pore pressure. While the proposed correc- 
tion converges to the actual measurements when 
the FFP approaches its maximum penetration 
depth, the correction appears crucial if pore pres- 
sure analysis is conducted throughout the penetra- 
tion profile. However, it must be considered that 
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Figure 4. Measured and corrected pressure profiles from an example BlueDrop deployment during (a) the complete 
fall and (b) inside seabed. Zero depth indicates the seabed. Hydrostatic pressure calculated by estimating the depth, at 
the start point of deployment, inside water column from the pressure data. Increase in pressure beyond hydrostatic in 
(b) indicates the build-up of pore pressure in the sediments during penetration,. 
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Figure 5. Deployment in water depth of about 3m: (a) 


Velocity profile and (b) pressure profile. The mismatch in 
corrected and hydrostatic pressure due to the low velocity 
is evident. 


further corrections need to be applied, due to the 
change in “fluid” properties and resulting changes 
in fluid dynamic effects when entering the soft 
sediment. 

The effect of changing velocity, however, was 
visible in some of the deployments. Figure 5 shows 
data from a deployment performed at a relatively 
shallow water depth of about 3 m achieving an 
impact velocity of ~ 4 m/s. Since the velocity 
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profile (Figure 5(a)) never achieves 6 m/s, the pres- 
sure profile still lags behind the actual hydrostatic 
pressure. It is apparent that the pressure coeffi- 
cients calculated for a flow of 6 m/s does not work 
very well in this case. More CFD models need to be 
run that simulate flow at other speeds to estimate 
pressure coefficients for other speeds. 


4 DISCUSSION 


Dynamic cone penetration testing, or in this case, 
portable free fall penetrometer testing is subject 
to additional velocity effects compared to a con- 
ventional quasi-static cone penetration test. The 
investigation and proper understanding of these 
effects is important to make correct interpreta- 
tions of the results. The pressure recording behind 
the cone with the water and potentially soft soil 
flowing past the pressure transducer inlets results 
in measurements of pressures that are lower than 
expected hydrostatic pressures. This was also 
observed by Lucking et al. (2017), and can be 
explained by Bernoulli’s equation which quantifies 
the change in pressure due to the velocity of fluid. 
The steady Bernoulli equation in combination 
with the concept of pressure coefficients has been 
used to develop a correction for the pressure signal 
in the form of equation 9. The steady Bernoulli 
equation is a simplification of the actual scenario, 
since it assumes a constant velocity. However, 
the velocity of the FFP after initial acceleration 
remains almost constant or within a fairly narrow 


range over the free fall, and it provided an accurate 
estimation of the correct pressures. Overall, using 
the Bernoulli's equation and pressure coefficients 
from a CFD dynamic model of the FFP resulted 
in pressure profiles in close agreement with hydro- 
static pressure. 

At shallower depths, where the velocity never 
reached a value of 6 m/s, the correction will 
require pressure gradients estimated for the spe- 
cific maximum velocity (Figure 5(b)), stressing 
the dependence of these pressure coefficients to 
the fall velocity. The unsteady Bernoulli equation 
would account for the effects of changing accel- 
eration throughout the fall. However, the accurate 
solution of an unsteady Bernoulli equation has 
traditionally been a difficult task. Additionally, the 
rope tied to the FFP during all deployments adds 
an influencing factor during the fall through the 
water column due to the increasing rope drag with 
increasing depth, which results in the FFP expe- 
riencing a decelerating force from the rope. This 
makes it challenging to use an unsteady Bernoulli 
correction, particularly considering the good 
match that was achieved using the steady Bernoulli 
correction with the maximum velocity. Therefore, 
It appears more feasible to develop a chart or cor- 
relation expressing suitable pressure coefficients 
for a realistic range of velocities for the specific 
penetrometer. 

Impact into the seabed usually resulted in a sud- 
den drop in the pressures to sub-hydrostatic. This 
has also been observed in previous studies on high- 
velocity impacts into the seabed (Stegmann et al. 
2006; Seifert et al. 2008; Chow et al. 2014; Stark 
et al. 2015). It has been hypothesized that the sub- 
hydrostatic pressures are developed because of the 
rapid outward displacement of sediment and water 
(Seifert er al., 2008; Lucking er al., 2017). The 
observation of sediment particles moving at high 
speeds around the cone tip during high-velocity 
penetration supports this hypothesis (Omidvar & 
Iskander, 2017). 

Large deformation problems in very soft soils 
have been commonly treated with the soil mod- 
elled as a non-Newtonian fluid especially at large 
strain rates (Boukpeti ef al., 2012). A CFD model 
for very soft soils, modelled as a fluid of vary- 
ing density and viscosity is in development and 
is expected to provide more insights into the pore 
pressure behavior, under high-velocity dynamic 
loading. The primary limitation of CFD model- 
ling is its inability to model some of the in-situ 
soil properties such as anisotropy and stress his- 
tory, and its assumption of soil as a uniform and 
homogenous mass. In estuarine environments, 
however, deposition and frequent remobilization 
of sediments usually results in freshly deposited, 
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normally consolidated sediment deposits, and such 
deposits do not exhibit significant anisotropy, or 
any stress history and thus, the use of CFD mod- 
elling is valid. Raie & Tassoulas (2009) have suc- 
cessfully used CFD models to predict penetration 
depths of torpedo anchors in soft silts and nor- 
mally consolidated clays. 


5 CONCLUSIONS 


The importance of accurate pore pressure meas- 
urements in cone penetration testing is well-known 
(Lunne et al., 1997). This article presents a proof 
of concept that pressure corrections using basic 
fluid dynamic principles such as the Bernoulli 
equation and pressure coefficients obtained from 
CFD modelling can represent an accurate and reli- 
able method to correct for fluid dynamic effects in 
the water column. 

To make an accurate interpretation of the pore 
pressure signal from surficial seabed sediments in 
marine environments from free fall penetrometers, 
it appears essential that the pressure signal is cor- 
rected for fluid dynamic effects. The pore pressure 
response of soils during loading has conventionally 
been proved to be dependent on the stress history 
and stiffness of fine-grained soils (Burns & Mayne, 
1998) and on the relative density of coarse-grained 
soils (Seed & Lee, 1967), among many other fac- 
tors. Thus, pore pressure measurements may be 
used as indicators of important in-situ charac- 
teristics. However, the unique pressure behavior 
observed due to the dynamic nature of the free-fall 
penetration test is still an area of active research. 
More research is planned to investigate and incor- 
porate the rheological and viscosity characteristics 
of very soft muds into the correction to account 
for dynamic effects during penetration of the sea- 
bed at high velocities. 
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ABSTRACT: This paper presents a comparative study on the influence of some typical soil character- 
istics on the cone and ball factors (N, and Na). Experimental data from CPTU and ball penetration test 
(BPT) on Busan (two sites), Ariake, and Mihara clays were taken into analysis. In contrary to the conclu- 
sions from existing FE analysis and experimental results at limited sites that N „is independent on rigidity 
index (7) and normalized stress difference (A), Nu was found to clearly increase with the increase in J, 
and to increase or decrease with A. This disagreement is attributed to different inherent characteristics 
of natural clays. Both N,, and N,, decrease pronouncedly with the increase in normalized shear strength 
(Surv/S/p), however the factors expose to have no definite correlations with sensitivity (Spy) and plasticity 


index (/,) at the investigated sites. 


1 INTRODUCTION 

In soft to very soft clays, especially those under 
high pore pressure conditions, ball penetration test 
(BPT) exposes to have several advantages over the 
traditional cone concentration test (CPTu) (Ran- 
dolph, 2004; DeJeong et al. 2011). Although the 
BPT has been developed and used recently, relative 
understandings from a number of numerical studies 
(e.g. Lu et al. 2000, Zhou and Randolph 2009) and 
experimental studies (e.g. Low et al. 2010, DeJong 
et al. 2011) has led to development of essential 
recommendations for penetrometer design, testing 
procedures, and data analysis (DeJong et al. 2010; 
Lunne et al. 2011). 

One of the key applications of the BPT in very 
soft to soft clays is to evaluate the undrained shear 
strength (s,) of the deposits. Similar to the use of 
cone resistance, the indirect BPT-based s, value of 
any target site should also be determined using an 
adopted ball strength factor (Ni). Unlike the cone 
factor (N,,), which is influenced by a number of 
soil characteristics such as rigidity index (1, = G/s,, 
where G is shear modulus of soil), the normalized 
in situ stress difference between vertical (o,,) and 
horizontal (6,) stresses (A = (0,,— 6,,)/s,), friction 
ratio (Op = T/s,, where 7, is limiting shear stress on 
penetrometer surface), and strength anisotropy 
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(P = Su/Su Where s,, and S, are undrained shear 
strength in extension and compression, respec- 
tively) (Teh & Houlsby 1991, Lu et al. 2004), the 
Nay factor obtained from numerical study (Lu et 
al. 2000) and limited experimental data (Low et al. 
2010) was shown to have ignorable dependence on 
certain soil characteristics, especially on the Z, and 
A. The less dependence on soil characteristics of 
N, essentially means that an established range of 
Na Would be applicable to more soil types com- 
pared with that of N,» Since studies on variation 
of experiment-based N, with soil characteristics 
are rarely reported in the literature, 1t is still desired 
to have more experimental studies to verify this 
important feature of Ny. 

This study presents a comparison on the varia- 
tion of experimental N,, and N, factors with sev- 
eral soil characteristics, including J, A, normalized 
shear strength (s,/0%,), sensitivity (Si), and plas- 
ticity index (1,). For this, experimental data from 
BPT, CPTU, and field vane test (FVT) at two test 
sites in the Nakdong River Delta, Busan, S. Korea 
and from two test sites in Japan were used for the 
analysis. In addition, experimental data points 
of N,,, and N, versus /, at another two test sites 
reported in Low et al. (2010) were also included in 
part of the analysis to obtain a more representative 
trend of the factors versus Z. 


2 SITE DESCRIPTION 


2.1 Site location and geological characteristics 


The first two study sites, namely, DIS-2 and DIS-5 
(approximately 1.2 km apart), are located in the 
floodplain (i.e., marginal basin) of the Nakdong 
River Delta, west of Busan City, South Korea. 
Besides, BPT results from Ariake and Mihara sites 
in Japan (Nakamura et al. 2009) are also included 
into the analysis. The Ariake site is located in 
Kyushu Island and faces the Ariake Sea, whereas 
the Mihara site is located in Ebetsu district, near 
Sapporo, Hokkaido. 

At the DIS-2 and DIS-5 sites, late Quaternary 
deposits are distributed with four sedimentary units 
closely related to the sea level change. The units of 
both sites, which have similar characteristics but 
slightly different thicknesses, are summarized as 
follows (from bottom to top): the fluvial channel 
(FC), the lower tidal flat (TF(L)), the inner shelf 
(IS), and the upper tidal flat (TF(U)). The geologi- 
cal conditions of the sites were described in detail 
by Chung et al. (2012). 

Geological and geotechnical characteristics at 
Ariake site have been extensively investigated for 
many years (e.g. Hanzawa et al. 1990, Tanaka et 
al. 2001). Based on the variation of physical prop- 
erties (i.e. w,, Z» pP) with depth, Hanzawa et al. 
(1990) divided the clay at the site into upper clay 
(from ground surface to 12.0 m) and lower clay 
(12.0 to 18.5 m). Unlike the Ariake site, there have 
been a few studies on the geological and geotechni- 
cal characteristics at Mihara site (e.g. Nakamura 
et al. 2009; Hayashi et al. 2012). Geologically, the 
soil profile at Mihara site consists of the following 
layers: a surface peat layer from 0 to 6.5 m, a sand 
layer from 6.5 to 11.0 m, a silty clay layer from 11.0 
to 19.0 m, and a silty sand layer from 19.0 to about 
28.0 m. 


2.2 Geotechnical characteristics 


Geotechnical characteristics at DIS-2 and DIS-5 
are rather similar as typically shown in Figure 1 
for DIS-2. A typical feature at this site is that the 
sensitivity based on the field vane (Si) in the 
upper part (from 5 m to 12 m) of the IS unit is 
significantly higher than that of DIS-5 at the same 
levels, and this was resulted from leaching effect 
at DIS-2 (Nguyen & Chung 205). The clay at the 
sites is classified as normally consolidated (NC) 
to slightly overconsolidated soil with OCR values 
ranging from 1.3 to 2.0 (Singh & Chung 2015). 
Geotechnical characteristics of Ariake have been 
described in detail in many references (e.g. Tanaka 
et al. 2001). Briefly, the natural water content (w,) 
of the clay is very high (w, > 100%) and exceeds the 
liquid limit (w,) along the entire depth, leading to 
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Figure 1. Basic geotechnical properties at DIS-2. 


very high values of 1, (45% to 90%) and JL (1.4 to 
1.8). The clay is classified as very high plasticity. 
The w, values of Mihara site are almost equal or 
less that the w,, leading to 7, of 30% — 44% and 
IL of slightly less than 1.0. Similar to Busan clay, 
the clays at both the sites are NC to slightly over- 
consolidated with OCR varying from 1.2 to 1.6 at 
Ariake site and from 1.2 to 1.4 from Mihara site. 


3 FIELD TEST 


3.1 BPT 


BPT with four different ball sizes (A, = 0.15 to 
1.0, where A, = shaft-ball area ratio) was first car- 
ried out at DIS-5 using a Geomil track-mounted 
CPT machine with a capacity of 20 tons. After the 
analysis of the test results for DIS-5, a ball with 
smaller area ratio (A, =0.1) was found necessary to 
enhance the interpretation of the test results. Thus, 
the BPT with the previous four balls and the new 
ball was conducted at DIS-2. The balls made of 
duralumin were not sandblasted to achieve a spe- 
cific roughness but were normally polished in the 
factory. Thus, all the balls were assumed to have 
the same surface roughness. More information on 
the shape and dimensions of the balls are given in 
Nguyen & Chung (2015). 

As the ball penetrometer, the cone tip of a 15 cm? 
Geomil cone type (i.e., 43.7 mm in diameter) was 
replaced by balls screwed at the filter location of 
25 mm above the top of the balls. The BPT test at 
both sites was conducted at a constant speed of 
20 mm/s following the procedure recommended by 
the International Society of Soil Mechanics and 
Geotechnical Engineering (ISSMGE 1999). Pen- 
etration resistances were recorded at intervals of 
10 mm. 

The BPT with a similar series of four different 
ball sizes (A, = 0.1 to 1.0) was conducted at Ariake 
and Mihara sites by a geotechnical research group 
leading by Prof. H. Tanaka of Hokkaido Univer- 
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Table 1. Specifications of the penetrometers. 

Specification DIS-5  DIS-2 Ariake Mihara 

Ball diameter, 11.28 13.82 11.28 11.28 
Day (Cm?) 

Ball area, 100.0 150.0 100.0 100.0 
Aran (cm?) 

Shaft area, 15.0 15.0 10.0 10.0 
Asan (CM?) 

Shaft-ball area 0.15 0.10 0.10 0.10 
ratio, A, 


sity, Japan. For these two sites, the test was carried 
out at a constant speed of 1.0 m/min (16.7 mm/s) 
following the standard of Japanese Geotechnical 
Society for CPT (JGS 1435 2003). More details 
on the BPT at these sites are described in Naka- 
mura et al. (2009). The BPT experimental data at 
the Ariake and Mihara sites were personally given 
by Prof. H. Tanaka (2012). Table 1 shows specifi- 
cations of the cones (or shafts) and balls having 
smallest A, used at the four sites and experimental 
data from these penetrometers will be used for the 
analysis herein. 


3.2 Other field tests 


CPTU was conducted at DIS-5 and DIS-2 sites 
using the same CPT rig and cone probe used for 
the BPT 

(Asan = 15 cm’). The cone was electrical type, 
with a 60° apex and a porous element (filter) 
mounted immediately behind the cone shoulder 
to measure induced pore water pressure (u,). The 
average penetration rate for the CPTU was 20 mm/ 
sec, following the procedure recommended by the 
ISSMGE (1999). Similarly, CPTU with cone area 
of Anan = 10 cm was also performed at Ariake and 
Mihara following the same speed and procedure 
applied to the BPT. 

FVT was also performed at all the sites. For 
Busan clay, a Geonor vane (H-10) with the blade 
of 55 mm wide, 100 mm high, and 2 mm thick was 
used to advance directly (without a pre-borehole) 
into the ground and then stopped at 50 cm above 
the test depth. The blade connected to the inner rod 
was then pushed down to the test depth. After 5 
min, the test was performed at a constant speed of 
0.1 °/s until the residual resistance became constant. 
The remolded test was also conducted at all test 
depths to evaluate the sensitivity. For Ariake and 
Mihara clays the FVT was also conducted using 
the same standard rotation speed. However, the 
vane was slightly smaller (with the blade of 40 mm 
in diameter and 80 mm in height). Aside from FVT 
and CPTU, Dilatometer/Seismic Dilatometer test 
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(DMT/SDMT) were alternatively performed at 
DIS-5 and DIS-2 at intervals of 0.5 m. For the Jap- 
anese sites, only SCPT was available at Ariake site 
as reported in Tanaka et al. (2001). 


4 RESISTANCES AND STRENGTH 
FACTORS 


4.1 Definition of net resistance 


The net cone penetration resistance, qa is defined 
as follows: 


Une = la H (1 aju, | Ow =4, Oso (1) 
where q, and q, are the measured and corrected 
cone resistances; a is the cone area ratio (Lunne et 
al. 1997); u, is the pore pressure at the cone shoul- 
der; and 6,, is the in-situ total overburden pressure 
at the cone tip. 

The net ball penetration resistance, qnae» 18 
defined as follows (DeJong et al. 2010): 


Uner») = Lo -| ø, -(1-a)u, ] 4, (2a) 
And an alternative is 
(er) = Uy O [ Oo z (1 E a) u 4, (2b) 


where q, is the measured ball resistance (an analogy 
of q.); 6,, and o, are total overburden pressures at 
the ball level in in-situ and ball-penetrated con- 
ditions, respectively; u and u, are hydrostatic (in 
situ) and induced pore pressures, respectively, at 
the connection between the ball and the shaft; A, 
is the ratio of the cone (shaft) area to the projected 
area of the ball, i.e., A, = Anat Avar In this study, 
Equation 2b is used to calculate the net ball resist- 
ance following reasons recommended in DeJong 
et al. (2010). 


4.2 Strength factors 


The cone factor (N,,) and ball factor (N) are 
generally defined as follows: 


N = Pa 


kt 
Su 


(3a) 


_ (er b) 
ball ~~ 
Su 


N (3b) 


where s, is the reference undrained shear strength. 
In this paper, the undrained shear strength from 
the field vane test (supy) is taken as the reference 
value for all analyses. 


5 TEST RESULTS AND DISCUSSIONS 


5.1 Net cone and ball resistances 


The net cone and ball resistances obtained from the 
four study sites are shown in Figure 2. A shown, 
daw) 18 normally smaller than q,a (except in the 
IS unit at DIS-2) and the discrepancy increases 
with the increase in depth. These profiles are good 
examples to explain that for the same clay Nu 
is often smaller than N, Note that at DIS-5 site 
there was a shell interbedded sub-layer varying 
unevenly from depths of 16.5 m to 23.5 m, and all 
experimental data from these depths were excluded 
in the analysis herein. 

Note also that qœ profile at DIS-5 was 
obtained from the ball having A, = 0.15. To get a 
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Figure 2. q,,., and qner) profiles at: (a) DIS-5; (b) DIS-2; 
(c) Ariake; (d) Miahara. 


unified set of data from all balls having A, = 0.1 
for analysis in next section, qai) Values at spe- 
cific depths (e.g., Sry V, tested depths) at DIS-5 
site were manually extrapolated to get equivalent 
values at A, = 0.1. The extrapolated values were 
obtained based on the actual variation trend of 
resistances with A, (Nguyen & Chung 2015). That 
is, at any particular depth the extrapolated ga 
value at A, = 0.1 should fall onto a smooth parab- 
ola-like curve following the trend defined from 
measured resistances at A, = 0.15, 0.25, 0.5, and 
1.0. As a result, the ratio of qaw at A, = 0.10 to 
neo) At A, = 0.15 from all extrapolated points var- 
ies from 1.06 to 1.18. 


5.2 Strength factors versus soil characteristics 


The variation of N, and N,,, with rigidity index 
(T) was first taken into analysis. The index J, = G/t, 
where 7, (= s, in undrained case) is shear strength 
at failure, was originally suggested by Vesic (1973) 
and it was associated with the assumed elastic- 
ideal plastic behavior of soil. That is, G is a con- 
stant value until plastic failure happens. However, 
in modern soil mechanics G has been well recog- 
nized to degrade nonlinearly with the increment of 
induced shear strains. Around a penetrometer, G 
varies from the maximum value (G,) at some dis- 
tance from the penetrometer to much smaller value 
(G << G,) in the completely disturbed zone near 
the penetrometer surface. For practical applica- 
tions, the shear modulus at 50% mobilized strength 
(Go) is often recommended as an average one used 
for evaluating 7, (Mayne 2001). In this study, sine 
Gs, from triaxial-based stress-strain curves was 
not available, an average value of G, = 0.26G, was 
adopted following recommendation by Krage et 
al. (2014). In other approach, G: might roughly be 
evaluated from degradation curve of G, which is 
often expressed in a modified hyperbolic form of 
GIG, = 1-((t/t,,,,)® (Fahey & Carter 1993, Mayne 
2007), where coefficients f and g possibly vary 
from 0.75 to 1.0 and 0.2 to 0.4, respectively. If 
f= 0.91 and g = 0.30 are taken as typical values, 
then G, = 0.26G, is obtained at 7/T,,,, = 0.5 (50%). 
The value of G, = pV? was evaluated using meas- 
ured shear wave velocity (V) for DIS-5, DIS-5, and 
Ariake sites and adopted correlation V, =1.75q,2 
(Mayne 2007) for Mihara site. 

Figure 3 shows the variation of N, and Ny 
versus J, at the four sites as well as that at Onsoy 
and Burswood sites reported in Low et al. (2010). 
As shown in the figure, except some data points 
from the TF(L) unit of DIS-5 and DIS-2, both 
N, and Ni appear to increase with the increase 
in J, and the factors vary in large ranges of 8.0 
to 18.0 (AN, = 9.0) and 6.0 to 15.0 (AN, = 9.0), 
respectively, for the six test sites (1, = 50 to 400). 
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The out-of-trend data points circled in the figure 
can mainly be attributed to special feature of net 
resistances in the TF(L) sub-layer, especially in the 
depths of 23.5 m to 28.0 m (DIS-5) and 17.5 m 
to 27.0 m (DIS-2). As shown in Figure 2, the net 
resistances, especially guy increase marginally 
with depth whether V, increase almost linearly fol- 
lowing the trend of the IS sub-layer. As a result, 
this results in smaller strength factors and larger J, 
in these depths. 

The dependence of Na on J, as shown in 
Figure 3b contrasts with conclusions from numeri- 
cal analysis (Lu et al. 2000) and limited experimen- 
tal data (Low et al. 2010) that N, is independent 
on the index. The disagreement with the numerical 
analysis results may mainly be attributed to the soil 
model, among other possible reasons, adopted in 
the FE analysis. In fact, natural clays from differ- 
ent depositional environments (i.e. different physi- 
cal and mechanical characteristics) are expected 
to have different behavior whereas the soil in the 
FE analysis was modeled as homogeneous elastic- 
perfectly plastic material obeying a Tresca or Von 


Mises criteria. In addition, if results at only Onsoy 
and Burswood sites (Fig. 3b), which have relatively 
similar ranges of N,, at different ranges of I, are 


examined the independence of N, 


Ny on Z, might be 


misinterpreted. 
The variation of N, and Ni with A was then 
taken into analysis. To evaluate the total horizontal 


stress Oy (= 


KO’ tu), the coefficient of earth pres- 


sure at rest (K,) was interpreted from DMT-based 
horizontal stress index (Kp) for Busan and Ariake 
clays using equation of K, = 0.34K,°* (Powell & 
Uglow 1988). This equation, among several com- 
mon recommended equations in the literature, was 
adopted because the interpreted K, values for the 
clays are very close to the K, reported in Chung et 
al. (2012) and Hanzawa et al. (1990). A constant 
K, = 0.64 of Mihara site was directly taken from 
experimental result (Hayashi et al. 2012). 

Figure 4 shows the variation of N, and Nu Ver- 
sus A at the four sites. In a general view, N, tends to 
gently increase with the increase in A whereas Ny 
exposes to have no general trend. However, if view 
is focused on DIS-5 and DIS-2 sites specifically, 
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N, of the sites appears relatively constant with the 
increase of A whereas N, tends to decrease pro- 
nouncedly. Both N, and Nu of Ariake site tend to 
increase with the increase of A. 

Figure 5 shows the variation of N, and N,, ver- 
sus normalized shear strength (s,,.//0%,) at the four 
sites. As shown, both N,, and N,,,, decrease pro- 
nouncedly with the increase of 5,,y/O%). This gen- 
eral trend was also noted in the numerical analysis 
(Zhou & Randolph 2009) and experimental study 
(Nguyen & Chung 2015). That is, at the same A, 
value, soil having larger s,,.,/o%, ratio results in 
smaller N,,. The variation of N, and Nu versus 
sensitivity (S,-y) and plasticity index (J, = w,-wp) 
was also investigated for the four test sites. How- 
ever, no definite trends were found for these cor- 
relations and due to space limitation the figures are 
not presented herein. 


6 CONCLUSION 


This paper presents a comparative study on the 
influence of some soil characteristics (i.e. rigidity 


index (Z), normalized stress difference (A), nor- 
malized shear strength (s,,./0%,), sensitivity (Suv), 
and plasticity index (/,)) on cone (N,) and ball 
(Naa) factors. CPTU and BPT experimental 
data on Busan clay at two sites, Ariake clay and 
Mihara clay were taken into analysis. Although 
more experimental data are needed to general- 
ize the dependence of the strength indexes on 
the investigated soil characteristics, the following 
conclusions might be drawn from the study: (i) in 
contrast with conclusion from existing FE analy- 
sis and limited experimental data that N,, is inde- 
pendent on /,, Nu obtained from six study sites 
exposes to increase pronouncedly with increase 
in Z; (ii) data from four investigated site showed 
that in general N, tends to increase gently with the 
increase in A but N,, appears to have no definite 
trends; (iii) both N, and N,, decrease at a similar 
gradient with the increase in s,,.y/0%,; (iv) N,, and 
N,, from the sites appear to have no definite cor- 
relation trends with Spy and Z, 
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ABSTRACT: A method developed to correlate the measured piezocone dissipation excess pore-water 
pressure (Au) to the soil undrained shear strength (s,) has been presented by Mantaras et al. (2015). In 
the proposed approach, a mathematical closed form solution was derived linking the ratio of normalized 
maximum excess pore pressure and the normalized undrained shear strength. In the preset paper the pre- 
dicted s, values obtained from the from dissipation tests are calibrated against field vane shear strength 
in both normally consolidated and lightly overconsolidated soils (OCR of up to 5). Data from 5 cm? and 
10 cm? piezocone cross section areas are evaluated to demonstrated that reported results are consistent 
and encourage the use of the method in engineering practice. 


1 INTRODUCTION 

Piezocone penetrometers are instrumented with 
pressure transducers mainly located at the tip or 
shoulder of the cone to measure the pore water 
pressure generated during penetration. In clay 
pore pressure in excess to hydrostatic values allows 
assessment of geoenvironmental parameters 
including the coefficient of consolidation and 
the coefficient of hydraulic conductivity. Inter- 
pretation is based on modelling dissipation test 
response using cavity expansion or strain path 
methods (Torstensson, 1977; Randolph & Wroth, 
1979; Levadoux & Baligh, 1986; Teh & Houlsby, 
1991; Burns & Mayne, 1998). One example is the 
cavity expansion-critical state solution proposed 
by Burns & Mayne (1998) that can model the 
monotonic and dilatory pore pressure responses 
with regard to time, allowing both the octahe- 
dral and shear-induced components during pen- 
etration to be calculated as a function of OCR, 6’ 
and I, (= G/s,). Incidentally, the undrained shear 
strength ratio s,/o?, is also a function of the same 
variables (e.g. Wroth, 1984; Jamiolkowski et al., 
1985; Ladd, 1991). Mantaras et al (2014, 2015) 
combined these concepts to derive a mathemati- 
cal expression correlating the ratio of normalized 
maximum excess pore pressure and the normalized 
undrained shear strength. It has been shown that 
the ratio of normalized values fluctuates around 
a mean value, being affected by soil strength and 
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stiffness and independent on stress history. The 
present paper illustrates the applicability of the 
approach to normally consolidated and lightly 
overconsolidated clays. 


2 BACKGROUND 


The mathematical solution proposed by Burns & 
Mayne (1998) is based on the cavity expansion- 
critical state framework for the monotonic and 
dilatory response with regard to time. Departing 
from this solution, the undrained pore pressure ratio 
(Au,,,./5, © log(I,)) can be expressed as (Mantaras 


max “u 


et al, 2015); 


ES | [es] 
a 1 
2 | 2 
AU ax l F 50 ` T | 1 ES 5000 j T 
sda) laa =% 
vlog(Z,) 3 sin(g) OCR -los(1,) 
where Au, is the piezocone maximum dissipa- 


tion excess pore-water pressure, OCR the over- 
consolidation ratio, g the effective friction angle, 
M = (6sin@’)/(3-sin@’), Ir the rigidity index, A the 
compressibility ratio (1-CC/CR) and T' the dimen- 
sionless modified time factor 7” = [c,t/(1? 1r97)]. 
The derived formulation shows little sensitivity to 
variations on OCR, but is influenced by g and Jr. 


Assuming typical representative values of M = 1.2 
(corresponding to g = 30°), Ir = 100 and A = 1.0, 
equation (1) becomes, equation 2: 


= Minar = Max AU sax (2) 


4.2(+0,2)-log (1,) 8.4 


u(Aumax) 
Atmax 


3 CASE STUDY 


A site investigation campaign carried out at the 
Tubarão Experimental Testing Site is described 
to illustrate the applicability of equation (2) in 
estimating the undrained shear strength. As part of 
this project, tests were carried out with as a standard 
10 cm? piezocone and a small piezocone having a 
cross section area of 5 cm? capable of recording pore 
pressures at the cone tip (u,) and the cone shoulder 
(u,). The 5 cm? piezocone is shown in Figure 1. 
Sediments in the upper 20 m are predominantly 
normally consolidated, formed during the last 
8,000 years in the Holocene period after the most 
recent glaciation (Odebrecht & Schnaid, 2017; 
Schnaid et al, 2016). Typical CPTu profiles showing 


Figure 1. Piezocone 10 cm2 e 5 cm2 cross-section areas. 
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corrected cone resistance (q,) and pore pressure 
(u,) are presented in Figure 2. The water table at 
the site is about 0.6 m below ground level and the 
piezometric profile is approximately hydrostatic. 
Typical piezocone dissipation tests are shown 
in Figure 3 for measurements recorded at both the 
u, and u, filter locations. The excess pore water 
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Figure 3. Dissipation pore water pressure for piezocone 
tip and shoulder locations (8.5 m depth — Profile 3). 
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Figure 4. u, recorded at short dissipation tests (Profile 2). 


Uy, UzUos (kPa) 
400 soo soo 1000 


Us, UzUos4 (kPa) 
200 o 200 400 600 800 1000 


y 
3 
E 
zi 
š 

Es 

£ 
A 
Es 

a 

4 
F 


Depth (m) 
PO Dr TE E 


a)CPTu — Profile 1 - 10cm? b)CPTu — Profile 2 - 10m? 


cd ee 


Depth (m) 
Depth (m) 
E ie kund 


c)CPTu — Profile 3 - 5m? d)CPTu — Profile — 4 - 5m? 


Figure 2. Typical piezocone profiles at the Tubaráo Experimental Testing Site. 
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pressure of u, was larger than that of u,. An ini- 
tial drop of excess pore water pressure was first 
observed (except for the first 10 s at the u, loca- 
tion) and were followed by monotonic dissipation. 
At about 100 s the magnitude of the 2 readings 
converged and showed the same trend thereafter. 
The major attractiveness of the approach is 
related to the fact that maximum dissipation 
excess pore-water pressure can be recorded within 


Pore pressure (kPa) 
g 
S 
o- 
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100 
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Figure 5. u, recorded at short dissipation tests (Profile 3). 


a couple of minutes after halting the piezocone at 
a given depth. In principle, Au,„„ can be measured 
at every depth, while connecting a rod for a fur- 
ther 1 m stroke, without increasing overall costs of 
the test. Some examples are given in Figure 4 to 6 
and are used to illustrate the predicted undrained 
shear strength in Figure 7. Field vane shear tests 
performed in a boring located near the center of 
the piezocone soundings were used for compari- 
sons. The undrained shear strength estimated from 
vane, piezocone tip resistance and dissipation pore 
pressures yield s, values in close agreement along 
the soft clay layer. It is worth noticing that very lit- 
tle scatter is observed among the different methods 
which reduces the uncertainties in predicting s,,. 

Typical piezocone dissipation tests are shown in 
Figure 3 for measurements recorded at both the u, 
and u, filter locations. The excess pore water pres- 
sure of u, was larger than that of u,. An initial drop 
of excess pore water pressure was first observed 
(except for the first 10 s at the u, location) and 
were followed by monotonic dissipation. At about 
100 s the magnitude of the 2 readings converged 
and showed the same trend thereafter. 

Figures 4 to 6 present all short dissipation test 
for each profile and Table | to 3 the s, estimation. 


des: Table 1. s, Estimated from profile 2. 
350 | 
Depth Us max u, Su 
- 300 (m) (kPa) (kPa) (kPa) 
£ s 
paja -6.0 196 50 18,3 
la -7.5 242 65 22,1 
© las -8.0 252 70 22,7 
É 150 DE -8.5 284 75 26,2 
100 i 4 o-10.0m ¢-10.5m  x-11.0m -9.0 257 80 22,1 
i O-11.5m  e-12.0m -9.5 200 85 14,3 
so —10.0 278 90 23,5 
: A 2 oe -11.0 263 100 20,3 
—12.0 369 110 32,4 
Figure 6. u, recorded at short dissipation tests (profile 4). —13.0 475 120 44,4 
su (KPa) s, (KPa) s, (KPa) 
JPT - Profile 1 - 10cm? 5 CPTu — Profile 2- 10m? b)CPTu — Profile 3 - 5m? b)CPTu — Profile 4 - 5m? 
Figure 7. Predicted undrained shear strength in normally to slightly overconsolidated clay. 
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Based on experimental results gathered in the 
past 4 years, partially reported in the previous dis- 
cussion, it is assured that the method gives results 
that are very consistent with other in situ test pre- 
dictions in normally consolidated to lightly over- 
consolidated clays. Data summarized in Figure 9 
report the experience in 9 different sites where the 
undrained shear strength is compared to a refer- 
ence value and plotted against OCR (Sup îs a 
reference value obtained from field vane tests or 
laboratory triaxial tests). 


Data from 6 of the reported sites have been 
obtained from tests performed and supervised 
by our own personnel, following strictly IRTP 
(1988) recommendations. Besides the Tubaráo 
experimental testing site, data comprises 5 loca- 
tions distributed along the Brazilian Coast. The 
sources of data are CPTU and laboratory consoli- 
dation and shear strength tests. In addition, 2 other 
locations have been included from tests reported in 
the literature (Sully at al 1999; Ha at al 2008) — their 
use required some judgment in predicting param- 
eters that might have introduced small errors in the 


Table 2. s, Estimated from profile 3. analysis. From these databases it is seen that the 
Desik 2 p : S/Surer ratio is 1 + 0.2 indicating that this type of 
(a) (kPa) (kPa) (kPa) approach may be useful in giving redundancy to 
site investigation predictions. The reported data 
-7.0 315 60 31,8 from Figure 8 is summarized in Table 4, including 
-8.0 325 70 31.9 the characteristic values of Su and OCR. 
-8.5 388 75 39,2 
-9.0 369 80 36,1 
-10.0 373 90 353 4 CONCLUSION 
-11.0 388 100 36,0 È n . R 
-120 439 110 41.1 The applicability of an analytical solution devel- 
-130 450 120 413 oped to correlate the maximum dissipation excess 
i i pore-water pressure and the undrained shear 
| | strength in normally too lightly overconsolidated 
Table 3. s, Estimated from profile 4. clay is discussed in this paper. The solution is 
ae supported by cavity expansion and critical state 
(ma (EER) (kPa) (kPa) soil mechanics following early studies by Burns 
& Mayne (1998). Results from pore pressures 
10 273 60 26.6 recorded at the cone tip (u,) and the cone shoulder 
-7.5 237 65 21,5 (u,) using 5 cm? and 10 cm? piezocones provided 
80 308 70 29.8 the required database for interpretation. Based on 
_8.5 325 75 313 cumulative experience, it has been demonstrated 
90 283 80 25.4 that for saturated clays in the OCR range of 1 
-9.5 298 85 26.6 to 5, the measured Au,,,. provides estimates of s, 
-100 317 90 28.4 in agreement with values calculated from other 
_11.0 346 100 30 8 tests. It offers the benefit of providing additional 
1 L 5 264 105 19.9 data for spatial interpolating and extrapolation of 
120 304 110 2 43 results from vane and triaxial tests with minimal 
a cost increase. Additionally, comparing and pre- 
2,00 
1,60) O Tubaráo 
act EBR 470 
= ae A Rio de Janeiro 
= 
a 1,00 + Itajai 
A 0,80 A Biguaçu 
0,60 
( O Porto Alegre 
0,40 
0.20 O Ha et al 2008 - Korea 
0,00 
1 2 3 4 5 
OCR 
Figure 8. Variation of undrained shear strength ratio with OCR. 
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Table 4. Data results — (*)own results; (**) Ha et al. (2008). 


Deep u(max) u, Au,max) sef s, Reference OCR s,/s,ref. 
Site (m) (kN/m5) (kPa) (kPa) (kPa) (kPa) (kPa) OCR test reference 2 
Tubarão - -5,0 13,0 151,4 494 102,0 13,0 12,8 1,71 Vane Consolidation 1,02 
SC(*)  -90 14,0 273,4 89,4 184,0 21,0 23,0 1,33 Vane Consolidation 0,91 
—13,0 15,0 372,4 129,4 243,0 34,0 30,4 1,25 Vane Consolidation 1,12 
-17,5 15,0 505,4 174,4 331,0 43,0 414 1,03 Vane Consolidation 1,04 
BR 470- -140 15,0 391,0 140,0 251,0 34,0 31,4 1,11 Vane Consolidation 1,08 
Nave- —5,0 13,0 141,0 49,0 92,0 13,0 11,5 1,15 Vane Consolidation 1,13 
gantes- 25.0 15,0 351,0 249,0 102,0 13,0 12,8 1,48 Vane Consolidation 1,02 
SC 30 130 143,0 290 114,0 13,0 143 1,48 Vane Consolidation 0,91 
—10,0 14,0 435,0 99,0 336,0 43,0 42,0 1,52 Vane Consolidation 1,02 
—10,0 14,0 371,0 99,0 272,0 28,0 34,0 1,18 Vane Consolidation 0,82 
=5,0 13,0 233,0 49,0 184,0 20,0 230 2,20 Vane Consolidation 0,87 
-12,4 14,0 367,0 123,0 244,0 32,0 30,5 1,01 Vane Consolidation 1,05 
-6,0 13,0 195,0 59,0 136,0 22,0 17,0 1,90 Vane Consolidation 1,29 
-6,0 13,0 191,0 59,0 132,0 16,0 16,5 1,24 Vane Consolidation 0,97 
-7,0 13,0 219,0 69,0 150,0 20,0 18,8 1,20 Vane Consolidation 1,07 
6,4 14,0 235,0 63,0 172,0 26,0 21,5 1,90 Vane Consolidation 1,21 
Rio de —7,0 12,0 218,0 70,0 148,0 19,0 18,5 1,19 Vane Consolidation 1,03 
Janeiro - —12,0 13,0 310,0 120,0 190,0 27,0 23,8 1,03 Vane Consolidation 1,14 
RIO) 16.0 13,0 423.0 160.0 263,0 37,0 329 1,13 Vane Consolidation 1,13 
—19,5 14,0 337,0 195,0 142,0 20,0 17,8 1,00 Vane Consolidation 1,13 
Itajai - —3,0 14,0 197,0 29,0 168,0 22,0 21,0 1,00 Vane Consolidation 1,05 
SC(*)  -40 15,0 135,0 39,0 96,0 13,0 12,0 1,00 Vane Consolidation 1,08 
=5,0 15,0 145,0 49,0 96,0 11,0 12,0 1,00 Vane Consolidation 0,92 
=6,0 15,0 171,0 59,0 112,0 130 140 1,15 Vane Consolidation 0,93 
-7,0 15,0 205,0 69,0 136,0 17,0 17,0 1,16 Vane Consolidation 1,00 
-8,0 15,0 207,0 79,0 128,0 14,0 16,0 1,17 Vane Consolidation 0,88 
—9,0 15,0 249,0 89,0 160,0 21,0 20,0 1,16 Vane Consolidation 1,05 
—10,0 16,0 263,0 99,0 164,0 20,0 20,5 1,18 Vane Consolidation 0,98 
Biguragu- -4,0 14,0 183,0 39,0 144,0 16,0 18,0 1,40 Vane Consolidation 0,89 
SC(*) -5,5 14,0 158,0 54,0 104,0 12,0 13,0 1,12 Vane Consolidation 0,92 
—10,5 15,0 296,0 104,0 192,0 22,0 240 1,15 Vane Consolidation 0,92 
Porto 4,5 14,0 183,0 440 139,0 23,0 174 1,21 Vane Consolidation 1,32 
Alegre- -6,.0 14,0 229,1 59,1 170,0 25,0 21,3 1,18 Vane Consolidation 1,18 
RS(*) -30 14,0 235,0 29,0 206,0 25,0 25,8 327 Vane Consolidation 0,97 
4,0 14,0 185,0 39,0 146,0 14,5 18,3 1,17 Vane Consolidation 0,79 
—6,0 14,0 194,7 58,7 136,0 19,0 17,0 2,24 Vane Consolidation 1,12 
3,2 14,0 181,1 31,1 150,0 17,0 18,8 3,57 Vane Consolidation 0,91 
—4,5 14,0 222,0 44,0 178,0 24,0 22,3 1,89 Vane Consolidation 1,08 
Daejeo —3,2 14,0 113,0 12,0 101,0 17,1 12,6 2,50 Cam Clay Consolidation 1,35 
(*8) -8,7 15,0 254,0 66,0 188,0 26,9 23,5 1,90 Cam Clay Consolidation 1,15 
-12,1 16,0 329,0 98,0 231,0 38,2 28,9 1,80 Cam Clay Consolidation 1,32 
—14,0 17,0 437,0 118,0 319,0 43,7 39,9 1,60 Cam Clay Consolidation 1,10 
-16,0 18,0 500,0 137,0 363,0 52,2 45,4 1,50 Cam Clay Consolidation 1,15 
Yangsan  —16,0 16,0 494,0 147,0 347,0 39,7 434 1,60 CamClay Consolidation 0,92 
#1 (**) -20,0 16,0 601,0 186,0 415,0 46,3 51,9 1,50 Cam Clay Consolidation 0,89 
—25,0 18,0 760,0 235,0 525,0 74,3 65,6 1,50 Cam Clay Consolidation 1,13 
—30,0 18,0 8940 316,0 578,0 60,4 72,3 1,10 Cam Clay Consolidation 0,84 
37,4 18,0 1060,0 357,0 703,0 109,3 87,9 1,50 Cam Clay Consolidation 1,24 
Yangsan —5,0 14,0 135,0 39,0 96,0 10,7 120 1,50 Cam Clay Consolidation 0,89 
#3 (5) _10,0 16,0 295,0 88,0 207,0 23,6 25,9 1,40 Cam Clay Consolidation 0,91 
-14,7 17,0 382,0 134,0 248,0 35,7 31,0 1,30 Cam Clay Consolidation 1,15 
20,4 18,0 555,0 190,0 365,0 47,8 45,6 1,10 Cam Clay Consolidation 1,05 
—24,8 18,0 597,0 233,0 364,0 57,6 45,5 1,10 Cam Clay Consolidation 1,27 
(Continued ) 
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Table 4. (Continued). 
Deep yt u,(max) u, Au,max) sef s, Reference OCR s,/S,ref. 
Site (m) (kN/m) (kPa) (kPa) (kPa) (kPa) (kPa) OCR test reference a 
Yangsan —2,8 15,0 90,0 27,0 63,0 713 7,9 2,30 Cam Clay Consolidation 0,93 
#4 (**) -8,3 16,0 226,0 81,0 1450 17,9 18,1 1,50 Cam Clay Consolidation 0,99 
-11,6 17,0 397,0 114,0 283,0 25,1 35,4 1,30 Cam Clay Consolidation 0,73 
—13,6 18,0 445,0 133,0 312,0 32,3 39,0 1,20 Cam Clay Consolidation 0,83 
—15,6 20,0 520,0 153,0 367,0 39,8 45,9 1,00 Cam Clay Consolidation 0,87 
Yangsan  —20,6 17,0 601,0 143,0 458,0 63,9 57,3 1,30 Cam Clay Consolidation 1,12 
#2(**) 246 17,0 734,0 182,0 552,0 72,8 69,0 1,30 Cam Clay Consolidation 1,06 
37,3 17,0 1064,0 307,0 757,0 94,6 94,6 1,20 Cam Clay Consolidation 1,00 
-39,9 17,0 1139,0 333,0 806,0 99,9 100,8 1,20 Cam Clay Consolidation 0,99 
Namak 1 =6,1 15,0 194,0 60,0 134,0 12,0 16,8 1,70 Cam Clay Consolidation 0,72 
(**) 
Namak2 -6,0 15,0 228,0 49,0 179,0 24,7 22,4 3,00 Cam Clay Consolidation 1,10 
(**) -11,9 18,0 502,0 107,0 395,0 33,1 49,4 1,30 Cam Clay Consolidation 0,67 
Namak3  -5,7 15,0 206,0 36,0 170,0 18,9 21,3 1,70 Cam Clay Consolidation 0,89 
(**) 
Namak4 -3,5 13,0 102,0 25,0 77,0 12,0 96 2,90 Cam Clay Consolidation 1,25 
Ce) —9,0 16,0 313,0 78,0 235,0 31,0 29,4 2,20 Cam Clay Consolidation 1,06 
Incheon2 -26,0 12,0 545,0 176,0 369,0 61,6 46,1 2,10 Cam Clay Consolidation 1,33 
(**) —28,6 14,0 874,0 202,0 672,0 93,2 84,0 2,20 CamClay Consolidation 1,11 
Gunsan =5,0 15,0 171,0 39,0 132,0 15,7 16,5 2,00 Cam Clay Consolidation 0,95 
(**) 


dicting a constitutive parameter such as s, from 
independent measurements enhances the reliability 
in estimating soil properties. 

Further studies are required to validate the 
approach in heavily overconsolidated soils. Cau- 
tion is required on the interpretation of tests in 
silty-clay, fissured clay or in the vicinity of sand 
lenses, where partial drainage can affect piezocone 
dissipation testing data. 
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Realistic numerical simulations of cone penetration with advanced 
soil models 
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ABSTRACT: The analysis of soil penetration represents a challenging class of geotechnical problems 
due to large deformations, high gradients of the field variables (stresses, strains, pore pressures, etc.) 
around the penetrometer, the various drainage conditions and complex constitutive behavior of soils. 
Most prior research using large deformation Finite Element (FE) methods has been limited to simplified 
assumptions on drainage conditions and constitutive behavior. Following earlier work by Hu & Randolph 
(1998), we propose a finite element analysis procedure using automated remeshing and solution mapping 
within a commercial FE solver (ABAQUS Standard) in order to simulate quasi-static piezocone penetra- 
tion using advanced effective stress soil models. Predictions of piezocone penetration using the proposed 
FE analyses are evaluated through comparison with undrained steady state analytical solutions obtained 
from the Strain Path Method and with field measurements from Boston. Predictions of partially drained 
penetration are compared with recently published 2-phase MPM analyses and with data from laboratory 
(1g and centrifuge) model tests in kaolin. 


1 INTRODUCTION published studies for cone penetration use total 
stress analyses and highly simplified models of 
Piezocone testing is widely used in geotechnical soil behavior (e.g., linearly elastic perfectly-plastic, 
engineering to investigate subsurface stratigraphy | EPP). Only two studies have specifically consid- 
and to estimate engineering properties of perti- ered partial drained piezocone penetration: 1) Yi et 
nent soil units based (primarily) on measurements al. (2012) use a conventional updated Lagrangian 
of tip resistance and penetration pore pressures. formulation for coupled consolidation (ABAQUS/ 
Most quantitative interpretations of the data are Standard; with local controls on mesh distortion) 
based on empirical classification schemes and together with an EPP model; while 2) Ceccato et 
correlations. The theoretical basis for estimating al. (2016) use a two-phase mixture MPM program 
parameters such as undrained shear strength in  (Anura3D, 2017) with the Modified Cam Clay soil 
homogenous, low permeability clays is also well model (MCC; Roscoe & Burland, 1968). 
established using the Strain Path Method (SPM; This paper proposes a numerical procedure 
Baligh, 1985; Teh & Houlsby, 1991) in conjunction for simulating large deformation piezocone pen- 
with relevant constitutive models. However, there  etration using an automated mesh-to-mesh solu- 
is clearly a need for more comprehensive predictive tion mapping procedure in Abaqus/Standard™ 
capabilities for interpreting penetration in soils of (Simulia, 2016) which is conceptually similar to 
transitional permeability and in interpreting piezo-  RITSS (Remeshing and Interpolation Technique 
cone signatures in layered soil systems. with Small Strain). This method enables simula- 
Finite element analyses offer a general frame- tion of partially-drained coupled consolidation 
work for tackling these large deformation prob- with advanced effective stress soil models. 
lems. Special procedures are needed to control 
mesh distortions when using conventional 
Lagrangian FEM, (e.g., RITSS; Hu & Randolph, 2 METHODOLOGY 
1998) while more advanced methods (ALE: van 
den Berg, 1984; MPM: Beuth et al., 2012) mitigate Figure 1 illustrates the general algorithm proposed 
this problem by considering the Eulerian flow of for finite element analyses of cone penetration. 
soil particles through a mesh. Nearly all of the The procedure combines conventional Lagrang- 
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Figure 1. General algorithm for automated re-meshing 
and solution mapping in FE analysis (Orazalin, 2017). 


ian FEM with separate remeshing (of the entire 
domain) and solution mapping and interpolation 
of the solution variables (stresses, pore pressures, 
state variables, etc.), using the mesh-to-mesh fea- 
ture available in Abaqus/Standard. 

This is controlled through a scripting inter- 
face (that uses the same syntax and operators as 
Python) that allows users to bypass Abaqus Envi- 
ronment's Graphical User Interface and commu- 
nicate directly with the program kernel. After each 
remeshing step, a single Command is needed to 
initiate creation of the new FE model: 


mdb.Model(name = newmodel, objectTo- 
Copy = mdb.models[oldmodel]) 


The accuracy of the analysis depends on the 
success of the interpolation employed to map the 
solution variables. This is especially important for 
complex models with (discontinuous) history-de- 
pendent state variables. The only required input is 
the frequency of remeshing which can be tailored 
to the specific problem of interest. 

Figure 2a shows the geometry of the FE model 
for simulating axisymmetric cone penetration. 
Coupled consolidation within the soil mass is 
represented using 4-noded triangular elements 
(CAX4P) with bilinear interpolation of displace- 
ments and pore pressures and full integration 
of element stresses. The model uses an unstruc- 
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Figure 2. Finite element model of axisymmetric piezo- 
cone penetration. 


tured mesh constructed using an advancing front 
method-Delaunay algorithm (Borouchaki et al., 
2000). The penetrometer is specified as a rigid 
shell with a rounded tip geometry (Fig. 2b) which 
approximates the simple pile geometry (Baligh, 
1985). Previous studies (Aubeny, 1992) have found 
this to be a good approximation for the standard 
60° conical tip while mitigating potential numeri- 
cal problems associated with singular stress points. 

Contact between the penetrometer and soil is 
tracked using a finite sliding formulation (Simulia, 
2016) which requires that the master surface (pen- 
etrometer) has a continuous surface normal at all 
points in order to avoid numerical convergence 
problems. Abaqus automatically smooths the tran- 
sition between element facets along the master sur- 
face using a control parameter, f: 


f=0//1=0 y/l, 


where 1, and 1, are the lengths of the adjacent facets 
and 0%, œ, the associated transition lengths. 

In order to maintain accuracy in tracking 
the contact surface through multiple cycles of 
re-meshing and interpolation, the analyses use 
f = 0.01, with re-meshing conducted at fixed pen- 
etration intervals, Ay/R = 0.1. The current analyses 
assume smooth, frictionless contact between the 
penetrometer and the soil (6 = 0°). 

The FE model represents a standard piezocone 
(R=1.78cm) moving vertically at specified displace- 
ment rate, v, within a homogenous element of soil 
(0.5m high with radius 0.5m; i.e., z/R = 28 = r/R). 
The model simulates a calibration chamber con- 
figuration (i.e., uniform initial stress state) with an 
initial vertical effective stress, o” , = 100kPa applied 
as a surcharge at the top surface and K, conditions 
(controlled by stress history). The far boundaries 
(lateral and base) are free draining (zero excess 
pore pressures), while the top surface is assumed to 
be impermeable. The current analyses assume that 
the tip of the penetrometer is embedded within the 
clay (i.e., there is a perturbation of the initial stress 
field to achieve drained equilibrium), in order to 
simplify the computations. 

The proposed procedure has proved to provide a 
robust framework that can be used in conjunction 
with a range of advanced effective stress models 
of soil behavior. Here, we compare predictions for 
two rate independent elasto-plastic models, Modi- 
fied Cam Clay (MCC; Roscoe & Burland, 1968) 
and MIT-E3 (Whittle & Kavvadas, 1994) using 
parameters corresponding to resedimented BBC 
(Boston Blue Clay). The MIT-E3 model is able to 
describe aspects of the non-linear and anisotropic 
stress-strain-strength properties measured in labo- 
ratory element tests (Whittle et al., 1994). All of 
the analyses assume a constant hydraulic conduc- 
tivity, k = 1 x 107 cm/s. The two soil models are 
integrated within Finite Element solvers through 
UMAT (user-defined material model) subroutines 
(Hashash, 1992; Akl, 2010; Orazalin, 2015) and 
have been compared in prior analyses of penetrom- 
eter tests in clays using the Strain Path Method 
(Aubeny, 1992; Aubeny & Whittle, 1992). 


3 UNDRAINED PENETRATION 


Figure 3 shows the remeshing process and typical 
predictions of the excess pore pressures at sev- 
eral different tip depths. The results in Figure 4 
compares finite element predictions for standard 
piezocone penetration (v = 2cm/s) in K0-consoli- 
dated BBC using the MCC and MIT-E3 soil mod- 
els. Automatic remeshing (and interpolation) has 
been carried out at fixed intervals in these analyses 
(Az/R = 0.1), such that there is no apparent distor- 
tion in the meshes shown in Figure 3, while effects 


MIT-E3 model 
(Penetration Depth=4.2R) 


MCC model 
(Penetration Depth=4.2R) 


MIT-E3 model 
(Penetration Depth=7.5R) 


MCC model 
(Penetration Depth=7.5R) 


Figure 3. Excess pore pressure fields for undrained pen- 
etration in K,-normally consolidated BBC (MCC and 
MIT-E3 models). 
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Figure 4. Effect of soil model and stress history on pre- 
dictions of undrained penetration resistance. 


of the initial embedment are seen in the excess pore 
pressures near to the top surface. There is minimal 
migration of pore water within the model (this is 
readily checked by increasing the displacement 
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rate). The computed excess pore pressures around 
the tip of the penetrometer at z/R = 5.5 are in close 
agreement with prior Strain Path analyses using 
the same soil models (Aubeny, 1992). 

Figure 4a shows the computed net tip resist- 
ance, (q,-0,,)/0”,, as a function of the penetration 
depth for the MCC soil model with OCR’s rang- 
ing from 1.0-4.0. These results show rapid conver- 
gence towards steady state penetration conditions. 
In contrast, predictions for MIT-E3 (Fig. 4b) show 
the tip resistance increasing more gradually with 
penetration depth. This result can be attributed 
to the effects of non-linear shear stiffness at small 
strains, that generate a much larger zone of excess 
pore pressures around the penetrometer. The 
current analyses were extended to a total depth, 
z/R = 8.25, at which point the excess pore pressures 
were affected by proximity to the base boundary 
in the model. 

Figure 5a compares the net tip resistance from 
the current finite element and prior steady state 
Strain Path analyses (presented by Aubeny, 1992). 
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Figure 5. Evaluation of FE predictions of undrained 
penetration resistance in BBC. 
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There is excellent agreement between the two sets 
of analyses for MCC (for OCR = 1.0-4.0). The FE 
predictions for MIT-E3 (interpreted at the final 
penetration depth) are also in reasonable agree- 
ment with the prior SPM analyses but further 
refinements are needed to establish steady state 
conditions in the FE model. 

Differences in the computed tip resistance from 
the two soil models can be linked to the und- 
rained strength anisotropy of MIT-E3. The two 
models exhibit similar shear strength in triaxial 
compression, but MIT-E3 predicts lower strength 
in the direct simple shear and extension models 
(Supss/Sutc = 0.65, Surr/Sure = 0.64, respectively, at 
OCR = 1.0). 

There are several well documented sets of pie- 
zocone data in BBC. Figure Sb compares results 
from tests published by Ladd et al. (1998) from 
the CA/T Special Test Site in South Boston. The 
results show the mean and standard deviation of 
the net cone resistance and OCR computed over 
3m (10ft) intervals through the full depth (43+m) 
of the clay. The data show significant scatter in 
net tip resistance with OCR. However, it is appar- 
ent that the MCC model generally overestimates 
the measured behavior, while MIT-E3 is in better 
agreement with the data (especially at low OCR). 


4 EFFECTS OF PARTAL DRAINAGE 


Partial drainage refers to the situation where there 
is concurrent generation and dissipation of excess 
pore pressures during steady penetration. McNei- 
lan and Bugno (1984) showed that resistance (of 
a standard 10cm? cone at 2cm/s) was closely cor- 
related with the hydraulic conductivity of silts at 
four sites where k ranged from 107-107 cm/s. The 
reported tip resistance for drained penetration (k > 
10*cm/s) were a factor of 7 larger than that meas- 
ured in undrained situations (k < 10cm/s). Suzuki 
and Lehane (2014) investigated partial drainage in 
lightly overconsolidated Burswood clay by vary- 
ing the penetration rates in the range v = 2 x 10*— 
2.0cm/s. Their data showed a factor of 2 difference 
between drained and undrained penetration. The 
highest tip resistance at the slowest penetration 
rate (fully drained) but the lowest tip resistance 
occurred in the range 0.02-0.2cm/s suggesting that 
penetration properties are also influenced by rate- 
dependent soil behavior. 

Partial drainage effects can be readily simulated 
in the proposed FE analyses by varying either the 
penetration rate, hydraulic conductivity or size of 
the cone. Results in Figure 6 show typical predic- 
tions of penetration tip resistance (in the calibra- 
tion chamber model, Fig. 1) using the MCC soil 
model for normally consolidated BBC at penetra- 
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Figure 6. Effect of penetration rate on computed pen- 
etration resistance using MCC soil model. 
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Figure 7. Effect of penetration rate on computed pen- 
etration resistance using MCC soil model. 


tion rates varying from 4 x 10%-200cm/s. Each 
simulation was conducted to a minimum penetra- 
tion depth, z/R = 5 with at least 50 automated re- 
meshing steps. 

The steady state penetration resistance is well 
defined in each of these simulations. The results 
show that drained penetration ([q,-0,//0”,, = 5.47) 
occurs for v < 2 x 10cm/s; while undrained behav- 
ior is found in all case with v > 0.02cm/s ([q,-0,]/ 
O”, = 2.45). Partial drainage effects are observed 
for intermediate values of v. Figure 7 shows the 
computed excess pore pressures at a fixed point in 
the FE model (r/R = 1; z/R = 2.5). These results 
show that maximum excess pore pressures occur 
close to the base of the cone for undrained pen- 
etration, while there are no excess pore pressures in 
the fully drained penetration. 

In order to validate the proposed FE analyses, 
we have attempted to replicate recent numerical 
simulations of piezocone tests reported by Cec- 
cato et al. (2016) using the Material Point method 
(MPM). Ceccato et al. (2016) also use the MCC 
soil model with input parameters selected for 


K,-normally consolidated kaolin. They report 
results corresponding to selected values of a nor- 
malized velocity, V[-] = vD/cv (after Randolph & 
Hope, 2004) where D is the one diameter and c, is 
a constant coefficient of consolidation. In general, 
the stiffness of the surrounding soil will vary with 
the penetration induced stresses (and is therefore 
not constant). Ceccato et al. (2016) select a refer- 
ence value (based on compression properties of 
NC kaolin): 


¿tal (1) 


where k is the hydraulic conductivity, e, and O”, 
are specified initial void ratio and vertical effective 
stress (1.41, 50 kPa), A is the virgin compression 
index (0.205) and y, the unit weight of water. 

Figure 8 compares the FE and MPM predictions 
of penetration resistance for NC kaolin at selected 
values of V. The results show excellent agreement 
between the two analyses for undrained conditions 
(V = 501). However, the FE analyses predict higher 
tip resistance at lower values of the normalized 
velocity. For the fully drained case the FE analyses 
predict that a net tip resistance ([q, — 0,)]/0%, = 4.1) 
that is 25% higher than the values reported by Cec- 
cato et al. (2016). The source of this discrepancy 
requires further investigation but may be related in 
part to difference in the tip geometry (the MPM 
analyses uses a 60° conical tip, while the FE use a 
rounded geometry as shown in Fig. 1). 

Ceccato et al. (2016) also show that there the 
interface friction between the cone and soil can 
have a large effect on penetration resistance, partic- 
ularly for drained penetration. We plan to extend 
the current FE analyses to include effects of tip 
geometry and interface shear resistance. 

There are a variety of laboratory tests that have 
been used to investigate cone resistance in nor- 
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Figure 8. Comparison between proposed FE analyses 
and results reported using MPM method (u = 0) using 
MCC model for NC Kaolin. 
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Figure 9. Comparison of computed and measured 
effects of partial drainage on piezocone tip resistance in 
kaolin. 


mally consolidated kaolin including data from 1-g 
calibration chamber tests and centrifuge model 
tests. May (1987) performed a suite of tests at 
different penetration rates using miniature piezo- 
cones (A = lem? and Sem?) in 1g calibration cham- 
ber specimens with V = 480-1050 (based on lab 
measurements of c,) i.e., tests in the undrained 
range where viscous effects are expected. Schneider 
et al. (2007) report results of centrifuge tests with 
a miniature piezocone (A = 0.079cm?) at velocities 
v = 0.3 4 x 10%cm/s (V = 0.05-500, based on the 
reference value of c,, Eqn. 1). 

Figure 9 compares the measured net tip resist- 
ance from these experiments with the predictions 
from the current FE analyses and the prior MPM 
analyses by Ceccato et al. (2016) using a range 
of interface friction coefficients (u = 0 = 0.42). 
In undrained conditions the FE analyses (V > 50), 
the proposed FE analyses are in very good agree- 
ment with net tip resistance measurements in the 
calibration chamber, but generally underestimate 
the data from the centrifuge model tests. This dis- 
crepancy becomes more pronounced in slow pen- 
etration tests (drained conditions, V < 0.1) where 
the measured tip resistance 6.9-7.4 (vs 4.1 pre- 
dicted). MPM analyses of partially drained pen- 
etration predict lower tip factors than the current 
FE analyses (when compared with a smooth inter- 
face, m =0). When interface friction is included the 
MPM model can match the measured drained tip 
resistance for u 0.3. 

These comparisons should be viewed as prelimi- 
nary. On-going research is now focused on the role 
of more advanced soil model in simulating par- 
tially (and fully) drained penetration. 


5 CONCLUSIONS 


This paper has proposed an automated proce- 
dure for remeshing and interpolation in conjunc- 
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tion with a standard Lagrangian FE method to 
simulate large deformations caused by quasi-static 
piezocone penetration in soil. This methodology 
enables practical calculations of steady state pen- 
etration conditions with partial drainage using 
advanced effective stress soil models. The current 
paper demonstrates the accuracy of the proposed 
FE analysis for representing undrained penetration 
in clays using the MCC and MIT-E3 soil models, 
through comparison with prior Strain Path analy- 
ses and field measurements. Simulations of par- 
tially drained penetration (that would typically 
occur in transitional soils) are represented by using 
the MCC model to represent penetration in kaolin 
at a range of penetration velocities. Discrepancies 
from prior MPM analyses of drained penetration 
may be related to modeling of tip geometry and 
interface friction, while future studies will focus on 
implementations with advanced models that can 
represent the behavior of silts. 
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Calibrating NTH method for @ in clayey soils using centrifuge CP Tu 


Z. Ouyang & P.W. Mayne 
Georgia Institute of Technology, Atlanta, USA 


ABSTRACT: An existing effective stress limit plasticity solution for piezocone penetration tests (CPTu) 
developed at the Norwegian Institute of Technology (NTH) is calibrated to evaluate the effective stress 
friction angle ’ for clayey soils subjected to centrifuge model testing. Results from previously conducted 
in-flight mini-piezocone tests by various institutes were compiled for study, including readings taken from 
13 series of centrifuge chamber tests on artificially prepared clays, mainly kaolin and kaolinitic-silica 
mixtures. Effective stress friction angles from companion triaxial compression tests (CAUC or CIUC) 
and/or Direct Simple Shear (DSS) tests on these soil deposits were adopted as the benchmark reference 
to verify the reasonableness of the NTH method in assessing 6’ at constant penetration rates, as well as a 


few special tests conducted at variable rates. 


1 INTRODUCTION 

The use of laboratory testing and artificially-pre- 
pared soils helps mitigate the issues of inherent 
variability and scatter from natural soil deposits 
when evaluating results from field tests. Also, it 
is possible to minimize the uncertainty involved 
in interpreting in-situ test results by verifying, in 
a calibration chamber, any analytical, theoreti- 
cal numerical, or empirical relationship between a 
measured quantity and the reference soil param- 
eters (Ouyang & Mayne 2016). 

This study illustrates the interpretation of 6’ 
from clays in centrifugal model chamber tests 
containing artificially-prepared soils under vari- 
ous accelerations and subjected to mini-piezocone 
penetration tests (CPTu). Results from a total of 
13 centrifuge model test series on manufactured 
clayey soils, mainly kaolinitic clay deposits and 
silica-kaolin mixtures. 

The data are taken from in-flight mini-piezo- 
cone penetrometer testing at constant penetration 
rates, as well as a few variable penetration rate 
tests (twitch testing). The total cone tip resistance 
(q,) and penetration porewater pressure (u,) at the 
shoulder position from the miniature penetrom- 
eters were recorded. Details on centrifuge model 
test dimensions, accelerations, piezocone diame- 
ters, test rate and soil parameters such as moisture 
content, liquid limit, plasticity index, and stress 
history were reviewed and tabulated. 

The interpretation of the effective stress fric- 
tion angle 6’ from CPTu is carried out using an 
existing undrained limit plasticity solution from 
the Norwegian Institute of Technology (Senneset 
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et al. 1989, Senneset & Janbu 1985). The evaluated 
effective stress friction angle o’ from the centrifuge 
CPTu soundings are compared with benchmark 
values primarily obtained from laboratory CAUC 
and/or CIUC triaxial tests on the corresponding 
soils to examine the validity of the solution. 


2 CENTRIFUGE MODEL TESTING 


2.1 Principles of centrifuge modeling 


The geotechnical centrifuge is a useful tool to 
study the mechanical behavior of soils for very 
large physical structures in order to allow model- 
ling at large strains where failure is too costly to 
conduct at full scale (Schofield 1980). The centri- 
fuge applies an increased gravitational acceleration 
to small-scale physical models to produce identical 
self-weight stresses in the model that simulate those 
in the prototype. Thus, results from the centrifuge 
model tests can be utilized to validate and calibrate 
analytical and/or numerical methods. Details on 
the principles and operations of the centrifuge, 
scaling laws, equipment, and procedures are given 
by Springman et al. (2010). 


2.2 Geomaterials used in centrifuge tests 


The centrifuge series reviewed in this study 
were collected from laboratory programs estab- 
lished at the University of Western Australia, 
Cambridge University, National University of 
Singapore, University of Colorado Boulder, and 
Zhejiang University, which have different equip- 
ment, acceleration capacities, and dimensions. 


For this study, the focus was on clayey type soils 
and the geomaterials that were subjected to cen- 
trifuge modeling are mainly kaolinitic type clay 
deposits and silica-kaolin and or clay-sand mix- 
tures, which are prepared initially as a slurry and 
then consolidated in the model chambers. For the 
majority of the soils studied in this paper, the stress 
histories applied in the chamber tests focused on 
normally consolidated (NC) to lightly-overcon- 
solidated (LOC) clay deposits. A special series of 
tests by Cinicioglu et al. (2006) investigated a range 
of tests with 1 < OCRs < 150, where OCR = o’/ 
O”, = overconsolidation ratio. 

Table 1 shows the summary information on 
the centrifuge series including accelerations, clay 
types, and their data reference sources. 

Table 2 illustrates the geotechnical index param- 
eters of the clay deposits which was prepared, such 
as water content, liquid limit, plasticity index, and 
overconsolidation ratio. The initial water contents 
(w,) of the soils before the consolidation stage 
ranged from 30% to 136%, the liquid limit (LL) 
was between 27% to 80%, and the plasticity index 
(PI) varied around 2% to 35%. 


2.3 Mini-piezocone penetration tests in centrifuge 


Each of the soil deposits was tested using miniature 
piezocone penetrometers. Most of the probes had 
a diameter of d = 10 mm, except the penetrometers 
adopted by Zhou et al (2014) and Silva & Bolton 
(2005) where d=12 mm, and Cinicioglu et al. (2006) 
used a mini cone with d = 11.3 mm. The equivalent 


Table 1. Centrifuge model test series reviewed in this 
study. 
No. a, Clay type Reference 
1 100 Kaolin 1 Teh et al (2007) 
2 100 Sandy Kaolin Teh et al (2006) 
3 160 Kaolin 2 Schneider (2008) 
4 110 Kaolin 3 Mahmoodzadeh & 
Randolph (2014) 
5 160 Kaolin 4 Randolph & Hope (2004) 
6 100 Pisa Clay 1 Burland et al. (2003) 
7 100 Pisa Clay 2 Burland et al. (2003) 
8 100 Pisa Clay 3 Burland et al. (2003) © 
9 150 Speswhite Kaolin Cinicioglu et al. (2006) 
10 30 Clayey Sand Zhou et al. (2014) 
11 50 Silica flour Silva & Bolton (2005) 
12 100 K75-S25° Fitzgerald (2009) 
13 75 China Kaolin Esquivel and Silva (2000) 


Notes: a, = centrifuge acceleration in g; 

“Additional data from Jamiolkowski & Pepe (2001); 
OAdditional information from Cinicioglu et al. (2007); 
Mixture of 75% kaolin + 25% sand. 
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Table 2. Geotechnical parameters of the clayey soils in 
the centrifuge series. 


Indices 
No. Clay type w,(%) LL(%) PI(%) OCR 
1 Kaolin 1* 120 61 27 1.0 
2 Sandy Kaolin 120 80 35 1.0 
3 Kaolin 2 120 61 34 1.0 
4 Kaolin 3° 120 61 27 1.0 
5 Kaolin 4" 120 61 27 1.0 
6 Pisa Clay 1 88 71 29 1.6 
7 Pisa Clay 2 88 52 24 1,2 
8 Pisa Clay 3 88 56 23 1.1 
9  Speswhite Kaolin 136 52 21 1.0 
10 Clayey Sand NA NA 27 1.0 
11 Silica flour 31 21. 2 NA 
12 K75-S25 92 46 22 NA 
13 China Kaolin 106 53 21 1.0 


*same type of kaolin used. 


Table 3. Chamber sizes and penetrometer information. 


Equipment and test parameters 


Soil 

no. Chamber size” d(mm)  v(mm/s) V 
1 650 - 390 - 340 10 1 64 
2 500 - 3700 10 25 40 
3 650 - 390 - 325 10 3 630 
4 650 - 390 - 325 10 0.0045 tol 160° 
5 650 - 390 - 325 10 1 120 
6 850 - 400° 10 1 NA 
T 850 - 4000 10 1 NA 
8 850 - 4000 10 1 NA 
9 606 . 537° 11.3 20 400 

10 730 - 350 - 300 12 1 NA 

11 850 - 4000 12 2to8 >40 

12 650 - 390 - 325 10 1 62 

13 NA 12.7 NA NA 


WRectangular chamber: Length - Width - Height (mm); 
Cylindrical chamber: Diameter - Height (mm); 
GIV varies from 1 to 160 based on different push rate. 


prototype depth was calculated as the product of 
the model depth times the acceleration. 

Two sets of CPTu test series are analyzed to 
observe the influence of penetration rate: (a) inflight 
penetration with a constant push rate test, and (b) a 
limited series of twitch tests with variable penetra- 
tion rates. Table 3 lists the details about the centri- 
fuge chamber sizes (rectangular shape chamber/ 
cylindrical chamber), penetrometer probe dimen- 
sions, and the corresponding penetration rates that 
were adopted for analysis in these test series. 


A non-dimensional velocity parameter V = v-d/c, 
where v = push rate, d = cone diameter and c, = coef- 
ficient of consolidation has been defined to deter- 
mine the drainage regime of the soils during testing 
(DeJong et al 2013, Randolph & Hope 2004), where 
a V > 30 indicates undrained penetration. For most 
of the centrifuge testing series investigated in this 
paper, it is believed that the geomaterial undergo 
undrained penetration process, except for the twitch 
test series studied in the later section of the paper, 
which simulate different drainage regimes. 


3 EFFECTIVE FRICTION ANGLE 
FROM CPTU 


Soft to firm to stiff intact clays will exhibit excess 
porewater pressures during penetration tests 
(Au > 0). An effective stress limit plasticity solution 
from NTH was derived for the CPTu (Senneset & 
Janbu 1985) towards the evaluation of Y” during 
undrained penetration. The full solution allows for 
an interpretation of a paired set of effective stress 
Mohr-Coulomb strength parameters (c’ and 6’) for 
all soil types, including: sands, silts and clays, as 
well as mixed soils (Sandven 1990). 

Ouyang and Mayne (2016) reviewed data from 
11 series of 1-g clay chamber tests using miniature 
cone and piezocone penetrometers and found that 
the NTH solution gave good evaluations of $ for 
prepared deposits of clays, mostly having used 
kaolin and/or kaolinite-sand mixtures in these 
testing programs. In a larger study, Ouyang and 
Mayne (2017) helped to verify the limit plasticity 
NTH solution by calibrating the theory with data 
from 105 field sites underlain by natural clays and 
clayey silts that were subjected to both field CPTu 
and laboratory triaxial testing. 

For the specific case (c’ = 0, B = 0°), a closed- 
form version of the analytical solution was derived 
for calculating the effective stress friction angle 6’ 
for clays, silty clays, and clayey silts in the follow- 
ing mathematical format: 


_ tan?(45°+ 9/2) -exp(x tan Y) —1 
1+6-tang -(1+tan 9)- B, 


(1) 


where the original NTH cone resistance number 
(N,,) is equal to Q =q,,,/o%, = normalized cone tip 
resistance, and B, = Au/q,,, = porewater pressure 
parameter, d, = q, — Oy = net cone resistance, 
and Au = u, — u, = measured excess porewater 
pressure. 

A full inversion of Equation (1) is not possible, 
yet an approximate solution can be developed over 
an expected range of effective stress friction angles 
(20° < y” < 45°) and limited values of porewater 
pressure parameter (0.1 < B, < 1.0): 
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Figure 1. NTH method for evaluating K’ from CPTu in 
intact clays and clayey silts using approximate and exact 
solutions. 


y = 29.5° - BP" [0.256 + 0.336-B, + log Q] (2) 

The approximate expression is compared with 
the actual closed-form analytical solution in 
Figure 1 and seen to be in reasonable agreement 
over the specified ranges of 6’ and B,. 


4 APPLICATION TO CENTRIFUGE SERIES 


Most of the data from in-flight mini-piezocone 
tests in centrifuge series were taken at constant 
rates of penetration. In a few special series, termed 
“twitch tests”, the piezocone series recorded the 
penetration readings at variable rates of penetra- 
tion. Selected examples are presented in the follow- 
ing subsections to illustrate the application of the 
NTH method. 


4.1 Constant rate piezocone testing in centrifuge 


Centrifuge testing on kaolin (Soil ID No. 3) was 
performed using the beam centrifuge at the Univer- 
sity of Western Australia (UWA). The clay samples 
were prepared in 325 mm high strong boxes with 
plan dimensions of 390 mm by 650 mm. Normally- 
consolidated kaolinitic clay having a liquid limit of 
61%, plasticity index of 34%, and initial water con- 
tent of around 55% to 70% was prepared as slurry 
and consolidated. Afterwards, the deposit was 
subjected to an acceleration of 160 g and inflight 
piezocone tests made with a constant probe push 
rate of 3 mm/s. Miniature piezocone penetration 
test were conducted using a 10 mm diameter pen- 
etrometer with a 60 degree tip angle, which has a 
polypropylene filter element behind the 1 mm high 


CPTu Readings (kPa) Cone Resistance Number, Q 
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patos 
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Figure 2. Profiles of qa» Au, Q and B, in NC kaolin in 
centrifuge testing (data from Schneider 2008). 


Net Cone Resistance, qne (kPa) 


Effective Vertical Stress, oy. (kPa) 


Figure 3. Derivation of the cone resistance number Q 
for kaolin 2 (data from Schneider 2008). 


cone shoulder to measure u,. The cone did not 
have a friction sleeve (Schneider 2008). 

Figure 2 illustrates the profiles of the net cone 
resistance (qae = ,— Ovo) and the excess pore water 
pressures (Au = u, — u) measured during the centri- 
fuge piezocone penetration test. The corresponding 
profiles of cone resistance number Q and normalized 
porewater pressure B, are also shown in the figure. 

The input parameters Q and B, for calculat- 
ing the friction angle $ using the NTH solution 
can also be found by the following process. The 
cone resistance number Q is found as the slope 
from plotting net cone resistance q,,, vs. effective 
overburden stress 0%, as illustrated in Figure 3. 


Excess PWP, Au; (kPa) 


o 150 300 450 600 
Net Cone Resistance, qnet (kPa) 


Figure 4. Derivation of porewater pressure parameter 
B, for kaolin 2 (data from Schneider 2008). 
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Figure 5. Comparison of NTH evaluated effective fric- 


tion angle Y” from CPTu with lab DSS (data from Sch- 
neider 2008). 


In this example, we force the line through the ori- 
gin (assuming c'= 0) to obtain Q = 3.88. By the 
same token, the normalized porewater parameter 
B, is determined as the slope of measured excess 
porewater pressure Au = (u,— u,) versus net cone 
resistance qae giving the value of B, = 0.53 for this 
sounding, as indicated by Figure 4. The paired 
Q-B, are the input for friction angle calculation 
and according to Figure 1, the evaluated (” from 
the CPTu sounding is ’ = 28.39. This value com- 
pares well with a measured value of ’ = 28.6" 
obtained from laboratory direct simple shear test 
(DSS) on the same soil, as confirmed by Figure 5. 


4.2 CPTu twitch test at 110g acceleration 


A special series of CPTu soundings that are con- 
ducted at variable penetration rates are termed 
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twitch tests (Randolph 2004; DeJong et al. 2013). 
Twitch testing is known to influence the measured 
magnitudes of cone resistance q, and porewater 
pressure u, and was devised to study the quantify 
the effects of partial drainage, viscous behavior, 
and dissipation response of soils (Randolph & 
Hope 2004). In low permeability soils, by vary- 
ing the CPTu penetration rate during centrifuge 
testing, one can monitor the consolidation condi- 
tions from undrained to partially-drained to fully 
drained. In this case study, a series of centrifuge 
CPTu of various probe push rates on normally 
consolidated kaolin under an acceleration of 110 g 
were done by UWA to examine the sensitivity of 
the NTH method in evaluating 0”. 

As reported by Mahmoodzadeh and Randolph 
(2014), a commercial dry kaolin (clay ID No. 4 in 
Table 1) was mixed under a vacuum at an initial 
water content of 120% before being placed above 
a sand drainage layer in the centrifuge strongbox. 
Consolidation was applied in steps with the final 
sample height recorded at 230 mm and corre- 
sponding to a prototype depth of 25.3 m. 

Penetration rates for these six twitch test series 
varied from 1 mm/s to 0.0045 mm/s and the effect 
of the testing rate on the interpretation of the 
soil parameters were analyzed. The change of the 
penetration rate could indicate the change of the 
drainage condition during the penetration for the 
kaolin clays subjected to CPTu, with the fastest 
rate of 1 mm/s to be undrained penetration and 
the lowest rate 0.0045 mm/s to be drained. Table 4 
lists the information about the twitch testing ID, 
the corresponding penetration rate, the net cone 
resistance q,,, at the final test depth, the excess 
porewater pressure Au at the final test depth, the 
cone resistance number Q, the normalized pore- 
water pressure parameter B, and the evaluated 
Y” using the NTH approximate solution. It is 
observed that the magnitude of Q increases and B, 
decreases as the penetration rate decreases (und- 
rained to drained). However, when the paired sets 
of Q and B, are plotted on the NTH solution chart 
given by Figure 6, they all follow the same friction 


Table 4. Measured qa and Au plus derived B, and Q 
from CPTu centrifuge twitch testing on kaolin (data from 
Mahmoodzadeh & Randolph 2014). 


ID yt Ane (KPa) Au (kPa) B, Q NTHO 
PC-1 1 207 146 0.71 2.0 22.20 
PC-2 0.45 249 148 0.59 2.4 22.9 
PC-3 0.15 300 126 0.42 2.8 22.60 
PC-4 0.045 405 71 0.18 3.8 21.4° 
PC-5 0.015 495 28 0.06 4.7 19.7 
PC-6 0.0045 501 9 0.02 4.7 17.0° 


* Piezocone probe push rate in mm/s 
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Figure 6. NTH CPTu evaluated @’ for kaolin subjected 
to centrifuge twitch testing (data from Mahmoodzadeh 
& Randolph 2014). 


Table 5. Laboratory measured friction angles and NTH 
parameters from the centrifuge CPTu soundings. 
Lab and CPTu parameters 

No. Clay type Lab B, Q NTH 0’ 
1 Kaolin 1 23.0° 0.18 5.35 25.1° 

2 Sandy Kaolin 23.0° 0.29 3.73 23.5° 

3 Kaolin 2 28.6% 0.54 3.9  28.3° 

4 Kaolin 3 23.0° 0.71 2.0 22.2 

5 Kaolin 4 23.0° 0.57 2.43 23.0° 

6 Pisa Clay 1 23.5% 0.34 3.95 25.0° 

7 Pisa Clay 2 28.0° 0.71 3.16 28.1° 

8 Pisa Clay 3 27.0° 0.59 3.1 26.22 

9 Speswhite Kaolin 25.22 0.92 1.87 24.4 

10 Clayey Sand 31.0° 0.05 20 32,32 

11 Silica flour 36.6° 0.01 100 37.1° 

12 K75-S25 25.0° 0.37 4.22 26.4° 

13 China Kaolin 23.0° 0.45 3.46 25.0° 


Notes: (a) lab reference ’ from triaxial compression tests 
(b) *from lab DSS tests shown in Figure 5. 


angle contour (’ = 23°), indicating agreement with 
the NTH solution for effective stress penetration. 


4.3 Database Summary 


For all 13 series of CPTu centrifuge tests at con- 
stant penetration rates, Table 5 provides the indi- 
vidual cone resistance number (Q) and normalized 
porewater pressure readings (B,) with their corre- 
sponding NTH effective friction angle 6 and the 
measured benchmark 6’ from laboratory testing. 
Figure 7 presents a summary plot for the meas- 
ured laboratory friction angle values versus the 
CPTu-determined values from centrifuge tests. 
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1. Kaolin 1 

3. Kaolin 2 

5. Kaolin 4 

7. Pisa clay 2 

10. Shanghai clayey sand 
11. Silica flour 

13. China Kaolin 


2. Sandy kaolin 

4. Kaolin 3 

6. Pisa clay 1 

8. Pisa clay 3 

9. Speswhite Kaolin 
12. K75-S25 


Arithmetic Statistics: n=13 
Measured q* Range: 23.2°- 36.6° 
Evaluated $' Range:20.8°- 37.1° 

Meas/Eval:0.91 - 1.10 (Mean = 1.0) - 

Standard Deviation = 0.05 

C.0.V=0.05 


Measured 9' from Lab Tests (deg) 


15 20 25 30 35 40 45 
Evaluated Friction Angle $' from NTH CPTu (deg) 


Figure 7. Comparison of laboratory benchmark meas- 
ured 6' versus NTH-evaluated ©’ from centrifuge CPTu 
series. 


Two sets of statistical measures were made on the 
data set, including: (a) arithmetic statistics, and (b) 
regression statistics, as indicated on the figure. The 
measured laboratory @’ cover the range from 23.2° 
to 36.6° and the CPTu-evaluated Y” values range 
from 20.8? to 37.19. From the arithmetic measures, 
the ratio of measured/evaluated values ranges from 
0.91 to 1.10 with an overall mean of 1.0 and stand- 
ard deviation = 0.05, giving a corresponding COV 
(coefficient of variation) = 0.05. From the regres- 
sion evaluations of laboratory vs. field values, the 
slope m = 0.99 with a coefficient of determination 
of r° = 0.921 and standard error of the Y-estimate 
SEY = 1.15 for a best fit line. The above statistics 
generally support that the NTH method gives 
a reasonable evaluation of the effective friction 
angle when compared with the laboratory refer- 
ence value. 


5 CONCLUSIONS 


Data from 13 series of in-flight mini-piezocone 
penetrometer tests in centrifuge deposits were 
reviewed for verifying the NTH limit plasticity 
solution (Sandven 1990; Senneset et al. 1989) in 
assessing the effective friction angle of normally 
consolidated to lightly over-consolidated clays and 
clayey silts. The majority of artificially-prepared 


deposits of clays included kaolinites or kaolin- 
sand mixtures. Primarily, the friction angle 6’ from 
laboratory triaxial compression tests served as the 
reference benchmark value. Results from constant 
penetration rate CPTu soundings gave good agree- 
ment with laboratory determined ©’. In addition, 
one series of CPTu twitch tests on kaolin clay at 
variable rates showed that as the behavior var- 
ied from undrained to partially drained to fully 
drained, the changes in Q and B, correspondingly 
followed the same $' contours established by the 
NTH solution. 
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CPT interpretation and correlations to SPT for near-shore marine 


Mediterranean soils 


S. Papamichael & C. Vrettos 


Technical University of Kaiserslautern, Germany 


ABSTRACT: CPT and SPT field data from the Mediterranean Region comprising onshore and offshore 
sands, silts, clays and organic soils were analyzed and cross-correlated for the purpose of this research. 
Laboratory tests on retrieved samples were utilized to aid the evaluation of the applicability of CPT as a 
site investigation tool. Identification of soil types was carried out using different empirical diagrams and 
compared with laboratory classification. The applicability of existing empirical CPT-SPT correlations 
was examined and a site-specific correlation was proposed. The results show that the available empirical 
charts work well for the majority of soils. Nonetheless, a refinement is required for the transition zones. 
Robust correlations between the cone resistance of CPT and the N-value of SPT are still missing and 
available approximations should be applied with caution. 


1 INTRODUCTION 

Modern site characterization is usually accom- 
plished by means of CPT testing and back anal- 
ysis based on empirical charts or even explicit 
expressions derived from case studies or calibra- 
tion chamber tests. Despite the advances of the 
last decades in in-situ testing, SPT is still widely 
used in many countries. Tip cone resistance q, Or 
blow-count number Ny», are then used to estimate 
soil mechanical properties. In most projects, only 
one of these two options is available mainly due 
to cost control. Designers are then enforced to 
determine equivalent values from SPT to CPT or 
reverse. However, reliable correlations are either 
site-specific or based on a limited number of test- 
ing results. Still, there is no consensus on the soil 
parameters to be used in such correlations. Ini- 
tially, the ratio q. / Nspp was expressed in terms of 
the mean grain size diameter D, (Robertson 1983). 
Various attempts have been made since then to 
identify other more suitable parameters to replace 
Ds, as the relevant independent variable. 

In the frame of the design of the Preveza- 
Aktio immersed tunnel on the western coast of 
Greece with considerable liquefaction potential, 
an extensive field investigation survey was carried 
out including CPT and SPT tests along the tun- 
nel alignment (Vrettos & Savidis 2004) in order to 
enhance reliability that is crucial in seismic design. 
The prevailing ground conditions comprise a wide 
spectrum of marine and near-shore soils, thus 
providing a seldom opportunity i) to evaluate the 


499 


applicability of CPT as a site investigation tool 
and ii) to cross-correlate the relevant values of 
CPT and SPT. In the following, soil classification 
derived from laboratory testing is compared to the 
predictions by CPT charts, existing CPT-SPT cor- 
relations are reviewed, and a site-specific correla- 
tion is presented. 


2 SOIL CONDITIONS AND FIELD 
TESTING 


Data on the soil conditions derive from fourteen 
boreholes distributed along the tunnel axis: eight 
onshore and six offshore. Exploration depth 
reached 80 meters below seabed level in the center 
of the strait. The limestone bedrock was not identi- 
fied. The deepest layers penetrated in the boreholes 
are Pliocene/Pleistocene deposits comprising hard 
clays, silts and marls with inclusions of sand layers. 
They are overlain by inhomogeneous Holocene 
marine sediments that comprise layers of sands, 
silts and clays, partially with a high content of 
organic matter. 

SPT testing was carried out at specific depths in 
the boreholes by recording the blow count number 
Nspr- Adjacent to each borehole, one CPTu test 
was performed. Near each onshore borehole an 
additional CPT was executed to complement the 
data. 

SPT tests were carried out according to the 
international reference test procedure and no 
further corrections were required to account for 


rod length effects and rod energy ratio, sampling 
method or borehole diameter. The measured 
Ngp;-Values correspond to the normalized values at 
60% energy Nay. 

CPTu tests on land were conducted using twen- 
ty-ton capacity hydraulic penetrometer equipment 
mounted on a heavy truck ballasted to provide 
a reaction weight of twenty-three tons. A five- 
ton capacity electric piezocone instrument was 
employed. The additional CPT tests on land were 
made using a fifteen tons capacity electric cone. 
The offshore CPTu tests were made using an AP 
van der Berg, 4 Module Roson Seabed Penetrom- 
eter, ballasted to provide a maximum thrust of 
sixteen tons. A sixteen-ton capacity electric piezo- 
cone instrument was used for the tests, which gave 
measurements of cone end resistance, local side 
friction and dynamic pore-water pressure. The 
rate of penetration was kept constant at a nominal 
2 cm/s except when penetrating very dense or hard 
layers. Simultaneously, the results were recorded 
on the computer hard disc at 10 mm depth inter- 
vals. Due to equipment limitations, the maximum 
depths investigated by the CPTu were up to 30 m 
both onshore and offshore. 

Results were recorded in terms of cone end 
resistance q, sleeve friction f, and pore water pres- 
sure u, measured behind the cone. Effects of pore 
water pressure on the measured values were negli- 
gible, and further analysis was carried out with the 
uncorrected raw values q, and f, i.e. assuming that 
the corrected cone resistance value q, equals q.. 

Field testing was complemented by data from 
an extensive laboratory investigation program on 
retrieved samples from the boreholes. The tests 
that were conducted for all soils included i) grain 
size distribution with mean grain diameter D,,, 
uniformity coefficient C, and fines content per- 
centage FC%, and ii) Atterberg limits and organic 
content for the cohesive soils. Soil classification 
was made according to the Unified Soil Classifica- 
tion System USCS. The data were the basis for the 
definition of the stratigraphy in the tunnel design, 
and are used herein for the assessment of the avail- 
able CPT-based soil classification charts. 


3 CLASSIFICATION CHARTS 
CONSIDERED 


3.1 CPT-based soil classification 


The stratigraphic profile can be interpreted using 
different empirical diagrams. Due to the strong 
variability of the soil along the depth, it was essen- 
tial to have accurate information on the topogra- 
phy of the seabed level at the positions of the CPT 
soundings. 
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In design practice, the most commonly used 
classification procedure is based on the normalized 
soil behavior type SBTn chart by Robertson (1990, 
2010). The non-normalized SBT chart is still widely 
used, as it can be utilized for real-time data inter- 
pretation. Within the context of the present study, 
the collected field data were first transformed to 
yield the input values for the three different charts 
suggested by Robertson (1990, 2010), namely the 
SBT, SBTn and Q, - B i charts. A first screening can 
be accomplished solely by using the soil behavior 
index Z, which has been proposed by Robertson 
& Wride (1989) to capture six of the designated 
zones of the SBTn-chart that cover the basic soil 
types encountered in practice, cf. Table 1. Likewise, 
a similar soil behavior index Is, that corresponds 
to the SBT chart could be used (Robertson 1990). 
The advantage is that /,,, can be used directly for 
real-time interpretation because it requires only the 
raw values of CPT. J,,, is defined as follows: 


[ EN Yi 
Iyer =|| 3.47- log® | +(logR, +1.22) | (1) 
| Pa | 
where p, = atmospheric pressure and 
R, = £ x100% (2) 
i qe 


is the friction ratio. 

When using the charts for a more precise iden- 
tification, the following additional parameters are 
required: 


F = J. x 100% (3) 
d, zi Ovo 

Es U, — Uy (4) 
4 ~ O, 

Table 1. Soil type behavior type based on /.. 

Zone Soil behavior type E, 

1 Sensitive, fine grained NA 

2 Organic Soils—Clays >3.6 

3 Clay—silt clay to clay 2.95-3.6 

4 Silt mixtures—clayey silt to silt clay 2.60-2.95 

5 Sand mixtures—silty sand to sandy silt 2.05-2.60 

6 Sands—clean sand to silty sand 1.31-2.05 

T Gravely sand to dense sand 1.31 

8 Very stiff sand to clayey sand* NA 

9 Very stiff fine grained* NA 


*heavily overconsolidated or cemented 


qi — Ow 
5 
ea 6) 
q, — Ov || Pa i 
0, = (a2) (6) 
Pa Oo 
2 2 0.5 
Ie = [(3.47 —log@Q,,) + (log F, +1.22) | (7) 
n=0381/,+005{ 22} corset. (8) 
Pa 


where F, = normalized friction ratio; B, = normal- 
ized pore pressure parameter; O, = normalized 
cone resistance (n = 1); Q,, = normalized cone 
resistance; J, = soil behavior index; n = stress nor- 
malization exponent; 0, = in-situ initial vertical 
stress; O”, = in-situ initial vertical effective stress; 
u, = in-situ equilibrium water pressure. 

The in-situ stresses can either be calculated 
assuming appropriate values of the soil unit weight 
or estimated directly using the following equation 
(Robertson Cabal 2015): 

) +1 236] 


where y= unit weight of soil; y, = unit weight of 
water; G, = specific gravity of the soil material. 

In order to be able to identify the zones 1, 8 and 
9 of the SBTn chart by a set of equations, which is 
not possible solely by the use of Z, Mayne (2014) 
suggested the following equations 10 and 11. 
Equation 10 separates zone | from the other zones; 
equation 11 represents zone 8 for 1.5% < F, < 4.5% 
and zone 9 for F, > 4.5%: 


G 


Y 5 
2.65 


d 
Pa 


0.27 log R, +036108| (9) 


w 


0, <12exp(-1.4F,) (10) 
1 


< z (1) 
0.005(F —1)—0.0003(F —1) — 0.02 


Qn 


Another classification chart considered herein is 
that suggested by Eslami & Fellenius (2004) that 
requires merely the values of the measured sleeve 
friction f and the effective cone resistance q, where 


(12) 


de =q -h 


3.2 CPT-SPT correlations 


Reliable correlations between CPT and SPT are 
in general difficult to be derived due to the dif- 
ferent type of sounding involved. Initially, the 
ratio q/Nspr was linked to the mean grain size 
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D (Robertson et al. 1983); other engineering soil 
properties have been suggested subsequently such 
as the soil behavior index 7, the fines content FC% 
or the relative density as summarized by Shahien 
& Albatal (2014). The following relationships that 
have been considered were: Those suggested by 


Kulhawy & Mayne (1990) 

def Pa 0.26 

1LPe = 5.44 (Dy) (13) 
0 

du Pas gg EC (14) 


N 41.3 

and that by Robertson & Cabal (2015) which incor- 
porates soil type effects in a single parameter, the 
soil index J, 


4./P, = 1(7(1-1268-028171,) (15) 
No 
A similar relation of the ratio q/N depend- 
ent on /, has initially been suggested by Jefferies & 
Davies (1993). 


4 RESULTS 


4.1 CPT-based soil classification 


Figures | to 4 show the CPT data plotted on the 
different empirical charts presented in Section 3. 
Generally, all the charts work well for the major- 
ity of soils: stratigraphy derived from the charts 
is in good agreement with the one obtained from 
the direct soil classification determined on samples 
from the boreholes. Comparing Figures | and 2, it 
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Figure 1. Soil classification in the SBT chart. 
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Figure 2. Soil classification in the SBTn chart. 


can be inferred that the normalized SBTn graph 
provides a slight improvement in the interpreta- 
tion accuracy, in particular for some of the organic 
soils. Use of the Q-B, chart does not provide any 
additional advantage for the investigated soils. 
Note that this chart is very sensible with respect to 
the pore water pressure, which in practice is often 
difficult to measure with sufficient accuracy. 

Silty gravels are falsely plotted in the zone 3 in all 
charts. Silty sand is plotted quite well on the corre- 
sponding zones, although a few data sets are plotted 
in zones 3, 4 and 7 instead. Clayey sand is incor- 
rectly plotted in zones 3 to 6 instead of zone 8. A 
couple data sets for clays are inaccurately placed in 
zone 4 or 5. For clays, an improvement is observed 
when the classification is based on the SBTn rather 
than on SBT or on the Q-B, chart with almost all 
clays plotting in the corresponding zone 3. 

Clayey silts are plotted correctly on zone 4, but 
partially also on zone 5 which corresponds to silty 
sands and sandy silts. An accurate distinction is 
still difficult. 

Elastic silts are well plotted on the correspond- 
ing region both in the SBT and in the SBTn chart 
whereas a few data sets are incorrectly interpreted 
by the Q, — B, chart. The above deviations should 
be interpreted considering the fact that the above 
empirical charts are intended to provide informa- 
tion on the behavior of soils rather than reproduc- 
ing soil categories defined in classification systems. 

Figure 4 displays the CPT data plotted on the 
Eslami-Fellenius chart. Silty gravels are incorrectly 
plotted in the silt/clay region. The same holds for 
many of the silty sands which are interpreted as 
sands or sandy silts. Furthermore, clayey silt is 
plotted on the sandy silt/silty sand/sand regions. 
Elastic silts, as well as clays, are correctly identified 
by the chart. 
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Figure 3. Soil classification in the B,-Q, chart. 


100 


oGM 
Sandy Gravel 


eSM 


x SP-SM 


o 


+SC 


n SC-SM 


CL 


AML 


AMH 


Cone Resistnce q, [MPa] 


Clay Silt r 
Sensitive - Collapsible o OH 


+OL 


0.1 L A 1 
1 10 100 1000 


Sleeve Friction [kPa] 


Figure 4. Soil classification using the Eslami- Fellenius 
chart. 


It should be mentioned that the present case study 
includes a vast number of silty sands and sandy 
silts and provides a unique opportunity to assess 
the capability of the empirical charts to distinguish 
between them. It can be concluded that the transition 
between zones 5 and 6 requires further refinement. 

Similar inaccuracies arise between zones 4 and 
5 in the charts where clayey silt is turning directly 
to sandy silt without any transition zone. 

Classification using only the numerical value of 
the Z, in conjunction with Table 1 provides suffi- 
cient interpretation accuracy for the majority of 
soils encountered in routine design. 


4.2 CPT-SPT correlations 


In the context of the present study, the applicabil- 
ity of the correlations summarized in Section 3 
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is investigated by graphically comparing them 
against the measured q, and Ns», data sets. Ds, 
and FC are chosen as independent parameters in 
Figures 5 and 6, respectively. The dependency on 
D and FC is confirmed but a reliable functional 
correlation between the results of the two in-situ 
tests cannot be established. Note that the amount 
of data points is small due to the fact that the 
number of soil samples taken at the location of the 
SPT soundings was limited, as is the case in most 
projects. 

Using equation 15 with J. as the governing 
parameter provides better estimates. The need 
for establishing local site-specific correlations to 
improve the reliability of the correlations between 
CPT and SPT becomes evident. Based on the avail- 
able data of the current research, a site-specific 
correlation is derived by linear regression for 5 < 
N pr < 50, as depicted in Figure 7: 
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Figure 6. CPT-SPT correlation in dependence on 
FC%. 
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delPa _ 43,44 exp(-1.181,) 


60 


(16) 


with a correlation coefficient R? = 0.47 which is 
satisfactory taking into consideration the different 
penetration mechanisms of the tests. 

A further comparison is made utilizing the well- 
known liquefaction triggering charts suggested by 
Boulanger & Idriss (2014). The explicit equations for 
the cyclic stress ratio depending on q.,,,, and (Neos 
for clean sands in conjunction with the corrections 
factors to account for FC% were adopted to derive 
a relation between q,, y and (N) utilizing the stress 
normalization factor C, as suggested, where 


(17) 


(N) = Cw Noo (8) 

Figure 8 displays the comparison with the 
project data for different fine content values. The 
project data show large scatter for FC < 5%, and 
exhibit in general for all FC% consistently lower 
values than the ones derived from the liquefaction 
triggering charts without any specific pattern. 

Hence, a direct correlation between CPT and 
SPT is quite tricky and requires attention when 
implemented in practice. It should be stressed, 
however, that there is a need for converting CPT 
values to SPT in order to utilize SPT-based charts 
and procedures established in codes of practice for 
various design purposes. 
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Figure 8. CPT-SPT correlation implied by the liquefac- 


tion triggering charts compared to the project data. 


5 CONCLUSIONS 


The present study confirmed that empirical dia- 
grams as used in routine design for soil charac- 
terization are sufficiently accurate for complex 
stratigraphies comprising a large variety of soils. 
The suggested charts by Robertson yield compara- 
ble results, yet the SBTn chart is shown to be more 
accurate. The Eslami & Fellenius chart provides 
also satisfactory interpretation. Refinements are 
required in the transition zones between silty sands 
and sandy silts as well as between clayey silts and 
sandy silts. Linking the ratio between CPT cone tip 
resistance and SPT blow count number with gran- 
ulometric soil parameters yielded poor correlation 
coefficients, whereas the soil behavior index seems 
to be a promising alternative. 
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Characterization of a dense deep offshore sand with CPT and shear 
wave velocity profiling 


J.G. Parra, A. Veracoechea & N. Vieira 


Geohidra, Caracas, Venezuela 


ABSTRACT: In some areas of the northern South American continental shelf, 89 m below the sea floor 
a stratum of dense to very dense siliciclastic sand has been identified. Given the properties of the overly- 
ing soil layers, this sand is the most competent foundation strata for offshore jacket structures. The proper 
geomechanical characterization of this sand poses some challenges, among them: the maximum pushing 
capacity available in the wireline CPT system used in offshore geotechnical exploration, and the extent of 
the perturbed zone beneath the end of the borehole. This work describes an attempt to overcome those 
limitations by means of the use of shear wave velocity (Vs) profiling with a P-S logging tool, together with 
known correlations between Vs and CPT point resistance (qt) to generate more reliable “virtual” CPT 
records. A MonteCarlo simulation was performed with the objective of assessing the sensitivity of the 
axial capacity of the proposed foundation piles to the derived CPT records. 


1 INTRODUCTION layer (50-89 m) of soft to stiff high plasticity clay. 
Finally, at the bottom of the explored depth, from 
This paper presents an example of an attempt to about 89 m down to 120 ma fine, dense to very 
overcome some of the limitations in the use of dense siliciclastic sand was identified. This paper 
wireline CPTU in situ testing for the geomechani- examines the geomechanical characterization of 
cal characterization of deep offshore dense sands this sand. 
by means of the use of shear wave velocity (Vs) 
data obtained from a P-S logging tool. The wire- 
line CPTU is the most used method for in situ 
testing of offshore soils and in particular has been Several sand samples were recovered using thick- 
extensively used in some prospective areas of the walled Shelby tubes pushed with a heave com- 
Caribbean Sea. In the presented case a deep sand  pensated wireline hydraulic tool deployed from a 
was identified during the field exploration. The four-point moored geotechnical vessel. The recov- 
proper characterization of this sand is necessary as ered material corresponds to a dense, brown, occa- 
it is expected that the heavy fixed jacket structures sionally silty, siliciclastic sand. At about 102-103 m 
to be built will need to have piles installed and some organic content was identified. The fine con- 


2.2 Description of recovered samples 


founded on this stratum. tent is variable from 7-17% in the upper section 
and lowering to 2-6% in the lower portion, cor- 
2 BASIC SAND CHARACTERISATION responding to a non-plastic silt. The grains were 


examined under low magnification microscope. 
In general they present high sphericity (0.7-0.9) 
and variable roundness, around 0.7 in the upper 
The study area is located in the Caribbean Sea at section and lowering towards 0.3-0.1 in the lower 
the junction of the northeastern section of the section (sphericity and roundness as given by San- 
South American plate with the southeastern por- tamarina 2001). The median values of grain size 
tion of the Caribbean plate, at about 100 m water d50=0.35 mm, uniformity coefficient cu = 3.6 and 
depth. The site comprises a variable sequence of curvature coefficient cc = 1.1. Following ASTM 
Holocene, Pleisto and Pliocene sediments depos- (D2487) the classification would be SM to SP-SM. 
ited in an environment that has been subjected 
to significant changes of the sea level, sediment ; 
source and depositional energy. The top most sec- on ane 

tion corresponds to 10 m of very soft clay that One CPTU log was taken along the deep sand 
overlays a variable thickness (20-30 m) of bio- using a heave compensated wireline system. The 
clastic carbonate sand, followed by a significant tools used were able to apply a maximum push- 


2.1 Geological framework 
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ing capacity of 100 kN in strokes of 1 m, on cones 
with 10 cm? area, for a theoretically maximum 
cone tip pressure (qc) of 100 MPa. The data acqui- 
sition system allows recording data points (tip 
pressure qc, friction fs and pore pressure u2) at 
20 mm intervals. Figure 1 shows the corresponding 
records of qc. 


2.4 Shear wave (Vs) velocity profile 


In addition to samples and CPTU records, a shear 
wave velocity (Vs) profile was acquired using an 
OYO suspension P-S logging system. The system 
consists of a tool that is deployed at the bottom of 
the borehole once the drilling operation is finished 
(and after extending the borehole depth to accom- 
modate the lower portion of the tool). 

The borehole was kept stable by the use of a 
drilling mud based on a mixture of Guar Gum and 
Barite, no casing was used and no borehole instabil- 
ity issues were reported. The tool is raised from the 
bottom of the borehole while it registers the arrival 
of upward travelling P and S waves from a source 
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Figure 1. CPT profile in the deep sand. 
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located at the lower end of the tool. Above the source 
there is a pair of geophones located 1.0 m apart. By 
picking the first arrival of the P and S waves in the 
sensors an accurate determination of wave travel 
times and velocities are obtained. The latter are 
reported at the depth of the midpoint between the 
sensors. The time resolution of the acquisition sys- 
tem is 10 usec. The space resolution is controlled the 
dominant wave length of the signal (<0.25 m for the 
typical frequency content of the source signal) and 
by the fixed distance of the geophones (1.0 m) (OYO 
Corporation 2002). Figure 2 shows a schematic of 
the test and Fig 3 depicts the actual registered data 
superposed over the CPTU qc records (Vs values 
plotted every 0.5 m). The P-S logging test is an estab- 
lished procedure for measuring P and S wave veloc- 
ity. Even with the uncertainties associated with the 
correct picking of the arrival times, noise in the sig- 
nals and their time and space resolution, it has been 
shown to produce results similar to other methods 
like downhole or seismic CPT (Diehl, 2010). 

The original purpose of this data acquisition 
was to assess the small strain shear stiffness of 
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Figure 2. Suspension PS logging. 
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Figure 3. Shear wave velocity (Vs) profile. 


the soil profile in order to carry dynamic response 
analysis of the deposit and derive seismic response 
spectra, given the high seismicity of the investi- 
gated area. 


3 CPT RECORDS DERIVED FROM SHEAR 
WAVE PROFILES 

3.1 Limitations of the presented CPTU records in 

the deep sand 


The set of CPT records in Figure 1 have several 
characteristics that limit their usefulness for 
mechanical characterization of the sand. The 
length of each “subrecord” is smaller than the 
available stroke of the CPT tool, and vary between 
0.3 to 0.8 m with a mean value of 0.7 m. In all of 
them the maximum safe capacity of the hydrau- 
lic pushing system of the CPTU tool was reached. 
In some sub-records the last data points show an 
increasing tendency that was interrupted by the 
operator to protect the hydraulic system. In others 
a maximum was reached followed by a very short, 
irregular decrease. There are some reasons which 
may affect the reliability of these last decreasing 
sections in some sub-records: sliding of the clamps 
in the sea bed frame; slight play in the latching 
system; effect of the decompression of hydraulic 
oil after interruption of the pushing operation; 
and delay in the interruption of the depth acqui- 
sition. And finally and most importantly, a sig- 
nificant portion of the length of these sub-records 
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Figure 4. Effect of unloading at the bottom of the 
borehole. 
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are showing the tip resistance (qc) of a sand sub- 
jected to the perturbation of the drilling operation 
and a significantly reduced effective stress state. 
Every time the borehole is advanced and the wire- 
line CPTU tool is latched into position, the sand 
immediately beneath the end of the drill pipe is 
unloaded to a very low vertical effective stress. Due 
to the boundary conditions and the stiffness of the 
sand at these depths (90-120 m below sea floor) 
the sand regains an effective stress state similar to 
the in situ undisturbed state only after a recording 
length of 2 to 4 borehole diameters (8.5 “). This 
means that a portion between 50-100% of the 
length of each sub-record could be affected, hence 
showing a lower qc and fs value than that expected 
for a sand at the real in situ undisturbed effective 
stress state (Figure 4). For all these reasons it is 
believed that most of the qc (and fs) values given 
in the records shown in Fig. 1 do not represent a 
reliable estimate of the cone penetration resistance, 
and even the data points with the highest recorded 
qc values probably provide a lower bound with an 
unknown degree of conservatism. 


3.2 Soil behavior type 


Following Robertson's (2009) methodology for 
behavior characterization, Figure 5 presents the 
(Fr,Qtn) values plotted on the Soil Behavior Type 
classification normalized chart. The following 
equations are used: 
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Figure 5. Selected CPTU data points plotted in the soil 
behavior type classification normalized chart. 
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Qtn = Orl* (E) (4) 
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where qt is corrected tip resistance; o,, and 0”, are 
total and effective vertical stress; fs = friction resist- 
ance; pa = atmospheric pressure; Qtn = normalized 
cone resistance; n normalizing exponent. The pres- 
ence of Qtn in equation (2) requires the use of an 
iterative procedure (Zhang et al. 2002). 

The following observation applies: i) the CPTU 
data points have the limitations stated in the previ- 
ous section, 11) only the last 10 data points of each 
sub-record are included in the plot, iii) the stress 
normalization factor calculation considers that the 
in situ vertical stress (0”,) is equal to the free field 
value (i.e. no borehole). 

Most of the selected points have a Soil Behavior 
Index (Ic) value between 1.80 to 2.05, landing in 
Zone 6 (1.31 < Ic < 2.05) of clean to silty sands in 
the Robertson chart. This soil type corresponds to 
the classification described in Section 2.2 from the 
recovered samples. It is believed that if a continuous 
record with an ideal higher pushing capacity CPTU 
tool was available the Qtn values would be higher 
than those shown. 


3.3 Correlation of Vs with qt 


To overcome the limitations of the CPTU records 
stated in Section 3.1, an attempt to estimate a more 
representative tip resistance qt from the available 
shear wave velocity data is described below (at 
these depths and considering the soil type, qt is 
indistinguishable from qc). Following Robertson 
(2009): “... Vs depends on the response under very 
small strains and it is sensitive to the number and 
quality of the grain-to-grain contacts, which in 
turn depend on the relative density, effective verti- 
cal stress state, the rearrangement of the particles 
due to age and cementation. Cone penetration 
resistance is also controlled by relative density, 
effective stress state and to a lesser degree to age 
and cementation”. 

Following Robertson (2009) and Andrus (2007): 


pp 0:25 
Vs = 1 E) (6) 
pa 
Vs, =k (a* Om)? (7) 
a=10%(0.55* Ic +1.68) (8) 


where Vs, = stress corrected shear wave velocity; 
o. = shear wave cone factor (in (m/s)’); and k the 
age/cementation factor. The k value accounts for 
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effects such as age, cementation and others that 
may affect Vs values much more than qt values. For 
instance, if the mechanical strength of the cemen- 
tation is weak, Vs would be much more sensitive to 
it than cone tip resistance qt (Santamarina 2001). 
Andrus (2007) & Robertson (2009) suggest values 
of k = 1.0 for Holocene uncemented sands and a 
range of k from 1.22 to 1.26 for Pleistocene sands. 

Initially, k was assumed equal to 1.25 for the 
whole sand stratum as it is known that the sand 
was deposited in the Pleistocene. For the limited 
set of CPTU values shown in Figure 5 the ratio 
of Vs values measured to calculated (using equa- 
tions 6, 7 and 8) are shown in Figure 6. Keeping in 
mind the limitations of the CPTU values used, the 
plot shows that there are two distinct zones: from 
the top of the stratum (89 m) to approximately 
103-104 m the measured Vs values are lower than 
the calculated ones (median of the ratio = 0.82) 
whereas from 104 m to the base of the stratum 
(120 m) the measured values are higher than the 
calculated ones (median of the ratio = 1.15). This 
suggests that there are two sands with distinct 
features. After a careful review of the laboratory 
data it was found that the fine content (grain size 
smaller than #200 sieve) of the upper sand varies 
between 7-17% whilst the fine content of the lower 
sand varies between 2-6%. At about 103 m depth 
a thin sand layer with organic matter was identi- 
fied which could indicate a change in the sediments 
source. Additionally, from the examination of the 
microphotographs of the sand grains a system- 
atic difference in the grain texture was identified, 
with smoother and more rounded grains in the 
upper sand (higher roundness) versus more angu- 
lar grains in the lower section (lower roundness), 
which also showed some evidence of cementation 
(Fig. 7). All this suggest that even if the sand was 
broadly deposited in the same geological age they 
may correspond to different depositional environ- 
ments. From this it is considered more appropriate 
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Figure 6. Ratio between measured and calculated Vs. 


Figure 7. Sample of grain microphotographs. 


to use two different values of the k factor: a lower 
one, possibly closer to 1-1.05 in the top substra- 
tum; and a higher one, possibly close to 1.25, in the 
lower stratum. In the next section this hypothesis is 
further explored. 


3.4 qt derived from Vs 


Ideally from the original data set of Andrus (2007) 
1t would be possible to derive an inverse correlation 
of qt from the Vs data (accounting for the higher 
resolution of the CPTU as compared to the Vs 
values). As the data is not available for more sta- 
tistically rigorous calculations, the approximation 
of just solving the Vs-qt correlation in terms of qt 
was used. From equations 1 to 7 the following is 
obtained: 


Ve o -1.5+n 
= Pro * (9) 
on E elz) 
q, = Qil* 0, + 0 (10) 


e(z) is a residual function explained later. The o 
factor depends on Ic which in turn depends on Qtn 
and fs which are in principle unknown. In order 
to simplify calculations a constant Ic value was 
assumed for the complete sand layer below 89 m. 
This is based on the characteristics of the sand in 
the recovered samples and the observation that 
qt values higher than those measured in the field 
are expected. All this translates in likely Ic values 
lower than the range given in Section 3.2, but still 
within SBTn zone 6 (clean to silty sands). There- 
fore, an initial value of Ic = 1.5 was assumed. For 
the k values (age/cementation factor), and based 
in the discussion in Section 3.3, a variable k = 1.05 
if z < 102 m (upper sub stratum), 1.25 if z > 104 m 
(lower sub stratum) and intermediate values at the 
transition zone in between were chosen. In Fig- 
ure 8 the derived qt values are shown (together 
with the cases of constant k = 1.05 and k = 1.25). It 
seems reasonable to conclude that two values of k 
give a reasonable set of derived qt records 

A MonteCarlo simulation was performed in 
order to estimate the sensitivity of the derived (vir- 
tual) qt profiles to the assumptions made for k and 
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Figure 8. Derived qt records for Ic = 1.5. Thin line: 


k = 1.25; dashed: k = 1.05, thick: variable k. 


Ic. Ic was considered independent from the k val- 
ues, constant along the stratum and having a trian- 
gular probability density function with a minimum 
of 1.2, median and mode of 1.5 and maximum 
value of 1.8. The spread would be higher than 
that given in section 3.2. Two independent ran- 
dom variates ku (upper sand) and kl (lower sand) 
with uniform distributions were assumed for the 
upper and lower substratum k values: ku between 
0.95 and 1.15 and kl between 1.15 and 1.35. Their 
mean values follows from Section 3.3. Their spread 
around their means tries to replicate that reported 
by Andrus (2007). The assumption of Ic independ- 
ent from the k seems appropriate as the effect that 
k is measuring affects mostly Vs but not qt. 

In order to simulate the typical variability in qt 
(and Qt1) values in sand and some of the uncer- 
tainty associated with the spread of the correla- 
tion, each complete derived record of qt from 
equation (8) were considered as a “trend” which 
is multiplied by a realization of a residual function 
e(z) = Exp[n(z)]. This residual function is the expo- 
nential of a stationary, zero mean random Gaussian 
process n(z) with variance = 0? and a normalized 
autocorrelation function Exp[-(r/r,)^2], where r is 
the separation between data points and r, is the 
autocovariance distance. (Lune et al, 1997). From 
the statistics of the field envelope shown in Fig 11 
and recommended values in literature (Uzielly et al 
2005) o = 0.1 and r, = 1.1 m were used. A total of 
1000 CPT records were derived. 

In Figure 9 the corresponding 10%, 50% and 
90% percentiles of the derived qt values are shown 
(continuous lines), together with the percentiles 
obtained considering only the variation in Ic with 
constant ku = 1.0 and kl = 1.5 (dashed lines). 

In Figure 10. the same 10%, 50% and 90% per- 
centile of the derived qt values are shown, together 
with the percentiles obtained considering only 
the variation in ku and kl with constant Ic = 1.5 
(dashed lines). It can be seen that under the given 


200 + 
150 + 
T 
[a 
= 100+ 
o 
50 - i j 
0-4 
90 95 100 105 110 115 120 
Depth(m) 
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qt values (continuous line full variation, dashed lines only 
variation in Ic). 
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Figure 10. 10%, 50% and 90% percentiles of the derived 


qt values (continuous line full variation, dashed lines only 
variation in k). 


assumptions the spread from the k values (ku, kl) 
are slightly larger than the spread from Ic values. 

The most notable feature in the derived records is 
the zone of very high qt values around 112 m which 
more or less correspond to a zone in which the field 
CPT sub-records show a sudden interruption while 
the values were increasing. Similarly there are peaks 
around 97, 102 and 107 m that corresponds (within 
1 m) to interrupted field sub-records. Beyond 117 m 
the field sub-records also shown the same interrup- 
tion and the derived qt values are increasing. Addi- 
tionally, some of the maximum qt values in the 
sub-records that show a maximum followed by a 
limited decrease are similar to the 10% percentile of 
derived qt. This probably indicates that several of 
the limitations of the recorded CPTU values stated 
in Section 3.1 come into play. 


4 AXIAL PILE CAPACITY 


The sensitivity of the axial pile capacity to the 
derived set of CPT records in the dense deep sand 
generated in the previous MonteCarlo simulation 
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was assessed by combining them with the (fixed) 
field record of CPT values from sea floor to 89 m. 
This is not a complete uncertainty analysis as only 
the effect of one variable (CPT values in the deep 
sand) is being assessed. 

In order to calculate the axial pile capacities the 
ICP method (Jardine et al, 2005) was used. The 
common practice is to trace an envelope of the 
actual peaks in qt, possibly on the conservative side. 
Fig. 11 shows an example of such an envelope. For 
a pile of 2134 mm OD, 28 mm wall thickness and 
110 m length, the calculated axial capacity would 
be 77.6 MN. An unplugged base capacity was 
assumed given the large pile diameter. The tip of 
this pile is above the zone of large CPT values seen 
in the Vs based CPT records. Using this set of 1000 
records the histogram for the total axial capacity 
shown in Figure 12 is obtained. The mean value is 
95.4 MN, the 10% percentile is 87.3 MN, the 90% 
percentile is 103.6 MN and the coefficient of vari- 
ation COV = 0.065. This COV is only measuring 
the uncertainty associated with the possible set of 
CPTU records in the sand from the Vs data. It can- 
not be compared with the total uncertainty in axial 
pile capacity prediction due to all the influencing 
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Figure 12. Histogram of axial capacity values. 


factors (including the reliability of the pile capac- 
ity method used), which has a COV of the order 
of 0.15 or approximately + 30% (Randolph, 2003). 
From this is seems that the total spread (consider- 
ing all sources of uncertainty) around the mean 
value is not necessarily much larger by using the 
CPT derived records, but in this case the increase in 
the mean is substantial. The axial capacity from the 
typical envelope is 19% lower than the mean and 
11% lower than the 10% percentile. This increase 
could provide for savings in the pile design and 
should be accounted for in the drivability analysis 
to avoid underestimating the hammer requirements. 


5 CONCLUSIONS 


The use of shear wave (Vs) velocity data from a 
suspension PS-log probe, together with valid cor- 
relations between CPTU qt values and Vs pro- 
vides additional information that can overcome 
the limitations of the pushing capacity of wireline 
CPTU tools when used in deep dense sands. The 
key aspects of this approach are the estimation of 
a representative soil behaviour type index Ic and 
correction factor (k) in the Vs-qt correlations. The 
latter properly account for age, cementation and 
other effects that may affect the Vs value but not 
significantly the qt values. In this respect it is essen- 
tial to consider the geological conditions and to 
recover samples to help in the assessment of Ic and 
k values. In the presented case the use of derived qt 
values from Vs data led to an increase in the mean 
axial capacity of piles of the order of 19%. 
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Calibration of cone penetrometers in accredited laboratory 
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Fugro, Nootdorp, The Netherlands 


ABSTRACT: Calibration of a penetrometer is an important step in the metrological confirmation of 
cone penetration testing. This paper summarises experience of Fugro's calibration laboratory based in The 
Netherlands. This laboratory performs calibrations for about 3000 cone penetrometers used worldwide. 
The calibration laboratory is accredited to ISO/IEC 17025:2005 “general requirements for the competence 


of testing and calibration laboratories”. 
equipment and implies rigorous quality standards. 


1 INTRODUCTION 


The cone penetration test (CPT) is the premier in- 
situ test for geotechnical investigation of soils. Its 
global profiling meterage is possibly in the order 
of 1000 km per year, which is equivalent to about 
50 000 000 data points annually. Consistent reli- 
ability of the data points is key to the success of 
CPTs. It is also key to the success of test methods 
that make use of cone penetrometers, particularly 
the pore pressure dissipation test and the (marine) 
free fall penetrometer equipped with a (CPT) cone 
penetrometer (Randolph 2016). 

The cone penetration test is standardised 
by many national and international stand- 
ards. The common international standards are 
ASTM D5778-12 (ASTM, 2012), ISO 22476- 
1:2012 (ISO, 2012) and ISO 19901-8:2014 (ISO, 
2014). These standards include specific guidance 
about the management of the measurement proc- 
ess for CPTs. A key consideration in this guidance 
is the calibration of cone penetrometers, which is 
the subject of this paper. It is noted that ASTM 
D5778-12 refers informatively to ASTM D3740-12 
(ASTM, 2012), “Standard practice for minimum 
requirements for agencies engaged in testing and/or 
inspection of soil and rock as used in engineering 
design and construction”. Similarly, ISO 22476-1 
and ISO 19901-8 refer to ISO 10012:2003 (2003) 
“Measurement management systems—Require- 
ments for measuring processes and measuring 
equipment”. ISO 10012 refers to an early ver- 
sion of ISO/IEC 17025 “General requirements 
for the competence of testing and calibration 
laboratories”, for example in a section on trace- 
ability: “Traceability is usually achieved through 
reliable calibration laboratories having their own 
traceability to national standards. For example, 


This accreditation status is unique for cone penetration test 


a laboratory complying with the requirements of 
ISO/TEC 17025 could be considered reliable.” 
Fugro provides and interprets CPT results 
worldwide. The results are acquired by deploying 
about 3000 cone penetrometers, including spares, 
resulting in about 2500 calibrations per year. The 
calibrations are performed by Fugro’s calibration 
laboratory in The Netherlands. This laboratory 
is accredited (Fig. 1) for the calibration of cone 
penetrometers according to ISO/IEC 17025:2005 
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Figure 1. Accreditation certificate. 


(2005). Such accreditation status is unique for cone 
penetration test equipment. It also applies to tools 
such as the ball penetrometer and T-bar penetrom- 
eter, which include sensors calibrated within the 
range of accredited measurement capabilities. 

ISO/TEC 17025sets rigorous quality standards, 
including traceability to (inter)national measure- 
ment standards. For example, force calibration for 
a cone penetrometer is traceable to Dutch NMi 
(Nederlands Meet-instituut) that is certified by the 
Dutch RvA (Raad voor Accreditatie), which is a 
member of the International Laboratory Accredi- 
tation Cooperation (ILAC). This complies with 
most, if not all, standards for cone penetration 
testing, worldwide. 

The following sections provide further details by 
means of explanations of a calibration certificate 
and by comments on the calibration process and 
facilities. 


2 CALIBRATION CERTIFICATE 


A calibration certificate and supplementary infor- 
mation consist of eight to nine pages of text, 
tables and graphics, depending on the number of 
sensors incorporated in the cone penetrometer. 
The first five pages present and explain results 
of the calibration of sensors, while the rest are 
dedicated to the penetrometer geometry including 
net area ratios. For example, the certificate for a 
piezo-cone penetrometer covers: (1) the force sen- 
sors for cone resistance (q,) and sleeve friction (f), 
(2) the pressure sensor for pore pressure (u), (3) 
the inclinometer for inclination from vertical (i), 
and (4) the geometry. The certificate also presents 
information about the calibration laboratory, the 
environmental conditions during calibration, and 
an explanation of adopted uncertainty analy- 
ses. References are made to detailed calibration 
procedures. 

Figure 2 illustrates general information shown 
on the certificate, particularly a unique identifi- 
cation of the type of cone penetrometer (CP10- 
CF50PB20-P1E1M1-V1) and its serial number. 


A 
Applicant Fugro Engineers B.V. UN E 
Prismastraat 4 y AMI 
ete caca ci e 
Dersan FCN17010059 
Instrument Cone Penetrometer Page 1 of 5 
‘Manufacturer Fugro 
Type CP10-CFSOPB20-P1E1M1-V1 
Serial Number 1706-0616 
Calibration method The instrument was calibrated according to Fugro procedures using a comparison technique against 
a reference standard. 
Figure 2. Example of general information in calibration 


certificate for a piezocone penetrometer with a nominal 
cross-sectional area of 1000 mm”. 


Table | presents a part of the certificate giving 
information about the controlled environmental 
conditions applicable to the calibration. Section 3 
illustrates some of the required activities to achieve 
such control of environmental conditions. 

Figure 3 exhibits parts of the certificate pro- 
viding information about calibration of the sen- 
sor for cone resistance. Note the tracking of the 
electronics, including node type and hardware/ 
software versions embedded in the cone pen- 
etrometer. The “Reference” section is about the 
reference force system with traceability to Dutch 
Nmi. The uncertainty (in kN) of the reference 
force system used for this example calibration 
is expressed as 0.003 F, + 0.015 [kN], where 
F is the applied force in kN. This represents a 
CMC, i.e. one of the accredited Calibration and 
Measurement Capabilities. The section about 
“Calibration Details” includes another soft- 
ware reference, in this case software used for 
the calibration itself and for seamless upload- 
ing of the calibration results and other tracking 
information into the (digital) cone penetrometer. 
The “Characteristics” section of Figure 3 sum- 
marises the actual results of the calibration, 
expressed in units of [kN]. The meaning of terms 
such as “Max accuracy error (q)” are explained 
in the calibration certificate. Particularly, accu- 
racy error is defined as the difference between 
the average indicated value by the instrument 
and the applied value. Repeatability error is the 
maximum difference between the measurements 
of the instruments and the applied value. Revers- 
ibility error is defined as the difference between 
the average indicated value by the instrument at 
a certain applied value when it was increased and 


Table 1. Example of information on environmental 
conditions in calibration certificate. 

Environmental Conditions 
Temperature during calibration 20.5 + 3*C 


Atmospheric pressure during 1000 + 100 mbar 


calibration 
Instrument. Reference 
‘Manufacturer Fugo Manufacturer Zwick Roell ZI 
Type CP10-CF50P820- Serial Number 6034-0003 WA 
PIEIMI-VI asain uda 
Serial Number 1706-0818 ee eorias tin CALI 
Electronics sa Calibration Details RAE 
Node Type 7001 Calibration Date 08 Aug 2017 13:24:18 Certificate Number 
Hardware Version 4.00 Procedure FEBV.CALPRO.003 FCN17010059 
Sofware Version 709 Software Version 200.10484 Page 2015 
Sensor Characteristics Unit Value 
‘Channel Cone [Force] Max accuracy error (q) TKN] 0.037 
Manufacturer / Type Fugro Loadcell Max repeatability error (b) [kN] 0.015 
Calibrated Range Oto 50kN Max reversibility error (v) uy 0.0% 
Maximum Rating Oto 1004N. Zero load error (Fc) DN 0.001 
Zero load offset (F0) IN] 0.008 
es] 37805 
Noise RMS BN 0.000 


Figure 3. Example information about calibration of 
cone resistance. 


when it was decreased. Furthermore, noise RMS 
is defined as the quadratic mean when the sensor 
is not subjected to force. 

Figure 4 illustrates a part of the certificate 
showing graphics on the results of calibration of 
cone resistance. The dual-scale graph shows the 
applied force on the x-axis. The two y-axes show 
the measured average force and the accuracy error. 
The measured force refers to the green curve and 
the accuracy error to the dashed red curve. 

Table 2 corresponds to Figure 4. It provides 
tabular values and additional quantification of 
uncertainty for each load interval. The expanded 
uncertainty is that of the average indicated quan- 
tity and includes the entire calibration method, 
including the reference and the calibrated sensor, 
but excludes the difference between average indi- 
cated value by the instrument and the applied 
value. It can be seen that three values of measured 
force (Fa,1 Fa,2 and Fa,3) are presented for each 
applied force. The numerical values of error (q, b 
and v) and expanded uncertainty (U) apply to the 
measured average force (Fa). 

Figure 4 and Table 2 apply to a cone penetrom- 
eter with a cross sectional area of 1 000 mm?. For 


Measured average force (Fa) Accuracy error (q) 


nx (b) sows Kcemooy 


Measured average force (Fa) [KN] 
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Applied force (Fw) [kN] 


Figure 4. Example results of calibration of cone resist- 
ance, expressed in units of force [kN]. 


this case, Fw = 1 KN is equivalent to q, = 1 MPa. 
The values of accuracy error q and expanded 
uncertainty U can thus be compared with the 
allowable minimum accuracies (or allowable maxi- 
mum uncertainties) given by the ISO standards. 
For example, Application Class 1 of ISO (2012) 
considers an allowable minimum accuracy of 
q. = 0.035 MPa for a CPT profile with measured 
values of q, < 0.7 MPa. The allowable minimum 
accuracy is 0.05 q, for 0.7 MPa < q, < 3 MPa. 
For a measured value q. = 3 MPa, the allow- 
able maximum uncertainty is then equivalent to 
q. = 0.15 MPa. 

It can be observed that Table 2 shows accu- 
racy errors q of up to 0.037 kN (q,, = 0.037 MPa) 
for a calibrated range of Fw = 0 to Fw = 50 kN 
(q, = 50 MPa). Even better values of q apply to 
low q, values. Furthermore, a comparison of the 
values for q and expanded uncertainty U shows 
that the values of U are dominated by the uncer- 
tainty of the accredited reference at low values 
of Fw. This is as discussed by e.g. Peuchen and 
Terwindt (2014): “Laboratory calibration for a 
cone penetrometer is typically for loading! unload- 
ing against a reference load cell. Note that a high 
quality cone penetrometer has characteristics 
equivalent to a high-quality reference load cell, 
i.e. calibration results may be limited by the refer- 
ence load cell. Low range data may be obtained 
by incremental application of mass”. For exam- 
ple, at Fw = 0, the value of U for the reference is 
U=0.015 kN (Figure 3) compared to U values for 
the cone penetrometer of 0.016 kN and 0.015 kN 
(2nd row and last row of Table 2). This confirms 
that the actual accuracy of the cone penetrometer 
at low values of q, is significantly better than the 
expanded uncertainty U presented on the calibra- 
tion certificate. 


Table 2. Tabular values of example graphics shown on Figure 4. 
Applied Measured Measured Measured Measured Expanded 
force force 1 force 2 force 3 average Accuracy Repeatability Reversibility uncertainty 
(Fw) (Fa, 1) (Fa, 2) (Fa, 3) force (Fa) error(q) error (b) error (U) 
[kN] [kN] [kN] [kN] [kN] [kN] [kN] (v) [kN] 
0.000 0.003 —0.002 —0.001 0.000 0.000 0.005 0.016 
10.000 9.976 9.978 9.984 9.979 —0.021 0.008 0.048 0.095 
20.000 19.981 19.988 19.991 19.987 —0.013 0.010 0.042 0.096 
30.000 29.974 29.981 29.986 29.981 0.019 0.012 0.039 0.118 
40.000 39.957 39.964 39.967 39.963 0.037 0.011 0.034 0.145 
50.000 49.969 49.960 49.975 49.968 —0.032 0.015 0.170 
40.000 39.990 39.998 40.002 39.997 —0.003 0.013 0.139 
30.000 30.014 30.021 30.024 30.020 0.020 0.010 0.108 
20.000 20.022 20.030 20.034 20.029 0.029 0.011 0.078 
10.000 10.021 10.028 10.032 10.027 0.027 0.010 0.048 
0.000 0.001 0.001 0.000 0.001 0.001 0.001 0.015 
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3 CALIBRATION PROCESS AND 
FACILITIES 


The calibration certificate is an outcome of a 
largely automated calibration process that includes 
management of the calibration facilities. This sec- 
tion provides comments. 

Figure 5 illustrates example records used for 
control of environmental conditions in the calibra- 
tion laboratory. The records comprise measured 
temperature fluctuations on a typical day for three 
sensors: one placed against a wall and two attached 
to reference loadcells of calibration devices. 

Figure 6 shows a rubber joint in the floor of the 
calibration laboratory. The part of the building 
beyond this joint, where the calibration apparatus 
stands, has a separate foundation and is not con- 
nected to the rest of the building to further elimi- 
nate the vibrations from activities in other parts of 
the building. This is particularly important for the 
accuracy of calibrations. 

A cone penetrometer which is returned to the 
calibration laboratory after use is subjected to 
a so-called post-fieldwork validation, or PFW. 
This takes place prior to actual re-calibration. 
For example, the PFW for cone resistance covers 
three load cycles up to the originally calibrated 
range, using the original calibration data. PFW 
information provides an indication of the condi- 


Figure 6. Reference sensor for axial force and detail of 
floor isolation (rubber joint). 
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Example records of monitoring temperature for one day in calibration laboratory; vertical scale is in °C. 


tion of the cone penetrometer “as is”, i.e. no parts 
are replaced and the penetrometer is not cleaned. 
Consistent tracking of PFW information provides 
input for managing calibration intervals and con- 
tinuous improvement. The calibration process also 
includes routine electrical checks performed before 
and after calibration. If the checks fail, then the 
cone penetrometer is repaired and re-calibrated. 

For a subtraction-type cone penetrometer (ISO, 
2012), a compression machine applies axial force 
to the two load cells for q, and f,, concurrently. 
The reference force sensor and its digital output on 
the read-out computer have full traceability, with 
calibrations performed every 12 months by a Euro- 
pean accredited company. 

Calibration of the pressure sensor for pore pres- 
sure is done by means of a pressure vessel. The 
pressure calibration procedure is similar to force 
calibration, i.e. the cone penetrometer is subjected 
to water pressure in the pressure vessel. The ref- 
erence pressure sensor is calibrated using a dead 
weight tester that is calibrated by an accredited 
company. Pressure calibration occurs last, as it 
includes determination of net area ratio. 

Calibration of the inclinometer includes mount- 
ing of the cone penetrometer in an accredited ref- 
erence inclination measuring device. The output 
from the reference inclination device is verified by 
measuring the lengths of the sides and the triangle 
formed under various angles and computing the 
arc tangents with an accredited caliper. 

The dimensions (geometry) of the outer surfaces 
of a cone penetrometer are subject to wear. The 
dimensions of the cone penetrometer are checked 
to meet the tolerances prescribed by ASTM (2012) 
and ISO (2012). The dimensions are measured 
with an accredited caliper or a rejection jig. Refer- 
ence calipers have full traceability. 


4 CONCLUSIONS 


Calibration of a penetrometer is an important step 
in the metrological confirmation of cone penetra- 
tion testing. This paper summarises experience of 
Fugro’s calibration laboratory based in The Neth- 
erlands. This laboratory performs calibrations for 
about 3000 cone penetrometers used worldwide. 
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The calibration laboratory is accredited to ISO/ 
IEC 17025:2005 “general requirements for the 
competence of testing and calibration laborato- 
ries”. This accreditation status implies rigorous 
quality standards and complies with most, if not 
all, standards for cone penetration testing, world- 
wide. The accreditation status is unique for cone 
penetration test equipment. It also applies to tools 
such as the ball penetrometer and T-bar penetrom- 
eter, which include sensors calibrated within the 
range of accredited measurement capabilities. 
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Defining geotechnical parameters for surface-laid subsea 


pipe-soil interaction 
J. Peuchen 
Fugro, Nootdorp, The Netherlands 
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Fugro, Houston, USA 


ABSTRACT: The interaction between surface-laid pipelines and the seabed typically takes place within 
the upper 0.5 m of the seabed. The key geotechnical parameters for assessing pipe-soil interaction are 
intact and remoulded undrained shear strength, interface shear resistance, submerged soil unit weight, 
and coefficient of consolidation. This paper summarises experience deriving design geotechnical 
parameters for various shallow stratigraphy conditions characteristic of different geographic regions. 
It is shown that characterisation of the upper 0.5 m of the seabed can require site-specific evaluations 
and ranking of geotechnical investigation tools. This is illustrated for (1) stratigraphic definition and 
(2) geotechnical parameterisation. The ranking includes cone penetration tests, T-bar/ball penetrometers, 
free fall penetrometers, box core sampling and in-box miniature T-bar or ball penetration testing, piston 
core sampling, push sampling and laboratory testing. 


1 INTRODUCTION 

Design of surface-laid subsea pipelines is typically 
done according to API RP 1111 (2015), ISO 13623 
(2009), DNVGL-RP-F114 (2017), or equivalent. 
Axial expansion, lateral buckling, hydrodynamic 
and route curve stability, and free-spans are the 
typical design situations requiring geotechnical 
input. The key geotechnical parameters are intact 
undrained shear strength (s,), remoulded und- 
rained shear strength (s, ,), pipe-soil interface shear 
resistance —expressed as an undrained strength 
ratio (5,,,.,/O%)) or a drained interface friction angle 
(6,,,), effective soil unit weight (y), and coefficient 
of consolidation (c,). Soil erodibility is another key 
consideration, which affects the seabed around the 
pipeline. 

The geotechnical parameters of the seabed are 
important for the zone between the seabed sur- 
face (seafloor) and to a depth below seafloor on 
the order of 0.5 m, depending on pipeline diameter 
and its embedment. Frequently, this part of the 
seabed is also the zone with active or recent geo- 
logical processes and associated high degree of soil 
variability. Accurate characterisation of this surfi- 
cial zone represents a major challenge to pipeline 
design. 

The objective of this paper is to provide guid- 
ance for development of a site investigation pro- 
gramme for surface-laid pipelines. Section 2 
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discusses pipeline route characterisation, including 
cost-effective selection of investigation tools. Sec- 
tion 3 presents supplementary discussion about the 
state of practice, with focus on in-situ penetration 
testing. 


2 INTEGRATED SITE INVESTIGATION 


2.1 Investigation tools 


Defining geotechnical parameters for surface-laid 
subsea pipe-soil interaction (PSI) typically requires 
specialist integration of data acquired by means 
of tools in the following categories (Table 1): 
(a) marine geophysical investigation, (b) in-situ 
testing, (c) sampling and (d) laboratory testing. As 
evident from the large number of listed tools and 
their associated applicability in Table 1, no single 
tool on its own has complete capability of provid- 
ing the desired information for design. 

The column Use in Table 1 should be read as 
relative use of a geophysical technique for seafloor 
mapping and sub-seafloor mapping, but should 
be read in terms of deployments of combined 
in-situ test tools and sampling tools for in-situ 
testing sampling. The Applicability columns of 
Table 1 show multiple site conditions ranging from 
uniform, extremely low (EL) strength, hemipelagic 
clays to hard ground conditions. The Applicability 
ranking of a particularly laboratory test should 


Table 1. 


Comparison of site investigation tools for design of surface-laid subsea pipelines. 


Applicability 
Layered 
Clay 
EL and VLto >M 
Clay Sand M Clay Clay 
Geotechnical 
Tool Use Parameter SP GP SP GP SP GP SP GP 
Marine geophysical investigation 
Seafloor and sub-seafloor mapping eae | /- | | 
In-situ testing 
Cone penetration test (CPT) TREE (00) 
T-bar/ ball penetration test (TPT/BPT) y J. /— +/— + 
Cyclic T-bar/ ball penetration test (TPT, BPT) * ie | = +H- + 
Piezocone pore pressure dissipation test ii c, (5) + + / 
Piezoprobe/ piezo-ball pore pressure $ c, (s) J- +- +1 = 
dissipation test 
In-situ vane shear test + SS = = 
Free fall penetration test—CPT penetrometer * Su J- + + + 
Free fall penetration test—accelerometers că Su /— + /— +. 
Pipeline section test—self-weight + Su J. Į- +-- -= 
Pipeline section test—SMARTPIPE* $ Sat / /— + e 
Sampling (+ laboratory testing) 
Piston sampler—SMARTSURF* incl. CPT * Su Sur Syres!O vos Gr Vs Cy +/— +. 
or (miniature) TPT/ BPT 

Box corer + MTPT/ MBPT A O cay Oren, Val, | | 
Free fall piston corer/ gravity corer RES Sal E Oras Ya Cy /— + = 
Vibrocorer FE Sur Sarea O vos Gras Ve Cy /— +/— +- + 
Rotary core sampler i Sis Sul O ios Ga Y 
Laboratory testing 
Laboratory miniature vane test (MV) ER RER = = 
Low stress interface shear box test BES. ceil sas OC, + = 
Incremental oedometer or CRS test oe. a | 


SP = stratigraphic profiling; GP = geotechnical parameter values; EL = extremely low strength (s, 10 kPa); VL = very 
low strength (10 kPa s, 20 kPa); M = medium strength (40 kPa s, 75 kPa); Parameters between brackets have possible 
applicability; they are not considered for the GP applicability rating; ++ = high applicability; + = medium applicability; 
+/- = possible applicability; — = no applicability; * = less than 0.1% of tool deployments; ** = between 0.1% and 1%; 


*** = between 1% and 10%; **** = more than 10%. 


consider the ranking of the sampling tool. The 
lower of the two rankings applies. 

Note that Table 1 includes rarely-used tools, yet 
does not cover all possible tools or potential future 
tools. For example, magnetometer survey and 
borehole drilling and sampling are omitted, while 
possible future tools include the in-situ toroid pen- 
etrometer and the in-situ hemi-ball penetrometer 
(White et al. 2017). 


2.2 Soil provinces and data coverage 


Limited general guidance on integrated site inves- 
tigation is included in the standards for pipeline 
design listed in Section 1. In practice, integrated 
site investigation leads to development of a ground 
model and, often, multiple soil provinces. A soil 
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province is an area in which geotechnical condi- 
tions are assessed as similar. The vertical range of 
expected geotechnical conditions is described and 
summarised in a predicted soil profile associated 
with a soil province. 

The delineation of soil provinces takes account 
of data coverage by the techniques and tools listed 
in Table 1. Seafloor mapping typically provides full 
data coverage for the seafloor area of interest. Data 
accuracy and data resolution primarily depend on 
the tool or technique and deployment method. 
Sub-seafloor mapping can provide linear, 2D data 
coverage along selected survey track lines. Section 3 
provides further information on technology limita- 
tions on data coverage for sub-seafloor mapping. 

In-situ testing represents intrusive investigation, 
i.e. tools penetrate the seabed at selected locations. 


This implies acquisition of point data, generally 
compiled in vertical profiles. Associated sampling 
and laboratory testing provides complementary 
data coverage to verify and calibrate in-situ test 
results. 

Effects of geotechnical uncertainty and spatial 
variability in pipeline design are discussed in, e.g. 
White et al. (2015). Inevitably, data integration 
requires experienced geo-professionals for assessing 
uncertainties and developing fit-for-purpose ground 
models and geotechnical parameter selection. 


2.3 Geotechnical parameter values 


A predicted soil profile typically considers uncer- 
tainty using low estimate LE, best estimate BE 
and high estimate HE values for the geotechnical 
parameters listed in Section 1 and Table 1. Accu- 
rate measurement of shallow soil properties is 
critical for assessing PSI response. For soft fine- 
grained soil (common to most moderate to deep- 
water hydrocarbon-producing basins), the critical 
parameters are s, and s,,. Not only do s, and s,, 
affect axial and lateral undrained resistance, but 
they dominate the initial, or as-laid, pipeline 
embedment. For EL strength soil, y can be just 
as important as strength due to buoyancy effects. 
In coarse-grained materials, 6, is often the critical 
parameter, but y is also important, and s, can be 
important for assessing as-laid embedment, due to 
the high frequency cyclic loading of the soil during 
the lay process, which is seastate-driven (Westgate 
et al. 2010). Consolidation coefficient c, is the main 
parameter that determines the drainage response 
of the soil, and therefore which resistance param- 
eters require quantification. 

Figure 1 illustrates challenges in assessing accu- 
rate s, and s,, values for an EL Clay scenario of 
Table 1. The presented (point) data are for a single 
investigated location cluster that serves as one of 
multiple location inputs for a predicted soil profile 
of a soil province. The in-situ test methods repre- 
sented by Figure | are the (piezo)cone penetration 
test (CPT) and the T-bar penetration test (TPT). 
The presented laboratory test methods are the 
miniature T-bar penetration test (MTPT) in a box 
core sample, and the laboratory miniature vane test 
(MV) and the torvane test (TV) performed in box 
core and piston core samples. The presented test 
results are according to ISO (2014). The scale of 
the upper horizontal axis of the diagram applies to 
CPT, TPT and MTPT penetration resistance val- 
ues. The scale of the lower horizontal axis applies 
to CPT sleeve friction, undrained shear strength 


and remoulded undrained shear strength s, „up 


according to Method c) of ISO (2014), i.e. after 5 
to 10 rotations for the vane. The cyclic portion of 
the TPT and the two MTPTs were started in the 
penetration phase. 
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Figure 1. Project example of challenges in assessing s, 


and s,, values for deepwater low strength clays. 


Figure 1 shows more (high quality) project data 
than usually available in practice for a single loca- 
tion. This allows the evaluation of scenarios with 
less data, e.g. which criteria to apply for selection of 
s, and s,, values if only CPT data or only MV data 
were available. Similarly, which criteria should be 
applied for LE, BE and HE values for a soil prov- 
ince investigated at multiple profiling locations. A 
further consideration for the example of Figure 1 
is the estimation of combined uncertainty values 
applicable to (a) the data points in terms of depth 
below seafloor and test values such as q, cpr and 
(b) the derivation of fit-for-purpose sets of s, and 
s,, Values (including any intermediate values for 
partially remoulded conditions) for a particular 
PSI calculation model. Section 3 includes some 
guidance on estimation of uncertainty values for 
some of the tools of Table 1. The selected piece- 
wise linear LE, BE and HE profiles should aim to 
capture the subtleties of strength variation with 
depth, including (a) extremely low or negligible 
strength at seafloor, (b) any surficial crust layers, 
and (c) the potential for water entrainment effects 
from surficial cycling. Overconservative bounding 
of the data, particularly the strength at seafloor, 
can have a significant widening effect on the range 
of PSI outputs such as pipe embedment and lat- 
eral or axial resistance parameters. 


3 SITE INVESTIGATION PRACTICE 


3.1 Marine geophysical investigation 


Seafloor mapping provides information about 
soil conditions at seafloor and about the general 


geomorphological setting. The common tools are 
multi-beam echo sounder (MBES) and the side- 
scan sonar (SSS). MBES backscatter data can 
often be processed to determine whether the sur- 
face materials are predominantly fine-grained or 
coarse-grained (e.g. IOGP 2017). 

Sub-seafloor mapping typically provides no 
direct information about site conditions imme- 
diately below seafloor (BSF) within the zone of 
influence for surface-laid pipelines. Particularly, 
commonly available seismic reflection survey tools 
provide no stratigraphic resolution for this part of 
the seabed (e.g. DNVGL 2017). 


3.2 Cone penetration testing 


Table 1 shows the Use for cone penetration tests 
(CPTs) as **** (>10% for all deployments), higher 
than for any other tool in the in-situ testing and 
sampling categories. Their current dominance in 
pipeline practice relates to a combination of data 
value versus cost of data acquisition. Piezocone 
penetrometers lead this trend with more than 95% 
use, mostly with a filter positioned in the cylindri- 
cal section of the cone tip (u, position). 

CPT data generally allow stratigraphic profiling 
to about 40 mm resolution, generating data points 
every 0.02 m of penetration. CPTs cannot accu- 
rately distinguish loose sand from low strength 
clay between seafloor and about 0.1 m BSF. This 
is because of a combination of initial embedment 
effects applicable to the cone penetrometer and the 
friction sleeve of the cone penetrometer achieving 
full embedment below about 0.15 m BSF. In this 
case, it is noted that the example of Figure | shows 
f, data starting below about 0.1 m BSF. 

The Medium Applicability (Table 1) assigned 
to stratigraphic profiling for EL Clay relates to 
accuracy of CPT parameter values. For the CPT 
results presented in Figure 1, the uncertainty 
values for q, ¿py and f cpr are about + 5 kPa and 
+ 3 kPa respectively (Peuchen & Terwindt 2015). 
Uncertainty values for precision are significantly 
better. The depth accuracy class is estimated as 
ZI according to ISO (2014), i.e. data point depth 
uncertainty of better than +0.1 m. 

Deriving s, from CPTs is generally based on 
Sa = acer Nu Where N, is an empirical cone factor. 
Values of N, typically consider a reference method 
for s, derived from a process of sampling and labo- 
ratory testing. EL clays, common at deepwater 
locations, present challenges to this practice. The 
following comments are offered: 


— N, factors for EL clays are commonly taken from 
published correlations (e.g. Mayne et al. 2015) 
with laboratory test data at strength and stress 
levels higher than EL clays close to seafloor, i.e. 
outside the published correlations. Also, over- 
consolidation mechanisms (e.g. Kuo et al. 2010) 
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and associated apparent overconsolidation ratios 

for EL clays (e.g. Fig. 1) close to seafloor typi- 

cally differ from published correlations. 

In practice, the effects of limited embedment of a 

cone penetrometer are ignored for selection of N,, 

values. This practice can underestimate s, for the 

upper 0.2 m BSF, possibly by up to about 30%. 

CPT parameter values for EL clays, especially 

near seafloor, are close to their measuring limits. 

Site-specific spot checks for N,, can be made in case 
of undisturbed, non-pressure, soil sampling at the 
same location cluster. The checks typically comprise 
index strength testing conducted on soil retained in 
the sampler, i.e. before removal of the sample from 
the sampler. Common index strength tests are the 
TV and MV as shown on Figure 1. The number of 
data points from these index tests is, at best, a small 
fraction of those derived from CPTs, and include 
at least the same level of uncertainty in the derived 
values. EL clays are typically outside the applicabil- 
ity range of undrained triaxial tests and direct sim- 
ple shear tests. These laboratory test types generally 
provide no added value compared to index strength 
tests on undisturbed EL clay retained in a sampler. 

— MTPTs and miniature ball penetration tests 
(MBPTs) performed in box cores and large- 
diameter samples can be used to support deriva- 
tion of N,,. However, any errors in selection of 
Nop aNd Ny, values will show high correlation 
with the errors for N,,. 

— In case of sparse data, approximate labora- 
tory checks for N,, can be obtained from dis- 
turbed samples, by deriving s,, and estimating a 

strength sensitivity factor S, 


ur 


Table | shows that values for s,, and y can be 
broadly derived from CPT parameters. Particu- 
larly, s,, can be correlated to f; ¿py (e.g. Quiros & 
Young 1988), at high precision but limited accu- 
racy. Figure 1 shows reasonable correlation for 
Surmv ~ 1-0 f, cpp Correlations between fi cpr and s,, 
should consider: (a) cone penetrometer type, (b) a 
reference test method for s, ,, and (c) soil behaviour 
type including range of soil strength or overconsol- 
idation ratio OCR. It is noted that f, cpr is probably 
more related to residual strength than remoulded 
strength. Furthermore f, cpr can be dominated by 
soil-soil shear resistance at low OCR values and by 
soil-steel resistance at high OCR values. 

CPTs require a robust seafloor-based template 
providing self-weight resistance to the push-in sys- 
tem and the heave-compensated tensioning of the 
lifting/ communication cable(s). The template can 
affect CPT measurements from seafloor to 0.5 m 
BSF (Peuchen et al. 2005), if all the following con- 
ditions are met: 


— Penetration of the template into the sea- 
bed > ~0.2 m, i.e. typically soil consisting of EL 
clay or similar. 


— Template bearing pressure > ~ 10 kPa. 

— Lateral distance between the edge of the tem- 
plate and the axis of the cone penetrometer 
is < 0.5 m. 


Some systems allow estimation of the mag- 
nitude of template penetration into the seabed 
by means of a mechanical settlement gauge with 
about 0.5 m measuring range. The SMARTSURF® 
system (Randolph 2016) is an example of a specific 
site investigation tool for combined in-situ testing 
and piston sampling for surface-laid pipelines and 
cables. It is equipped with retractable mudmats 
and seafloor detection tools for deployment on 
extremely soft seabed. 


3.3  T-bar/Ball Penetration Testing 


As indicated by Table 1, the T-bar and ball pen- 
etrometer capabilities for soil profiling and, there- 
fore, geotechnical parameter values are limited to 
relatively uniform fine-grained soils. For the TPT 
results presented in Figure 1, the uncertainty value 
for Gro rgr 18 about + 3 kPa for the penetration 
phase (Peuchen and Terwindt 2016) compared to 
+ 5 kPa for the CPT. Slightly higher uncertainty 
applies to the extraction phase and any cyclic 
phases. As for the CPT, uncertainty values for pre- 
cision are significantly better, and the depth accu- 
racy class is estimated as ZI. 

A consideration for TPT and BPT interpre- 
tation is presumed soil closure around the pen- 
etrometer except for the push rod/ shaft. However, 
a slot in soil can apply close to seafloor, occasion- 
ally in combination with a detached lump of soil 
on top of the T-bar or ball. The depth of slotting 
depends on properties such as s,, OCR and y. It 
can exceed several T-bar or ball diameters, as illus- 
trated with finite element analysis (e.g. Tho et al. 
2012). Slotting can also change in-situ soil prop- 
erties by water entrainment. As entrainment can 
take place during pipeline installation, cyclic pen- 
etration testing can be used for assessing changes 
in undrained shear strength during pipe laying 
and therefore assessment of as-laid embedment. 
Comparisons between surface-breaking cycles 
and deep cycles can be used to assess a soil’s sus- 
ceptibility to water entrainment-driven strength 
degradation. 


3.4 Free-fall Penetration Testing—Cone 
Penetrometer 


Future frequency of use of CPTs may reduce, as 
equipment capabilities and interpretive capabili- 
ties are evolving for the free-fall penetration test 
equipped with a CPT penetrometer. Peuchen et al. 
(2017) provide a summary for this type of free- 
fall tool, particularly considering extremely low 
strength soils at and close to seafloor. 
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3.5 Sampling 


A SMARTSURF® system, or equivalent, is pre- 
ferred for shallow seabed sampling (Table 1). The 
box corer is a secondary tool. Box core sampling 
and associated laboratory testing are often used 
and occasionally misunderstood. This is further dis- 
cussed below. The other samplers listed in Table 1 
typically have Possible Applicability and No Appli- 
cability. These classifications relate to reliability of 
complete sample recovery for the upper 0.5 m BSF. 
ISO (2014) provides background information about 
such sample recovery limitations. The penetration 
capabilities of the box corer limit the effective use 
of the tool to clays of extremely low and very low 
strength (Table 1). For these types of soil, the box 
corer has continuous sample recovery to penetra- 
tion depth, typically up to 0.5 m BSF. This allows 
for accurate characterisation of the layering of the 
upper seabed (Fig. 2). Nevertheless, it is possible 
that the top material, particularly loose non-cohe- 
sive material, is washed out of the sampler when the 
box corer is retrieved to the vessel. As for all types 
of non-pressure sampling, total stress conditions 
inevitably change upon extraction of a sample from 
the soil. This can lead to soil swelling, loss of satura- 
tion and formation of free gas in the sample where 
gas was previously in solution in the pore water. 

To minimize this effect, MTPTs or MBPTs are 
commonly performed in box cores or large diam- 
eter sub-samples of a box core, immediately after 
sample recovery. Figure 1 presents example results 
for conventional displacement-controlled test pro- 
cedures. Conventional deep cyclic phases (Figure 1) 
can be compared to surface-breaking cyclic phases, 
as for the TPT and BPT. Load-controlled cycles 
can also be employed to assess the self-burial of the 
penetrometer under a fixed or variable combina- 
tion of cyclic loading. This can be useful for riser 
or pipeline embedment assessments and to derive 
seabed stiffness values for riser fatigue design. 


3.6 Laboratory testing 


The usual limitations apply to laboratory tests 
on intact samples. Laboratory testing typically 


Figure 2. Examples of seabed stratigraphy from box 
core sampling: (left) upper EL clay (slurry) layer and 
(right) upper shelly layer (from White et al. 2015). 


includes characterisation testing (water content, 
Atterberg limits, density of solid particles, unit 
weight, carbonate content, particle size analysis) 
and index strength testing (intact and remoulded 
MV and TV, direct shear) relevant to the soil type. 
Testing to quantify the pipe-soil interface shear 
resistance is generally performed on remoulded 
and reconstituted samples to simulate the soil dis- 
turbance due to pipeline laying. This type of spe- 
cialist testing typically covers low normal stress 
loading conditions, variations in shearing rates, 
pre-consolidation level, interface surface rough- 
ness, and cyclic loading (Boukpeti & White 2017). 


4 MAIN POINTS 


Design of surface-laid pipelines requires charac- 
terisation of the (approximately) upper 0.5 m of 
the seabed for (1) stratigraphic definition and (2) 
accuracy of geotechnical parameter values. This is 
linked to critical ranking of site investigation sys- 
tems. The ranking includes sub-seafloor mapping, 
cone penetration tests, T-bar/ball penetration tests 
and box core sampling combined with in-box min- 
iature T-bar or ball penetration testing. Experience 
from practice provides opportunities for signifi- 
cant data enhancement and avoidance of pitfalls 
through careful selection of sampling and testing 
equipment, procedures and interpretation. 
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ABSTRACT: A comprehensive field campaign was carried out on an aged, dense, over-consolidated 
sand in Cuxhaven, Germany. CPTs along with a suite of additional in-situ tests, including DMTs, PLTs, 
shear wave velocity measurements (SDMT and MASW), nuclear densometer, manual drive-in cylinder, 
temperature, suction and volumetric water content testing were performed on a clean sand to a depth of 
about four meters. Aim of this field-testing program was to characterize in-situ a clean North-Sea sand 
and by doing so overcome calibration chamber effects (like reconstitution, ageing, and imposed boundary 
conditions). The field campaign forms part of an effort for the determination of in-situ stress history as 
well as engineering strength and stiffness properties within the ‘low’ stress regime (< 50 kPa vertical effec- 
tive stresses). Details of the field results together with an assessment of OCR and K, values are introduc- 
tory presented in this paper. The background of this study is the soil characterisation at ‘shallow depths’ 
for subsea structures such as suction buckets, cables, pipelines, satellites and light gravity base structures. 


1 INTRODUCTION developing a framework for interpretation of 
OCR, K, and ultimately relative density, strength 
Interpretation of CPT results on dense-very dense and stiffness properties of over-consolidated 
marine sands at shallow depths in terms of relative marine sands. 
density, D, is commonly done using either empiri- 
cal or semi-empirical methods developed based on 
calibration chamber testing, CC, and/or centrifuge 
tests involving measurements on freshly reconsti- 
tuted sand. Hence, some important features like 
layering, fabric, ageing, cementation, bonding and The test field is located around 5 km south of Cux- 
over-consolidation, OC, effects resulting from gla- haven, Germany, approximately 6 km east of the 
ciation and potential wave loading cannot be rep- North Sea coast (see Fig. 1). The test site is part 
licated in the laboratory. Obviously, CPT profiles of a sand/gravel pit, which is owned by Plambeck 
obtained in CC may differ significantly from field Erd- und Tiefbau GmbH. The pit started opera- 
CPT profiles. tions in1980 and soil has been excavated from the 
In order to overcome the issues of analysing area since then. Approximately 16 m to 20 m of 
CPTs from laboratory testing conditions, and with sand has been excavated at site within the last ca. 
the long-term purpose of creating a field database 35 years. The exact overburden height is uncertain, 
of shallow CPTs on over-consolidated dense sands, but based on the information provided by Plam- 
Ørsted Wind Power, Geo and NGI joined efforts beck, about 18 m can be assumed as representa- 
to characterise the upper sand layer of a research tive. Moreover, the Cuxhaven test field has also 
site in Cuxhaven, Germany. The site was chosen been used for research studies related to monopile 
because of its relatively homogeneous sand unit of installations and thus, several monopiles of 4.3 m 
dense over-consolidated state, and since the depo- diameter and 21 m buried length placed with 26 m 
sition conditions resemble offshore sands around distance in between (see Fig. 2) are located in the 
the North Sea. The characterization of Cuxhaven vicinity of the testing area. The specific field loca- 
sand is part of an R&D project with the aim of tion chosen for testing is expected to be influenced 


2 THE SITE 


2.1 Description and general location 
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Figure 1. 
maps). 


Location of Cuxhaven research site (google! 


Figure 2. Schematic overview of field tests locations. 


by the monopile installations to a minor degree. 
An adjacent 7 m high embankment lies approxi- 
mately 4 meters west of the testing area. Testing 
near the embankment was avoided. As seen in 
Figure 2, the testing area tested was circular with 
a diameter of 10 m. Several tests were carried out, 
including: CPTs, dilatometer tests, DMTS, seismic 
dilatometer, SDMTs, plate load tests, PLTs, nuclear 
densometer, ND, manual drive-in cylinder density 
tests, MD, as well as sampling, suction, volumet- 
ric water content and temperature. Multichannel 
analysis of surface waves, MASW, were performed 
right outside the circular testing area. The upper 
soil at the site is characterized by a 4.7 m thick 
marine fine to medium sand, overlying clay. The 
ground water table, GWT, was measured at 3.1 m. 


2.2 Depositional environment and material source 


Before the glaciations, thick layers of sands were 
deposited by ancient rivers in large parts of the 
North Sea area. During the earlier glaciations 
(Saale and Elster) the area closest to present day 
shore line was ice-covered, whereas in the latest 
glaciation thick fluvial or deltaic sediments were 
deposited in a cold environment without vegeta- 
tion. Deposition, erosion and re-deposition during 
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the glaciations sorted and packed the sediments 
but also contributed with silt and clay sediments. 
Deltaic deposits formed along the ancient shore- 
lines and fluvial deposits continued in braided 
streams with numerous channels. The different 
cycles of sand deposits are difficult to distinguish 
when looking at isolated samples. 

The clean upper sand unit of Cuxhaven was 
observed in the field to be homogeneous (similar 
grain size), but the unit weight of the layers var- 
led significantly. This variation is believed to be a 
consequence of the depositional environment and 
impact of wave loading. 


3 FIELD TESTING PROGRAM 


3.1 


A summary of the field tests performed are given 
in Table 1, together with information about the 
number of tests and respective depths. During 
testing, the site was carefully dug in 0.5 m inter- 
vals using an excavator for the first 0.4 m, whereas 
the remaining 0.1 m was cautiously manually exca- 
vated. Measurements were carried out at each 
excavated depth, on a levelled surface, to obtain a 
dissected profile of index parameters. 


Overview of results 


3.2 Excavation log 


Shallow surface stratigraphy of the site, measure- 
ments of water content, wc, unit weight,y, and dry 
unit weight, y,, are presented in Figure 3. As seen 
in Figure 3a, the sand thickness is about 4.7 m, and 
GWT lies at about 3.1 m depth and the zone satu- 
rated by capillarity (above GWT) was about 0.3 m. 


Table 1. Summary of field tests in Cuxhaven sand. 
Test type No. Depth (m) 
CPT* 7 0 to 5.5 
DMT' 2 0 to 5.5 
SDMT: 2  0to5.5, V, from l to 5 
MASWS 4 0 (from the surface) 
Plate load test 5 0; 0.5; 1; 2: 3 
(PLT) 
Nuclear densom. 34 0; 0.5; 1; 1.5; 2; 2.5; 3; 3.5; 3.67 
(ND) 
Manual densom. 40 0; 0.5; 1; 1.5; 2; 2.5; 3; 3.5; 3.67 
(MD) 
Sampling (-) 6 0; 0.5; 1; 1.5; 2; 2.5; 3; 3.5; 4 
Temperature (t) 5 0;0.5; 1;2;3 
Suction (y) 5 0; 0.5; 1; 2; 3 
Vol. water content 5 0; 0.5; 1; 2; 3 
(0) 


* Cone Penetration Test, + Dilatometer, { Seismic 
Dilatometer, § Multichannel Analysis of Surface Waves. 
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Figure 3. Excavation log: (a) stratigraphy, (b) water 


content, (c) unit weight, and (d) dry unit weight. 


Water content was determined from samples 
sent to the NGI laboratory in Oslo, Norway, while 
values of y and y, were obtained manually, with 
great care, using the drive-in cylinder technique, 
MD, and nuclear densometer, ND. MD measure- 
ments were performed using cylinders of 70.4 mm 
diameter and two different heights, namely 50 mm 
and 100 mm, following ASTM D-2937-10 rec- 
ommendations. Significant scatter of results was 
observed during MD tests despite the great care 
exerted during sampling. ND measurements were 
done in parallel using a calibrated nuclear density 
gauge (model Troxler 3440). Measurements were 
complying with ASTM D-2922, using the “direct 
transmission mode” by inserting the nuclear source 
into the ground. Less scatter of ND results was 
observed. Given the fact, that MD measurements 
are more susceptible to errors (dilation or contrac- 
tion of sand while pushing the cylinder) and sys- 
tematically lower than the ND measurements, they 
are considered less trustworthy. 

Decagon 5TM soil moisture and temperature 
probes were used to estimate the volumetric water 
content, 6, which was about 0.1 m*/m* from 
0 m to 2 m depth and 0.2 m?/m? at 3.0 m depth. 
Suction was measured using MP-6 calibrated 
ceramic disks. A suction of about 10 + 2 kPa was 
measured. 


4 OVERVIEW OF TEST RESULTS 


4.1 CPT results 


CPT tests were performed using Geo’s CPT-truck 
and a standard AP van den Berg 10 cm? cone. Pro- 
files of cone resistance, q,, sleeve friction, f, and 


f, (MPa) 
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Figure 4. CPT: (a) q,, (b) fy (c) u,, (d) q,, (e) B,, (Ð Re 


pore water pressure, u,, vary considerable with 
depth inferring layering within the sand unit (see 
Fig. 4). Scatter of the CPT measurements was 
observed within the relatively small circular test- 
ing area of 10 m. A distinctive “S” shape of u, is 
observed in Figure 4c, which is attributed to the 
unsaturated soil conditions as well as uncertainties 
while measuring small values of u,. Two dissipa- 
tion tests were performed at about 4 m depth, the 
results verified GWT level. 

For Cuxhaven sand, q, reached its full value 
(also called quasi stationary value q,), at about 
0.7 m (see Fig. 4a) indicating the sand being OC, 
since NC sand usually reaches q,, much deeper at 
values of > 1.0 m, depending on sand density and 
its characteristics. As seen in Figure 4d q, is equal 
to qə as expected for a clean sand. R, shown in 
Figure 4e is 0.5, in average for the entire sand layer, 
though significant scatter is observed due to soil 
layering. B,, shown in Figure 4f, is almost constant 
in the unsaturated zone above GWL, with small 
variations as expected from the u, measurements. 
B, values decrease as soon as the CPT reaches 
ground water. 
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Figure 5. DMT: (a) Ip, (b) Kp, and (c) M. 


42 DMT results 


DMT tests were performed following ASTM 
D6635-01 (2007) procedures. Results are pre- 
sented in terms of Material index, Ip, Horizontal 
stress index, Kp, and Dilatometer modulus, M, (see 
Fig. 5). Almost constant I,, values were obtained 
from 0.5 m to ca. 4.7 m depth. However, K, and 
E, results were affected by soil layering, especially 
because these parameters are not normalized as Ip. 


4.3 Shear and P-wave velocities 


Shear wave velocities, V,, were obtained using 
SDMT and MASW equipment. Two test pairs 
were performed on top of each other, while two 
additional MASW were performed outside the 
tested perimeter. The SDMT probe consisted 
of two sensors spaced 0.5 m, and a falling ham- 
mer system with a wooden beam mounted on the 
CPT truck was used to generate shear waves. The 
beam and the SDMT probe distance was 0.95 m. 
The hammer weight was 18.8 kg and four falling 
heights, namely 40, 80, 160 and 360 mm, were 
used to determine the energy giving the best signal. 
Results are given in Figure 6a. From MASW read- 
ings, V, and P-wave velocities, V „ were derived (see 
Figs. 6a and 6b). 

High resolution 1D MASW were performed 
using a 24 channel Geode digital seismograph, 
48 no. 10HZ vertical geophones. Details of the 
MASW technique are found in Park et al. 1999. 
Data processing was performed using NGI in- 
house software. 

V, values from SDMT are deemed unreliable at 
depths between 0 m to ca. 3.5 m depth, even though 
a geometrical depth correction was applied. Hence, 
V masw Values were considered more credible than 
V.spmr- Note though that V, spmr and V, masw Can- 
not be directly compared since they differ in terms 
of travel path and polarisation. V.spyr 18 an inva- 
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Figure 6. 
MASW. 


sive method where the tool is deployed in down- 
hole mode, and V masw iS non-invasive surficial 
method. 


4.4 PLT results 


Plate loading tests, PLTs, were performed at the 
same location at meter-intervals using a 0.3 m 
diameter plate. Figure 7 shows the average load 
measured, P, relative to plate settlement. The ulti- 
mate bearing capacity, P varied between 35 kN 
and 70 kN. At first glance, the variation of Pu 
seems to be quite high, but the variation is reason- 
able given the layering of the soil. P „ compares 
quite well with the corresponding distributions of 
q, and K,, from CPT and DMT respectively. Nev- 
ertheless, note that P,,, at 3 m depth was affected 
by the GWL and a lower P,, value was expected. 


ult 


4.5 Material composition and index tests 


Grain size distribution curves, GSD, were deter- 
mined at each excavated depth (see Fig. 8). 
Because of the homogeneity of the GSDs, the sand 
was mixed to a batch. Hence, almost all index and 
advanced tests (except wc) were performed on the 
batched sand. Results of triaxial testing are pre- 
sented in Quinteros et al. (2017). Values of d,, and 
de, are given in Figure 8; Cy and Ce are 2.3 and 
1.1 respectively. The fines content was less than 
3%. Unit weight of solid particles, y, is 26.2 kN/ 
m°. Maximum and minimum dry unit weights, 
Yamas = 17.27 KN/m' and Ya min = 14.19 kN/m5, were 
obtained using NGI in-house methods. 

A scanning electro-micrograph, SEM, is shown 
also in Figure 8. From the SEM, particle round- 
ness, R = 0.75, sphericity, S = 0.90, and regularity, 
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Figure 7. PLT: (a) Load vs. settlements, (b) Pu vs. 
depth. 
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Figure 8. GSDs and SEM image of Cuxhaven sand. 


p = 0.82, were obtained. Grains angularity was 
determined on a selected 500 g batched sample 
resulting in 0.4% angular, 12.4% sub-angular, 
59.6% sub-rounded, 26.4% rounded and 1.2% 
rounded particles. Mineralogy of grains was 
assessed using the X-ray diffraction method, XRD. 
The main minerals being quartz (93%), alkali-feld- 
spar (4%) and plagioclase (3%). 


5 ASSESSMENT OF STRESS HISTORY 


5.1 Estimation of OCR 


The mechanically over-consolidation ratio, OCR, 
is defined as the maximum past effective consoli- 
dation stress, 0» over the present effective over- 
burden stress, O” ,, as: 


OCR =0,/ 0% (1) 
As discussed in Chapter 2, the Cuxhaven site has 


been excavated by around 18 m +2 m. Hence OCR 
can be calculated using Equation 1 (see Fig. 9). 
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Mayne et al. (2009) presented a so-called uni- 
fied-approach, for a first-order estimation of the 
yield stress from CPT results: 


o’, = 0.33 (q, — 0,,)'” (2) 


where q, = corrected cone resistance (q, = q, + u, 
(1 —a)) in kPa, o, = vertical total stress in kPa, and 
m’ is a fitting exponent (m’ = 0.72 for clean quartz 
to silica sand). 

Using Equations 1 and 2, OCR profiles were 
estimated reasonably well from CPT results (see 
Fig. 9a). 

Monaco et al. (2014) proposed a multi- 
parameter approach in terms of the empirical 
equation for homogeneous soils: 


OCR = 0.0344 (Mpy11/q. — 0.4174 (Mosul) 
+ 2.2914 (3) 


Figure 9b shows calculated OCR profiles using 
Equation 3 from combined close-by CPTs and 
DMTs. Note that Equation 3 does not predict 
OCR from CPT-DMT at shallow depths. OCR 
estimation based on DMT alone (Marchetti, 
1980) was also tried, but unreliable estimates were 
obtained here as well. 


5.2 Estimation of K, 


The coefficient of lateral earth pressure at rest is 
defined as the ratio of effective horizontal stress 
over the effective vertical stress, K,=0",/0”,.. Typi- 
cal values of K, reported in the literature are 0.4 for 
loose and 0.6 for dense NC sands. For wave-densi- 
fied OC sands a constant K, = 1 is often assumed. 
Jaky (1944) proposed the well-known formula 
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Figure 9. OCR based on: (a) CPT after Mayne et al. 
(2009), and (b) CPT-DMT after Monaco et al. (2014). 


K,=(1 sing”). Wroth (1973) stated that K, of OC 
sand is higher than K, of NC sand; hence, reflect- 
ing the effect of OCR on K,, Kulhawy 8 Mayne 
(1990) proposed an equation based on the effective 
friction angle of soil ¢ and OCR: 
K, =(1 —sing’)-(OCR)*” (4) 

Using Equation 4, K, was estimated using 
Q'a = 32° (from triaxial tests) as recommended by 
Lee et al. (2013) for dense sands, while OCR was 
obtained from Equation 1, see Figure 10. As seen 
in this figure, K, changes significantly with depth 
and is obviously not constant as often assumed in 
practice. Hence, standard K, equations (derived 
for clayey soils) seem to be applicable for estimat- 
ing K, in the case of the unloaded OC Cuxhaven 
sand site. In Figure 10a, K, is calculated using 
Equations 4, | and 2 for CPT tests. 

A CPT-DMT multi-parameter approach, as 
proposed by Marchetti (1985), was also used to 
estimate K,, namely: 

K, = 0.376 + 0.095 K, - D, - (q,/o’,) (5) 
where: D, = fitting parameter equal to 0.0017 for 
CC data, 0.0046 for Po river sand, or 0.005 for sea- 
soned sand and 0.002 for freshly deposited sand 
after Baldi et al. (1986). Given the range of pos- 
sible values of D,, the multi-parameter approach 
will return rough estimations of K, only. For 
Cuxhaven sand D, = 0.005 was used. Figure 10b 
shows the K, assessment based also on CPT-DMT 
Equation 5. As seen in this figure, the multi-param- 
eter approach seems to follow the theoretical K, 


Depth (m) 


— Eq.4 
— CPT1, Eqs.1,284 
R|- = CPT2, Eqs.1,284 
“A =-=- CPT3, Eqs.1,284 
+ CPT5, Eqs.1,284 
—CPT4, Eqs.1,284 
= = CPT6, Eqs.1,284 


vo |= Eq.4 
—— CPT4-DMT2, Eq.5 
= = CPT5-DMT1, Eq.5 
=-=- CPT6-DMT3, Eq.5 
CPT7-DMT4, Eq.5 


CPT7, Eqs.1,284 


Figure 10. Assessment of K, from CPT after 
Kulhawy & Mayne (1990) and from CPT-DMT after 
Marchetti (1985). 
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calculated after Kulhawy & Mayne (1990) as per 
Equation 4, but significant scatter is observed. 


6 CONCLUSIONS 


A comprehensive site characterization program 
carried out on Cuxhaven sand has been presented. 
The clean, quartzitic, aged, dense sand of Cux- 
haven is a typical North Sea sand. Aim of the 
field campaign was to obtain data from a natural 
OC sand in contrast to calibration chamber test 
results on freshly deposited sand. This research 
is part of an overall study to develop appropri- 
ate correlations for estimating OCR, K, and ulti- 
mately D, in an OC sand at shallow depths. Based 
on the field results and subsequent site stress his- 
tory assessment, the following initial conclusions 
were drawn: 


e Nuclear density measurements of unit weights 
are higher than manual density measurements 
using the drive-in cylinders. Large scatter is 
related to the results in spite of the great care 
exerted during sampling with drive-in cylinders. 
From CPT, DMT and PLT results significant 
variability is observed as a result of the geo- 
logical depositional history of the site. However, 
the sand unit is quite homogeneous in terms of 
grain sizes. 

CPT gives a more detailed profile than DMT. 
However, due to the rate of change of q., local 
peaks of q, may be underestimated, since q. may 
not be fully developed to a quasi-stationary 
value. 

V, results from SCPT are unreliable at shallow 
depths (< 3.5 m). Hence, MASW is considered 
to give more realistic results at shallow depths. 
OCR was reasonably estimated from CPT read- 
ings using Mayne et al. (2009) method. While 
the multi-parameter approach (CPT-DMT 
combined) as proposed by Monaco et al. (2014) 
did not provide reliable estimations at shallow 
depth. 

K, was estimated using Kulhawy & Mayne 
(1990) approach as well as the multi-parameter 
approach after Marchetti (1985). Both methods 
returned similar results. 
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Assessment of pile bearing capacity and load-settlement behavior, 
based on Cone Loading Test (CLT) results 
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ABSTRACT: The Cone Loading Test (CLT) consists of stopping the static penetration at a desired 
level and carrying out a loading of the cone by successive steps. This test is carried out with a standard 
static penetrometer, equipped with some extra features. The test principle is that at selected depths an 
electric CPT cone tip is submitted to incremental loading while measuring the settlement of the cone. The 
test result is a load-displacement curve for both friction sleeve and cone tip. Considering that the cone 
of the penetrometer is like a reduced model pile, the CLT test is a suitable tool for foundation design. In 
this paper, a direct method is proposed for using the cone resistance and limit sleeve friction of the CLT 
test to calculate the bearing capacity and to predict the settlement of a pile at different loads. This paper 
presents a new approach for transforming a CLT-load-displacement curve into load-displacement curves 
of a pile (t-z curves). A direct and clear distinction of the bearing capacity of the pile tip and the pile shaft 
mobilized at different loads becomes possible. 


1 PILE DESIGN A,: pile base (+other details for open-ended 
piles, driven H piles, etc.); 

Determining the working load on a pile close to its q,: base pressure; 

real bearing capacity is still very difficult. In direct h; width of the ground layer i; 

design method the bearing capacity R, of a pile is P.: pile perimeter in the ground layer i; 

computed from (CEN, 2005): q: unit shaft friction in the ground layer i. 


The tip capacity R, is related to a mean value of 
the shear strength derived from these tests (in situ 
and lab) multiplied by a factor related to the failure 
mechanism and adjusted for the soil type and for 
the remoulding effect of the technique. 

The shaft term R, accounts for the change of 

This separation of the pile capacity into two soil properties in the vicinity of the pile after it has 
terms is a common feature of all the design meth- been installed, for the soil variability (vertically but 
ods used in practice: i.e. (”—c”, CPT, standard pen- not only) and for the (complex) pile-soil interac- 
etration test (SPT), Ménard pressuremeter test tion. Figure 1 shows an example of the loading 
(MPT). The base and shaft resistance are com- sequence of an instrumented pile. Hence, for every 


R.=R,+R, (1) 


where: 
R, is the base resistance and 
R, the shaft resistance. 


puted from: segment of the shaft, shaft resistance q, has to be 

R, =A, xq (2) computed from the shear strength times a factor 
Bee De ee depending of the influences above. 

R, = =P, x h; x qs (3) The computation of the pile settlement is based 

on the notion of transfer functions of the t-z 

where: curves (laws establishing the relation between the 


533 


T 
Q 
100 
o 
80 
60 
40 A (10,8 á 11,8 m) 
——B (9,8 à 10,8 m) 
——C (8,8 4 9,8 m) 
20 -——D(7,848,8m) 
——E (6,8 47,8 m) 
o --F(48a68m == 
0 5 10 15 20 25 ——G (2,8 à 4,8 m) 40 
settlement (mm) | =—H04a28m | 
Figure 1. (a) Evolution of load in pile segments (b) 


Measured shaft friction (Merville, France). 


lateral friction and the displacement of the pile on 
one hand, and on the other hand the stress and the 
displacement at toe level). The concept of trans- 
fer function was originally presented by Coyle and 
Reese (ASCE, 1966). Calculations are usually car- 
ried out in the strain range of 10? and 107. 

The most commonly used technique for defin- 
ing these curves is the determination of curvatures 
from a compilation of pile load test results (NEN, 
1991). An alternative method consists in defining 
the characteristic points of the curves from the 
parameters obtained from the determination of 
the bearing capacity resulting from semi-empirical 
methods related to in situ tests (AFNOR, 2012; 
Burlon et al., 2014). 


2 CONE LOADING TEST 


Attempts have been made by several authors to 
develop a test method using a penetrometer test, 
based on either the plate bearing test or static pile 
loading test procedures in order to reach a stress 
strain relationship (Haefeli and Fehlmann, 1957; 
Ladanyi, 1976; Sanglerat, 1974). Reiffsteck et al. 
(2009) proposed a procedure which may lead to 


improvement of direct design method. This test, 
called Cone Loading Test (CLT), can be carried 
out during a Cone Penetration Test (CPT) as a 
complementary, fast and economic test. 

After a several zero measurements performed 
with the rods unclamped, the cone tip is loaded 
by a minimum of ten successive steps each lasting 
60 seconds. An alternative way is a constant very 
slow speed until the cone resistance of the soil is 
reached (Faugeras et al, 1983; Arbaoui et al., 2006; 
Reiffsteck et al., 2009). The stress-settlement curve 
relates the pressure applied on the cone to the set- 
tlement of the top of the push rods at the end of 
each loading stage (Figure 2). The curves consist 
of a linear part at small strain level, then a curved 
part at the onset of plasticity and a linear part at 
higher strain level. 

This test can be performed with a standardized 
electrical cone penetrometer (CEN/ISO, 2005). 
Moreover accurate displacement of rods and push 
force must be measured. When a piezocone is used, 
both increase of pore pressure and shear resistance 
on the friction sleeve are measured. 

The cone loading test requires several correc- 
tions, resulting from the push rods compression 
effect or from the initial conditions of the test. 
Comparison of correction methods of the meas- 
ured displacement shows that the use of a friction 
reducer imposes a accurate measurement of the 
thrust force applied at the top of the rods (Q,). Gen- 
erally a 15 cm? cone is used. This minimizes the fric- 
tion on the 10 cm? string of rods. Reliable correction 
is to estimate a mean friction value obtained from 
the difference between the force measured at the top 
and at the cone level (Ali et al., 2008). At shallow 
depth deviation of rods is neglected but if deeper 
tests are planned use of inclinometer is suggested 
(CEN/ISO, 2005). Figure 3 shows two examples 
of CPT profiles obtained on sites listed in Table 1 
were CLT have been performed at several depths. 
Although loading tests were carried out at different 
depths (approximately every 1.5 m) no disturbance 
of the CPT profiles due to CLT tests was observed. 
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Figure 2. 
2009). 


Cone loading test principles (Reiffsteck et al., 
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and (b) Limelette (Belgium). 


CPT tests profiles for (a) Merville, France 


3 CONE LOADING TEST DIRECT DESIGN 
METHOD 


Considering that the cone penetrometer is a 
reduced pile model, and that the deformation of 
the soil around a cone gives effects similar to the 
soil deformation observed around a full-scale pile 
during loading, then, the cone loading test curves 
reflect the interaction between a slim pile and the 
surrounding soil. A very useful and interesting con- 
sequence of this statement is the potential of the 
cone loading test to be a foundations design tool. 
As ina pile loading test, during a cone loading test, 
the applied cone pressure is recorded according to 
displacement in each loading stage. In the same 
manner, the curve of sleeve friction mobilization 
law can be drawn as shown on Figures 4 and 5. 
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Figure 4. (a) cone loading tests curves (b) Measured 
sleeve friction in clay (Merville, France). 


Table 1. Test sites where CPT and CLT test have been performed. 

Location Country Soil profile Depth Cone type Driving unit 
Jossigny France Plateau silt 3 Mech. Lw DPT 

Orleans France sand 4 Mech. Lw DPT 
Merville France Ypresian clay 4/9.8 Mech.-piezocone Lw DPT/Crawler 
Choisy-au-bac France Silty sand/chalk 12 Piezocone Crawler 

Oirshot Netherland clay 8 Piezocone Crawler 
Limelette Belgium Silt/sand 18 Piezocone Crawler 
StMichielsgestel Netherland sand 13 Piezocone Crawler 

Les Moulineaux France Sandy soil/chalk 23 Piezocone Truck 
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Figure 5. (a) cone loading tests curves (b) Measured 
sleeve friction in sand (Limelette, Belgium). 


Values of the measured force acting on the 
friction sleeve divided by the area of the sleeve 
can be identified to the unit skin friction resist- 
ance q, determined during a pile loading test 
with extensometer or vibrating wire transducers 
(Figure 1). 

Then in the general case of a layered ground for 
which the distribution of penetrometer limit cone 
resistance qc, with depth are known, each term 
of equation 1 will be computed from the following 
equations: 


R, =[q, + k, X (Qcrr)] x n x B?/4 (4) 
R|=2*kx£xrxBxl (5) 
where: 


q, 1s the total vertical pressure, 

k, is the bearing factor, 

k, is the pile soil interaction factor, 

B is the diameter of the pile, 

f, is the limit unit shaft friction of the i" layer, 

|, the thickness of the i* layer. 

qcır the limit cone resistance obtained near the 
tip of the pile. 


The comparison and the correlation between 
the mobilization curve obtained from the cone 
loading test and that of the static pile loading test, 
for the same site and same ground type, give access 
to influence factors. However, there are some fac- 
tors which depend on the size and geometry of 
the tip used in the cone loading test (in order to 
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limit the friction and thus limit the corrections on 
the measurement a 15 cm? cone is used), as well as 
the friction sleeve influence (steel used for friction 
sleeve is particularly smooth compared to some 
piles shafts). It must be noted that values derived 
from CLT test differ drastically from the one used 
for example in the very interesting keynote of De 
Cock (2008). 

As a matter of fact, it is necessary to integrate a 
correction factor which takes account of the scale 
factor between the friction sleeve and the pile shaft 
k, and cone and pile tip k,. The ratio of the esti- 
mated load mobilized by the shaft and the pile tip 
is very close to the ratio observed on the tests col- 
lected during this work. As a result, no particular 
factor was applied. However, the predicted total 
load remains less than the total bearing capac- 
ity observed. A model factor equal to 2 has to be 
applied to correct the calculated values. 

Figure 7a shows a regression curve obtained for 
20 piles in various soils (clay, silt, sand and chalk) 
and of different kind (screw, bored, driven piles). 
The pile-soil interaction factor is given by NF P94- 
262 standard (AFNOR, 2012; Burlon et al., 2014). 
A good prediction is observed with a mean value 
close to unity at 50% of the distribution curve. Fur- 
ther fitting of model factors is needed. It should be 
noted that usual French CPT direct design method 
used q, and not f, to derive the shaft friction. 


4 DERIVING T-Z CURVES FROM CLT 
TESTS RESULTS 


The goal of this research was to develop a method 
that would give a prediction of a complete load 
settlement curve for pile, based on the analysis 
of the friction mobilization curves (t-z curves) 
at different levels of the cone loading test. The 
approach consists of transforming the CLT 
sleeve friction and cone resistance curves repre- 
sentative of the soil along the shaft and below 
the tip into a settlement (or t-z) curve (Figure 6). 
To plot these curves, the forces (q. and f,) are 
normalized by their maximum observed value 
and the displacement h is normalized by the 
diameter of the cone. Then, exponential curves 
similar to those used in the NF P94-262 stand- 
ard are calibrated on scattered plots (AFNOR, 
2012; Burlon at al., 2014).The way this new 
method has been developed is very close to one 
described by Briaud for shallow foundations and 
also used in NEN6743 (Briaud, 2007; Larsson 
and Bengtsson, 2008; NEN, 1991). 

The settlement at the top of the foundation Wa 
can be determined as a function of the pile load as 
the sum of the value of the settlement of the top of 
the pile w,,,, and the settlement due to compression 
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Figure 6. Normalized t-z curves for tip and shaft for (a) 
clay and (b) sand. 


of the soil layers situated below the pile tip level 
Wip The settlement of the top of the pile includes 
the settlement w,, relative to the pile point due to 
elasticity of the pile (elastic shortening). 


Wound = W skin + Wip + Wa (5) 
where 
— W; and W are obtained from relative load set- 


ti skin 
tlement curve constructed with the average cone 
resistance and sleeve friction versus the relative 

settlement s/B, 

— w, is function of the assumed linear variation of 
the vertical effort in the pile (Figure 7b). 

Figure 7b shows a comparison of the load settle- 
ment curve predicted with the CLT direct method 
obtained with a simple spreadsheet or the PIVER 
software, in comparison with the actual curve of 
the pile loading test. 

The example given in Figure 7b corresponds 
to a pile with a depth of 12 m and a diameter 
of 0.5 m, drilled in the Flanders clay at Merville. 
The CLT dimensioning approach is fit well and 
gives a very similar result to the methods based 
on the results of Ménard pressuremeter and cone 
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Figure 7. Bearing capacity and settlement prediction 
for 20 piles; example of predicted load settlement curve 
in clay (Merville). 


penetration tests on which French (Frank & Zhao 
method used in AFNOR, 2012) and Dutch (NEN, 
1991) standards are based. 


5 CONCLUSIONS 


In the present paper a new direct design method 
based on the cone loading test is described, taking 
advantage of the intrinsic quality of the CPT test: 
reproducibility, precision and furthermore giving 
access to strength but also stiffness. Application to 
a database of 20 pile loading test results shows the 
quality of prediction of the bearing capacity and of 
the load settlement curves. Further research needs 
to include more case studies on different sites and 
soils: loam and sand to define the adapted rheo- 
logical factors. This new design method offers high 
potential application to spread footing design. This 
is a new field of research to explore. 
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ABSTRACT: Van Oord DMC executed a large land reclamation project, where requirements had to be 
met concerning the settlement of shallow foundations to be placed on the sand fill. CPT based settlement 
predictions performed in the design phase had to be verified with zone load testing. After completing 
the project, all measurement data were analysed to gain insight into the accuracy of existing correlations 
between CPT data and settlement of a sand fill. The correlations by De Beer & Martens (1957), Schmert- 
mann (1978), Peck et al. (1996) and Robertson (1990) were considered. From the total number of zone 
load tests, 43 test were selected which allowed for comparison of the results with the predictions using the 
mentioned correlations. It was concluded that the CPT to stiffness correlation of Robertson combined 
with the analytical model of Schmertmann corresponds very well with the measurements, consistently 
showing only small deviations from the measured settlement. 


1 INTRODUCTION 

Large land reclamation projects commonly have 
requirements for the settlement of shallow foun- 
dations to be placed on the sand fill. The stand- 
ard method of verification of these requirements 
for hydraulic fill is estimating the settlement using 
CPT's. Because of the large variation in the results 
of the existing correlations between foundation 
stiffness and cone resistance found in literature, it 
is often necessary to verify the quality of the pre- 
dictions by means of costly zone load testing. 


2 PROJECT DESCRIPTION 


2.1 General description 


Van Oord DMC have executed a large land recla- 
mation project in Kuwait. Purpose of the project 
was to construct an approximately 12 km? sand 
platform to function as a foundation for future 
construction. The thickness of the platform was on 
average 4 m, with a maximum of 6.5 m. The plat- 
form was constructed partly on an existing layer 
of silty clay (sabkha) and partly on existing sandy 
deposits. One of the performance requirements for 
the platform was to limit the maximum settlement 
of shallow footings placed directly on the sand fill. 
To achieve this requirement, several techniques 
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of ground improvement were executed: dynamic 
replacement of the existing sabkha and dynamic 
compaction complemented by high energy impact 
compaction of the fill material throughout the site. 
The dynamic replacement resulted in the creation 
of sand columns through the sabkha layer to the 
bearing strata below. The purpose of these col- 
umns, with the reclamation as load spreading plat- 
form, was to limit the deformations of the sabkha 
layer by transferring the majority of the reclama- 
tion and future foundations loads to the bearing 
strata. 


2.2 Ground improvement quality control 


One of the quality control methods for the ground 
improvement works was the execution of CPT’s. 
The site was divided into large sub-areas, which in 
turn where subdivided in control boxes of 50 m by 
50 m. In each of these control boxes CPT’s were 
performed. The purpose of the CPT’s was to iden- 
tify the control boxes with the largest expected 
settlement under the design foundation load. In 
those boxes zone load tests (ZLT’s) where then 
performed to verify that the actual foundation set- 
tlement would not exceed the required maximum 
value. 

To determine the locations for the ZLT’s, the 
CPT to soil stiffness correlation according to Rob- 


ertson (1990) combined with the settlement pre- 
diction method of Schmertmann et al. (1978) was 
applied. Using this method the settlement of the 
shallow footing was predicted for each control box 
and used as a basis for selecting the ZLT location 
for each sub-area. Due to the size of the site thou- 
sands of CPT’s and dozens of ZLT’s were executed 
over the course of the project providing a large 
amount of data. 

The ground water level at the site was elevated 
due to the hydraulic filling method. The phreatic 
water level at the moment of executing the CPT’s 
and ZLT’s was typically 1 m to 2 m below the sur- 
face level of the fill. 


2.3 Fill material 


A limited amount of particle size distribution 
tests was performed at the fill area. The sand of 
the fill is coarse to very coarse (average D50 of 
0.40 mm), poorly graded and contains a fine con- 
tent of approximately 3% after placement. Field 
density tests showed that the material of the top 
layer was compacted to a dry density of on average 
1720 mT/m*, a relative density D, of 75% to 80% 
(relative compaction 95.5%). 

Several other parameters of the fill material used 
for the construction of the platform were investi- 
gated. In Figure 1 a soil behaviour types (SBTn) 
chart (Robertson 1990) shows the distribution of 
the individual CPT measurement of normalized 
cone resistance and sleeve friction. 

As is common in the Middle-East, the fill mate- 
rial consists partly of calcareous sand. The carbon- 
ate content of the material was investigated and 
found to vary over the site. On average a carbonate 
content of 20% was found. At specific locations it 
was measured to be 70% to 80%. The sandy mate- 
rial in the original ground profile of the site is not 
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Figure 1. SBTn chart ZLT DD145. 
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calcareous. The carbonate content is of impor- 
tance for the analyses as the results of high stress 
testing methods like cone penetration testing are 
influenced by crushing of the particles. 


3 CPT BASED SETTLEMENT PREDICTION 


Execution of CPT’s is a cost effective way to gather 
information on the present soil type and behaviour. 
Besides a good insight into the strength of the soil, 
CPT results also give indications of the material 
stiffness. For granular soils, various analytical and 
empirical correlations exist between CPT meas- 
urements, stiffness properties and the expected 
settlement of a shallow foundation on the soil. A 
selection of these correlations is mentioned below. 


3.1 


De Beer & Martens (1957) developed an expression 
to predict settlement of a shallow footing based on 
the stress increase due to loading and the stiffness of 
distinguished soil layers based on a linear relation 
with the cone resistance. The method was intended 
to provide a safe upper limit of the expected settle- 
ment. Equations (1) and (2) were derived. 


Analytical and empirical models 


H 0, + Ao 

=2.3-—-lo 7 1 

S C ef o, ) (1) 
q. 

C=1,5. 2 
o (2) 


where s = settlement; H = thickness of the layer con- 
sidered; C = compressibility coefficient; s’, = effec- 
tive vertical stress at considered depth; As= pressure 
increase due to loading; and q, = cone resistance. 

The improved Schmertmann (1978) method 
uses the strain influence factor L, which can be 
derived from the strain influence diagram and 
depends on the geometry of the footing. The 
stiffness of the soil is modelled using the secant 
Young’s modulus, obtained from a linear relation 
with the cone resistance. The expected settlement 
can be obtained with equations 3-5. 


zÍ, 
s=q,-B: ae (3) 
E,,=2.5- des for circular/square foundation 
E (4) 
E, =3.5-¢.; for strip foundation (5) 


where s = settlement; q, = unit load acting on the 
base; B = footing width; 7, = strain influence factor 


Ipeak 


0.1 


0.2 


z/B 
F z = depth below footing 
7 B = width of footing 
7 L = length of the footing 
i LB >10 
Figure 2a. 
z/B 
i z = depth below footing 
7 B = width of footing 
Veale L = length of the footing 
4 
Figure 2b. Influence diagram Peck et al. (1996). 


at depth z; E = secant Young’s modulus at depth z; 
and q, = cone resistance. The strain influence dia- 
gram is shown in Figure 2a. 

Both De Beer and Martens and Schmertmann 
based their stress distribution calculation on the 
equation of Boussinesq (1883) and Newmark (1942). 

Peck et al. (1996) proposed a modification of 
the Schmertmann method. They presented a dif- 
ferent influence diagram where the depth and size 
of the peak of the influence Z, is independent 
of the foundation geometry, in combination with 
adjusted expressions for the Young’s modulus as a 
function of the cone resistance. Also a distinction 
is made between direct elastic settlement and time 
dependent deformation (creep). The equations 6-8 
proposed for settlement calculations are slightly 
different from those by Schmertmann (1978). 
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a (6) 
E,,=3.5-4, (7) 
i E 
E,,=3.5-q,: ( +log,, =) <3.5-q,:1.4 
for rectangular foundation (8) 


where q, = weighted average cone resistance; L = is 
the length of the footing; and B = width of the 
footing. The strain influence diagram is shown in 
Figure 2b. 

Several more recent publications are available 
presenting an adjusted strain influence diagram 
with a more general formulation to suit all foot- 
ing geometries (Mayne 8 Poulos 1999) or multiple 
interacting footings (Lee et al. 2007). Das & Sivaku- 
gan (2007) give an overview of the existing methods 
for settlement calculation based on CPT’s and SPT’s. 


3.2 CPT to stiffness correlation 


The above mentioned methods for prediction of 
footing settlement include a rough estimation of 
the material stiffness. Robertson (1990) suggested a 
more inclusive method making use of normalized 
and dimensionless CPT parameters. Based on this a 
distinction can be made between soil behaviour types 
using the SBTn chart. Equation 9 was proposed for 
the stiffness modulus based on the soil behaviour 
type index, the cone resistance and the stress state. 


E"=0.015- 10/0557. +1.68) , (4, = 0,9) (9) 


where E” = Young’s modulus; Z, = soil behaviour 
type index; q, = corrected net cone resistance; and 
S„ = in situ total vertical stress. This stiffness is 
based on combination with the aforementioned 
strain influence diagram of Schmertmann (1978). 

The methods and correlations mentioned are 
generally only suitable for uncemented normally 
consolidated cohesionless sandy soils. Stress state 
parameters like consolidation state and reloading 
stiffness are not explicitly incorporated. 

From experience it is know that the settlement 
that results from these correlations can vary, also 
depending on the specific site conditions. Because 
of the extensive amount of measurement data gen- 
erated at the project, an evaluation of the CPT based 
settlement prediction methods can be performed. 


4 ZONE LOAD TESTS 


4.1 General 


Van Oord DMC executed a large number of zone 
load tests to verify the settlement predictions. 


A zone load test comprised the incremental load- 
ing of a square concrete footing of 3 m by 3 m by 
0.6 m up to a load of 250 kPa. A test took three 
days and the settlements of the footing were meas- 
ured as a function of time and load. 


4.2 Setup 


The set up of a ZLT is illustrated in Figures 3 and 
4 and is designed after the experiences in current 
practice (Briaud & Gibbens 1999). The load on 
the footing is transferred from the concrete sup- 
port blocks to the footing in between by extending 
a hydraulic jack. Reference beams with measure- 


Concrete blocks for 
loading 


Steel bars 


a 


Reference beam Concrete support 
blocks 
Measering device 

for settlement 


Hydraulic jack Loaded footing 


Figure 3. Schematic ZLT set up. 
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Figure 4. Close up photograph ZLT. 
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ment devices were installed and supported at rea- 
sonable distance from the loading zone. On the 
footing, four measurement locations were evenly 
distributed over the surface and the average meas- 
ured settlement was used as input for the verifica- 
tion of the maximum settlement. 

Each load step comprised 20% of the maximum 
load of 250 kPa and was held for 2 hours. The 
maximum load was maintained for 48 hours. 


4.3 Results 


An example of the resulting time displacement 
curve is presented in Figure 5. In the measured set- 
tlements a time dependent behaviour is observed. 


5 ACCURACY OF EXISTING 
CORRELATIONS 


To gain more insight in the accuracy of the exist- 
ing correlations between CPT data and settlement 
of the sand fill under loading, all the measurement 
data were analysed after completing the project. 
From the total number of zone load test results, 
43 zone load tests were selected which allowed for 
comparison of the predictions. In these tests, the 
sand body had a minimum thickness of 5 m above 
existing soft soil layers of silt or sabkha. The pres- 
ence of silt or sabkha at the lower part of the foun- 
dation influence depth is expected to have minor 
impact on the foundation settlement, consider- 
ing these layers were already treated by dynamic 
replacement (see section 2.1) and are relatively stiff. 


5.1 Processing of the CPT data 


At the location of every ZLT five CPT’s were per- 
formed prior to testing. Unless significant varia- 
tion was observed in the measurements indicating 
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Figure 5. Output ZLT DD145. 
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high soil variability, the average resulting cone 
resistance and friction ratio were used for process- 
ing. The cone resistance and friction ratio were 
normalized and introduced in the SBTn chart of 
Robertson. Based on the resulting soil types, the 
soil layers were automatically defined, with a mini- 
mum soil layer thickness of 0.25 m. The process is 
illustrated in Figures 6 and 7. With this soil pro- 
file and corresponding CPT data the settlement 
calculations were performed using the available 
correlations. 


5.2 Comparison of results 


The predicted settlement based on the CPT data 
via the correlations and the actually measured set- 
tlement were compared to establish the error that 
occurs when using the correlations for settlement 
prediction. Only the measured direct settlement 
is used for comparison. The long term part of the 
measurements was excluded as the correlations in 
principle concern direct elastic deformation. 
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Figure 7. Layering based on CPT’s at DD145. 


At first, a distinction is made between locations 
with (1) only sand, (2) sand and silt, and (3) sand, 
silt and sabkha. The results per group are compared 
with the overall results. Another distinction in loca- 
tion concerns the thickness of the fill layer. At 
locations where the thickness of the applied fill is 
small, the in-situ sand determines a large part of the 
stiffness to be measured instead of the calcareous 
sand fill. From the data available no difference was 
observed between the errors encountered for the 
distinct situations. Based on these conclusions, the 
43 zone load tests are treated as a uniform group. 

It was investigated if the encountered error 
could be described as normally distributed. This 
was generally the case. The resulting means and 
standard deviations of the error per prediction 
method are given in Table 1. 


5.3 Conclusions 


After combining the zone load test measurements 
with the predictions based on the corresponding 
CPT’s, it was evaluated which existing correlation 
best fitted the measurements. It was concluded that 
from the considered methods the CPT to stiffness 
correlation of Robertson, based on the analytical 
model of Schmertmann for stress distribution, 
corresponds very well with the measurements, con- 
sistently showing only small deviations from the 
measured settlement. 


5.4 Uncertainties and imperfections 


The ZLT’s showed an increasing settlement while 
the load was kept constant. Such time dependent 
behaviour of the material can be caused by con- 
solidation effects or by creep. 

The permeability of the fill material is expected 
to be such that no or very little excess pore water 
pressure will occur during loading. Therefore it is 
not expected that consolidation of the sand is an 
important factor. In the cases that a silt or sabkha 
layer was present underneath the fill layer, loading 
can cause consolidation of these layers. However, 


Table 1. Error in settlement calculated with analytical 
methods compared to ZLT measurements. 

Error 

Standard 

Mean deviation 
Method (%) (%) 
De Beer and Martens 28 16 
Schmertmann 42 13 
Peck et al. —2 23 
Robertson 0 20 


the compression of this layer is very limited due to 
the executed dynamic replacement and would not 
explain the fact that also at locations without such 
layers the time dependent behaviour was observed. 

The time dependent behaviour can be caused by 
creep of the calcareous sand. Although no relation 
was found between the carbonate content present at 
specific ZLT’s locations and the error between the 
predictions methods and the actual settlement meas- 
urements, this cannot be disregarded because of the 
limited amount of related soil investigation. The 
behaviour of crushable particles can be of signifi- 
cant influence on the CPT data. In the analyses for 
this project no shell correction factor was applied. 

To verify the uncertainties mentioned above, 
additional testing is advised for future loading 
tests, execution of plate load test with variable 
plate dimensions, concerning the pore water pres- 
sures, and measurements of the distribution of the 
occurring strain over depth. 

Finally, it is mentioned that the set up of the 
ZLT's is of influence on the test results. Although 
the tests were executed as carefully as possible, the 
environmental and practical limitations of the situ- 
ation can affect the measurements. For example, 
the distance between the supports and the actual 
footing was relatively small; 1.5 m. Consequently, a 
stress increase was created in the influence zone of 
the footing before loading and measurement was 
started. As the sand will not behave fully elastic, 
the measured response of the footing can be stiffer 
during loading than generally to be expected and 
the total settlement of the footing at maximum 
load is reduced. The difference is calculated to be 
in the order of 10% to 15%. 


6 CONCLUSIONS 


For a specific project, the comparison of CPT 
based settlement prediction methods with the 
measurement results of zone load tests (ZLT’s) 
showed that the CPT to stiffness correlation of 
Robertson combined with the analytical model of 
Schmertmann corresponds very well with the set- 
tlements taking place during zone load testing. The 
predicted settlement consistently shows only small 
deviations from the measured settlement. As the 
correlations give a reasonably reliable estimation 
of the expected settlement, the number of ZLT’s to 
be performed in future projects to verify settlement 
requirements can be reduced. 

Distinction is made between three types of soil 
layering at the site and also test locations with pre- 
dominantly original silica sand deposits and loca- 
tions with a thick calcareous sand fill with variable 
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carbonate content. No abnormality between the 
errors of the predictions for the several situations 
1s observed. 

The fact that the fill material was calcareous 
sand does not appear to have influenced the accu- 
racy of the predictions. No correction factor is 
applied on the CPT results to correct for the pres- 
ence of the carbonate content in this project. In 
other cases this is probably necessary. 

In the considered models long term deformation 
is not included. During the ZLT’s time dependent 
settlements were observed. These settlements most 
likely result from creep of the sand and might be 
influenced by the carbonate content. To gain more 
insight in the cause of long term deformation 
for similar projects additional testing is advised 
including investigation of the carbonate content 
that is present and pore water pressure measure- 
ments occurring during loading. 
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ABSTRACT: Free fall CPTu measurements have two data acquisition approaches: direct measure- 
ment of sleeve friction (f) and tip resistance (q,) or estimation of these via acceleration data. However, 
enhanced impact velocities cause strain rate effects on the sediment, which requires to correct q„ and f, 
for these rate effects. The pore pressure (u,), an important parameter for evaluating soil properties, is not 
corrected for the penetration rate effects yet. Hence, a laboratory free fall calibration test, with a miniature 
cone penetration lance, which measures u, and acceleration, was designed. The objective was to investigate 
responses of the acceleration—data to calculate kinematic f, and q„ Additionally, we studied dynamic 
u,-responses for their penetration rate effect. We also investigated existing penetration rate-corrections 
for remolded, overconsolidated cohesive soils. In total six experiments were conducted, each of which 
consisted of four penetrations with impact velocities of 0.02 to 2 m/s. We estimated f, and q, from accel- 
eration-data for a remolded, overconsolidated cohesive soil. New rate correction values have been found 
for this soil, which show a dependency on consolidation histories. Moreover, we identified possible rate 
effects on u,-responses as increases in the modulus excess pore pressure. This will help to analyze existing 
and future u,-measurements. 


1 INTRODUCTION increased undrained shear stresses which can cause 
dilatancy in overconsolidated clays (Burns and 
Most Cone Penetration Tests (CPTu) are pushed Mayne, 1998). This may cause negative u, during 
with a constant penetration velocity of 0.02 m/s, penetration (Paniagua et al., 2016). Additionally, 
termed standard. CPTu measures the soil's sleeve dynamic u,-measurements can show exaggerated 
friction (f.), tip resistance (q,) and pore pressure  u,-responces (Seifert et al., 2008), independent from 
(u,). Free fall or dynamic CPTu measurements, its sign. Although, u, is an important parameter 
standardized from the ASTM 1982 for borehole for evaluating soil properties and stability, so far 1t 
free fall CPT (Riggs, 1982), have two data acqui- is not corrected for penetration rate effects. How- 
sition approaches: direct measurements of the ever, Chow et al. (2014) evaluated free fall dissipa- 
dynamic q, and f, or estimation of soil strength tion tests in centrifuge modelling and concluded 
parameters via acceleration-data (Dayal and Allen, that, besides an atypical rise of the pore pressure, 
1973; Stoll et al., 2007). Dynamic CPTu have finan- the dissipation behavior is identical to standard 
cial benefits and are more time efficient. However,  CPTu. Furthermore, Lucking et al. (2017) utilized 
dynamic CPTu measurements systematically over- short term rates of excess pore pressure dissipa- 
estimate q, and f, if compared to standard CPTu- tion to identify sediment types. Nevertheless, the 
data. This is called penetration rate effect (Dayal initial atypical u,-response reduces the engineering 
and Allen, 1973; Dayal and Allen, 1975). Attempts applicability for high impact CPTu. Soil behav- 
have been made to correct q„ and f, for penetration ior charts, based on u, or f, are especially not 
rate effects. For example EQ 1: applicable for kinematic CPTu (Robertson, 1990; 
Roskoden, 2016). Chow et al. (2017) mention a 
possible back-calculation of the pore pressure 

q NA : a : ‘ : 
=p os $ +1 (1) ratio, allowing u,-estimation even without a pres- 
des v, ) sure transducer. However, Lucking et al. (2017) 
and Albatal and Stark (2017) emphasize the need 
With q,,,= standard tip resistance, „= penetration of free fall calibration chamber tests to investigate 
rate factor V = penetration velocity, V, = stand-  u-behaviour. Hence, we implemented an experi- 
ard velocity, (Dayal and Allen, 1975). Further- mental setting similar to a calibration chamber 
more, higher penetration velocities might result in test, called “calibration free fall test”. The objective 
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of the calibration free fall test is to evaluate rate 
effects and sensor performances for accelera- 
tion—and u,-equipment. The scientific goals are 
to investigate: (1) kinematic f, and q, in remolded 
overconsolidated cohesive soils. (2) Penetration 
rate corrections for the given soil. (3) u,-response 
for different penetration rates and consolidation 
pressures and (4) to evaluate polyethylene porous 
filter stone clogging for pogo-style deployments. 


2 METHODOLOGY 


The grain size distribution of a natural cohesive soil 
from the ‘Hemelinger Marsch’, south of Bremen, 
Germany, was altered to fit a coefficient of con- 
solidation smaller than 2 x 107 m/s. Alterations 
were done via admixing commercially available 
micro silt (d,, = 30 um) and sand (d,, = 0.210 mm) 
from Euroquarz GmbH. Both soils were tested for 
geotechnical index values such as liquid limit (LD), 
plastic limit (PL) and shrinking limit (SZ), plastic- 
ity index (1,) and shrinking index (15) (DIN 18122), 
coefficient of consolidation (c,), compression 
index (C), recompression index (C,) and swelling 
index (C,) (DIN 18135), Table 1. 

The artificially prepared soil was remolded. Its 
water content was increased to 55% while mix- 
ing it constantly until the soil was homogenized 
to a slurry. The slurry was transferred into a self- 
designed container. The slurry was then consoli- 
dated to an effective normal stress of 64 or 32 kPa. 
Water content after consolidation was between 
35 to 40% (tested at different depths). Vertical 
homogeneity was visually verified via push cores. 
Consolidation pressure was removed before test- 
ing. The measurements were done via a custom- 
built miniature cone penetration lance, recording 


Table 1. Soil classification of original “Hemelinger 

Marsch' soil and the synthetically altered soil. 
Hemelinger Synthetically 

Soil Marsch altered 

Clay 16.8% 8.3% 

Silt 73.6% 84.8% 

Sand 9.6% 6.9% 

LL 60.6% 37.8% 

PL 19.0% 13.26% 

SL 8.1% 5.9% 

¡e 41.6 24.6 

E 52.5 32.5 

c, [m?/s] 9.5E-7 1,24E-06 

Ce 0.4 0.26 

Ck 4.3E-2 3.0E-3 

Cy 6.52E-2 2.3E-2 


u,- and acceleration-data. Acceleration was used to 
calculate the total resistance force (F,), EQ 2: 


E, =m(g-a) (2) 


with m = CPTu mass in kg, g = gravitational accel- 
eration and a = measured acceleration in m/s’, 
respectively. Six experiments, each with four pen- 
etrations with different penetration velocities 
(0.02—2 m/s) per batch, were conducted. For refer- 
ence purposes, each batch starts with a pushed test 
(V,,). Dynamic tests are guided via a sled (attached 
to vertical guides, Figure 1). 

Repeatability was tested in each batch, by using 
either impact velocities 1 m/s or 2 m/s twice per 
batch. Sampling frequency was 500 Hz. Designed 
container (81 liters, ~0.176 m?) from bottom 
to top: (1) 10 mm vertical drainage socket. (2) 
20 mm gravel layer. (3) Metal grid to separate 
slurry and gravel. (4) 5 vertical drains (filters can- 
dles) ~250 mm long, filled with gravel (to reduce 
consolidation time). (5) ~465 mm soil (after con- 
solidation). (6) 5 mm polyethylene porous filter 
plate (porosity ~35%). (7) 100 mm pressure plate 
(~12 kg). (8) 1 cm water layer to keep current satu- 
ration. Schematic design of the experimental setup 
is shown in Figure 1. The size of the container was 


Penetration site 
diameter cone 
12 mm 


Filter 
Candles 


Deformation 
radius 


Deflection rollers for 
releasing tether 


Kinematic CPT lance 


Guides for vertical 
movements 


Container with soil 
specimen 


Figure 1. 
radius of penetration sites and drainage/filter-candle 
sites. Lower: Free fall tower with vertical guidance sys- 
tem and deflection rollers, dimensions in mm (altered 
after Stephan (2015)). 


Upper: Top angle showing plastic defamation 
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designed to fulfil the boundary conditions for the 
plastic deformation radius, EQ 3 (Lu et al., 2004): 
R,=1.5/1, Re (3) 
with R, = plastic deformation radius, I, = rigidity 
index (~50, after Keaveny (1985) solution chart), 
and R, = cone radius (6 mm). Hence, no geomet- 
ric overlap of plastic deformation radius between 
different penetrations is expected (Figure 1). Verti- 
cal drains are below penetration depth and are not 
expected to interfere with resistance or u,-behav- 
iour. For dividing the total resistance into f and q, 
an additional experiment was carried out. A mini- 
ature penetration lance, which can measure q, and 
the total resistance force directly, was pushed into 
the specimen with four different constant velocities 
(Table 2, Ex. 0). Before each free fall experiment, 
the pore pressure assembly (tubing, u,-sensor and 
filter stone) was saturated. In-between batches, the 
filter stone was treated differently to evaluate clog- 
ging effects of the filter media. Treatment options 
were: (1) cleaning by swiping, (2) cleaning by 
flushing and (3) no cleaning, also called pogo-style 
(common deployment method for impact pen- 
etrometer (Stegmann et al., 2006)). After finishing 
one experiment the soil was recycled for further 


Table 2. Experimental setting and cleaning option for 
each penetration per experiment (Pen I to IV). 


Experiment: 0- 3 4 5 6 7 
Title VE* S F F P P 
Cons.[kPa] 64 64 32 32 32 32 
Pen I 

Static wy e pr) 0.022 0.02 0.02 0.02 

Pen II 

static (9 e FT) 0.15 x^ 

dynamic 1 

pore pressure x 
acceleration x 

Pen III 

Static «oa Fr) 0.2 

dynamic 1 1 2 1 1 
pore pressure x x x x x 
acceleration x x x x 
Pen IV 

static (n e pr) 0.23 

dynamic 2 1 2 2 2 
pore pressure x x x x x 
acceleration x x x x 


~ Missing numbers in-between experiments-sequence 
represent failed tests (eg. data logger failure).* 
VE = Velocity Experiment, S = Swiping, F = Flushing, 
P = Pogo Style.” Numbers represent impact velocity in 
m/s. A x = collected data. 
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experiments and if needed the volume increased 
by adding more artificial soil-mass. Furthemore, 
the pore pressure filter stone (same material as the 
pore pressure plate) was cleaned via pressure wash- 
ing (initial porosity ~35%). 


3 RESULTS 


3.1 


Due to the homogenization of the soil, and neg- 
ligible total over burden stress (max 1.2% of total 
penetration resistance with a max penetration 
depth of 20 cm) one can assume a constant q, over 
depth. Hence, an average q,-value for experiment 
0 is found, which is then subtracted from the total 
resistance force. This will result in f, EQ 4: 


Estimation of q, and f, via acceleration data 


E, =F, +Ff+F¿+E, (4) 

With the force at the tip F, = 4, q, and the force at 
the sides F,=A,.f. (A. the q,-area and A, the f-area). 
Albatal and Stark (2017) argue that the force at the 
sides, F, the drag force, F, and the buoyancy force, 
F,, can be neglected due to limited cone dimensions 
and penetration depth. However, Figure 2a shows 
the total force, normalized to q,-area, called appar- 
ent tip resistance (q,,), and q, over depth. 

O, remains around an average of 114 kPa. 
Whereas, apparent q, is increasing with depth 


Sleeve 
Friction 


Area cone 
vs Sleeve 
T 


Resistance 
Force 

T T 
L E, 


Tip vs Total 
0 Resistance 


-4 
E 
5 
4-6 f 
E 
A 
-8 
-10 
c d 
12 L A 
100 2000 10 20 0 2 4 10 20 
Resistance inkPa Force in N Area in Ho f in kPa 
Figure 2. a: Differences in apparent tip resistance (q, 4) 


and q, in kPa. b: Resistance force vs average-force at tip. c: 
Advancing area of the sleeve. d: Deducted sleeve friction 
in kPa. Execution with standard penetration velocity. 


(7.33 kPa/cm). Here, the maximum difference 
between q, and apparent q. is 66 kPa, which is 36% 
of the apparent q,, but would increase for higher 
depths. At depth 2 cm (3.3 times cone radius) 
surficial boarder effects on the q, and apparent q. 
stabilize (Chow et al., 2014). Therefore, this depth 
was taken as reference depth for the estimation of 
the dynamic q, (q.a). Figure 2b shows total force 
in N over depth with an average tip force as ref- 
erence (-13 N, grey line). The difference of these 
forces equals the sleeve force. Figure 2c shows 
the calculated increasing f-area of the advancing 
lance over depth (black line) vs the constant q,- 
area (~ 0.113 x 10° m?, grey line). The resulting 
f. is shown in Figure 2d. f, is constant over depth 
where the f-area is bigger than the q,-area with a 
value of ~3 kPa. 


3.2 Velocity dependency on tip resistance 


Figure 3 shows all calculated or measured and 
averaged q,-data. Estimations of static q,, where 
not directly measured, were done via the reference 
depths 2 cm, where f, is supposed to equal -0 and 
the q,-area is bigger than the f-area. The dynamic 
tip resistance (q, ,,) was calculated via the accelera- 
tion-data, EQ 5: 


Black cons. 64 kPa 
Grey cons. 32 kPa 


* Ex3 lm/s 
(ayalo = 0.74108 Vay Yso +1 + Ex3 2m/s 
| | Ex5 Im/s 
Ex5 2m/s a 
Ex5 2m/s b 
Ex7 Im/s a 
Ex7 lm/s b 
Ex7 2m/s 
"9 Egos 
Ex4 0.02 m/s 
Ex5 0.02 m/s 
y Ex6 0.02 m/s 
Ex0 0.02 m/s 
Ex0 0.10 m/s 
Ex0 0.15 m/s 
Ex0 0.23 m/s 
Lincar fit 1 


N 
în 


dy 


N 
T 
1 


a 
o 
x 


x 


Normalized Tip Resistance Q, = AV na av) 


> 

x 

[ i v 
(q ay Top) = 0.3108, (Y ¿/v,) +1 a 


Linear fit 2 


10° 10° 


Normalized Penetration Rate V = v Iv 
non-st st 


Figure 3. Q,=q//q.,, versus the logarithmic penetration 
velocity normalized to standard penetration velocity. 
Legend divided into static (V,,) and dynamic tests (V,,). 
Black symbols: experiments with a consolidation history 
of 64 kPa. Grey symbols stand for 32 kPa. 


m(g —a(s")) 
Quay = TERN = 


c 


(5) 


With a(s¥) = acceleration data between 2-2.5 cm 
(~3.3—4.16 times cone radius), where the q,-area 
is bigger than the f-area. The correlation of the 
normalized tip resistance (Q, = q/q.,,) vs the loga- 
rithmic normalized penetration velocity gives two 
regression lines which follow the expression of 
EQ 1 (Figure 3). This provides two new penetra- 
tion rate factors: 0.74 and 0.31 for 32 and 64 kPa 
effective consolidation stress, respectively. 


3.3 Pore pressure data and clogging effect 


Measured u, over time (1) is shown in Figure 4. 
Figure 4a displays u, for constant velocities 
(0.02 m/s), while Figure 4b displays dynamic 
u,-data for falling heights of 5 cm (impact veloc- 
ity 1 m/s) and Figure 4c for falling heights of 
20 cm (impact velocity 2 m/s), respectively. Please 
note different time scales. Additionally Figure 4b 
and c include free fall time through the air while 
Figure 4a shows only the penetration time. Hence, 
Figure 4b and c are divided into 3 time sequences: 
(1) the jerk, the initial 0.02 s of the acceleration, 


u, in kPa 


u, in kPa 


u, in kPa 


49009000 000000000000000 


‘@ AE 90 oo 00 OD 9 99 o O e 


dag qK a aha < Ia 
x XXX XX KIRK x XX Xx 


0 0.05 01 0.15 02 0.25 
tin sec 


Figure 4. a: Static u, over time for experiment 3 to 
6. b: Dynamic u, (falling height = 5 cm, impact veloc- 
ity = | m/s) over time for experiment 3, 4, 6 and 7. 6b 
is not shown (due to reasons of clarity and compre- 
hensibility) but behaves like 6a. c: Dynamic u, (falling 
height = 20 cm, impact velocity = 2 m/s) over time for 
experiment 3, 5, 6 and 7. Description in text. 
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Figure 5. Excess pore pressure analysis. a: du, static 
vs dynamic over depth. b: Ratio of dynamic and static 
showing trend evolution. c: Linear regression between 
ôu, static vs dynamic. 


where 6a/dt + 0 (m/s), (2) acceleration in the air 
and (3) acceleration in the sediment. The effec- 
tiveness of each cleaning option can be evalu- 
ated with Figure 4. Swiping cleans less than 50% 
porous filter stones contamination (Figure 4b and 
c experiment 3). Flushing does clean current con- 
tamination by ~80% (Figure 4b and c, experiment 
4a, 4b, 5a and 5b, respectively). Pogo-deployment 
hinders u,-acquisition immensely (Figure 4b and c, 
experiment 7 and 6). Moreover, the effectiveness of 
the filter stone is reduced by around 35% per pen- 
etration experiment (Figure 4a). 


3.4 Qualitative evaluation of dynamic u, 


Figure 5 shows a qualitative evaluation of excess 
pore pressure (6u,) for experiment 3. The modulus 
of the dynamic excess pore pressure (|óu, ,,|) have 
higher values then the modulus of the static data 
(ou, „|, Figure Sa). The trend evaluation indicates 
a constant or slightly increasing trend after the 
first 2 cm (Ou, ,,/Ou,,, = 3.3, Figure 5b). A linear fit 
of static and dynamic excess pore pressure gives a 
goodness of fit of R? = 0.992 (Figure 5c). 


4 DISCUSSION 


4.1 Estimation of q, and f, via acceleration data 


In contrast to Stark (2011) and the later publica- 
tion of Stark (Albatal and Stark, 2017; Lucking 
et al., 2017), this experiment shows a clear depend- 
ency of the total force on sleeve friction (-36%), 
which increases for greater penetration depth 
(Figure 2). However, the estimation of the drag- 
ging force and buoyancy force (EQ 4, cumulative 


effect < 5% of the total force) was found negligi- 
ble for these free fall calibration tests. Figure 1 at 
depth 2 to 2.5 cm shows f-instabilities, which is a 
result of the q,-area being bigger than the f-area. 
Therefore, we recommend calculating f. only for 
depth where the /-area is bigger than the q.-area. 
Nevertheless, the obtained constant f -values after 
a depth of 2.5 cm indicates success in deducting 
kinematic f, via acceleration-data. The derived val- 
ues of ~3 kPa are in range for cohesive sediments 
with a clay content of ~8% (Lunne et al., 1997). 


4.2 Velocity dependency on tip resistance 


Penetration rate factors of this study go well with 
literature values (Dayal and Allen, 1975; Steiner, 
2013). Furthermore, the penetration rate factor for 
fit one (32 kPa consolidation stress) is almost twice 
as high as for fit two (64 kPa consolidation test). 
This suggests the lower the maximum consolida- 
tion the higher the penetration rate factor. The 
consolidation is a reflection of the dissipated pore 
water in the sediment. Lower stages of consolida- 
tion can have a higher pore water volume, which 
can increase excess pore pressure in cohesive soils, 
especially with penetration velocities bigger than 
standard penetration velocity. Hence, the effective 
stress decreases and g, increases due to undrained 
conditions (Salgado et al., 2013). 


4.3 Pore pressure data 


Figure 4a shows a clear decrease in u, over all 
experiments, suggesting a lifespan of the filter 
stone of 1 to 2 experiments. Static u,-data for 
experiment 3 and 4 seem similar, because of the 
different consolidation stresses. Flushing the fil- 
ter stone in-between penetrations can enhance the 
performance of the filter stone (Figure 4b and c 
experiment 4a to b and Sa to b). Figure 4b and c 
(experiment 3, 6 and 7) show that the options of 
swiping and pogo-mode are insufficient for labora- 
tory experiments due to lack of ambient pressure 
which might re-saturate the filter stone (Lucking 
et al., 2017). Furthermore, the dynamic data indi- 
cate a direct influence of the acceleration on the 
u,-data, shown in Figure 4b and c. The jerk and 
acceleration in the air clearly overprints udata. 
This can be dealt with if u,-is set to zero upon 
impact. Nevertheless, the acceleration-influences 
on u, might suggest that if the acceleration changes 
abruptly, another jerk might appear, distorting the 
true soil u,-signals. Moreover, there seems to be an 
artificial bias (visible in Figure 4c experiment 3, as 
a sin function), indicating a friction effect from the 
guiding system and deflection rollers of the free 
fall tower, on the measurements (Figure 1). How- 
ever, no frequency analysis has been done yet. 
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4.4 Qualitative evaluation of dynamic u, 


Figure 5 shows a direct correlation between pen- 
etration velocities and modulus excess pore pres- 
sure. The relation for mono-layered cases may be 
estimated via trend evaluations. Layered-systems 
might not be as simple due to different pore pres- 
sure distribution and boundary conditions. 


5 CONCLUSION 


We investigated kinematic CPTu parameters on 
a descriptive basis. No generalisations are made 
about kinematic testing yet, but we regard our 
experimental efforts to implement calibration free 
fall tests as successful. In respect to the goals intro- 
duced above, we conclude that: (1) we successfully 
deployed a method to derive kinematic total force, 
and divide it into kinematic q, and f, for a known 
geometrical-setup. The deduction of kinematic f, 
opens the possibility for further analyzes like the 
soil classification charts of Robertson (1990) and 
shall be investigated in a field study in the estuary 
Firth of Thames, New Zealand, with the impact 
penetrometer “Nimrod (Stark, 2011). (2) We 
derived two consolidation-history dependent pene- 
tration rate factors for remolded overconsolidated, 
cohesive soils. (3) Modulus excess pore pressure 
increases with enhanced penetration velocity if 
equal experimental conditions are used. (4) Pogo- 
deployments are insufficient for laboratory tests. 
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ABSTRACT: 


In Russia, Cone Penetration Testing (CPT) is developing towards the use of heavy cone 


penetration rigs to evaluate soil conditions and in particular, calculate the bearing capacity of driven 
piles. This trend was formed in the former USSR as early as fifty years ago, when mass construction was 
reoriented toward wide application of precast reinforced concrete and driven piles. The parameters of 
pile foundations were developed based on the CPT data. In subsequent decades, the range of tasks to 
be solved by means of CPT significantly expanded, calculations were more reliable and CPT procedures 


improved. 


1 INTRODUCTION 

At present, CPT in Russia is developing in the way 
that was formed during reorientation of construc- 
tion toward mass application of driven piles. In the 
second half of the 20th century, Russia's techni- 
cal policy was oriented toward “industrialization 
of construction”, i.e. wide application of precast 
reinforced concrete and pile foundations made of 
short driven piles (6...10 m). Thus, CPT of soils, 
which did not attract special attention in the USSR 
earlier, was being greatly developed. This method 
helped solve the problem of choosing the pile 
lengths for mass construction when the speed and 
reliability of assessing the load-bearing capacity of 
piles became particularly important. Exceptionally 
favourable conditions made it possible to carry out 
research in this field: the annual volume of pile 
application in the country reached 10 million ms, 
hundreds of static tests of piles were done annu- 
ally, scientific institutions worked on the new effec- 
tive CPT rigs, the research was regularly funded, 
etc. High-performance CPT rigs were developed 
and widely used (C-832 and others); methods for 
calculating the pile bearing capacity and the tech- 
nological parameters of pile foundations were 
developed based on the CPT data. The principal 
features of these developments were as follows: 


extensive use of self-propelled CPT rigs 
equipped with electrical probes incorporating 
friction sleeves - 310 mm in length 

calculation of soil resistances on the pile side 
surface by means of sleeve friction resistances f, 
(ignoring q.) 
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e approach to technological procedures of piling 
(avoidance of the piles underdriven up to the 
designed depth, etc.). 


2 CPT APPLICATION IN DESIGNING PILE 
FOUNDATIONS IN RUSSIA 


At present, pile foundation engineering in Russia 
is developing in the same direction, but after the 
crisis of the 1990s, the volumes of pile application 
slightly decreased, the share of driven piles also 
decreased. However, the pile lengths used in urban 
construction increased and the bored piles of large 
diameters and lengths (20 ... 40 m) were used more 
widely. The role of CPT decreased to some extent, 
since the existing CPT equipment was not adapted 
for such deep depths. More powerful CPT rigs are 
still needed for survey work in Russia. The prob- 
lem was not challenging in the former USSR, since 
piles up to 12 m in length were mainly used in mass 
construction, and the possibilities of CPT met the 
requirements of the time. Nevertheless, the range 
of techniques of the time proved to be very effec- 
tive and has not lost its significance to the present 
time. 

First, this refers to heterogeneity of soils at the 
investigated site. Due to its simplicity and low price, 
CPT makes it possible to determine pile resistances 
at different points of the site, allowing the site to 
be divided into separate sections where certain pile 
bearing capacities can be obtained. This allows the 
optimal pile lengths to be chosen for each section 
of the site; this cannot be done by means of any 


other method used to determine the pile bearing 
capacity. In practice, CPT-based division of the 
site is possible in almost any conditions where piles 
are expected to be used. It helps choose the most 
economical parameters of pile foundations. 

The following characteristics of pile resistance 
are used in current Russian Standards (Build- 
ing Code SP 24.13330.2011; Building Code SP 
25.13330.2012): 


particular values of the ultimate pile resistance 
(resistances at the specific site points) 
generalized values, i.e. the characteristic strength 
and pile bearing capacity within a specific sec- 
tion (or the whole) of the site. 


The mean values of such resistances at the 
selected section (after the CPT data) are the char- 
acteristic (most probable) strength of a pile of any 
given length. Pile bearing capacity is the ratio of 
the characteristic strength and the reliability coeffi- 
cient of soil y, determined by statistical processing 
of the particular values of pile resistances at the 
section (most often - y, = 1.05...1.15). Pile founda- 
tions are designed with regard to the generalized 
values of pile resistance, i.e. pile bearing capacity, 
but an additional "reserve" is introduced as the reli- 
ability coefficient y,, which takes into account the 
test method for the ultimate pile resistances (after 
the CPT data y, = 1.25). 

The pile characteristic strength can be deter- 
mined either by averaging the particular values of 
the maximum pile resistances calculated at different 
points of the site or by averaging the original data, 
i.e. cone resistance q, and sleeve friction resistance 
f. (for each depth). As is seen from numerous cal- 
culations, both approaches give almost identical 
results (Ryzhkov & Isaev 2016). However, the first 
approach (assuming preliminary calculations of the 
ultimate pile resistances) has an important advan- 
tage: it makes it possible to identify the “strong” 
and “weak” sections of pile resistances and draw 
up the relevant cartograms of such resistances. 

The points to determine the ultimate pile resist- 
ances (“CPT points”) are located more or less 
evenly within the site. The ultimate resistances of 
piles incorporating a particular profile are calcu- 
lated for each point for the depths of 3 m, 4 m, 5 m, 
... hm, where A is the highest (reached) CPT depth. 
If the soils are heterogeneous, the site is divided 
into sections where the standard value of pile resist- 
ances and pile bearing capacity are established. 

In contrast to the approaches adopted in most 
countries of the world, Russian Standards require 
the ultimate pile resistances to be calculated using 
both cone resistance g, and sleeve friction resist- 
ance f. The value of f, determines the pile side 
resistance. Soil resistance under the pile footing is 
determined by the mean value of cone resistance 
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(q,) at a section within one diameter above and 
four diameters below the end mark of the designed 
pile. Pile end/pile side resistances are determined if 
multiply q, and f, by the relevant “transition coeffi- 
cients” from the probe to the pile. The coefficients 
for thawed (Building Code SP 24.13330.2011) and 
frozen (Building Code SP 25.13330.2012) soils are 
given in the tables of Russian Standards. Unlike 
a number of foreign methods of calculation, the 
whole of these dependencies are single-valued, i.e. 
each value of q, and f, correspond to the values 
of pile end/pile side resistances (R and f respec- 
tively) strictly defined at a given depth, but not the 
intervals. 

Calculations for piles made of monolithic con- 
crete (bored, drilled with/without enlarged bases, 
etc.) have been paid much less attention in Rus- 
sia (due to small volumes of their use) than cal- 
culations for driven piles. Prior to 2000, such 
calculations were absent in Russian Standards, 
and when they appeared, they were largely based 
on foreign ideas (only cone resistances q, were 
used). Just in the second decade of the 21st cen- 
tury there appeared test methods for resistances 
of thawed and frozen soils on the pile side surface 
by means of the sleeve friction resistance (Gotman 
& Glazachev 2014; Standard STO 36554501-049- 
2016). However, calculations were more reliable for 
driven piles, as compared to the foreign methods. 
Figure 1 shows a dissipation diagram of the CPT- 
based calculations made for the driven pile resist- 
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Figure 1. Schematic illustration of the ultimate pile 
resistances evaluated by CPT data (in accordance with 
SP 24.13330.2011) F, cpr compared to the ultimate resist- 
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ances evaluated by static tests of the full-sized piles F 
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ances versus the values determined after static tests 
of the given piles. 

The results shown refer to the driven piles 
immersed into thawed soils; the piles ranged from 
0.2 x 0.2 m to 0.4 x 0.4 m in section and from 3 m 
to 18 m in immersion depth (503 piles). The CPT 
rig was equipped with an electrical probe incorpo- 
rating a friction sleeve (C-832). 

Calculations were carried out in accordance 
with Russian Standards using the formula, which 
did not almost change for the last 3...4 decades. If 
it applies to thawed and frozen soils, as well as to 
electrical probes equipped with a friction sleeve, 
the formula for the specific pile resistance F, at a 
CPT point can be represented in its universal form 
as follows: 


R,h 


la “i 


Fu =k(R,A+ 70D, (1) 
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Where k = coefficient considering the difference 
in permafrost soil conditions during CPT proce- 
dure (given the original soil temperature) and life 
cycle of the designed structure (given the speci- 
fied soil temperature), for thawed soils — k = 1; 
R, = Big. = unit ultimate soil resistance under 
the pile end obtained at the specified point after 
CPT; R, = unit ultimate soil resistance along the 
pile side surface obtained at the specified point 
after CPT; for thawed soils - R,, = Baf, for frozen 
soils — R,, = Bf; = transition coefficients are deter- 
mined by the tables: for driven piles and thawed 
soils given in (Building Code SP 24.13330.2011) 
(B, = 0.20...0.90; B, = 0.30...1.00), for driven 
piles and frozen soils—in (Building Code SP 
25.13330.2012) (B, = 0.22...0.42; B, = 0.18...0.38); 
q, = cone resistance; f, = unit sleeve friction resist- 
ance of thawed soil in probe pusing; f ,= unit sleeve 
friction resistance of frozen soil at the beginning 
of pushing, after freezing of the probe in the soil 
(relaxation-creep CPT) (Ryzhkov & Isaev 2016; 
Building Code SP 25.13330.2012); h,= thickness of 
i-layer of soil; y,,= coefficient dependent upon the 
soil conditions (thawed or frozen) and pile material 
(for driven piles and thawed soils y,,= 1); A, u = pile 
area and cross-sectional perimeter respectively. 
According to the data presented at the CPT’10 
and CPT’14 symposiums (Viana da Fonseca 2010; 
Flinn et al. 2014), foreign CPT-based methods 
used to calculate the bearing capacity of driven 
piles are less reliable than those used for mono- 
lithic piles (bored, drilled, etc.). Foreign special- 
ists often use the percentage of cases as a criterion 
for reliable calculations when the disagreements 
between the calculated and “accurate” (determined 
by static tests) results are within +20%, i.e. F, cpr 
/ F pe = 0.8...1.2. According to (Viana da Fon- 


u,pile 


seca 2010), this percentage is 20% for driven piles, 
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34% for bored piles, 44% for drilled piles (CFA), 
and this share is 50% for the results presented in 
Figure 1. At CPT’14 (Flinn et al. 2014) presented 
an analysis of the CPT-based reliable calculations 
of the bearing capacity of an in-situ pile with an 
extracted casing (DCIS). The mean value of the 
ratio between the calculated pile resistances and 
the measured ones (obtained by static tests) varied 
within 0.81...1.2 in eight considered methods, coef- 
ficient of variation - 0.26...0.44. The mean value of 
the ratios between the calculated resistances F, cpr 
and certain static tests F, „e was 1.02, the coef- 
ficient of variation - 0.31, for the data shown in 
Figure 1. 

The information given shows that, despite the 
acceptable accuracy of CPT-based calculations 
for pile resistances, the errors in assessment of 
pile resistances (“errors of calculation models”) 
towards the “dangerous side” may exceed 20...25% 
at some points of the site. However, buildings and 
structures possess sufficient stiffness necessary for 
redistribution (balance) of loads imposed on piles. 
Some of the loads imposed on the piles with poor 
resisitivity are redistributed to the neighboring 
piles with an excessive resistivity. 

In these cases it is necessary that the acting loads 
do not exceed the mean values of the pile resist- 
ances (taking into account the relevant random 
factors). The “errors” in assessment of the mean 
values are always less than the “errors” of the par- 
ticular values. In the normal law of distribution, 
the “errors” of the mean values will be /n times 
less than the “errors” of the particular values (n - 
the number of CPT points). In general, “errors” in 
calculating the average pile resistances are approxi- 
mately 2...3 times less than the “errors” of their 
particular values. For this reason, Russian Stand- 
ards (Building Code SP 24.13330.2011; Building 
Code SP 25.13330.2012) are oriented to the pile 
lengths which are to be chosen with regard to the 
mean values of pile resistances which are subject 
to additional correction (relevant “reserves” of the 
strength are introduced). The reliability coefficient 
Y, which takes into account the test method for pile 
bearing capacity (for CPT y, = 1.25), compensates 
the entire range of possible "errors" when calculat- 
ing the pile bearing capacity after the CPT data. 


3 CPT FOR MEETING CHALLENGES IN 
PILE FOUNDATION ENGINEERING 


To immerse the driven piles strictly to the designed 
depth is challenging in pile foundation engineering. 
Due to the great variety of engineering and geologi- 
cal conditions, it is not always possible to select a 
hammer of suitable power and provide the necessary 
pile strength, so that the whole 100% piles reach the 


designed depth. Some of the piles cannot be com- 
pletely immersed to such a depth and they have to 
be cut down. In the former USSR the volume of cut 
reinforced concrete reached 0.5 million m? per year 
due to the underdriven piles. The bearing capacity 
of the underdriven piles may appear to be lower 
than the designed one and the foundation will need 
to be strengthened. Additional material resources 
and time are always required to meet the challenges. 

A method was developed to select the pile 
lengths in order to overcome such an irregular situ- 
ation for thawed soils (Ryzhkov 8 Isaev 2016), and 
then for frozen ones (Standard STO 36554501- 
049-2016); here, underdriven piles and wastes of 
reinforced concrete were minimized. The principle 
of this method is that the pile length (depth of 
immersion) is defined by both the necessary bear- 
ing capacity and processing capability of immers- 
ing them to the designed depth. Two requirements 
are necessary to be taken into account: 


e energy of a pile driving hammer should make it 
possible to immerse the pile to a given depth in 
10...15 minutes 

e pile strength should be sufficient to withstand 
the expected number of hammer blows. 


CPT proved to be the most effective for meet- 
ing these requirements. This is because CPT helps 
determine the pile resistances at each meter of pil- 
ing, i.e. for depths of 1 m,2m,3m,4m... etc. 
With respect to these resistances, it is not problem- 
atic to determine the average value of set per blow 
at each meter of piling using the known formulas 
relating the failure to the ultimate pile resistance. 
The reciprocal of such value of set per blow (in 
meters) is nothing more than the number of blows 
per meter of immersion. Summing up the whole 
of the blows, one gets the expected total number 
of hammer blows needed to immerse the pile to 
a given depth. Obviously the whole calculations 
must be made using software, since they are too 
time-consuming to perform “manually”. 

The resulting number of hammer blows makes it 
possible to evaluate both technological parameters 
mentioned above. First, it determines the dura- 
tion of piling: the work speed of diesel hammers 
is approximately one blow per second. Secondly, it 
allows assessing the risk of pile breaking-up dur- 
ing the procedure and to select piles incorporating 
blow resistance sufficient to withstand the expected 
number of blows. 

Special tables have been developed (Ryzhkov & 
Isaev 2016) to assess the dynamic stability of piles 
(the allowable number of blows with the speci- 
fied hammer). For example, prismatic piles with 
unstressed transverse bar reinforcement made 
of class B20 concrete crack at 210 blows (pile 
“C” according to Russian Standards) if one uses 
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a 2.5 m rod hammer, 0.15 m thick oak layer and 
2.2 m blow drop, complete breaking-up of the pile 
head occurs at 380 blows. Piling during 3.5 and 
6.3 minutes corresponds to this number of blows, 
i.e. cracks appear in the pile in 3.5 minutes, and 
complete breaking-up of the pile head occurs in 
6.3 minutes of piling. 

If one uses 0.20 m oak layer and class B25 
concrete piles incorporating the same equipment, 
cracking occurs at 410 blows, complete breaking- 
up—at 800 blows. When using tubular hammers, 
probability of pile breaking-up increases. If one 
uses a tubular hammer (instead of a rod hammer) 
with 1.8 ¢ striking mass and 2.8 m blow drop, the 
number of blows which cause cracking will decrease 
to 50 blows in the first case (class B20 concrete 
and 0.15 m layer) and to 90 - in the second case. 
Complete breaking-up of the pile head should be 
expected at 200 and 370 blows respectively. 

Thus, a designer is able to choose the pile lengths 
and number of piles; in here, not only the expected 
operational loads are taken, but also technologi- 
cal effectiveness of erecting the pile foundation is 
ensured: the piles are immersed to the specified 
depth within an acceptable time. For this purpose, 
the designer chooses an appropriate diesel hammer 
and the relevant strength (impact resistance) of the 
pile material in addition to the pile dimensions. 
If such a choice is difficult or impossible for any 
reason, the piles of shorter lengths are chosen, but 
in larger quantities. In here, material consumption 
of the foundation may either decrease or increase. 
Developed is the technique for the simplified CPT- 
based assessment of material consumption of two 
schematized pile foundations which take the same 
load (Ryzhkov & Isaev 2016). The first option 
involves the piles to be immersed to a given depth 
regardless of the “failures”, the second one antici- 
pates that they are immersed up to the specified 
insignificant “failure” regardless of the achieved 
depths. The depths are the same in the first option 
and pile trimming is not needed, but the number of 
piles is greater than in the second option. The pile 
bearing capacity is greater in the second option, 
the number of piles is smaller, and the immersion 
depths vary for each pile. The pile heads are cut 
down if the heads are above the designed ones. 

The studies have shown that the material con- 
sumption of these schematized options depends on 
the rate of increase in pile resistances with depth; 
this is easily estimated by CPT data. If the rate of 
increase in pile resistances is over 100...150 kN/m 
(e.g., in availability of a strongly marked bearing 
stratum), decrease in the pile lengths with increase 
in their number is not economical, i.e. their material 
consumption will increase. On the contrary, piling 
to a given depth is more economical at a lower rate. 
No wonder that the ideal options have been consid- 


ered, but numerous random factors, structural fea- 
tures of the buildings, texture of the bed, etc. can 
significantly affect the procedure in reality. Never- 
theless, understanding of the situation at the sche- 
matic level always simplifies solution to the practical 
problems and helps optimal decisions to be made. 


4 CONCLUSION 


In Russia CPT aims at obtaining data for pile foun- 
dation engineering. CPT makes it possible to take 
into account the real heterogeneity of the soils at 
the investigated site, which, if necessary, is divided 
into sections and the pile bearing capacity is differ- 
entiated for each section. The ultimate resistances 
of driven piles are well-calculated, which is due to 
the use of sleeve friction resistance when calculat- 
ing the resistance of soil on the pile side surface. 
When choosing the pile length and other param- 
eters, the technological requirements for piling to 
the designed depth are to be taken into account. 
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ABSTRACT: This paper presents a comparison of settlement results for a construction site where soil 
improvement by compaction methods was undertaken. A direct comparison of the settlements obtained 
during the execution of several Zone Load Tests (ZLT) with the settlements estimated based on the results 
of Cone Penetration (CPT) and Pressuremeter Testing (PMT) for the improved soil is shown. The post 
treatment PMT and CPT were carried out beyond the depth of the soil treatment. The associated calcu- 
lations were necessary to predict the settlement of the zone load test adjacent to the test positions. The 
study addresses an important difference in the results often obtained from ZLT and the calculations per- 
formed prior to the execution of the ground improvement work. It also presents the actual site test results 
and compares them with the calculated settlement based on the comprehensive post treatment testing 
regime and shows the range of differences in predicted and actual settlements. 


1 INTRODUCTION 

A comparison of settlement results is presented 
for a construction site where soil improvement 
was undertaken by dynamic compaction and 
vibro compaction. However, due to the fact that 
vibro compaction was implemented within limited 
area of the treated site, only the area of the site 
improved by dynamic compaction is considered in 
this assessment. 

Within the dynamically compacted area, the 
required bearing capacity for isolated footings var- 
ies from 200 kPa to 250 kPa as specified by the cli- 
ent for no more than 25 mm settlement. The energy 
input for the compaction alters according to the 
required bearing capacity. This is accomplished by 
using two different grids of (triangular or rectan- 
gular) compaction points. Based on the predesign 
the grids implemented for construction were 6.0 m 
by 6.0 m for the bearing capacity of 200 kPa and 
4.25 m by 4.25 m for where the bearing capacity 
requirement is greater than 200 kPa. Based on the 
preliminary tests, an average depth of improve- 
ment to 8.0 m was necessary with the maximum 
depth of 10.0 m from the working platform. 

In terms of testing, three number ZLT, four 
number PMT and twenty-four number CPT with 
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pore pressure measurement were undertaken in 
line with the project specification. Please refer to 
Figure 1 for the general project layout. 


project limit 


dynamic compaction 
area 


vibro compaction 
area 


Figure 1. General project layout including areas 
improved by dynamic compaction (considered in the 
paper) and vibro compaction techniques. 


2 SOIL CONDITIONS 


The project site is located approximately 1 km 
north of Seeb International Airport, Muscat, 
Oman. The ground surface is generally flat and 
covered with fill material consisting of a silty sand. 
The site is located on the Batinah coast and can be 
divided into five geological units. The sub-surface 
materials consist of variably cemented deposits of 
Quaternary age underlain by Tertiary sedimentary 
rock: 


1. Beach sands—a strip of beach sand along the 
coast consists of slightly silty fine to medium 
sand with shell fragments. 

. Recent near shore deposits—these sediments 
are composed of reworked alluvium and marine 
sediments extending from coastal plain. 

. Sub-recent alluvium—sands and gravels have 
been primarily deposited during storms and 
display a wide range of grain size decreasing 
from piedmont to coast. This alluvium is better 
graded and bedded, locally cemented. 

. Ancient alluvium—this alluvium comprises 
poorly graded, reddish brown and yellow vari- 
ably cemented sandy gravels, with cobbles origi- 
nating from Hawasina and Samail nappes. 

. Tertiary sedimentary Rock—this unit consists 
of variably weathered, pinkish yellow, mot- 
tled red calcareous Conglomerate containing 
rounded Chert, Quartzite and limestone in a 
matrix of calcareous silt. This unit underlies the 
entire project site. 


However, only the upper 8 to 10 metres of the 
site are of interest due to their initial loose state 
and the subsequent application of soil treatment to 
increase their stiffness within the envisaged thick- 
ness in order to achieve the project specification by 
means of the available bearing capacity, limitation 
of absolute and differential settlements as well as 
mitigation of the risk of liquefaction for the design 
level seismic event. 

The general soil conditions are anticipated to be 
as follows: 


— Ground water was encountered during the inves- 
tigation period: from +1.50 m CD to +2.50 m 
CD; 

— Final ground level: +6.10 m CD; 

— Working platform level for execution of soil 
improvement works: +3.75 m CD; 

— Foundation base elevation: +2.20 m CD; 

— Particle size distribution curves for boreholes 
for the depth of improvement (from +3.75 m 
CD to -6.25 m CD) represent the natural sandy 
material. 


All of the tests carried out (pre and post treat- 
ment) demonstrate that the site is generally rep- 
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resented by homogeneous reclaimed fill material 
with low fines content of less than 10% passing 
the 63 micron sieve. Figures 2 and 3 present the 
averaged profiles prepared from the post CPT 
and PMT test results within the area subjected to 
dynamic compaction. 
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Figure 3. Average CPT profile. 


After completion of the soil improvement works, 
the soil stiffness shows only minor variations in 
the test profiles, both horizontally and vertically 
indicating the improved homogeneity of the site. 
The achieved stiffness of the soil meets the project 
requirements, as shown by post treatment testing. 
Despite post compaction tests providing satisfac- 
tory results, an important difference between the 
settlements obtained from ZLT and those calcu- 
lated from the PMT and CPT is noticed and war- 
ranted further investigation and is presented here. 


3 ZONE LOAD TEST (ZLT) RESULTS 


As part of the quality control three zone load tests 
were performed within the area improved by the 
dynamic compaction. 

A zone load test program was completed 
employing a kentledge system in accordance with 
ASTM D1196/D1196M-12 by a third party. The 
test load is produced by a hydraulic jack activated 
by a pump. The pressure, as registered by means 
of a pressure gauge, is used to determine the mag- 
nitude of the applied load. The size of the plate 
utilized for the ZLTs is 2.5 m by 2.5 m; the plate is 
situated on the top of the levelled and compacted 
working platform. 

A platform carrying concrete blocks provides 
the reaction to the hydraulic jack. An array of sec- 
ondary steel beams and main test beam supports 
the platform. As the load is incrementally applied, 
the deflections (settlements of the plate) are meas- 
ured relative to the fixed reference beams using dial 
gauges. Such deflections are monitored for each 
loading increment using four dial gauges with a 
scale value of 0.01 mm up to a range of 50.0 mm. 
The loading and deflection of the plate is meas- 
ured against time. 

The loading procedure is summarized in Table 1. 


Table 1. ZLTs loading cycle. 
Load Load holding time 
(% of design load) hours Stage 
15% 0.5 Preloading 
0% 1 Loading 
25% 2 Loading 
50% 2 Loading 
75% 2 Loading 
100% 6 Loading 
125% 6 Loading 
150% 12 Loading 
100% 2 Unloading 
50% 2 Unloading 
0% 2 Unloading 
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Table 2. Actual applied pressures and obtained during 
ZLTs settlements. 


ZLT-01 ZLT-02 ZLT-03 
% of 
design p A p A p A 
load kPa mm kPa mm kPa mm 
0% 0.0 0.0 0.0 0.0 0.0 0.0 
25% 56.5 0.42 62.8 0.27 50.2 0.46 
50% 1130 1.02 1256 0.84 100.5 1.11 
75% 169.5 1.48 186.8 1.67 150.7 1.53 
100% 224.5 2.33 2496 2.78 199.3 2.08 
125% 281.0 2.76 3124 3.75 249.6 2.78 
150% 337.5 480 375.1 4.98 299.8 4.39 


The actual applied pressure along with the 
recorded corresponding settlements for each test 
during the loading phase are given in the Table 2. 

Generally, the settlements represent a similar 
behaviour as expected from the resembling soil 
profile, and show only minor variations under the 
design pressures as well as under the maximum 
applied stress of 150% of the design load with set- 
tlements not exceeding 5 mm of the planned and 
calculated 25 mm. 


4 PRESSUREMETER TEST (PMT) 
RESULTS 


As part of the quality control four PMT were 
carried out within the area improved by dynamic 
compaction. However, only the three tests located 
in the vicinity of the zone load tests are considered 
in this study and are therefore used for the settle- 
ment calculation comparisons, as being the most 
representative of the soil conditions in relation to 
the location of ZLT. 

The following PMT tests are used for comparl- 
son with the corresponding ZLT tests: 


— ZLT-01 and PMT-01 (project ref. PMT-KH-201) 
— ZLT-02 and PMT-02 (project ref. PMT-KH-202) 
— ZLT-03 and PMT-03 (project ref. PMT-KH-206) 


Based on the results of the PMT data, and the 
pressuremeter modulus in particular, the settle- 
ments are calculated for the same pressures being 
applied during execution of the zone load tests. 
The calculation model used is as per Paragraph 4 
of the French Standard, D60 AN “Interpretation 
and Application of Pressuremeter Tests Results to 
Foundation Design”. In this document, the settle- 
ment is given by Equation 1 below: 


_ 1.33 
3E, 


B Y apa,B 
la) +" 


Ss 


(1) 


where E, = equivalent pressuremeter modulus 
corresponding to the zone of volumetric influ- 
ence, E, = equivalent pressuremeter modulus cor- 
responding to the zone of deviatoric influence, 
p=contact pressure added to the soil by the footing, 
R, = reference length equal to 0.30 m, «= structure 
coefficient variable according to the nature of the 
soil and the ratio E/P,, A, & A, = shape coefficients, 
which are function of the length to width ratio of 
the foundation; and B = width of footing. 

When comparing PMT calculations to the more 
known or conventional methods of settlement 
calculations such as the commonly used Schmert- 
mann method, differences become apparent. The 
main feature and distinction of the design scheme 
used for settlement prediction based on pressurem- 
eter testing is the definition of the effective depth, 
which is equal to 8B below the foundation base 
level, where B is a width of footing, as opposed 
to the Schmertmann where a depth equal to 2B is 
considered for square footings. 

The results of the calculations performed for 
each PMT and for each step of loading of the cor- 
responding zone load test are summarized in the 
Table 3 below. 

The estimation of the settlements is based on 
the methodology provided in the D60 standard 
and includes both immediate (spherical) and maxi- 
mum (deviatoric) components, i.e. computed val- 
ues are corresponding to the total settlements of 
the soil beneath the footing, not just the immediate 
deformations. Furthermore, it is shown in Table 3 
that the calculated settlement values are generally 
150% to 300% higher than those obtained dur- 
ing zone load tests. It is noted that the difference 
decreases with the increase of load. This relation 
between applied pressure and obtained settlements 
could be explained by the loading schedule during 
ZLT’s increases from 2 hours for low pressures up 
to 12 hours for the maximum load, thus higher set- 
tlements occur under the higher pressure, perhaps 


Table 3. Considered pressures and calculated settle- 
ments based on PMT results. 
PMT-01 PMT-02 PMT-03 
% of 
design p A A A 


p p 
load kPa mm kPa mm kPa mm 


0% 0.0 0.0 0.0 0.0 0.0 0.0 
25% 56.5 1.42 62.8 1.22 50.2 1.30 
50% 113.0 249 1256 245 100.5 2.59 
75% 169.5 3.73 186.8 3.64 150.7 3.89 

100% 2245 494 2496 486 1993 5.14 
125% 281.0 6.19 3124 6.09 2496 6.44 
150% 337.5 7.43 375.1 7.31 299.8 7.74 


Settlements, mm 
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Figure 4. Obtained (continuous lines—ZLT) and calcu- 
lated (dotted lines—PMT) of settlement vs pressure. 


when held for a longer duration being more 
representative. 


5 CONE PENETRATION TEST (CPT) 
RESULTS 


In total 32 CPTs were carried out within the area 
subjected to soil improvement but only 24 tests are 
located in the part of the site improved by dynamic 
compaction. Out of these 24 tests, only the three 
closest to the related zone load tests are considered 
and used for the settlement calculations. 

The following CPTs are used for comparison 
with the corresponding ZLTs: 


— ZLT-01 and CPT-01 (project ref. CPT-KH-202) 
— ZLT-02 and CPT-02 (project ref. CPT-KH-212) 
— ZLT-03 and CPT-03 (project ref. CPT-KH-222) 


Based on the tip resistance of the soil obtained 
from the CPTs, the immediate settlements are cal- 
culated for the same pressures as those applied 
during the execution of the zone load tests. The 
immediate foundation static settlements are cal- 
culated based on the semi-empirical method of 
Schmertmann (1970). 

Since the load for the zone load tests was applied 
during a limited period of time (only 34 hours), the 
creep correction factor C, is taken to be equal to 
1.0 for the current study. Moreover, two different 
approaches are considered for the definition of the 
Young’s modulus based on the tip resistance: 


— The approach introduced by Schmertmann 
(1978) where the ratio between the Young’s 


modulus and the tip resistance is fixed and equal 

to:2:5: 

— The approach introduced by Robertson (2015), 
where the ratio a between the Young’s modulus 
and tip resistance depends on the soil behavior 
type index 1; 

E=a-(q,- >) (2) 

where œ = alpha factor, q, = cone penetration 

resistance corrected for pore water effects; and 

O, = total vertical stresses. 

0.015 (3) 
where J. = soil behaviour type index. 

The results of the settlement calculations 
performed for each CPT based on the pressure 
increments and the two methods of alpha determi- 
nation are summarized in Tables 4 & 5 respectively. 

The settlements calculated from the CPT tip 
resistance and alpha ratio of 2.5 are 500-900% 
greater than those obtained during zone load tests. 
Meanwhile, the settlements calculated by consider- 
ing Robertson’s approach are 300% to 500% greater 


Table 4. Considered pressures and settlements esti- 
mated based on CPT with consideration of œ= 2.5. 


CPT-01 CPT-02 CPT-03 

% of 
design p A p A p A 
load kPa mm kPa mm kPa mm 

0% 0.0 0.0 0.0 0.0 0.0 0.0 
25% 56.5 3.41 62.8 3.36 50.2 3.15 
50% 113.0 7.67 1256 7.52 100.5 7.04 
75% 169.5 12.36 186.8 12.00 150.7 11.31 
100% 224.5 17.28 249.6 16.95 199.3 15.73 
125% 281.0 22.64 312.4 22.19 249.6 20.57 
150% 337.5 28.28 375.1 27.70 299.8 25.63 
Table 5. Considered pressures and settlements esti- 


mated based on CPT with consideration of œas per Rob- 
ertson (2015). 


CPT-01 CPT-02 CPT-03 

% of 

design p A p A p A 
load kPa mm kPa mm kPa mm 
25% 56.5 1.14 62.8 1.12 50.2 1.05 
50% 113.0 2.56 1256 2.51 100.5 2.35 
75% 169.5 4.12 186.8 4.00 150.7 3.77 
100% 224.5 5.76 2496 5.65 199.3 5.24 
125% 281.0 7.55 3124 740 249.6 6.86 
150% 337.5 9.43 375.1 9.23 299.8 8.54 
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Figure 5. Obtained (continuous lines) and calculated 


based on CPT results (dotted lines with œ as per Rob- 
ertson (2015) and dotted lines with a of 2.5) settlements 
against pressure applied during ZLTs. 


than the actual obtained values. These are notable 
differences between estimated and actual deforma- 
tions. This can lead us to revisit our assumptions 
and, where we can, apply engineering judgement 
or other learned sources for greater accuracy and 
hence time and cost savings from the more suitable 
application of knowledge. Presented nonconform- 
ity could be due to the use of the actual measured 
cone penetration resistance as is, with no applica- 
tion of a carbonate correction factor accounting 
for the crushability of shell fragments or high com- 
pressibility of the carbonate sands, present on site, 
which would have led to an increased stiffness and 
hence lower calculated settlements as reported by 
Al-Homoud and Wher (2006). Notwithstanding 
the above, the influence of the presence of carbon- 
ate sand with shell fragments is not addressed in 
the current paper, as no appropriate testing allow- 
ing assessment of the influence of such material is 
available for the concerned project. 

The same trend of a decrease in ratio with the 
CPT as for PMT testing is noticed, i.e. the dif- 
ference is decreasing with the increase of load. 
Although, the decrease is lower than that achieved 
by the PMT testing. 

However, to align the settlement values calcu- 
lated from CPT testing to those calculated from 
PMT testing, the ratio between the tip resistance 
and the Young’s modulus has to be approximately 
equal to 7.5. According to Bowles (1997), this 
value corresponds to the lower bound of the typi- 
cal ratios for overconsolidated sands, considered 


as appropriate after dynamic compaction or other 
such soil improvement where the soils under treat- 
ment are exposed to greater stresses. Thus, after 
treatment they exhibit an overconsolidation ratio 
OCR greatly in excess of 1 after the application 
treatment that increases the horizontal and vertical 
stresses from the action of pounders as outlined by 
Fellenius (2002) or vibrators as reported by Mas- 
sarsch (2002). 


6 CONCLUSIONS 


The paper presents a case study of a direct com- 
parison of the settlements obtained during the 
execution of several zone load tests (ZLT) with the 
settlements estimated based on the results of cone 
penetration (CPT) and pressuremeter (PMT) test- 
ing for the soil improved by dynamic compaction. 
The following key points can be summarized. 


1. The use of the pressuremeter testing for settle- 
ment predictions provides good convergence 
with the actual settlements obtained in the field 
during the performance of the zone load test in 
coarse-grained soil. 

. The initial methodology of settlement calcula- 
tions based on the outcome of cone penetration 
tests provided by Schmertmann is resulting in 
higher values of settlements when compared to 
the actual observed deflections of the zone load 
tests performed over improved coarse-grained 
reclamation fill, and that of the pressuremeter. 

. The ratio of 2.5 between the Young's modulus 
and the cone penetration resistance is at lower 
limit and could be applicable for normally con- 
solidated soils in natural state but not for sandy 
soils being treated with the use of one of the soil 
improvement techniques. Therefore, ratios typical 
for overconsolidated sands such as 7.5 can be rec- 
ommended as appropriate after dynamic compac- 
tion and/or vibro compaction, when the site stress/ 
strain state has been changed by the treatment. 

. Robertson's approach to define the actual ratio 
between the Young's modulus and the tip resist- 
ance provides more relevant and accurate set- 
tlement predictions of isolated footings placed 
over material with low fines content, since it is 
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based not only on soil stiffness but also on the 
behavior of the soil. 

. Nevertheless, the methodology of estimation of 
Young's modulus from CPT results proposed by 
Robertson (2015) results in conservative values 
of predicted settlement when comparing to the 
settlements calculated based on PMT results. 

. Further case histories and studies of the direct 
comparison of the settlement estimation based 
on CPT and ZLT results should be completed 
and analyzed in order to specify and refine 
the ratio between cone penetration resistance 
and Young's modulus as the currently used 
approach is generally conservative. Especially in 
carbonate sands containing high percentage of 
shell fragments and those with a changed stress 
regime. 
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ABSTRACT: CPT data are often used directly for geotechnical analyses, such as for pile capacity. 
Advances in automated mesh generating strategies now allow for direct use of CPT data within finite 
element analyses. This paper presents the results of finite element analyses of shallow foundations with 
widths varying between 0.5 m and 30 m resting on an offshore soft clay having strength linearly increas- 
ing with depth below a crust. Results based on a soil profile using CPT data directly input into the finite 
element soil model at depth increments of 25 mm are compared with results based on a soil profile with 
strength linearly increasing with depth below a crust with constant strength. The effects of mesh density 
and use of remeshing strategies on model run time and results are discussed. Results indicate that numeri- 
cal analyses based on direct incorporation of a CPT profile may allow for identification of failure surfaces 
that result in lower optimized capacities than those that try to fit strength using simpler soil profiles. 


1 INTRODUCTION There will be some variability around an ideal- 
ized design profile in natural soils which can effect 
Undrained shallow foundations resistance under bearing capacity (e.g., Griffiths & Fenton 2001). 
vertical (V), horizontal (H), moment (M), andcom- This paper explores whether averaging out of such 
bined (VHM) loading is proportional to undrained variability over the relevant vertical range results in 
strength (s,). Strength increasing with depth and little effect on the computed foundation capacity, 
shallow crusts will influence the size of the bear- or whether the presence of variability, as indicated 
ing capacity mechanisms, operational undrained by a CPT profile, may allow for lower resistance 
strength, and ultimate resistance (e.g. Davis & shallow foundation mechanisms to form. 
Booker 1973, Gourvenec & Randolph 2003, Feng Undrained strength estimated from two cone 
et al. 2015). To account for these effects, undrained penetration profiles are used to compare numeri- 
strength (s,) can be modeled as linearly increasing cal analysis of shallow foundation response under 


with depth (z) from a surface value (Ss, o): vertical (V) and combined (VHM) loading. Linear 
fits to s, estimated from net cone tip resistance 
Su =8,9 + kz (1) (q, = q, — 9,0), as well as s, estimated from CPT 


data directly, were used for numerical analysis of 
For clays with a uniform strength crust (of s, o) shallow foundation capacity. 


over strength increasing proportionally with The questions this paper aims to address are: 
depth below mudline, an expression for undrained + Do results of shallow foundation bearing capac- 
strength is: ity analyses based on linear strength profiles dif- 
fer from those based on CPT data input directly? 
5, = max(s, y, KZ) (2) + If results differ, is the difference due to the mesh- 
ing inaccuracies or due to the formation of a 
Soil profiles in this paper take the form of Eq. 2. lower resistance mechanism? 
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e Do analyses based directly on CPT data take 
significantly longer to run for the same mesh 
density? 

e Are finer meshes required for bearing capacity 
analyses based directly on CPT data to achieve 
comparable numerical accuracy? 


Most of these questions are addressed by 
comparing numerical analysis results to results 
obtained using plastic limit analysis, specifically 
the normalized strength factors presented for a 
crust overlying strength increasing proportionally 
with depth (see Figure 12 in Davis & Booker 1973). 
The method assessment is followed by an example 
of VHM loading analysis of a tidal turbine foun- 
dation on soft clay. 


2 SOIL PROFILES 


Two profiles of s, estimated from q, from an off- 
shore soft clay site (GOG 6, Low et al. 2010) are 
shown in Figure 1 and 2. The data were converted 
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Figure 1. Comparison of CPT-1 profile to crust over 
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Table 1. Summary of linear strength parameters fit to 
CPT data. 
Crust COVs, COVs, 
Sd thickness k Upper 40m 
CPT (kPa) (m) (kPa/m) 5m profile 
CPT-1 2.9 1.9 1.52 0.21 0.12 
CPT-6 1.9 1.325 1.43 0.40 0.27 


to undrained strength using s, = g,,,/N,, and an N, 
factor of 13.5. A constant ratio of G/s, of 75 was 
used in elastoplastic analyses. The data indicate a 
shallow crust with strength increasing with depth 
(from an intercept of 0) below the crust. 

Linear trends were fit by first determining the 
crust strength as the median cone tip resistance 
in the upper 3 m of the profile. The slope of cone 
penetration tip resistance increasing with depth 
was adjusted until the median ratio of the linearly 
fitted s, to that measured from cone tip resistance 
was unity for the entire 40-meter profile. Linear 
profiles are underlain in gray in Figures 1 and 
2, and the ratios of calculated to measured net 
cone tip resistance are shown in Figure 3. There 
is greater variability in CPT-6 compared to CPT- 
1, in particular in the upper 5 m of both profiles 
compared with the variability at greater depths. 
Combined crust and linear fits to the CPT data are 
summarized in Table 1. 


3 MODEL SETUP AND ANALYSIS 
METHODS 


Finite element analysis (FEA) and Finite element 
limit analysis (FELA) were performed using the 
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computer software Optum G2 (Optum CE 2017). 
Footings were modeled in plane strain as weight- 
less rigid plates of width B, centered in a domain 
15B wide, and 2.5B deep. Two types of meshing 
were used in analysis; (1) a uniform distribution 
of elements; and (ii) adaptive meshing. Adaptive 
meshing used standard parameters (Optum CE 
2017) which updates the mesh three times during 
the analysis, increasing the number of elements 
in locations of, in this case, high shear dissipation 
(shear stress times shear strain rate at failure). 

Within Optum G2, strength profiles for a layer can 
be input as (i) constant; (ii) linearly increasing with 
depth; (iii) varying with depth from a tabular input; 
and (iv) varying laterally and vertically from a tabular 
input. Undrained strength based on CPT data was 
input in 0.025 m increments using option (iii). Crusts 
were modeled using option (i), and the underlying 
strength increasing with depth was modeled using 
option (ii). The points in Figures 1 and 2 indicate 
strength values interpolated by the software for one 
of the cases in this study; a 16 m wide footing ana- 
lyzed with 10,000 elements using adaptive remeshing. 

Initially, four types of analysis were performed, 
with detailed descriptions of each analysis type in 
Optum CE (2017): 


1. Lower bound (LB) FELA 
2. Upper bound (UB) FELA 
3. Strength reduction (SR) FEA using 6-node 
Gauss elements (Krabbenhoft and Lyamin 2015) 
Multiplier elastoplastic (MEP) FEA using 
6-node Gauss elements (Krabbenhoft et al 2007) 


When analyses were performed for an isolated 
loading condition (V, H, or M), plate boundary 
conditions were selected to restrict movement in 
non-loaded directions. For example, when vertical 
capacity was assessed, the plate was not allowed 
to translate horizontally or rotate. When combined 
loading was investigated, no structural restraints 
were used. 

Figures 4 and 5 illustrate aspects of analysis 
type. The four analysis methods were applied to 
CPT and linear strength profiles based on CPT-1, 
using 10,000 elements, once with adaptive mesh- 
ing, and once without, and resulting in four groups 
of the analyses. Main observations include: 


4. 


e SR and MEP results lie between LB and UB 
FELA results. 

e The range of results is small when adaptive 
meshing is used. 

e Analyses were performed on a laptop with 16 GB 
of RAM, and a 2.8 GHz Intel 17-7700HQ four 
core processor with hyperthreading. FELA anal- 
yses tended to take about 15 seconds. The multi- 
ple iterations involved with a strength reduction 
analysis increased the average duration by about 
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F=V/B / [(2+7)Su y+kB/4] 
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Figure 4. Comparison of results for four types of anal- 
ysis, two types of strength profile (CPT & linear) and two 
types of meshing (uniform and adaptive). 
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and profiles in Figure 4. 


5 times to 75 seconds. MEP analyses involved 10 
elastic and 10 plastic stages, and increased dura- 
tion by 30 times over FELA to about 450 seconds. 
There is no apparent difference in run time for 
soil profiles based on tabulated CPT data as 
compared to linear profiles. 


Due to shorter runs times and ability of UB and 
LB FELA analysis to narrowly bound the prob- 
lem, results from these two types of FELA are the 
focus of the remainder of the paper. 


4 MESH DENSITY 


The influence of mesh density on collapse load 
can be inferred from Figures 6 and 7 for linear and 
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ysis on upper bound and lower bound FELA results for 
15 m wide footing and CPT based profile. 


CPT profiles, respectively. A 15 m wide footing 
with strength profiles based on CPT-1 was used 
for this comparison. It is noted that: 


e Adaptive meshing more rapidly converges to a 
smaller difference between LB and UB results as 
compared to a uniform mesh. 

e LB results are > 98% of UB results when using 
adaptive meshing and for linear strength pro- 
file cases with more than 10,000 elements. This 
reduces slightly for CPT based profiles, with LB 
results > 96% of UB results when using adaptive 
meshing and more than 10,000 elements. 


The range between UB and LB results is essen- 
tially constant in this case for more than 5,000 
elements when using adaptive meshing. The analy- 
ses reported in the rest of the paper are based on 
10,000 elements with adaptive meshing. 


5 WIDTH EFFECTS 


Davis & Booker (1973) indicated normalized ver- 
tical capacity (F) increased with kB/s,,, up to a 
value of about 20, reducing with further increases. 
For values of k in Table 1, kB/s, of 20 corre- 
sponds to footings up to 38 m in width. Differ- 
ences in normalized vertical capacity are shown 
for footing widths between 0.5 and 36 m for lin- 
ear and CPT based profiles in Figures 8 and 9, 
for CPT-1 and CPT-6, respectively. The linear 
profiles match well with the results from Davis & 
Booker (1973), but normalized vertical resistance 
factor, F, based on the CPT profile are up to 15% 
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capacity for CPT-1 directly using CPT profile and using 
linear crust above proportional strength profile. 
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capacity for CPT-6 directly using CPT profile and using 
linear crust above proportional strength profile. 
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(a) Crust / k 


ee 


Figure 10. Shear strain contours for upper bound analysis of a footing width of 16 m for profile CPT-6 using (a) a 
crust over strength increasing proportionally with depth model; and (b) CPT based s, profile. 


higher for footing widths less than about 3 to 4 m, 
and lower by a similar amount thereafter. These 
differences are consistent with the differences 
between the linear and CPT based s, profiles in 
Figures 13, highlighting difficulties in simplify- 
ing strength profiles. 

The F values for CPT-6 tend to be lower than 
those for CPT-1. This can largely be attributed 
to the weak layer between 3 and 5 m depth in the 
CPT-6 based profile. Contours of shear strain are 
shown in Figure 10, which indicate a deeper failure 
mechanism passing through the underlying weak 
soil for the CPT based analysis as compared to the 
linear profile. 


6 COMBINED LOADING 


A comparison of yield envelopes for VHM loading 
of CPT based strength profile, and the crust above 
proportionally increasing strength profile is made 
using the loading and geometry for a tidal turbine 
system, discussed by Maynard et al. (2013). The 
strength profile based on CPT-6 was used in this 
comparison, as it showed the largest difference for 
the vertical loading case with wide footings. The 
foundations system was modeled as a conjoined 
skirted system (e.g., Gourvenec $ Steinepepreis 
2007, Gourvenec & Jensen 2009) with (B) 3.5 m 
wide suction (plane strain) ‘caissons’ at the two 
edges; (d) 1.75 m long skirts; and (s’) 18.5 m wide 
center to center footing spacing. Full interface 
friction (of s,,.) and no breakaway conditions were 
assumed on the soil-skirt interfaces. 

The submerged weight of the structure was 
estimated at 70 kN/m (Maynard et al. 2013). For 
this example, the maximum horizontal load was 
assessed for pure horizontal loading (e = 0 m), as 
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well as loading heights of e = 5, 10, 15 (shown in 
Figure 11) and 20 m. Pure moment loading was 
also considered. 

Results are summarized in Table 2 for the 
crust over strength increasing proportionally with 
depth profile, and Table 3 for the CPT based s, 
profile. Figure 11 shows contours of shear strain 
within a deformed mesh after approximately 1 m 
of displacement. The failure patterns indicate an 
essentially isolated footing sliding response, with 
downstream rotation and plunging. 

The simplified linear strength profile results 
in 60% higher vertical resistance than the CPT 
based profile. Once again, this is attributed to the 
soft layer from 3 to 5 m depth in CPT-6. For low 
moments (e-H), horizontal load for the two cases 
is similar, because average strength in the crust is 
similar for the two cases. For the CPT case, the 
weak layer dominates at higher moments resulting 
in much lower calculations of horizontal loads that 
can be resisted. 

Normalized combined HM response is plotted 
in Figure 12, with the isolated footings normalized 
to width in terms of sliding, and width added to 
the spacing for moment resistance of the rigidly 
connected pair. The linear strength profile case 
tends to match well with results in Gourvenec & 
Barnett (2011) in terms of normalized moment 
near 1.15 to 1.3, but tends to be higher in terms 
of normalized horizontal resistance at 4 instead of 
approximately 3 for d/B of 0.5. The much lower 
moment resistance for the CPT based analysis is 
in part due to the higher fraction of vertical capac- 
ity mobilized by the 70 kN/m submerged weight of 
the structure, but more due to the concentration of 
the failure surface within a weak zone underlying 
a strong zone that is typically not accounted for in 
generalized methods. 


(a) Crust / k 


e=15m 


Figure 11. 


Shear strain contours for upper bound analysis of a conjoined pair of 3.5 m wide skirted foundations with 


a 1.75 m skirt length spaced by 18.5 m and an eccentricity (e) of 15 m for profile C6 using (a) a crust over strength 
increasing proportionally with depth model; and (b) CPT based s, profile. 


Table 2. Results from combined analysis using linear Table 3. Results from combined analysis using CPT 
strength profile. based strength profile. 

e Vv UBH LBH e Vv UBH LBH 
Analysis (m) (kN/m) (kN/m) (kN/m) Analysis (m) (kN/m) (kN/m) (kN/m) 
V — 184.6 o = Vv - 115.7 - — 
VH 0 70 54.6 53.3 VH 0 70 54.5 52.2 
VHM1 5 70 52.3 51.0 VHMI 5 70 40.1 36.9 
VHM2 10 70 48.8 47.4 VHM2 10 70 34.3 31:2 
VHM3 15 70 44.5 43.2 VHM3 15 70 27.4 24.5 
VHM4 20 70 40.2 38.9 VHM4 20 70 21.5 19.1 

e Vv UBM LBM e Vv UBM LBM 
Analysis (m) (kN/m) (kNm/m) (kNm/m) Analysis (m) (kN/m) (kNm/m) (kNm/m) 
M -= 70 1096 1053 M — 70 456.3 401.9 
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Figure 12. Influence of width on normalized bearing 


capacity for CPT-6 directly using CPT profile and using 
linear crust over k profile. 


7 SUMMARY AND CONCLUSIONS 


This paper summarized results from FEA and 
FELA of undrained loading of shallow founda- 
tions on a soft clay profile with strength increas- 


ing proportionally with depth below a uniform 
strength crust to assess whether analysis based on a 
detailed strength profile from CPT data produced 
results that differed significantly from simplified 
linear strength profiles. It is concluded that: 


1. Analysis with strength profiles based directly on 
CPT data were more likely to be influenced by 
weak layers within nominally uniform material. 
These features do not necessarily average out in 
analysis. 

2. When using adaptive meshing, the differences in 
results do not appear to be due to meshing issues, 
but the potential for more complex mechanisms 
to develop, taking advantage of weaker soils. 

3. Solution times for models with strength based 
on detailed CPT profiles were of similar dura- 
tion compared to analyses based on linear 
strength profiles. 

4. It is arguable that a finer mesh may be needed 
when using CPT based strength profiles. How- 
ever, when using 10,000 elements and adaptive 
meshing, the differences between upper bound 
and lower bound solutions was less than 5%. 


It is acknowledged that similar results can be 
obtained using a CPT based profile or an idealized 
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linear profile that includes soft layers. However, 
the selection of the soil strength profiles can be 
subjective and may differ significantly between 
analysts. The ability to perform analyses rapidly 
with strength profiles that are based directly on 
high (vertical) resolution digital CPT data provides 
a rational approach for assessing potential failure 
modes and a step towards more consistent founda- 
tion design in practice. 
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ABSTRACT: The Tampere University of Technology has been carrying out an extensive research 
program on soil testing in Finland. The aim of this research project is to collect data from high-quality in 
situ and laboratory tests and derive correlations for strength and deformation properties specific to Finnish 
clays. Correlation models for the undrained shear strength of soft clays based on CPTu measurements 
have been proposed in the literature by several authors. However, such models are often calibrated from 
a specific site or soil type. Thus, validation of these models is required before applying them to different 
soil conditions. In this paper, the existing correlations for the undrained shear strength of soft clays based 
on CPTu data are compared to test the results from different sites in Finland. The validity of the existing 
models is assessed for Finnish clays by evaluating their bias and uncertainties. 


1 INTRODUCTION Table 1. Basic Soil Properties of the Investigated Sites. 


The scope of this paper involves assessing the Site OCR(-) w(%) wm LA SO 
validity of existing correlations for (s,) in Finnish 
soils based on the piezocone (CPTu) parameters. 
Data collected by the Tampere University of Tech- 
nology (TUT) from seven clay sites in Finland 
are exploited to evaluate the correlations that are paimio 13-19 67-109 40-66 16-36 66-98 
commonly used in Sweden and Norway. Specifi- Sipoo 1220 79-116 66-89 3663 16-45 
cally, the validity of the CPTu correlations for Sa Joensuu 12-28 72-109 65-95 39 20-35 
from the triaxial compression (TXC; s,¿) and direct 
simple shear (DSS; s,,ss) tests is checked against Where: OCR = overconsolidation ratio from oedom- 
TXC and DSS tests on high-quality samples of eter test with constant-rate-of-strain (CRS) of 0.001- 
soft clays. The CPTu correlations for s,psş are also 0.0025 mm/min depending on clay type; w = water 
compared with down-hole field vane (FV; Spory) content; w, = liquid limit; J, = plasticity index; and 
test results from the different sites. Finally, the bias S, = Sensitivity from the fall cone test 

and uncertainties of the examined correlations are 

evaluated with respect to the presented dataset of 


Lempäälä 1.1-1.4 68-127 42-69 16-26 24-54 
Pernió 1.2-2.5 70-110 44-75 19-47 37-72 
Murro 1.2-1.9 66-95 58-97 28-53 20-23 
Masku 1.4-1.8 80-117 66-95 39-59 18-21 


Finnish clays. (w,) in all the sites, and the remolded undrained 
shear strength (s,/*) was generally lower than 2 kPa. 
2 SOIL INVESTIGATION Some of the sites have been presented and dis- 
cussed in Di Bud et al. (2016) and Selánpáá et al. 
2.1 Test sites (2017). 


The maximum penetration depths reached were 
Table 1 summarizes the basic properties of the 9 mat Lempäälä and Perniö, 23 m at Murro, 15 m 
seven clay sites considered in this study. The at Masku, 11 m at Paimio and Sipoo, and 16 m 
investigated clays were slightly overconsoli- at Joensuu. The depths for sampling were chosen 
dated (overconsolidation ratio, OCR < 3), and by observing the most homogenous layers from 
they covered a wide range of water contents the CPTu data. The deepest sampling depths were 
(w = 66-127%) and sensitivities (S, = 16-98). The 7 mat Lempäälä, 8 m at Perniö and Masku, 5 m at 
natural water content was above the liquid limit Murro and Joensuu, and 9 m at Paimio and Sipoo. 
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2.2 In situ tests and sampling 


Pairs of sampling and in situ tests were performed 
within 2 meters of each other. The in situ tests 
performed consisted of the CPTu and FV tests. 
Seismic and resistivity measurements were also 
gathered. However, the evaluation of soil prop- 
erties from such measurements is beyond the 
scope of this study. Therefore, these data are not 
presented. 

The CPTu tests were carried out using a low- 
capacity (0.75t) and high-sensitivity probe, which 
is expected to provide high accuracy in soft, 
homogenous soils (Sandven, 2010). The tests fulfil 
the requirements of application class 1 according 
to ISO (2012). The excess pore pressure during 
penetration (u,) was measured right above the cone 
tip. 

To verify the test repeatability and perform resis- 
tivity and seismic measurements, a minimum of 
three tests were conducted at each site. In general, 
the repeatability was good, as discussed in Di Buo 
et al. (2016). Therefore, the piezocone data used to 
evaluate the correlations in this study were based 
on a single CPTu sounding for each site. 

FV measurements were obtained using a down- 
hole vane device equipped with a casing. This 
setup has been shown to provide high accuracy in 
both torque and rotation measurements (Selánpáá 
et al., 2017). However, the pushing of the vane into 
the soil always causes some disturbance. Thus, 
repeatability was also checked for the vane tests 
by performing a minimum of three tests for each 
depth. It was assumed that differences in the meas- 
ured torques—and therefore, s,—were mainly due 
to disturbance, and the highest of the measured 
values was taken as the most representative. 

FV measurements must be corrected to account 
for anisotropy and rate effects (Bjerrum, 1973). 
In Finland, this is done by means of a reduction 
factor that depends on the liquid limit (Ratahal- 
lintokeskus, 2005). Only corrected FV results are 
discussed in this study. 


2.3 Laboratory tests 


Soil sampling was mainly performed using an 
open-drive tube sampler with a diameter of 
132 mm designed at TUT (Di Bud et al., 2016). The 
sampler is a small-scale reproduction of the SGI- 
type Laval open-drive block sampler (Larsson, 
2011). The main difference with the SGI sampler 
is that the soil is stored in the sampling steel tube 
and extruded only before testing. This feature was 
designed to avoid possible damaging of the sample 
during handling and lateral stress reduction dur- 
ing storage. The sampler is also equipped with a 
cutting wire system that separates the sample from 
the ground prior to sampler withdrawal. An air 
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feeding system was also implemented to prevent 
suction at the cutting end (Di Buo et al., 2016). 

The Pernió test site included some high-quality 
samples taken by a Sherbrooke-type mini block 
sampler (Emdal et al., 2016). For two out of eight 
of these high-quality samples, a considerably higher 
Sc Was measured, in comparison with the other test 
results. These two tests are samples that have been 
prepared and trimmed for testing within 24 h of 
sampling. The effect of storage time was studied by 
Amundsen et al. (2017) and the short swelling time 
resulting in smaller disturbance may partly explain 
the superior results. In Figures 5-8, the two tests 
can be easily identified, as they had the highest 
measured s, among the tests (s, > 25 kPa). 

The laboratory tests on the tube samples 
included consolidated isotropic undrained com- 
pression (CIUC) and extension (CIUE) tests, 
consolidated anisotropic undrained compression 
(CAUC) tests and extension (CAUE) tests, DSS 
tests, CRS oedometer and index tests. This study 
focuses only on the test results from the CIUC, 
CAUC, and DSS tests. The laboratory tests were 
conducted in a climatized room with a constant 
temperature of 20*C. 

The cell pressure (o's) in the CIUC tests was 
chosen as the smallest value between [0.73-0;; 
0.6-0,], where o, is the effective vertical stress and 
O, is the preconsolidation stress. The basic prin- 
ciples for selecting between these values were as 
follows: a) to consolidate close to the in situ hydro- 
static stress level, and b) to ensure that the yield 
surface did not expand during consolidation. The 
consolidation pressure was kept constant for 24 h, 
while the end of consolidation was verified by the 
measured volumetric strain. The preconsolidation 
stress o, was inferred from the CRS oedometer 
tests on samples from the same tube as the triaxial 
specimens. 

The CAUC test results seemed in line with those 
of the CIUC tests, with differences in terms of the 
measured peak s, in the order of +3%. Therefore, 
the CAUC and CIUC tests are analyzed and pre- 
sented together. 

In the DSS tests, the samples were first consoli- 
dated to a stress level close to the preconsolidation 
stress. They were then unloaded to the in situ stress 
state before shearing. 

The average failure times in the CIUC and DSS 
tests were 2.5 h and 1.25 h, respectively. In this 
study, no strain-rate correction was applied to the 
test results. 

The sample quality of the triaxial specimens was 
evaluated according to Lunne et al.’s (1997) crite- 
ria, which are based on the volume change dur- 
ing reconsolidation to the effective in situ stress. 
According to the sample quality classification by 
Lunne et al. (1997), 7 out of 37 triaxial test results 


could be classified as “Good,” while the remaining 
30 were “Very good to excellent.” 


3 INTERPRETATION OF THE 
UNDRAINED SHEAR STRENGTH 


The net cone resistance q, (= qp— O,9) is related to 
s, by means of the cone factor N,,, as 


¡20 = Inet (1) 
N N 


kt kt 
where q, = corrected cone resistance; o, = vertical 
total stress. 

The effective cone resistance q, (= q, — u) is 
related to s, by means of the cone factor N, as 


dr ZU 4. 
Ss = === 2 
" N, N, 2) 


ke ke 


where u, = measured pore pressure. 
The excess pore water pressure Au (= u, — uo) is 
related to s, by means of the cone factor N,,, as 


y îi PER 3 
ii Na, ( 


where u, = initial pore pressure in situ. 

Numerous correlations for cone factors have 
been presented to evaluate s, for local soil condi- 
tions. In this study, the cone factors that are gener- 
ally used in Scandinavia were evaluated for Finnish 
soil conditions. The correlations of the cone fac- 
tors evaluated in this study are presented in Table 2. 

Correlations 1, 2, and 3 were proposed by Lars- 
son and Mulabdic (1991) for Swedish clays. Lars- 
son and Mulabdic (1991) suggested that N,, and 


Table 2. Correlations for cone factors for s, and sS pss 
Di i Correlation Note 
1 Supss Ny, =13.4 + 6.65 - w, OCR = 1.3 
2, Supss Ng, =14.12.8 - w, *OCR = 1.3 
3 Suc N,, = 3.6 +13.2- w, OCR = 1.3 
4 Suc N, = 7.8 + 2.5 - log(OCR) S, < 15 
+ 0.082 - I, 
5 Suc N, = 8.5 + 2.5-log(OCR) 8,215 
6 Suc N, = 11.59.05 - B, S, < 15 
7 Suc Ny. = 12.5- 11.0 - B, S,>15 
8 Suc Na, = 6.9 — 4.0-log(OCR) S, 15 
+0.07 - 1, 
9 Suc Na =9.8-4.5-log(OCR) S >15 


Where: B, = pore pressure ratio = (u, — u,)/(Gp— 0,0); 
*Valid only for slightly overconsolidated clayey soils. 


N, depend on the liquid limit (w,). Correlations 
1 and 3 can be used in soils with OCR values 
higher than 1.3 by multiplying the equation by 
(OCR/1.3)!, where b can be taken as equal to 0.8 
(Larsson & Ahnberg, 2003). This is accounted for 
in the interpretation. 

Correlation 2 is only valid for slightly overcon- 
solidated clays. Therefore, it is used in this study 
only when OCR is lower than 2—which is taken 
as the upper boundary of the “low” OCR data 
points. 

Correlations 4-9 were established by Karlsrud 
et al. (2005) for Norwegian clays, including one site 
from the United Kingdom. These correlations are 
divided into two groups based on their sensitivity 
as S,< 15 and S, > 15. The lowest S, value in the 
dataset in Table 1 is 16. However, correlations 4, 
6, and 8 for S, < 15 are also evaluated in this study. 
The cone factors N,, and N,, were observed to be 
functions of OCR by Karlsrud et al. (2005), while 
N,, was observed to depend on the pore pressure 
ratio B,. The correlations are based on the high- 
quality samples taken by the Sherbrooke block 
sampler. No reduction was applied to the meas- 
ured peak s,c. 


4 EVALUATION OF THE CORRELATIONS 


When comparing the CPTu measurements and s, 
values, an average CPTu value taken from a +5-cm 
distance from the middle of either the triaxial or 
DSS samples or FV was used. Index properties 
were taken within a +10-cm distance with respect 
to the comparison level. 

In Figures | and 2, the undrained shear strength 
is calculated using the average N,, N,,, and N,, 
values for the dataset. The calculated mean values 
were N, = 16.8 and N,, = 10.7 for supss Ny, =17.5 
and N,, =9.3 for Sorry and Ny = 10.7, Na, =7.0, 
and N,, = 5.6 for s,c. These reference values are 
used for comparison with the correlations in 
Table 2. The results generally showed good agree- 
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ment between the measured and calculated s,c and 
Spss especially when using Equation 1. Higher 
scatter could be observed when using Equations 2 
and 3, and in general, for s,.....,,.y» 

In Figures 3-8, the s, values calculated from 
the cone factor models in Table 2 are compared 
with the measured s, values. The goodness of 
each correlation model was evaluated through the 
calculation of the bias factor (b) and coefficient 
of variation (COV), following Ching and Phoon 
(2014). The bias factor b is defined as the mean 
value of the ratio (measured s,)/(calculated s,). 
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If b = 1, the prediction is unbiased. The COV is 
calculated as the ratio of the standard deviation 
of the (measured s,) / (calculated s,) ratio and 
the bias factor. These values are summarized in 
Tables 3-6. 


In Figure 1, the interpretation of s pss and Score 


using constant cone factors resulted in the follow- 
ing: i) nearly unbiased predictions, and ii) lower 
calculated COVs when using N,, compared with 


N, However, the COV values relative to SucareEV 


were consistently higher than those for s,pss, indi- 
cating a higher variability of FV measurements 
compared with DSS. 

In Figure 2, the calculated b values suggest an 
almost unbiased prediction (b = 1.01-1.05) when 
using constant N,» N, and N, factors in each 
site. The lowest variability was observed when 
using Equation 1, resulting ina COV =0.13. The 
higher observable scatter associated with Equa- 


Table 3. Summarized Results of the Interpreted s,pss- 

Ni, n.l Na n.2 

aver. (w, : OCR) aver. (w,- OCR) 
b 1.014 1.094 1.003 1.158 
COV 0.122 0.125 0.189 0.176 
Table 4. Summarized Results of the Interpreted s, cry 

Ni n.l Na n.2 

aver. (w, : OCR) aver, (w, - OCR) 
b 1.040 1.085 1.069 1.135 
COV 0.192 0.179 0.262 0.254 
Table 5. Summarized Results of the Interpreted s,c 
with N,- 

N, n.3 n.4 n.5 

aver. (w: OCR) (I, OCR) (OCR) 
b 1.008 1.165 0.790 0.850 
COV 0.128 0.195 0.125 0.128 
Table 6. Summarized Results of the Interpreted s,c 
with N, and N, 

Ni n6 n7 N, n8 n.9 
aver. (B) (B) aver. (1, OCR) (OCR) 

b 1.043 1.002 0.943 1.034 0.879 1.324 
COV 0.186 0.114 0.110 0.269 0.131 0.255 


tions 2 and 3 resulted in higher calculated COV 
values (>0.18). 

As shown in Figure 3, correlations | and 2 under- 
estimated the spss of Finnish clays by 9% and 16%, 
respectively, and gave COVs of 0.12 and 0.17. 

When comparing the measured s,..,,, .y and S,pss 
from correlation 1 in Figure 4, a similar b value was 
obtained as that for the measured s,pss. However, 
the COV was larger (0.18 vs. 0.12). In contrast, 
Supss from correlation 2 underestimated srp by 
14%. The scatter was also larger compared with 
correlation 1 (COV =0.26). 

In Figure 5, measured s, is compared with 
Suc interpreted based on correlations 3 and 4 in 
Table 2. Correlation 3 underestimates the meas- 
ured values by 17% (b = 1.17) with a COV = 0.20. 
On the contrary, correlation 4 overestimates s,c 
(b = 0.79), even though the calculated COV (0.125) 
is lower than the COV from correlation 3. 

According to Figure 6, correlation 5 overesti- 
mates by 15% (b = 0.85), while correlation 6 pro- 
vides an almost unbiased prediction. In both cases, 
relatively low variability around the mean trend is 
observed (COV=0.114-0.128). 

As shown in Figure 7, correlations 7 and 
8 slightly overestimate s,. by 6-12% with COV 
of 0.11-0.13. The COV of correlation 8 is nota- 
bly improved in comparison to the reference value 
(COV =0.26 vs COV = 0.13). 

Correlation 9 in Figure 8 underestimates s, by 
32% (b = 1.324). The COV is significantly higher 
than for correlation 8 (0.26 vs 0.13). 

Tables 3-6 summarize the evaluated b and COV 
for the correlations in Table 2. Correlations 4, 6, 
and 8 are for S, < 15, while correlations 5, 7, and 9 
are for S,> 15. 


5 DISCUSSION AND CONCLUSIONS 


The main challenge in verifying CPTu-based corre- 
lations is to gather a reliable dataset of test results 
for the comparison. For the dataset used in this 
study, the comparison between the existing cor- 
relations and undrained shear strength from FV 
resulted in the highest variability (Table 4). For the 
DSS, the variability was slightly lower (Table 3), 
while the smallest variability (lowest COVs) was 
found for the triaxial compression test results 
(Tables 5-6). This may indicate that, for practi- 
cal applications, the use of triaxial compression 
data will result in a more reliable estimate of cone 
factors compared with other test types. This is 
primarily reflected in Figure 2, and confirmed in 
Tables 5—6. Particularly, the best correlation was 
found between the triaxial compression test values 
and the interpretation based on correlations 6 and 
7 for N, 


The higher variability in the DSS tests com- 
pared with the triaxial tests may have been partly 
due to the lack of experience with DSS testing at 
TUT. The DSS equipment was taken into use for 
the first time at TUT during this research project. 

Under—or overestimation of s, observed by the 
bias factor can result from differences in sample 
qualities in datasets, even if samples are classi- 
fied with the same quality. Another reason for this 
could be the properties of the clays. For instance, 
Norwegian clays are siltier than clays in Sweden 
and Finland are, whereas in Finland, the organic 
content of the clays is often higher than that in 
Sweden, as summarized by Broms (1974). Clays at 
the Murro, Joensuu, and upper layer in the Lem- 
paala testing sites consist of higher organic con- 
tent than 2%; the other sites exhibit lower organic 
content. It could be reasonable to leave these sites 
out of the dataset in future analyses. 

Another aspect is that even though the accuracy 
of CPTu probes, especially in terms of the capacity 
to measure low values, has improved, the results 
can vary among the different manufacturers 
(Sandven, 2010); this can affect the correlation 
results. 

Based on the change in the COV values from the 
reference values (based on mean cone factors), it 
seems that it may be beneficial to include OCR or 
B, in the interpretation of s,c. This can be observed 
in Table 6. In interpretations based on N,,, such 
a benefit is, however, not too clear (Table 5). 
The B, parameter was observed to correlate with 
the OCR, as reported by Lunne et al. (1997) and 
Karlsrud et al. (2005). Moreover, D’Ignazio et al. 
(2016) discussed, based on a large soil database, 
how the undrained shear strength of Finnish clays 
is predominantly dependent on the OCR. In addi- 
tion, the plasticity index seems also to improve the 
evaluation, especially when N, is used to assess s,c 
(Table 6). 

Dividing correlations 4-9 into two groups by 
sensitivity does not seem appropriate for Finnish 
clays, although the Finnish dataset did not include 
samples with S, lower than 15. As shown in Table 6, 
the interpretation based on N,, and N,, intended 
for low-sensitive Norwegian soils seems valid for 
Finnish clays. Even though the Norwegian data 
consists of high-quality block samples, the evalu- 
ation of s, seems to work well, especially when 
using N,,. The evaluations based on N, seemed 
to give too-high values compared to the measure- 
ments (Table 5). Interpretations using N,, showed 
over—and underestimated s, values, depend- 
ing on which sensitivity group was considered 
(Table 6). It must be pointed out that a disadvan- 
tage of the N,, method is that it is sensitive to the 
accuracy of both the measurements of cone resist- 
ance, and especially, pore pressure in soft, sensitive 
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soils. Moreover, the use of the B, parameter is not 
suitable for heavily overconsolidated clays, as the 
value could be very small or even negative (Powell 
et al., 1988). 

As shown in Tables 3-5, the interpretation 
of s, from average N,, works relatively well. The 
use of parameters such as liquid limit and OCR 
(correlations 1-3) gives also satisfactory results. 
Nevertheless, one of the difficulties in evaluating 
the goodness of the correlations 1-3 for the Finn- 
ish dataset is that there is already high scatter in 
the original correlation results from the Swedish 
dataset, as mentioned by Larsson et al. (2007). 
Furthermore, Larsson et al. (2007) suggested that 
s, anisotropy depends on the liquid limit. There- 
fore, for practical applications the interpreted s,c 
could be scaled using factors that are functions 
of w,, in order to use anisotropic strength in 
calculations. 

In Sweden, FV test results are corrected based 
on the liquid limit and OCR (Larsson et al., 2007). 
This method was developed to provide a good fit 
with the DSS strength. A thorough study on the 
applicability of this method to Finnish clays is rec- 
ommended in the future, as it could decrease the 
scatter in the interpreted vane test results. 

The dataset was relatively narrow in terms of 
strength and OCR ranges, as the authors’ main 
interest was to focus on very soft soils. Combining 
the present database with other databases could 
increase the reliability of the evaluation of s,. 
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Applications of RCPTU and SCPTU with other geophysical test 
methods in geotechnical practice 


Z. Skutnik, M. Bajda & M. Lech 
Warsaw University of Life Sciences, Poland 


ABSTRACT: The resistivity cone penetration test (RCPTU) and seismic cone penetration test (SCPTU) 
results may be used as well for quantitative and for qualitative analysis of the subsoil on tested sites. 
Electrical resistivity tomography (ERT) with RCPTU and SCPTU procedures are capable of detecting 
discrete horizons that would normally be missed using other tests at specific depth intervals. In the first 
tested site the RCPTU and SCPTU results have been used to define sub-surface stratigraphy and the soil 
porosity of the Pliocene clay deposits, while in the other site to identify the layers of organic subsoil and 
deformation parameters of subsoil. In the third tested site geotechnical in situ investigations were carried 
out using of 10 cm? CPTU cone and 15 cm? RCPTU cone. All these tests may be carried out in the pre- 
liminary investigation phase of ground conditions as well as supplementary studies and are most effective 
when are combined. 


1 INTRODUCTION 2 GEOLOGICAL CHARACTERISTICS OF 
TESTED SITES 
The recent years have shown dynamic develop- 
ments of the Warsaw City, involving the con- The study area lies within a regional geomorpho- 
struction of many high-rise buildings, roads, logic unit called the Warsaw Basin. It was formed 
extension of subway lines and other geoenviron- during the central-Polish and Baltic glaciations. 
mental engineering projects. This is why enhance- The test sites are located in Warsaw in the Vistula 
ment in the site characterization techniques is River valley (Fig. 1). 
required. A geoenvironmental site characteriza- The first tested site called Stegny is located in 
tion requires an evaluation of stratigraphy, as Stegny district. It is the place where for the last 
well as geotechnical, hydrogeological and envi- few years a wide research program has been exe- 
ronmental parameters. Combining geophysical cuted by the Warsaw University of Life Sciences 
and geotechnical in situ techniques is the best 
way to achieve all of the required information 
(Campanella et al., 1994). i OS. Stegny SGGW 
Seismic tests provide the advantage of an evalu- 
ation of the mechanical response of the medium, 
although only at very small strain levels, with 
the possibility of testing geomaterials in their 
undisturbed state on site. Interpretation of wave 
propagation in different frameworks can provide 
information at several levels of details (Jami- 
olkowski et al., 1985, Stokoe et al., 2005). 
Electrical techniques, can be used to study 
different environmental characteristics that are 
important during the site characterization for 
waste disposal and monitoring migration of con- 
tamination plumes (Elis et al. 2004, Fukue et al. 
2001). The detection and delineation of the shape 
of the plume is an important component of geoen- Figure 1. The map of Warsaw—location of tested sites 
vironmental site characterization. and typical borehole profiles. 
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and other research institutions (Baranski, 2004). 
The Stegny site is located in the southern part of 
Warsaw. The stratigraphy consists of Quaternary 
deposits developed as fine and medium dense sand 
layers of thickness not exceeding 4,5 m, underlain 
by Pliocene clays. The clay beds reveal a clear lay- 
ered structure characterized by different color of 
the particular layers. The free groundwater table is 
at a depth of 3.2 m. 

The second tested site called Wola is located 
within the geomorphologic structure called the 
“Zoliborz channel” and denuded post-glacial pla- 
teau in the east. 

Partly fluvial deposits of the Vistula Glaciation 
(Q1,), are represented by dense fine and medium 
sands, locally with interbeddings of silts and dense 
clayey sands. 

The sands cover the continuous layer of silty 
muds of thickness from 1 m to approximately 
3.5 m, underlain by peats with gyttja interbed- 
dings, 2.5-5 m thick. 

The thin-out of this layer has been observed 
at tested site. The a/m complex overlies a series 
of lacustrine gyttja prevailing in volume in the 
“Zoliborz channel”. The top of gyttja has been 
observed from the depth of approximately 6 m to 
13.5 m under the ground surface, the bottom level 
decreases to the east. The grain-size distribution of 
gyttja relates to silts, silty clays and more plastic 
silty clays, stiff and very stiff, with organic mat- 
ter content from 10% to over 30%, locally even to 
50% and calcium carbonate content in the range of 
3-5% and over 5%. 

The third site called SGGW, covers areas the 
margin of the denudated moraine plateau in the 
border zone of the Vistula river valley. The dis- 
cussed research site is located in the marginal zone 
of the south part of Warsaw moraine upland in 
Ursynów. In the Ursynów region these sediments 
form a continuous, distinct layer, consisting mostly 
of fine sands. Above the fluvioglacial sediments 
lies a layer of melt-out sediments from the Odra- 
nian Glaciation, represented by grey boulder clay. 
The thickness of the clay layer (gQpO) is from sev- 
eral to tens of meters. In some places, the Odra- 
nian boulder clay is covered by fluvioglacial sands 
and gravel or/and ice-dammed silts. Above them or 
directly on the boulder clay, occurs the melt out till 
from the Wartanian Glaciation (the last glaciation 
in this area) (gQpW) (Sarnacka 1992). 

Typical borehole profiles from Stegny, Wola and 
SGGW sites are shown in Figure 1. 


3 IN SITU TESTING 


The in-situ testing program was very extensive and 
depended on the site. It consisted of both piezo- 
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cone penetrometer tests (RCPTU and SCPTU), 
and electrical resistivity tomography (ERT). The 
CPTU data requires a good estimation of correla- 
tion coefficients to determine geotechnical param- 
eters (Lunne et al. 1997). These coefficients depend 
on the geologic formation and can be site-specific. 

There are several kinds of geophysical tests that 
can be used for the delineation of stratigraphy and 
determination of soil parameters. Recently, tech- 
niques, which are the combination of standard geo- 
technical tests with the geophysical module, have 
been used in the field. The combination of seismic 
measurements and static cone penetration tests 
parameters has made a significant improvement to 
the CPTU test. The measurement of shear wave 
velocity allows to obtain the initial shear modulus 
of soil at a very low strain level. Knowledge about 
the G-modulus is important in practical geotechni- 
cal solutions, particularly in the prediction of soil 
structure interaction (LoPresti et al. 1999, Stokoe 
et al. 2005). 

Geophysical methods have been used for many 
years in exploration of industrial and energy min- 
eral beds, geological and engineering surveys, as 
well as geotechnical surveys (Campanella 2008). 
The less known and commonly used instrument 
is the RCPT (RCPTU) resistivity cone (Fig. 2), 
a combination of a static CPTU probe and the 
measurement of soil resistivity. The probe consists 
of two main elements: first for measuring parame- 
ters determined in standard CPTU test, the second 
is a module measuring the electrical resistivity. It 
includes two or four annular electrodes with insu- 
lating plastic elements between the electrodes. 

The standard CPTU tests showed high variabil- 
ity of strength parameters due to the numerous 
sand and silt lenses. Moreover, the previous surveys 
showed high diversity of the geological structures, 
in particular the depth of the top of undisturbed 
Pliocene deposits. The properties of those depos- 
its determine the geotechnical design the most of 
both of above ground and the underground struc- 
tures in Warsaw. 
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Figure 2. Schematic diagram of two- and four-elec- 
trodes RCPT cones. 
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using RCPT probe have been applied to the deter- 
mination of a much-diversified geological structure 
in Warsaw. Figure 3 shows the electrical resistivity 
cross-section of the subsoil in Stegny site obtained 
using electrical resistivity tomography (ERT). 

The graph shows changes in the electrical 
resistivity in the structure's subbase to the depth 
of approx. 15 m below ground level. The profile 
analysis shows that non-cohesive soils with electri- 
cal resistivity of up to 200 Om exist at the depth of 
approx. 6 m. However, in the testing transect (in the 
middle of the profile), the base of the non-cohesive 
formations is at the depth of approx. 4.5 m, and 
in the areas planted with trees it was determined, 
based on the changes in electrical resistivity, at the 
depth of approx. 6 m. In this area, the layer of soils 
showing higher electrical resistivity reaches slightly 
deeper. 

It may be due to the lower moisture content of 
the soils in the rhizosphere, and thus the deter- 
mined sand base position in this area may be erro- 
neous. The position of the upper surface of clay 
deposits in this area must be validated by boreholes 
or probing. The soils characterized by the resistiv- 
ity of several to several dozen Qm can be observed 
below the non-cohesive formations. The cross- 
section also shows the cone resistance values (q.) 
obtained during RCPT tests, indicating the transi- 
tion in the soil type in the tested area at the depth 
of 4.0+4.2 m below ground level. 

The detailed analysis of RCPT tests (Fig. 4) 
shows a boundary between the sands and the 
clays in this area at the depth of approx. 4 m 
below ground level. According to RCPT tests the 
electrical conductivity for sands is between 1.5 to 
10 mS/m (respectively, the resistivity is between 
100 to several hundred (Qm), and for clays is 
between 80 and 250 mS/m (respectively, the resis- 
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Figure 4. The RCPT test results and predicted porosity 
in clays—Stegny site. 


tivity is between 4 and 12 Qm). Further analysis of 
Figure 4 shows the correlation between the friction 
ratio and the measured electrical conductivity in 
this study. These parameters respond in a similar 
manner to changing the type of soil. The coeffi- 
cient of friction in sands up to a depth of 4.2 m 
below the ground level does not exceed 1.6% and 
rapidly increases in clay. 

The electrical conductivity behaves in the same 
way—in sands reaches very small values (1.5 mS/m), 
and is the greater, the soil is more cohesive (even 
250 mS/m in this study). 

By comparing the two measured parameters— 
friction ratio and electrical conductivity at the 
same time it is also easy to determine the changes 


of humidity or the presence of soil contamination. 
The results of the RCPT tests on the Stegny site 
clearly showed that between the second and fourth 
meter of probing, the friction ratio R, does not 
change, while the electrical conductivity of the soil 
increases. 

The gradual increase in electrical conductivity 
starts at a depth of 2.7 meter below ground level 
which is caused by the presence of a groundwater 
table, which, due to capillary fringe or fluctuations, 
results in an increase in the humidity of the sand at 
this depth. The reading stabilized at an average of 
3.4 m to the value of 50 mS/m, which indicates that 
this is the depth of the water table. 

Moreover, the electrical resistivity tests using 
RCPT probe and electrical resistivity measure- 
ments of soil and the ground water have allowed 
to determine a relationship between the porosity 
and the formation factor F. For most rocks and 
soils, an empirical relationship formulated by 
Archie (1942), expressed as a ratio of saturated soil 
resistivity and fluid in the soil pores is called a for- 
mation factor. Assuming that the degree of satura- 
tion the Pliocene clays is close to one (Kaczynski 
2007), the following relationship was used to deter- 
mine the porosity: 


N 


where n = porosity [-]; p,s 7 = electrical resistivity 
of soil in fully saturated conditions [Qm]; p,= elec- 
trical resistivity of pore fluid (from laboratory 
tests; p,= 8.3 Qm). 

Measurement of electrical conductivity in 
Pliocene clays at Stegny site indicates a higher sen- 
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sitivity of this parameter compared to shear wave 
velocity determined by SCPT. Measurement of 
electrical conductivity allowed to highlight in the 
subsurface very thin layers of silts or fine sands 
within Pliocene clay deposits (Fig. 5). Sands showed 
lower conductivity (higher resistivity) values than 
clays. Also in Figure 5 there is a significant dif- 
ference between values of shear wave velocity at 
the depth of about 4 m due to effect of soil type 
changes and influence of ground water table. Values 
of shear wave velocity in sands exceed 500 m/s while 
in Pliocene deposits is equal to 200 m/s. The shear 
modulus G, calculated directly from shear wave 
velocity measured during SCPT test gives values in 
range of about 70 to 85 MPa for clays and from 450 
to 1000 MPa for sands. G, modulus was also esti- 
mated from q, measurements from formulas given 
by Rix and Stokoe (1991) (Skutnik et al., 2011). 

In the Wola site the RCPTU and SCPTU were 
carried out. Example of the typical test results are 
presented in Figure 6. Measurement of electrical 
conductivity in organic subsoil (dominated by gyt- 
tja) indicates higher sensitivity of this parameter 
compared then shear wave velocity determined by 
SCPT. 

Electrical conductivity allowed to distinguish 
in the subsurface layers of gyttja and peat. Gyttja 
showed very low conductivity (higher resistivity) 
values, lower than peat or even silt. A significant 
difference values of shear wave velocity from the 
surface to the depth of about 6 m is observed. Val- 
ues of shear wave velocity in this zone varies since 
150 m/s to 700 m/s. 

In the SGGW site soundings were carried out 
using two cone penetrometers sizes, standard 
10 cm? CPTU cone and 15 cm? RCPTU cone. 
The test results, values of q, and f, obtained from 
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Figure 5. The RCPTU and SCPTU results—Stegny site. 
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both types of cones are near the same and are pre- 
sented in Figure 7, while cones types in Figure 8. 
The electrical conductivity values obtained from 
RCPTU soundings and the ERT method in the 
analyzed SGGW site were presented by Bajda 
et al., 2015. In the case of RCPTU, this is a con- 
tinuous measurement in the profile, whereas in 
the case of ERT tests the obtained values of the 
electrical conductivity were averaged. Neverthe- 
less, in both cases it has been shown that in the 
depth range from 2 m to 4 m there is a zone with a 
changeable conductivity resulting from changes in 
humidity as well as the type of soil. 


4 CONCLUSIONS 


In situ tests like CPTU supplemented with addi- 
tionally measured parameters like resistivity from 
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RCPTU, shear wave velocity from SCPT or SDMT 
is probably the best way to estimate geotechnical 
parameters, especially for soils from which col- 
lecting a good quality undisturbed soil sample for 
laboratory tests is impossible or problematic. 

Generally it can be said that seismic or electrical 
resistivity methods always provide parameters for 
the soil in its natural and undisturbed state. The 
research confirmed that resistivity depends mostly 
on the type of the soil, presence of water and the 
concentration of ions in pore water. Based on geo- 
electrical research, it is impossible to unquestion- 
ably indicate all factors responsible for resistivity 
changes. 

The observed relations between the decrease 
in resistivity and the content of organic matter 
for organic sediments from the Wola site allow to 
distinguish gyttja or peat layers. The accuracy of 
measurements of the electrical cone allows to mark 
even the thinnest interlayers in a profile, like in the 
SGGW site. 
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ABSTRACT: A test site was established in Primavera do Leste, a city 200 km east of Cuiabá, Central- 
West region of Brazil, one of the main Brazilian areas of soya and corn production. The research aimed 
at improvement of the knowledge of soil characteristics in that region, where serious problems related to 
foundations of silos are frequent. The present paper presents cone penetration tests performed in dry and 
rainy seasons. One block sample and tube samples have been collected, and characterization, determina- 
tion of clay minerals and oedometer tests in specimens in natural water content and on soaked specimens 
have been performed. Soil collapsibility of the upper layer was verified. CPT results indicated three soil 
behaviour types, however for one of those layers the soil behaviour type was not properly indicated by the 
CPT. The CPTs performed in dry and rainy seasons allowed the conclusion that the variation of the water 


content is limited to 2.0-2.5 m depth. 


1 INTRODUCTION 
As the second largest producer of soybeans world- 
wide, Brazil accounts for 30 percent of the global 
production of the crop. The country had in 2015 
over 29 million hectares of land available and used 
for farming soybean. Brazil is also the third largest 
producer of corn worldwide (Worldatlas 2017). 
The Mato Grosso state, Central-West region of 
Brazil (Fig. 1), is the largest producer of soybean, 
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Figure 1. Mato Grosso state, Central-West region of 


Brazil (adapted from Google Maps). 
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corn, cotton and meat among all Brazilian states. 
Primavera do Leste, a city 200 km east of Cuiabă 
(Fig. 2), the capital of the state, is the second larg- 
est producer of soybean and corn in the state 
(IMEA 2010). 

The huge production demands a significant 
number of silos. Since most of the soils in the state 
are unsaturated, collapsible soils, large settlements 
are frequent in the rainy season, both in cases of shal- 
low and deep foundations, with significant losses. 


Brasil 


Figure 2. Primavera do Leste and Cuiabá, Mato Grosso 
State (Google Maps). 


In order to contribute to the understanding of 
the soil behaviour, a test site was established in 
Primavera do Leste, and a number of in situ and 
laboratory tests have been performed, which are 
described below. 


2 SOME GEOTHECNICAL PROBLEMS 
IN THE AREA 


2.1 General 


Soils in the region of Cuiabá and Primavera do 
Leste are unsaturated, with a meta-stable structure 
and high void ratio, with a critical value of approx- 
imately 0.8 (Conciani & Soares 1996). The collapse 
occurs when the suction reduces in the rainy sea- 
son and there is an increase in the state of stress 
due to external loads. In some cases the sole suc- 
tion reduction is enough to provoke the collapse, 
and the soil is then designated as truly collapsible 
(e.g., Reginatto & Ferreira 1973). It will be seen 
later in the paper that the upper soil in the test area 
may be included in this category. 


2.2 Some case histories 


A settlement of approximately 70 cm was recorded 
at the middle of a raft (40 cm at the border) in a 
silo close to the city of Campo Novo do Parecis, 
some 400 km Northwest of Cuiabá, indicating that 
the collapsibility issue affects a very large area in 
Mato Grosso state. 


Figure 3. Settlement of 14 cm at the border of a raft of 
a silo in the surroundings of Primavera do Leste city. 
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Conciani & Soares (1996) reported another case 
in the same region where settlements of 25 cm to 
40 cm have been recorded in a raft foundation for 
a silo. The raft was simply levelled and additional 
settlements occurred, causing the interruption of 
the system of transportation of the soybean, with 
significant losses. 

Not only silos are affected by soil collapse, 
buildings are subjected to the same problem as 
well, even when pile foundations are used (e.g., 
Barbosa & Conciani 2000, Barbosa 2002). 

The authors of the research herein reported 
visited two silos with foundation problems in 
the surroundings of Primavera do Leste, one of 
which shown in Fig. 3. The recorded settlement 
of approximately 14 cm at the border of the raft 
prevents the soybean to be collected in the area of 
the bottom of the raft due to the limitation of the 
collection system, therefore causing an important 
operational problem. 


3 TEST SITE 


3.1 


A test site was established at the city of Primav- 
era do Leste, mostly because of the support pro- 
vided by a foundation company which has offered 
part of his deposit to be used as a test site. The 
coordinates of the test site are 15%34”52.6”S and 
54%20"00.0”W. 


General 


3.2 Tests performed 


Although SPT is the regular test performed in 
Brazil for soil investigation, the research reported 
herein aimed also at introducing the CPT as a 
regular tool for that purpose. Therefore, four CPTs 
have been performed, as indicated in Table 1. Two 
tests have been carried out in the rainy season, in 
February, and two in the dry season, in July. 

A 10 cm? regular piezocone penetrometer and 
a 200 kN rig capacity were used, produced by 
COPPE/UFRJ and Grom Eng., in a partnership 
which started in 1984 (Fig. 4). The cone and fric- 
tion load capacities are 50 kN and 7.5 kN, respec- 
tively. The penetrometer has been calibrated in the 


Table 1. CPT tests performed. 

Max. 
Test Date depth (m) Season 
1 04/02/2015 8.84 Rainy 
2 05/02/2015 5.97 Rainy 
3 13/07/2015 9.04 Dry 
4 14/07/2015 8.25 Dry 


ranges expected in the field, before and after each 
series of tests. The standard rate of 20 mm/s was 
used in all tests. Since the water table is much below 
the maximum depth tested, pore pressure has not 
been recorded. A friction reducer was used in all 
tests performed. 

Tube samples, 100 mm in diameter, have been 
collected at 1, 2 and 5 m nominal depths, in the 
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Figure 4. CPT performed in the rainy season. 


rainy season. One cubic block sample (side of 
300 mm) has been collected at 1.85 m depth, also in 
the rainy season. The maximum distance between 
CPT deployments and samples is around 9 m. 

A number of index tests, determination of 
mineralogy and collapsibility tests have been per- 
formed, which results are presented below. 


4 TEST RESULTS 


Fig. 5, where all CPTs are plotted together, presents 
a summary of the main test results. Three layers 
can be easily identified: the top of the deposit, with 
no more than 0.5 m, a second layer between 0.5 m 
and 2.5 m approximately and the third one, from 
2.5 m depth to the maximum depth tested. The first 
layer, extremely resistant, probably due to desicca- 
tion, has been identified only by the very high val- 
ues of cone resistance q, and friction sleeve f, since 
no samples have been collected from this layer. 

The second layer is identified by very low val- 
ues of f, whereas showing a high void ratio value 
(around 1.2) and low total unit weight (less than 
14 kN/m5). The third layer presents f, mostly in 
the range 120-200 kPa, having a smaller void ratio 
(around 0.9) and higher total unit weight (around 
17 kN/m?). The second layer shows a plasticity 
index I, of 27%, whereas the third layer is more 
plastic, with I,= 45%. 

An interesting feature of this material is the 
significant difference in soil type when the dis- 
persing agent (sodium hexametaphosphate solu- 
tion) is used or not, as illustrated in Fig. 6. In fact, 
when the dispersing agent was used, a significant 
amount of clay was shown, whereas the soil is a 
silty sand or sandy silt when it was not used. This 
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Figure 5. 


Cone resistance (q,); friction sleeve (f,); liquid limit (w, ), plastic limit (wp) and natural water content (w,); 


(b) specific gravity (G); initial void ratio (e,); total unit weight (y,). 
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Figure 6. Grain size distribution versus depth (a) with 
dispersing agent; (b) without dispersing agent. 
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Figure 7. Clay minerals versus depth. 


is a typical behaviour of a lateritic soil, as reported 
by e.g., Nogami and Vilibor (1981). 

Mineralogical analysis was performed with 
X-ray diffraction at the Clay Mineralogy Labora- 
tory, Geology Department, Federal University of 
Rio de Janeiro, and the obtained results are pre- 
sented in Fig. 7. Kaolinite is the clay mineral pre- 
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dominant in the profile, which is consistent with 
other collapsible soils from the same area (e.g., 
Conciani 1997). None of the minerals present in 
the soil is related to soil expansion, which is also 
consistent with other lateritic collapsible soils. 

Collapsibility tests performed in specimens 
trimmed from the block sample revealed 18% of 
collapse when the soil was soaked at 200 kPa, indi- 
cating serious problems according to the classifica- 
tion suggested by Jennings & Knight (1975). 


5 DISCUSSION 


5.1 


A comparison is now undertaken between tests 
performed in the dry and the rainy seasons. For 
the sake of clarity, CPT results are magnified with 
respect to Fig. 5 in Figs. 8a and 8b. It must also 
be pointed out that despite both tests, CPT-01 and 


Differences in dry and rainy seasons 
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Figure 8a. CPTs performed in rainy season (CPT-01 
and CPT-02) and dry season (CPT-03 and CPT-04). 
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Figure 8b. Magnification of data 
3.0 m depth. 


CPT-02 have been performed in the rainy season, 
CPT-02 was conducted just after heavy raining, 
and q, (unexpectedly not f,) recorded a difference 
close to ground level. 

It can be observed that q, values are higher for 
the CPTs performed in the dry season than in the 
rainy season to 2.0-2.5 m depth. Also, the same 
observation is valid for f, only to approximately 
1.3 m depth in the case of CPT-04 and the whole 
layer (2.5 m) in the case of CPT-03. The reason 
for the difference, as mentioned in section 2.1, is 
the suction reduction in the rainy season due to the 
increase in water content, which reached approxi- 
mately 2.5 m depth. 

It must be pointed out that the differences veri- 
fied in the depth range 6 m—9 m may be attributed 
to heterogeneity of this layer, as well as to some 
extent to rod inclination. In fact, all tests pre- 
sented an inclination increasing with depth, and 
CPT-04 showed the highest values, especially from 
4.2 m depth, reaching 12° at the end of the test. 


5.2 Soil behaviour type 


Soil behaviour type (Robertson 2010) for CPT-01 
is presented in Figs. 9 and 10, respectively the SBT 
chart and the SBT versus depth. It can be observed 
that the upper 2.5 m of the profile has been clas- 
sified in general as a granular material (silty sand 
and sandy silt), whereas below 2.5 m depth was 
classified as clay. In fact, since the purpose of 
this classification is to provide the soil behaviour 
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Figure 9. Test results (based on CPT-01) in the SBT 
chart from Robertson (2010). 
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Figure 10. Test results (based on CPT-01), SBT versus 
depth, (Robertson 2010). 


type, it can be said that it was not efficient to catch 
the soil behaviour type of the layer below 2.5 m, 
since the whole profile is constituted by lateritic 
soils, which behave like silty sands or sandy silts, 
1.e., like the soil tested without dispersing agent. 
An amendment of this chart is recommended to 
properly identify this type of soil. 

Since the test results indicate quite different 
results between the second and the third layers, 
some explanation must be provided. In fact, the 
cone resistance is very much influenced by the soil 
stiffness (e.g., Douglas & Olsen 1981), and thus 
the measured values seem to indicate small vari- 
ation of stiffness with depth. On the other hand, 
it is generally assumed that the friction sleeve is 
related to the re moulded soil, or to the sensitivity 
in the case of soft (saturated) clays. The test results 
therefore seem to indicate a meta-stable behaviour 
of the upper 2.5 m of the profile, as suggested by 
Douglas & Olsen (1981), although those authors 
have not referred to unsaturated soils. Thus it 
seems that soil collapsibility may be indicated from 


the CPT by very low friction ratio values, around 
0.3% in the present case. 


6 CONCLUSIONS 


A test site was established in Primavera do Leste, a 
city 200 km east of Cuiabá, Central-West region of 
Brazil, one of the main Brazilian areas of soya and 
corn production. The research aimed at improve- 
ment of the knowledge of soil characteristics in 
that region, where serious problems related to 
foundations of silos are frequent. 

CPT results indicated three soil layers: the first 
from the surface to 0.5 m depth; the second from 
0.5 m to 2.5 m depth; the third one from 2.5 m to 
the tested depth, around 9 m. 

Laboratory tests conducted in samples collected 
in the second and third layers have confirmed the 
qualitative difference verified in the CPT tests. In 
fact, the second layer is identified by very low val- 
ues of f, whereas showing a high void ratio value 
(higher than 1.2) and low total unit weight (less 
than 14 kN/m?). The third layer presents f, mostly 
in the range 120-200 kPa, having a smaller void 
ratio (around 0.9) and higher total unit weight 
(around 17 kN/m?). The second layer shows a plas- 
ticity index I, of 27%, whereas the third layer is 
more plastic, with I, = 45%. 

A significant difference in grain size distribution 
has been observed when the dispersing agent was 
used or not. When the dispersing agent was used, 
a significant amount of clay was shown, whereas 
the soil is a silty sand or sandy silt when it was not 
used. This is a typical behaviour of a lateritic soil, 
as reported by e.g. Nogami and Vilibor (1981), rep- 
resenting the real soil behaviour. 

Mineralogical analysis indicated that kaolinite 1s 
the clay mineral predominant in the profile, which 
is consistent with other collapsible soils from the 
same area (e.g., Conciani 1997). None of the miner- 
als present in the soil is related to soil expansion, 
which is also consistent with other lateritic collaps- 
ible soils. 

Collapsibility tests performed in specimens 
trimmed from the block sample revealed 18% of 
collapse when the soil was soaked at 200 kPa, indi- 
cating serious problems according to the classifica- 
tion suggested by Jennings & Knight (1975). 

Despite CPT results have indicated two soil 
behaviour types, the deepest layer was identified as 
clay by the SBT classification, which is not consist- 
ent with the real soil behaviour, better indicated by 
a sandy silt or silty sand, as the whole profile. 

It seems that soil collapsibility may be indicated 
from the CPT by very low friction ratio values, 
around 0.3% in the present case. 
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The CPTs performed in dry and rainy seasons 
allowed the conclusion that the variation of the 
water content is limited to 2.0-2.5 m depth. 


ACKNOWLEDGEMENTS 


The authors would like to thank Luiz Carlos de 
Oliveira, for his help in performing most of the 
index tests; Edgard Luis dos Santos Bispo and Luiz 
Roberto da Rocha Marinho for assisting in the field 
testing and sampling; Prof. Helena Polivanov for 
performing the X-ray diffraction mineralogical anal- 
yses at the Clay Mineralogy Laboratory, Geology 
Department, Federal University of Rio de Janeiro. 


REFERENCES 


Barbosa, F.M.D.R. 2002. Monitoramento de recalque de 
um edificio construido sobre solo colapsivel. Disser- 
tagao de Mestrado, Universidade Federal de Campina 
Grande, Campina Grande, PB, Braisl. 

Barbosa, F.M.D.R. & Conciani, W. 2000. Estudo de caso 
de um pequeno edifício com fundações em solo colap- 
sivel. In: IV Seminario de Engenharia de Fundações 
Especiais e Geotécnica, Vol. 2, pp. 202-209, Sao Paulo. 

Conciani, W. 1997. Estudo do colapso do solo através 
de ensaios de placa monitorados com tensiómetros 
e tomografia computadorizada. Tese de Doutorado, 
Universidade de Sáo Paulo, Sáo Carlos, SP, Brasil. 

Conciani, W. & Soares, M.M. 1996. Colapso do solo de 
fundação de um silo — estudo de caso. In: II Seminario 
de Engenharia de Fundações Especiais e Geotecnia, 
Vol. II, pp. 287-298, Sáo Paulo. 

Douglas, B.J. & Olsen, R.S. 1981. Soil classification using 
electric cone penetrometer. In: Cone Penetration Test- 
ing and Experience, American Society of Civil Engi- 
neering, pp. 209-227, New York, USA. 

Instituto Matogrossense de Economia Agropecuária, 
IMEA. 2010. available in http://www.imea.com.br/ 
upload/publicacoes/arquivos/justificativamapa.pdf. 
Visited in 17/02/2016. 

Jennings, J.E. & Knight, K. 1975. A guide to construction 
on or with materials exhibiting additional settlement 
due to a collapse of grain structure. In: Proceedings 
of the 6th Regional Conference for Africa on Soil 
Mechanics and Foundation Engineering, pp. 99-105. 

Nogami, J.S. £ Villibor, D.F. 1981. Uma nova classifi- 
cação de solos para finalidades rodoviárias. In: Sim- 
pósio Brasileiro de Solos Tropicais em Engenharia, 
pp. 30-41, Rio de Janeiro. 

Reginatto, A.R. & Ferrero, J.C. 1973. Colapse poten- 
cial of soils and soil-water chemistry. In: Proceedings 
VIII Int. Conf. on Soil Mechanics and Foundation 
Engineering, Vol. 2.2, pp. 177-183, Moscow. 

Robertson, P.K. 2010. Soil behaviour type from the CPT: 
na update. 2° International Symposium on Cone Pen- 
etration Testing, CPT’10, Huntington Beach, CA, 
EUA. www.cpt10.com 

WorldAtlas. 2017. available in www.worldatlas.com. Vis- 
ited in 08/12/2017. 


Cone Penetration Testing 2018 — Hicks, Pisanó & Peuchen (Eds) 
O 2018 Delft University of Technology, The Netherlands, ISBN 978-1-138-58449-5 


Liquefaction resistance by static and vibratory cone penetration tests 


F.T. Stáhler, S. Kreiter, M. Goodarzi, D. Al-Sammarraie & T. Mórz 


MARUM-Center for Marine Environmental Sciences, University of Bremen, Bremen, Germany 


ABSTRACT: Soil liquefaction is an important hazard and one of the causes of earthquake-related 
disasters. The prediction of soil liquefaction is a major issue in geotechnical engineering and the soil lique- 
faction resistance is often determined in-situ by static Cone Penetration Tests (CPT). The determination 
of the soil liquefaction resistance relies on empirical correlations and one way to increase accuracy might 
be the use of vibratory CPT. We report on displacement-controlled vibratory and static CPT performed 
in a calibration chamber under a simulated field boundary condition, known as BCS. Vibratory CPT led 
to a reduction in cone resistance for medium- to very-dense Ticino sand. The reduction ratio increased at 
high vibrational frequencies and was independent of the relative density for the specific stress state and 
type of soil. A correlation between the liquefaction resistance and static or vibratory CPT is proposed. 


1 INTRODUCTION 

Earthquakes are natural hazards and endanger 
human life by structural damage or ground failure. 
Soil liquefaction is one type of ground failure and 
the determination of the soil liquefaction resist- 
ance is an important issue in geotechnical earth- 
quake engineering (Lo et al., 1996). 

Various in-situ investigation methods have been 
proposed for determining the soil liquefaction 
resistance, including static cone penetration tests 
(CPT), flat dilatometer tests or shear wave veloc- 
ity measurements (Ndoj et al., 2015). Static CPT 
are widely used and provide repeatable, continuous 
and cost efficient profiles (Sadrekarimi, 2016). 

The determination of soil liquefaction resist- 
ance by static CPT relies on empirical correlations 
from comprehensive datasets (Sadrekarimi, 2016, 
Jorat et al., 2015). Those correlations have differ- 
ent target parameters and focus on the cyclic resist- 
ance ratio, the critical cone resistance, the factor of 
safety or the liquefaction probability (Robertsen & 
Wride, 1998, Shibata & Teparaksa, 1988, Idriss & 
Boulanger, 2006, Lai et al., 2006). 

The use of empirical correlations and the quasi- 
static style of standard CPT lead to uncertainties in 
the determination of the soil liquefaction resistance 
(Jorat et al., 2015, McGillivary et al., 2000). One 
way to increase accuracy might be vibratory CPT, 
which imposes cyclic loading on the soil during 
penetration (Sasaki & Koga, 1983). This loading 
causes a local increase in pore pressure and a reduc- 
tion in the cone resistance of liquefiable soils (Wise 
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et al., 1999). The reduction in the cone resistance is 
used as a measure of the soil liquefaction resistance 
and is quantified by the reduction ratio RR: 


| 


where q„ = vibratory cone resistance; and 
q, = Static cone resistance (Sasaki & Koga, 1983). 

Different vibratory CPT-methods have been 
proposed for the determination of the RR and the 
vibration may be either horizontal or vertical and 
may be applied downhole or uphole (Jorat et al., 
2015, Sasaki & Koga, 1983, McGillivary et al., 2000, 
Samui & Sitharam, 2010). Additionally, different 
vibrational frequencies have been utilized for field 
and laboratory CPT, which increase the RR if the 
first natural frequency of the soil sample is exceeded 
in a calibration chamber (Bonita et al., 2004). Other 
studies by Koga et al. (1987), Tokimatsu (1988) and 
Bonita et al. (2004) showed an increase in the RR as 
a function of decreasing relative density, overbur- 
den stress or critical shear strength. 

The in-situ stress state and sediment material 
properties are difficult to determine during field 
investigations. This study therefore utilizes static 
and vibratory CPT in a calibration chamber to 
determine: (1) the dependence of RR on vibra- 
tional frequency and relative density under labora- 
tory conditions, and (2) the feasibility of vibratory 
CPT for the determination of the soil liquefaction 
resistance. 


d 
d 


rr=1-[ (1) 


2 METHODOLOGY 


2.1 Sample material properties 


We use Ticino sand from Northern Italy, a uniform 
coarse to medium sand which consists of angular 
to subrounded particles (Fioravante & Giretti, 
2015, Fig.1). Ticino sand has been used in numer- 
ous studies and its geotechnical properties are well 
known (Table 1). The main mineral constituents 
are Feldspar (65%), Quartz (30%) and Mica (-5%) 
(Jamiolkowski et al., 2001). 


2.2 Calibration chamber 


The RR is determined by static and vibratory CPT 
in the MARUM calibration chamber (MARCO). 
This laboratory chamber is described by Fleischer 
et al. (2016) and is similar to a large triaxial cell 
with a sample of 30 cm diameter and 54.5 cm 
height. The sample is laterally enclosed by a flex- 
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Figure 1. Grain-size distribution of Ticino sand accord- 


ing to DIN 18123 (2011). 


Table 1. Geotechnical properties of Ticino sand, where 
enin = Minimum void ratio; epa, = maximum void ratio; 
Gs = specific gravity; D,, = median cumulative grain size; 
and U, = unconformity index. 


Reference emn] Enma Gs HH Py fm] U, H 
This study* 0.579 0.927 2.683 0.81 1.78 
[1] 0.574 0.923 2.68 0.53 1.3 
[2] 0.578 0.924 — 0.53 1.61 
[3] 0.568 0.915 2.67 0.50 1.58 


* Determination according to DIN 18126 (1996), DIN 
18124 (2011) and DIN EN ISO 146882 (2013), [1] Fio- 
ravante & Giretti (2015), [2] Butlanska et al. (2014), [3] 
Kulhawy & Mayne (1990). 


592 


ible latex membrane and surrounded by three 
circumferential Linear Variable Displacement 
Transducers (LVDT). These sensors are placed at 
vertical distances of 15, 25 and 35 cm from the top 
of the sample. The horizontal stress on the sam- 
ple is applied by water pressure in the cell and the 
vertical stress is controlled by a water-filled rubber 
cushion at the bottom of the sample. The upper 
boundary of the sample is a rigid sinter metal fil- 
ter and syringe pumps are utilized for pore-pres- 
sure, backpressure and pore fluid volume control 
(Fleischer et al., 2016). 


2.3 Sample preparation 


Sixteen Ticino sand samples were prepared by air 
pluviation to have relative densities between 50 and 
100%. All medium-dense to very-dense samples 
were vacuum-saturated in the MARCC. A full vac- 
uum was applied on the sample and de-aired and 
demineralized water was allowed to slowly percolate 
from the bottom to the top of the sample (ASTM 
D7181, 2011). A backpressure of 100 kPa was 
applied after saturation and a Skempton’ B-value 
of at least 0.95 was reached. The mean effective 
stress was subsequently increased to 126.67 kPa 
by applying a vertical effective stress of 200 kPa 
and a horizontal effective stress of 90 kPa. These 
conditions represent a burial depth of 18 to 20 m, 
which is important for off- and onshore monopile 
foundations. The consolidation lasted for 90 min- 
utes and all volume changes were measured during 
consolidation (DIN 18137-2, 2011). 


2.4 Testing conditions 


Five boundary conditions are defined for calibra- 
tion chamber testing (Table 2). BCS is the most 
advanced boundary condition with a quasi-con- 
stant lateral stiffness and a constant vertical stress 
on the sample boundary (Balachowski, 2006). The 
quasi-constant lateral stiffness simulates infinite 
surrounding soil and reduces boundary artefacts 


Table 2. Boundary conditions for calibration chambers 
(Huang & Hsu, 2005, Balachowski, 2006). 


Top & bottom 

boundary Lateral boundary 
Boundary 
condition Stress Strain Stress Strain 
BCI Constant - Constant — 
BC2 — 0 — 0 
BC3 Constant - — 0 
BC4 — 0 Constant — 
BC5 Constant Constant stiffness 


in the calibration chamber (Huang & Hsu, 2005). 
These artefacts are expected to be significant for 
all samples in the MARCC not under BCS condi- 
tions, because the sample to cone diameter ratio 
of R, = 25 is less than the recommended value of 
R; > 33 or R, > 100 for loose or very dense sand, 
respectively (Ahmadi 8 Robertson, 2008). 

The lateral stiffness control for BCS in the 
MARCC is based on the cylindrical cavity expan- 
sion model by Ladanyi (1972). This model utilizes 
the equilibrium equation in cylindrical coordi- 
nates for zero body forces and no vertical stress 
variations: 


e (3) 
dr r 

where r = sample radius; o, = total principal stress 
in the radial direction; and o, = total principal 
stress in the tangential direction. 

This equilibrium equation is integrated for an 
incremental change in the radius from r, to r, of 
the cavity expansion: 


of! =-4, ¿1 (In(l+ €) -In(1+ &)) + oi (4) 


where q,;,, = deviatoric stress at increment ¡to ¡+ 1; 
e, = radial strain; and o, = radial stress at the incre- 
ment indicated by the superscript. 

The initial radial stress o; of 190 kPa and 
the initial radial strain < of 0 are known before 
the CPT-cavity expansion and the induced radial 
strain £*! is derived by three LVDT sensors dur- 
ing cone penetration. The deviatoric stress q, ,,, 
depends on the stress level, the distance from the 
center of cavity expansion and the soil properties 
and is determined by a lateral compression test on 
each sample before the CPT (Huang & Hsu, 2005). 
This compression test is performed by increasing 
the horizontal stress by 10 kPa/min until a maxi- 
mum radial strain of 0.08% is reached (Huang & 
Hsu, 2005). The deviatoric stress between 7 and 
i+ 1 varies systematically for each strain incre- 
ment, following: 


Ao, 


A 5 
Aln(1+ £i!) 6) 


fiin = 


The lateral compression test determines a rela- 
tion between €, and q,,,,. This function is assumed 
to be valid during CPT-cavity expansion as well 
and is used, together with Equation 4, to control 
the horizontal stress at the sample boundary as a 
unique function of £g. After lateral compression, 
all samples were reconsolidated to a horizontal 
stress of 190 kPa following the procedure proposed 
by Huang & Hsu (2005). The apparent tangent 


Table 3. Test scheme for static and vibratory CPT. 


J [Hz] e, [mm] Dp [P] 
Static = 50-100 
10 20 30 +0.5 50-75 
10 20 30 +0.5 75-90 
10 20 30 +0.5 90-100 


Young's modulus is derived from the gradient of 
the stress-strain curve at a lateral strain of 0.07% 
for further evaluation. 


2.5 Cone penetration 


All CPT are performed drained, utilizing a small 
cone with a diameter of 12 mm. The test scheme 
includes 7 static CPT and 9 vibratory CPT at 
three different vibrational frequencies f of 10, 20 
and 30 Hz and the same displacement amplitude 
E, of + 0.5 mm (Table 3). Each static and vibra- 
tory CPT series includes different relative densities. 
The vibration is oriented in the penetration direc- 
tion and is induced by a highly dynamic hydraulic 
piston with a 2 kHz real-time controller. The pen- 
etration rate of 20 + 0.3 mm/s was constant for all 
CPT following DIN EN ISO 22476-1 (2013), and 
the steady-state cone resistance is determined for 
each CPT at a penetration depth of usually 100 
to 300 mm. The vibratory and static cone resist- 
ances are then used to determine RR for different 
relative densities and vibrational frequencies using 
Equation 1. 


3 RESULTS 


3.1 The static cone resistance 


The steady state cone resistance of static CPT 
increases exponentially with an increase in the rela- 
tive density (Fig. 2): 


qa = 2.86 10% e251, R? = 0.99 (6) 


where D, = relative density; and R?=coefficient of 
determination. 

The state of soil, in terms of relative density and 
stress level, is expressed by the state parameter Y 
(Been & Jeffries, 1985). The state parameter was 
determined by Fioravante & Giretti (2015) for 
Ticino sand and is utilized for a mean effective 
stress of 126.67 kPa. A linear correlation is found 
between the static cone resistance and the state 
parameter: 


q., =(-180.26y-16.16)-10%, R? = 0.99 (7) 
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3.2 The reduction ratio RR 


The difference between the static and vibratory 
cone resistance Ag, is determined for each vibra- 
tory CPT and takes the measured vibratory and 
the calculated static cone resistance for exactly 
the same relative density into account (Fig. 2). Aq. 
increases as a function of either increasing vibra- 
tional frequency or increasing relative density and 
allows a calculation of the reduction ratio RR. 

In contrary to expectations, RR is independ- 
ent of relative density (Fig. 3). This 1s related to 
nearly parallel trends of static and vibratory cone 
resistances and similar Ag, for all density ranges. 
Increases in Ag, and RR are therefore mainly 
related to increases in the vibrational frequency 
(Fig. 3): 


Aq, = qas — da = 410° f, R? = 0.86 and (8) 
RR = Aq, lq = 0.016 f, R? =0.99 (9) 


3.3 The liquefaction resistance 


The liquefaction resistance, in terms of the cyclic 
resistance ratio CRR, is defined by Fioravante & 
Giretti (2015) for Ticino sand and for an earth- 
quake magnitude of 7.5. The CRR depends on the 
state para- meter and is related to the static and 
vibratory cone resistance in Equation 7 and 8: 


CRR,, =6.4-10(4,,) +0.041, RB= 0.99 and 
CRR,, =6.4-10°(q,, +4-:10 f)+ 0.041 


(10) 
(11) 


where CRR, = cyclic resistance ratio for an earth- 
quake magnitude of 7.5. 
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Figure 2. Static and vibratory cone resistance q, as a 


function of the relative density D, for different vibra- 
tional frequencies and a constant amplitude of e, = + 
0.5 mm. 
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Figure 3. Reduction ratio RR and the difference in the 
cone resistance Aq, as a function of the vibrational frequency 
Jas well as the relative density D, and the cyclic resistance 
ratio CRR as a function of the reduction ratio RR. 
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Figure 4. Measured static and calculated vibratory 
cone resistance q, as a function of the cyclic resistance 
ratio CRR and the vibrational frequency f. 


All correlations of CRR are illustrated in 
Figure 4 and a linear increase in CRR is observed as 
a function of either increasing static or increasing 
vibratory cone resistance for a specific frequency. 

The CRR is independent of RR (Fig. 3). This 
indicates that the RR cannot be used to determine 
soil liquefaction resistance for our specific stress 
state and range of relative density. 


4 DISCUSSION 


4.1 The static cone resistance 


The static cone resistance in Equations 6 and 7 is 
compared with CPT correlations from Fioravante & 
Giretti (2015), Jamiolkowski et al. (2001) and Baldi 
et al. (1986) on Ticino sand at the same stress state 
(Fig. 2). This comparison indicates that our data fall 
within the range defined by previous studies. 


4.2 Static and vibratory CPT under BCS 


The theory of CPT-cavity expansion suggests 
an increase in the radial zone of influence for an 
increase in the relative density or soil stiffness 
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(Bonita et al., 2004). Such an increase in the radial 
zone causes a higher radial strain at the sample 
boundary during CPT and a higher maximum 
horizontal stress under boundary condition BCS 
(Huang & Hsu, 2005). 

An increase in the maximum horizontal stress is 
observed in our study and is related to an increase in 
the relative density or the apparent tangent Young's 
modulus (Fig. 5). This relation is independent of 
the mode of penetration and indicates that differ- 
ences in the static and vibratory cone resistance are 
not related to differences in the horizontal stress. 


4.3 The reduction ratio RR 


Contractive or dilative soil behavior causes water 
to flow in or out of the sample during drained 
CPT. This water volume is measured and the total 
outflow is plotted against the relative density for all 
modes of penetration (Fig. 6). 
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Figure 5. Relative density D, and apparent tangent 
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horizontal stress ©. 


tan 


1.0 a —— 1 oo 
L 88 i ] 
oof Ê >, Are ] 
aE h LA 
Agl Ah | 
Beet os $ 
© F 7 || a 
g 07 p E F d 7 
E! A Să; 
5 A: A 
= F A 
0.6 F static e a - 
[ @10Hz, 0.5mm 
L A20 Hz, 0.5 mm 
gs E a + rr ssl 
5 20 35 50 30 60 90 120 


outflowof water V [ml] Energy E per sec. [W] 
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The vibratory outflow is distinctly higher than 
the static outflow, although both decrease with 
an increase in the relative density. During vibra- 
tory cone penetration the sediment immediately 
surrounding the cone might not be fully drained 
and an increase in the total outflow might indicate 
an increase in the pore pressure due to vibratory 
CPT. Such increase would lead to a reduction in 
soil strength and might explain a reduction in the 
cone resistance of vibratory CPT. 

The difference AV between the static and vibra- 
tory outflows increases with an increase in relative 
density, which indicates that the zone of vibra- 
tional influence in the soil mass is larger at higher 
densities, probably due to a higher stiffness of the 
soil. A larger zone of influence leads to an increase 
in the outflow for the same contractive change of 
pore space, but possibly to less effective drainage 
and to a higher pore pressure. The influence of 
pore pressure may explain the negligible changes 
in the RR for different relative densities or zones 
of influence. 

This observation differs from previous studies by 
Bonita et al. (2004), Tokimatsu (1988) and Sasaki € 
Koga (1983) who consistently observed a decrease in 
the RR with an increase in the relative density. This 
different observation may be related to differences 
in the soil type, the stress state or the vibrational 
method, because these studies all utilized vibratory 
CPT with a defined energy for all densities. 

In this study, the mean energy imparted to the 
soil increases with an increase in the relative den- 
sity and is a function of the frequency and force of 
penetration (Fig. 6). The energy of vibratory CPT 
is higher than for static CPT but is similar for all 
modes of vibratory cone penetration. The similarity 
of vibratory CPT may be caused by energy depend- 
ent changes of the grain skeleton, possibly com- 
bined with an increase in the pore pressure. This 
leads to a lower cone resistance and penetration 
force with an increase in the vibrational movement. 
Different energies of static and vibratory CPT sug- 
gest a complex relation and require further testing. 

The effect of different frequencies on the RR 
was studied by Bonita et al. (2004), who observed 
an abrupt increase in the RR after exceeding the 
first natural frequency of -25 Hz. This abrupt 
increase is not observed in our study (Fig. 3), prob- 
ably due to smaller dimensions of the MARCC 
with a higher natural frequency of the system. 
An increase in the RR might be explained by a 
decrease in the drainage capability of the soil and 
by an increase in pore pressure around the cone. 


4.4 The liquefaction resistance 


An increase in CRR is related to an increase in 
the static cone resistance, which is consistent with 
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previous studies on Ticino sand by Fioravante & 
Giretti (2015) (Fig. 4). Because the RR is mainly 
dependent on vibrational frequency and not on 
relative density, RR is insufficient for determin- 
ing the CRR for this specific state and type of soil. 
This observation is in contrast to previous studies 
by Tokimatsu (1988) and Koga et al. (1987) who 
determined the liquefaction potential or the cyclic 
soil strength on the basis of the RR. Such differ- 
ences in observations may be related to differences 
in the vibrational frequency of 200 Hz, the techni- 
cal realization of vibratory CPT, the stress state or 
material properties. 


5 CONCLUSION 


Static and vibratory CPT were performed in a 
small-volume calibration chamber under BC5 
boundary conditions. Vibratory CPT reduced 
the cone resistance in medium- to very-dense 
Ticino sand. The reduction ratio increased with 
an increase in the vibrational frequency and was 
independent of the relative density. A scheme for 
the determination of soil liquefaction resistance 
is proposed, based on the static or vibratory cone 
resistance for a defined frequency. A reduction of 
the cone resistance might be related to an increase 
in pore pressure and to changes in the drainage 
capability. 
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In situ characterisation of gas hydrate-bearing clayey sediments 
in the Gulf of Guinea 


F. Taleb, S. Garziglia & N. Sultan 
IFREMER, Departement REM, Unite des Géosciences Marines, Plouzané, France 


ABSTRACT: Increasing needs for energy resources have moved deep offshore developments and 
research efforts towards regions where high pressure and low temperature conditions allow gas and water 
to form Gas Hydrates (GH). However, owing to difficulties in sampling and preserving GH under in-situ 
stability conditions, GH-bearing sediments remain particularly challenging to characterise using conven- 
tional laboratory methods. This paper presents the experience gained in the use acoustic and piezocone 
soundings in characterising gas-hydrate bearing clayey sediments offshore Nigeria. Acoustic measure- 
ments of compressional wave velocity are shown to be an expedient means of both detecting and quanti- 
fying GH in sediments. Piezocone data and their location in normalised soil classification charts highlight 
trends in response suggesting that GH-bearing clayey sediments are predominately contractive at large 
strains. The observed trend of increasing cone resistance combined with increasing pore pressure suggests 
that the sensitivity of GH-bearing sediments tend to increase with their stiffness and strength. 


1 INTRODUCTION AND GEOLOGICAL In certain cases, solid GH and free gas were 
SETTING observed to coexist due to the presence of free gas 
voids within the hydrates nodules; hence, result- 
Gas hydrates (GH) are ice-like solid compounds ing in a material with a spongy texture. The latter 
formed of gas molecules, which are trapped within studies have also shown that piezocone sounding 
a crystalline structure of water molecules (Sloan, allows the detection of GH, based on simultane- 
2003). Due to their wide geographical distribution ous increases in cone tip resistance, sleeve friction 
and potential as a future energy resource but more- and pore water pressure. However, as discussed by 
over as a geotechnical hazard for various offshore several authors, it is complicated to distinguish a 
operations, GH have stimulated significant indus- GH rich layer from a heavily cemented clay one 
trial and academic interests. They mainly occur in (Lunne et al., 1997). 
continental margins and polar permafrost layers The present work is built upon these find- 
(Kvenvolden, 1993). The presence of these metast- ings with the aim of understanding the effect of 
able geo-compounds requires: (a) low temperature, the concentration and distribution of GH on the 
(b) high pressure and (c) sufficient amount of gas mechanical behaviour of their host sediment. 
with a concentration exceeding the solubility limit This mainly requires the detection, quantification 
in water. Despite significant advances made to and characterisation of GH, which was possible 
characterise the fabric and structure of GH bear- by correlating in situ- acoustic and geotechnical 
ing sediments, considerable uncertainty remains measurements. This investigation was carried out 
regarding their mechanical behaviour and response by comparing the similarities and the differences 
to external forcing. This is particularly true for between a reference site without GH and three 
GH-bearing fine-grained sediments, which remain GH-bearing sites. Finally, different classification 
challenging to preserve or synthesise prior to labo- charts were used conjointly in order to highlight 
ratory testing. Hence, in this work, their detection trends in mechanical response of GH-bearing 
and characterisation has been inferred via in-situ clayey sediments. 
acoustic and geotechnical measurements in the 
Gulf of Guinea. 

The Gulf of Guinea is one area where dense 
accumulation of shallow GH has been confirmed 
based on various coring and geophysical data 
and in-situ measurements (Sultan et al., 2007 & In-situ measurements were carried out using the 
2010). Penfeld seabed rig developed by Ifremer to ensure 


2 TOOLS AND METHODS 


2.1 In-situ measuring tools 
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Table 1. Investigated sites. 


CPT site Depth (m) Nearby Vp site 
GMPFMO6-01 1140 GMPFV07-01 
ERCPT02-05 1180 GMPFV07-05 
GMPFM06-10 1141 GMPFV07-08 
ERCPT02-08 1177 GMPFV03-03 


continuous penetration of a rod down to 30 m 
below seabed with a thrust of 40 kN at a stand- 
ard rate of 2 cm/s (Sultan et al., 2007). The rod 
can push two types of probes into the sediment 
to alternatively carry out piezocone or acoustic 
soundings. Pressure compensated sensors in the 
piezocone include two different load cells to meas- 
ure the tip resistance and the sleeve friction along 
with a differential pore pressure sensor located 
immediately behind the cone (u, position). 

The ultrasonic fork allows carrying out acous- 
tic soundings by measuring on the fly the velocity 
of compressional waves (Vp) up to 2200 m/s. This 
unique “direct-insertion” device utilises pulse trans- 
mission in which a compressional wave of 1-MHZ 
is produced at one branch of the fork and recorded 
at the opposite one located 7 cm apart. Four sites 
are presented in this paper (Table 1): one reference 
site (GMPFM06-01) and three GH-bearing sites 
(ERCPT02-05, GMPFV07-08 and ERCPT02-— 
08). GH were detected at all of these sites using 
direct (Sultan et al., 20007) and indirect methods 
(Wei et al., 2015). 


2.2 Effective medium modelling 


In this work, the effective medium model developed 
by Helgerud et al. (1999) has been used to estimate 
GH concentration in the sediment by relating 
the stiffness of the dry frame to porosity, miner- 
alogy and effective stress (Figure 1). The model 
allows accounting for the effect of hydrate habit 
in the pore space by alternatively assuming that: a) 
hydrate alters only the pore fluid elastic properties; 
b) hydrate contributes stiffness to the sediment by 
becoming part of the load-bearing framework. 

The use of Helgerud et al. (1999) model together 
with the in-situ Vp measurement leads to the detec- 
tion and the quantification of an upper bound 
(Simax) and a lower bound (S,,,,;,) for gas hydrates 
and free gas contents in the sediment. Based on 
studies performed by Ghosh et al. (2010), only Smin 
will be shown in this paper, since it is more reliable 
than Sima: 

The porosity along with the clay, calcite and 
quartz fractions required as input parameters 
to the model were determined from a sediment 
core representative of the study area. Following 
Helgerud et al (1999), the elastic properties and 
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Figure 1. Effective medium theory (Helgerud et al., 
1999). 
Table 2. Properties of sediment constituents (Helgerud 
et al., 1991). 

Bulk Shear 

modulus modulus Density 
Constituent (GPa) (GPa) (g/cm?) 
Clay 20.9 6.85 2.58 
Calcite 76.8 32.0 2.71 
Quartz 36.6 45.0 2.65 
GH 7.9 3.3 0.90 
Methane Gas 0.10-0.12 0 0.23 


densities used in this study for the different miner- 
als are shown in Table 2. 


3 RESULTS 


The GMPFM06-01 and GMPFV07-01 are CPTu 
and Vp reference sites at which neither GH nor free 
gas were detected. These sites serving as a basis 
to compare with GH bearing sites are character- 
ised by compressional velocities varying between 
1450 m/s and 1510 m/s and a linear increase with 
depth of the cone tip resistance, sleeve friction 
and pore water pressure. Figure 2 shows the Vp 
profiles at sites GMPFVO7-05, GMPFV07-08 
and GMPFV03-03 and the CPTu results at sites 
ERCPT02-05, GMPFM06-10 and ERCPT02- 
08. The presence of GH can clearly be observed 
by sudden increases in the Vp profiles combined 
with strong variations in q, f, and Au,. It is note- 
worthy that in some cases GH-bearing sediments 
were too stiff to allow piezocone penetration down 
to 30 m depth. This eventually leads to an early 
refusal as can be seen on Figure (2-a) and (2-b) for 
sites ERCPT02-05 and GMPFMO6-10. At site 
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Figure 2. 


In-situ Vp and CPTu measurements at GH- bearing sites (black continuous lines) (a) GMPFV07-05- 


and ERCPT02-05 (black continuous lines, (b) GMPFVO7-08 and GMPFMO6-10 and (c) GMPFV03-03 and 
ERCPT02-08-. Reference sites GMPFV07-01 and GMPFM_06-01 are shown as dashed grey lines and grey shaded 


areas respectively. 


ERCPT02-05, an early refusal at around 4.2 mbsf 
is noticed for the Penfeld CPTu and at 8.5 mbsf for 
the Penfeld Vp. An increase in Vp can be observed 
at 4 mbsf where it was possible to calculate a value 
of 28% for Simi These observations correlates 
with high q, values up to 3000 kPa, which is nearly 
6 times higher than that of the reference site at the 
same depth. Further increases noticed in f and Au, 
that are also 5 to 6 times higher than that of the 
reference highlight the strong presence of GH. 
The GMPFM06-10 profiles suggest that GH 
were met at around 5 mbsf with a Vp value rising 
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up to 1700 m/s, where a value of 26% for S 
calculated. 

For the ERCPT_02-08, simultaneous increase 
in q, f, and Au, readings are observed at around 
7 mbsf. The q, profile suggests the presence of two 
distinct GH rich layers. In the first one extending 
from 7 mbsf to 11.5 mbsf, q, reaches values as high 
as 3153 kPa to 4913 kPa. The second one extends 
from 12.5 mbsf to 17.5 mbsf with q, values in the 
range of 1062 kPa to 2004 kPa. These observations 
correlate with strong variations in the Vp profile. 
It is to note that at this site, at 8.2 mbsf, 8.4 mbsf 


was 


hmin 


and 8.6 mbsf, GH concentrations of 45%, 55% 
and 40% correlate with q, values as different as 
2946 kPa, 1285 kPa and 1483 kPa, respectively. 

It is noteworthy that in situ acoustic measure- 
ments can also be used to identify the presence of 
free gas that significantly decreases the compres- 
sional wave velocity below 1500 m/s. 

In order to further compare and highlight fea- 
tures of GH-bearing clayey sediments during 
in-situ testing, piezocone data were plotted in 
different classification charts. Figure 3 shows the 
soil behaviour classification charts proposed by 
Schneider et al., (2008 and 2012). Overall, piezo- 
cone data from GH-bearing sites (ERCPT02-— 
05, GMPFM06-10 and ERCPT02-08) can be 
clearly distinguished from that of reference site 
(GMPFM06-01) by showing a more pronounced 
trend of increasing Au, / 07, values with increas- 
ing O, values. Most of the data from GH-bearing 
sites plot in zone 1b of chart (a) indicating a clay 
behaviour. While thirty-one percent of these data 
fall in the region of Taranto cemented clays (after 
Jamiolkowski et al., 1986), the rest tend to plot 
towards the region of ice lenses (after Fortier and 
Yu, 2012). Some points are scattered in zone la/3 
but none were detected in zone 2. This indicates 
that piezocone penetration occurred fully und- 
rained in GH-bearing sediments. Based on the 
Q,-R, chart (Figure 3-b), the majority of data plots 
in zone Ic for GH-bearing sites, which by compari- 
son with the reference site suggests that the pres- 
ence of GH tends to increase the sensitivity of the 
host sediment. 
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Figure 3. 


For site GMPFM06-10, some data plot in the 
drained sand mixtures zone (zone 2). On the other 
hand, some data from site ERCPT02-08 plot in 
zone 2 and even left of it with friction ratios (F,) 
lower than 0.1% as reported by Fortier & Yu 
(2012) for ice lenses. 

In order to investigate why some GH-bearing 
sediments from site GMPFM06-10 have different 
classification between the two charts, piezocone 
data have been plotted in charts updated by Rob- 
ertson (2016) as bubbles whose size is proportional 
to the GH content (Figure 4). The majority of the 
piezocone data for the GH-bearing sites plot in 
the clay-like contractive (CC) and sensitive (CCS) 
regions on the Q,, — Au,/o;, chart (Figure 4) with 
one point in the transitional contractive region 
(TC). However, no points were observed in the 
sand-like dilative region (SD), which is in accord- 
ance with chart (a) in Figure 3. On the other hand, 
for sites ERCPT02-05 and GMPFM06-10, the Q,- 
F, chart (Figure 4) suggests a tendancy towards 
a dilative behaviour. This is not the case for the 
ERCPT02-08, where the behaviour was shown to 
be varying between sand-like contractive (SC) and 
transitional contractive (TC), with some points 
left of the classification zones owing to values of 
(F) lower than 0.1%. The low (F) values can be 
attributed to the fact that the friction heat caused 
by the penetration of the piezocone altered the sta- 
bility conditions of GH and therefore led to their 
dissociation. This response can be ascribed to the 
low GH concentrations in sediment as shown in 
Figure 4. Such behaviour can be compared to that 


Q,-R, Chart (Schneider et al., 2012) 
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Reference site GMPFM06-01 (without GH), GH-bearing sites, Taranto cemented clays (after Jamiolkowski 


et al., 1986) and ice lenses (after Fortier & Yu, 2012) data plotted in: (a) O,-Au, chart (Schneider et al., 2008) and (b) 


Q — Rf chart (Schneider et al., 2012). 
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cemented clay (after Robertson, 2016) data plotted in: (a) Updated Schneider CPTu chart (b) Updated SBTn chart 


(Robertson, 2016). 


of ice lenses discussed by Fortier & Yu (2012) in 
terms of low F, values. 


4 DISCUSSION 


In this work, it was possible to detect the presence 
of GH based on in-situ geotechnical and acous- 
tic measurements. The presence of GH was con- 
firmed whenever positive velocity anomalies were 
accompanied by a simultaneous increase in all of 
the CPTu parameters. Using an effective medium 
model, the concentration of GH could have been 
derived from Vp measurements and found to vary 
from 0.3% to 28%. 

Based on soil classification charts using normal- 
ized piezocone tip resistance and pore pressure 
parameters (Figures, 3a and 4a), GH-bearing sedi- 
ments show a contractive behaviour. This finding 
contrasts with results from triaxial tests suggesting 
that the presence of GH in sandy sediment tends to 
enhance dilation by filling the pore space (Hyodo 
et al., 2013). Triaxial test results have also shown 
that the stiffness and strength of GH-bearing sands 
tend to increase with GH saturation. By contrast, 
while in the present study the highest value of O,, 
and Au, / où, correlates with the highest estimated 
GH concentration (N in Figure 4), the rest of the 
normalised piezocone data does not bear a propor- 
tional relationship with hydrate content. 
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There is however a general trend of increasing Q,, 
values with increasing Au,/07, values (Figures 3a 
and 4a) which can be taken to indicate that the 
sensitivity of GH-bearing clayey sediments tend to 
increase with their stiffness and strength. Robertson 
(2016) suggested that such a trend might reflect the 
gradual influence of increasing microstructure of 
in-situ soils. Alternatively, piezocone data can be 
here discussed with reference to the variety of GH 
morphologies observed in clayey sediments. Based 
on visual observations reported by Sultan et al. 
(2010) from a core collected nearby ERCPT0205, 
these morphologies vary from millimetre thick veins 
to pebble-sized nodules. Correlation of these obser- 
vations with piezocone data reveals that sediment 
intervals containing groups of hydrate veins consist- 
ently plot in the contractive region of the different 
classification charts as observed by Schneider et al. 
(2012) and Robertson (2016) for Taranto and Cop- 
per Marl calcareous cemented clays (Figures 3a, 4a). 
On the other end of the spectrum, the behaviour of 
a sediment interval containing a hydrate nodule (N 
in Figure 4) plots in the contractive region of the 
Q,,- Au, 103%, chart and the dilative region of the 
O, -F, chart. Given the size of this nodule is larger 
than the diameter of the piezocone, such a differ- 
ence can hardly be explained by strong bonding 
between hydrate and sediment particles as noted 
for heavily cemented soils by Robertson (2016). 
It is considered more likely that the difference in 


classification between charts relates predominantly 
to the microstructure of the hydrate nodule itself. 
Should this suspicion be confirmed by experimental 
studies, identification of similarities and differences 
between charts may prove to be helpful in distin- 
guishing sediment containing hydrate veins from 
those containing nodules. 


5 CONCLUSION 


The main objective of this work was to detect GH- 
bearing sediments using acoustic and piezocone 
sounding before determining trends in mechani- 
cal behaviour as a function of GH concentration. 
Analysis of compressional wave velocities (Vp), 
CPTu readings and classification charts have 
shown the following: 


e Positive Vp anomalies accompanied by simulta- 
neous increase in CPTu readings are indicative 
of the presence GH. 

The piezocone penetration occurred fully und- 
rained in GH-bearing clayey sediments. 

Unlike GH-bearing sandy sediments, GH-bear- 
ing clayey sediments are generally characterised 
by a contractive behaviour. 

The identification of a general trend of increas- 
ing cone piezocone resistance combined with 
increasing pore pressure suggests that the sen- 
sitivity of GH-bearing clayey sediments tend to 
increase with their stiffness and strength. 
Results have shown that there is not a unique 
trend between the piezocone resistance and GH 
content, suggesting that probably the morphol- 
ogy of GH has a significant effect on the overall 
mechanical properties of the host sediment. 
Identification of similarities and differences 
between charts was proposed as a means of 
distinguishing the presence of different GH 
morphologies. 

Sediment intervals containing groups of hydrate 
veins tend to consistently plot in the contrac- 
tive region of different normalised classification 
charts. 

Stiffer, stronger and more sensitive sediments 
containing GH nodules appear to be differently 
classified as contractive or dilative depending on 
the chart. 

Further investigations supported by experimen- 
tal data would be helpful in substantiating the 
influence of various forms and amount of GH 
on trends in piezocone response. 
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Gas effect on CPTu and dissipation test carried out on natural 


soft-soil of Barcelona Port 


D. Tarragó A. Gens 


Universitat Politecnica de Catalunya, Barcelona, Spain 


ABSTRACT: There is abundant evidence that gas is present in the sediments of the prodelta of the 
Llobregat River in the area of the Barcelona Port. The presence of gas has been directly observed by gas 
releases and deflagrations occurring during a site investigation campaign involving boreholes and CPTu 
tests. Methane has been identified by means of BAT permeameter tests. The record of a CPTu test per- 
formed in an area where gas is known to be present has been examined in detail. In spite that there are 
several features that could be related to the gas presence, it is challenging to identify unambiguously the 


presence of the gas from the CPTu record alone. 


1 INTRODUCTION 

An extensive enlargement of Barcelona Port that 
includes breakwaters and quays was constructed 
on the prodelta of the Llobregat River. Several 
geotechnical and geophysics studies were per- 
formed in the zone of breakwater and quay to 
investigate and control soil behaviour before and 
during construction. 

The prodelta comprises young soils deposited 
during the Holocene. The principal layers that 
compose this prodelta are illustrated in Figure 1. 
The main layer, about forty meters thick, is com- 
posed of soft silty clay interbedded with thin silty 
sand layers a few centimetres thick. Canals (pers. 
comm.) observed gas bubbles coming from the 
seabed during the first geophysical study along 
prodelta arising from organic matter present in 
these soils. 

As a soft soil, geotechnical parameters of 
prodelta could be well characterized by cone pen- 
etration tests with pore pressure measurements 
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(CPTu), as well by piezometer recordings and 
soil sampling. However, inconsistent results were 
obtained on some instances and, on several occa- 
sions, gas escapes hampered boring. In response, 
BAT permeameter tests were performed to evalu- 
ate gas properties, Torstensson (1984). 


2 EVIDENCE OF GAS PRESENCE 
IN THE LLOBREGAT PRODELTA 


Geophysical studies performed in the Llobregat 
river prodelta detected pockmarks and acous- 
tic shadow zones that indicated the existence of 
biogenic gas, as reported by Urgeles et al. (2007), 
Urgeles et al. (2011), and Liquete et al. (2008). 
Also, the Barcelona Port Authority had per- 
formed a geophysical study inside the enlargement 
zone. This study showed an acoustic shadow zone, 
apparently due to the presence of gas (Figure 2). It 
affected the main part of the new South breakwa- 
ter and the alignment of quay (Alonso et al. 1995). 


Sand & gravel 


a 
Zi N 
Fi N 
i A - 
= A` | 
E > rl | 
Figure 1. 


(left) location map and (right) geologic cross section profile of Llobregat river prodelta, Gamez (2007). 


Figure 2. Acoustic shadow zone from geophysical seis- 
mic investigation and current map of the zone, modified 
from Alonso et al. (1995). 


During construction, in order to control settle- 
ments and excess pore pressure, vibrating wire pie- 
zometers were emplaced under South breakwater and 
the Prat quay. These piezometers measured the varia- 
tion of water pressure due to changes in sea level and 
the pore water pressure generated by construction. 

Unusual results were obtained from the pie- 
zometers records in the shadow zone: (1) abrupt 
changes of excess pore pressure and (ii) phase dif- 
ference between piezometers and attenuation of 
pore water pressure generated by tides. 

Regarding abrupt changes, an anomalous unex- 
pected change of a closed piezometer installed 
inside the shadow zone of the Prat quay is depicted 
in Figure 3. This behaviour is not related to the 
construction process. It is similar to behaviour 
reported by Riboulot et al. (2013) in a submarine 
landslide in Nigeria. 

Phase difference and attenuation phenomena 
can be observed in Figure 4. It shows that the orig- 
inal tidal pore pressure is lower than pore pressure 
water response of soil, and wave crests do not occur 
at the same time. Similar results were described by 
Wheeler (1988), Okusa (1985) and Brandes (1999) 
in gassy soils. Hence, this behaviour would indicate 
the existence of gas at different soil depths of the 
silty-clay layer of the prodelta. 

In addition, an extensive site investigation was 
carried out in the Prat quay location during 2007. 
The drilling of several boreholes failed due to the 
presence of gas -. In some cases, gas escapes from the 
boreholes continued for to 40 hours. Also, deflagra- 
tions occurred during borehole drilling and CPTu 
penetration. In total, eighteen different instances of 
gas escapes and deflagrations were reported. 

Soil specimens recovered from boreholes were 
largely silty-clay interbedded with sands, both con- 
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Figure 3. Anomalous records of excess pore pressure 
from a piezometer installed in silty clay in the Llobregat 
prodelta. 
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Figure 4. Recorded results of pore pressure behaviour 
in silty clays of Llobregat prodelta. 


Figure 5. 
zone with anomalous behaviour. 


Rounded voids in sandy soil sample from 


taining some organic matter. The organic matter 
is composed mainly by carbon in gives the silty 
clay a blackish colour and a bad smell. Even so, 
organic matter content in soil does not reach 3%. 
The structure of these type of soils is characterized 
by interconnected voids in which free gas can be 
located, see Figure 5. 


In order to evaluate dissolved gas concentra- 
tion close to anomalous boreholes and CPTu tests, 
BAT permeameter tests were carried out. Methane 
(CH,) was found in eleven cases. The percentage of 
dissolved methane lies in the range of less than 1% 
to 72%. Only two samples had 100% of dissolved 
gas, indicating the presence of free gas. 


3 BEHAVIOUR OF CPTU AND 
DISSIPATION TESTS IN GASSY SOILS 


Piezocone tests sometimes encounter gassy soils 
see, for instance, Sultan et al. (2007), Sultan et al. 
(2010) and Steiner et al. (2013). They found that gas 
results in the following features of CPTu results: (1) 
existence of additional water pore pressures (u,), 
higher than the expected excess pore pressure of 
cohesive soil and (11) lower cone penetration resist- 
ance (q.) than expected resulting in low values of 
undrained shear strength (c,). 

There is also some limited literature on dissipa- 
tion tests performed on gassy soils. Seifert et al. 
(2008) reported a dissipation path of dilatant soil 
with free gas. Also, pore water pressure at the end 
of the test was higher than hydrostatic water pres- 
sure. However, unusual dissipation test results can 
also be due to the complex interaction of soils and 
piezocone. For instance, free gas presence may 
cause the desaturation of the pore pressure sensor 
but, unfortunately, other soil behaviour such as a 
highly dilatant soil can produce similar effects. 


4 CPTU AND DISSIPATION TESTS 
RESULTS 


Although gas escape and deflagration happened 
during cone sounding, a number of CPTu and dis- 
sipation tests could be completed and examined. 
Unfortunately, only one CPTu test was performed 
in the vicinity of an area where gas presence was 
clearly established (Fig. 6). 

The soil profile comprises a shallow recent 
hydraulic fill from seabed to about -13 m, under- 
lain by sands and silts to -18 m that, in turn, over- 
lies a layer of silty clay with fine sand and organic 
matter lenses that extends to at least the end depth 
of the sounding at -41.5 m. The sand layers are 
spaced in a range of about | m to 0.5 m, and lat- 
eral continuity is not wholly preserved. Pore water 
pressure development is not particularly strong in 
either of the upper two layers of hydraulic fill and 
it in the sands and silts, but it is more significant in 
the lower interlayered silty clay unit. 

To check the existence of free gas, the records of 
qa U, and f, (sleeve friction) were examined. 

Figure 7 shows the piezocone results from -20 m 
to -23 m; free gas was found at elevation -21.8 m. 
In this zone, the CPTu profile suggests that free gas 
is located in the interlayered soil. 

As shown in Figure 7, free gas is located at the 
upper part of a 0.35 m thick sandy soil layer. At 
that point, it an abrupt reduction of u, with values 
lower than the hydrostatic pressure is observed An 
unusual u, behaviour is also observed at the lower 
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Figure 6. Profile of CPTu results in the quay. 
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Figure 7. Results of q,, u, and f, in CPTu sounding with 
free gas presence in the quay. 


part of the upper silty clay layer (-21.2 to -21.7), 
where a large u, development was recorded just 
before the reduction mentioned above. 

Next to the CPTu test of Figure 6, another 
CPTu test was performed without problems. 
Undrained shear strength and pore water pres- 
sure distribution with depth have been plotted in 
Figures 8 and 9. It is not possible to tell whether 
the high water pressures are the normal response 
in cohesive soil or whether the presence of gas 
also plays a role. In contrast, gas presence in the 
sandy layers could account for some of the abrupt 
u, reductions, down to values near to zero, such as 
occurs in u, plot of Figure 6. 

Also, only a reduction of the c,/o’, ratio drop 
was detected to a value of 0.22, at elevation of 
about -35 m at the end of the sounding. This 
behaviour was not detected in the previous CPTu 
and previous investigations, it was known that c, 
was around 0.25 vertical effective stress. 
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5 CONCLUDING REMARKS 


There are numerous evidences of the presence of 
gas in the Llobregat prodelta that have emerged in 
different site investigations carried out over the last 
two decades for the enlargement of the Barcelona 
Port. 

A CPTu sounding, where free methane was 
detected, shows a behaviour that may be related to 
the presence of gas. It involves an abrupt reduc- 
tion of u, in sandy soil at the point where gas was 
detected and an unexpected rise of u, in adjacent 
cohesive soil. 

It has also c, ratios, somewhat lower than 0.25 in 
several piezocone test. It is hypothesized that this 
reduction may be due to gas migration upwards. 

However, it must be accepted that, even in loca- 
tions where the gas is known to be present, it is 
challenging to confirm its presence form the CPTu 
records alone. 
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Comparison of cavity expansion and material point method 
for simulation of cone penetration in sand 
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ABSTRACT: Over the years, many attempts have been made to simulate the cone penetration process 
in coarse-grained and fine-grained soils. The simulation methods range from pure analytical methods to 
complicated numerical approaches. Among the analytical methods, cavity expansion analysis has gained 
more attractions due to its relative simplicity and robust theoretical background. Analytical cavity expan- 
sion analysis is limited to rather simplistic soil constitutive models. As a result, numerical cavity expansion 
analyses have been attempted to cover this limitation. Another method that has gained much attention 
in the past decade is the Material Point Method (MPM) whose promising capabilities in simulating large 
deformation problems can be used for simulating the cone penetration. In this paper, we model the cone 
penetration in loose, medium dense and dense sands using numerical spherical cavity expansion method 
and axisymmetric MPM. In all the analyses, soil behavior is modelled using Mohr-Coulomb constitutive 
model. The soil is assumed to be dry in all analyses. Results are compared with a cylindrical cavity expan- 
sion solution. 


1 INTRODUCTION initial radius of r,) axisymmetric cavity (cylinder 
or sphere) in the depth of interest. As the pressure 
1.1 Cone penetration in sand inside the cavity increases, the cavity expands radi- 


ally. At a certain radial displacement, the expand- 
ing pressure will not increase with further radial 
expansion and reach a steady state value, referred 
to as the limit pressure (Pimi), Which can be used 
to calculate the cone tip resistance. In this paper, 
spherical cavity expansion will be used to calculate 
cone penetration resistance. The cone resistance q. 
can be obtained from the limit pressure by solv- 
ing the vertical equilibrium of the stresses assumed 
around the cone as shown in Figure 1. 

In Figure 1, $ represents the friction angle of 
the material (sand in our study). The following 
relationship between q, and Piu, can be obtained: 


The cone penetration test (CPT) is a key method 
for site characterization. This is partly because of 
its simplicity and partly as a result of the devel- 
opment of cone resistance-based correlations for 
design of shallow (e.g. Schmertmann, 1970; Mayne 
& Poulos, 1999; Lee et al., 2008; O'Loughlin & 
Lehane, 2010) and deep (e.g. Lee & Salgado, 1999; 
Xu et al., 2008) foundations, soil parameter esti- 
mation (e.g. Lune et al. 1997), and liquefaction 
resistance estimation (e.g. Seed & De Alba, 1986; 
Idriss & Boulanger, 2006). The apparent simplic- 
ity of the CPT, however, hides considerably com- 
plex mechanics (Arshad et al. 2014, Tehrani et al. 
2017). These include possible partial drainage 
during penetration; particle size effects; the large 
displacements, rotations, shear deformations and 
mean stresses that develop around the cone; and 
the particle crushing that takes place near the cone. 
This complexity leads to significant challenges in 
theoretical modelling of cone penetration. 


qe = Pio (l + tana tan g’) (1) 


where o is 60 degrees in CPT. Following Randolph 
et al. (1994), Y is calculated based on the friction 
of cone-soil interface. 


1.3 Material point method 


The Material Point Method (MPM), first intro- 
The most applicable methods for simulation of duced by Suslkey et al. (1994), has also gained 
cone penetration in sand have been based on cav- attentions in simulating cone/pile penetration 
ity expansion analysis (Salgado & Randolph, in recent years (Tehrani et al. 2016; Galavi et al. 
2001; Salgado & Prezzi, 2007). Cavity expansion 2017). The MPM can be considered as an exten- 
is based on inflating a zero or finite radius (with sion of the Updated Lagrangian Finite Element 


1.2 Cavity expansion method 
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Cone Penetrometer 


d 


c 


Figure 1. Spherical cavity expansion (modified after 
Randolph et al. 1994). 


Method (UL-FEM). The method uses Lagrang- 
ian material points (or mesh) that is defined over 
the material of the body and a background (Eul- 
erian) mesh that is defined on the computational 
domain. The Lagrangian material points carry all 
computational data including stresses and state 
variables. In the beginning of each calculation 
step, the computational data are projected from 
the material points to the background mesh. The 
governing equations are solved on the background 
mesh similar to the UL-FEM. In order to prevent 
mesh distortion, associated with the Lagrangian 
method, the computational data are mapped back 
from the background mesh to the material points at 
the end of each computational step and the mesh is 
reset before the next computation step. In this way, 
the method benefits from the advantages of both 
Lagrangian and Eulerian methods, without hav- 
ing disadvantages of those methods, namely the 
mesh distortion in the Lagrangian method and the 
numerical dissipation in the Eulerian method. 
Extra calculation steps introduced in the MPM, 
compared to the UL-FEM, make the method com- 
putationally expensive. The numerical simulation 
of large deformation problems, such as the cone 
penetration can be carried out less expensively, if 
the effect of rotational symmetry of the penetrom- 
eter and the surrounding soil is taken into consid- 
eration in the formulation of the material point 
method. This results in a new formulation which is 
based on a two dimensional axisymmetric formu- 
lation developed by Sulsky & Schreyer (1996). This 


formulation of the MPM can significantly reduce 
number of elements and material points compared 
to the three dimensional formulation. The detailed 
formulation of axisymmetric MPM used in this 
paper can be found in Galavi et al. (2018). 


2 NUMERICAL ANALYSES 


2.1 Geometry 


Figure 2 shows the discretized geometry of the 
finite element model for cavity expansion analysis. 
The initial cavity of radius 8 mm was embedded 
at the depth of 1 m below the soil surface. The 


1.44 m=40d, 


Surcharge = 25 kPa 
ai Z Initial cavity radius ro = 0.008 m 


A 


1.0 m = 27.8.3 d, 


3.0 m =83.3 d, 


Figure 2. Geometry and mesh used for CEM analyses. 
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Figure 3. Geometry used for MPM analyses. 


612 


Number of particles 


| E 
B 12 
Mo 
B: 


cone 


Figure 4. Mesh and number of particles used for MPM 
analyses. 


domain is discretized with 1865 axisymmetric 
15-noded triangular elements. 

Figure 3 and Figure 4 show the dimensions as 
well as mesh & particle specifications of the MPM 
model, respectively. As shown in these figures, in 
the MPM calculations, the penetrometer is initially 
embedded 10d, below the soil surface. The diam- 
eter of the cone in the numerical analyses is taken 
as d, = 36 mm. 

The MPM model consists of 5950 linear trian- 
gular elements and 28782 material points. 


2.2 Soil model parameters 


Baskarp sand is chosen for the numerical analy- 
ses. To simplify numerical simulations, Mohr- 
Coulomb soil constitutive model is adopted. The 
model parameters and basic characteristics of 
Baskarp sand are presented in Table 1. 

The dry unit weight of 16 kN/m? was used for 
all cases in order to maintain the same initial stress 
condition. The Young’s modulus is calculated for 
the reference depth of 1 m below the ground level. 
Following formulas were used to calculate the 
Young's moduli: 


q. =1.64p,exp(4)B (Salgado & Prezzi 2007) (2) 
A=0.1041 ø. +(0.0264 — 0.00024 )D, (3) 
B = (6; Ip, BE Oot DE) (4) 


where o”, is the horizontal effective stress and refer- 
ence stress p,= 100 kPa. 
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Table 1. Model parameters and basic properties of 


Baskarp sand. 
ID and Medium 
Property Unit Loose dense Dense 
Specific unit G,(-) 2.65 
weight 
Maximum void ena) 1.018 
ratio 
Minimum void e,,,, (-) 0.542 
ratio 
Relative density D,[%] 30 50 90 
Young’s modulus E /kN/m?] 7894 14000 43659 
Poisson's ratio v[-] 0.2 0.2 0.2 
Cohesion c’[kPa] 1 1 1 
Peak Friction 9,19] 32.8 36.5 43.4 
angle 
Dilation angle wy[? 2.8 6.5 13.4 
Critical state o [e] 30 30 30 
friction angle 
Coefficient of K, [-] 0.5 0.5 0.5 
lateral earth 
pressure at rest 
Ena = 44 (5) 
pan, 0-209 r 


Peak friction angles were derived for the refer- 
ence depth of 1 m under surcharge load of 25 kPa. 
Correlations presented by Bolton (1986) for the 
Triaxial condition were used to derive the peak 
frictions angles, iteratively. 


2.3 Results and discussion 


Cavity expansion analyses were performed using 
Plaxis 2D 2016.01. In order to well capture the 
large deformation of elements around the cavity, 
finite element analyses were performed with updat- 
ing mesh. Figure 5 shows the limit pressure from 
cavity expansion analyses along with the corre- 
sponding q, values from spherical cavity expansion 
analyses. 

Figure 6 shows the profile of cone tip resistance 
with depth obtained from the MPM analysis of 
cone penetration in loose, medium dense and dense 
sand models. The q, values calculated from eq. (2), 
corresponding to z = 1 m -28d., are also shown on 
Figure 6. The cone penetration resistance calcu- 
lated using eq. (2) at depth z = 1.0 m ~ 28d., is equal 
to 2265 kPa for the loose sand, 3954 kPa for the 
medium dense sand, and 12045 kPa for the dense 
sand. Figure 6 shows that there is a good agree- 
ment between MPM results and q, values from Sal- 
gado & Prezzi (2007). 
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Figure 5. Limit pressure resulting from expansion of 
spherical cavity along with the corresponding cone tip 
resistances. 
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Figure 6. Cone penetration resistance profile from 
MPM analyses. 


Comparison of results obtained from the 
numerical cavity expansion analyses with those of 
axisymmetric MPM, suggests that the q, value cal- 
culated using spherical cavity expansion analysis is 
remarkably lower than those of MPM and values 
derived from Salgado & Prezzi (2007). It is worth 
mentioning that that eq. (2) is based on regression 
analyses that Salgado & Prezzi (2007) performed 
on cone penetration resistances derived from 
cylindrical cavity expansion analyses, whereas the 
numerical cavity expansion analyses presented 
in this study is based on spherical cavity expan- 
sion method. Review of literature reveals that 
spherical and cylindrical cavity expansion analyses 
both perform well for certain class of problems. 
For instance, Satapathy (1997) argues that the 
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spherical cavity expansion solution is preferable 
for applications that involve high velocity penetra- 
tion, whereas for cases where the penetrator is in 
contact with the target, e.g., in static punching, the 
cylindrical cavity expansion solution is preferable. 
Despite this argument, to derive the final conclu- 
sion on the accuracy of the axisymmetric MPM, 
it is necessary to compare the results with experi- 
mental evidences. 


3 CONCLUSION 


In this study, cone penetration in Baskarp sand was 
simulated numerically using spherical cavity expan- 
sion method and axisymmetric Material Point 
Method. Cone penetration was simulated in loose 
(Dz = 30%), medium dense (Dz = 50%) and dense 
(D, = 90%) sands under the effect of 25 kPa sur- 
face surcharge. Elastic-perfectly plastic soil model 
with Mohr-Coulomb failure criterion was used 
to model the behavior of soil. The results showed 
that numerical spherical cavity expansion resulted 
in remarkably lower cone resistance compared to 
the axisymmetric MPM. Further comparison sug- 
gested that the cone penetration resistance values 
derived from the axisymmetric MPM were in a very 
good agreement with the cylindrical cavity expan- 
sion solution of Salgado & Prezzi (2007). However, 
to derive a definitive conclusion, comparison with 
experimental analysis data is necessary. 


REFERENCES 


Arshad, M.I., Tehrani, F.S., Prezzi, M., & Salgado, R. 
(2014). Experimental study of cone penetration in 
silica sand using digital image correlation. Géotech- 
nique, 64(7), 551-569. 

Galavi, V., Beuth, L., Coelho, B.Z., Tehrani, F.S., Höls- 
cher, P., & Van Tol, F. (2017). Numerical simulation of 
pile installation in saturated sand using material point 
method. Procedia Engineering, 175, 72-79. 

Galavi, V., Tehrani, F.S., Martinelli, M., Elkadi, A. & 
Luger, D. (2018). Axisymmetric formulation of the 
material point method for geotechnical engineering 
applications. NUMGE 2018, Submitted. 

Idriss, I.M. & Boulanger, R.W. (2006). Semi-empirical 
procedures for evaluating liquefaction potential dur- 
ing earthquakes. Soil Dynam. Earthquake Engng 26, 
No. 2—4, 115-130. 

Lee, J. & Salgado, R. (1999). Determination of pile base 
resistance in sands. J. Geotech. Geoenviron. Engng 
125, No. 8, 673-683. 

Lee, J., Eun, J., Prezzi, M. & Salgado, R. (2008). Strain 
influence diagrams for settlement estimation of both 
isolated and multiple footings in sand. J. Geotech. 
Geoenviron. Engng 134, No. 4, 417-427. 

Lune, P.K. Robertson, J.J.M. Powell., “Cone Pen- 
etration Testing in Geotechnical Practice”. Blackie 
Academic & Profesional, London 1997. 


Mayne, P.W. & Poulos, H.G. (1999). Approximate dis- 
placement influence factors for elastic shallow foun- 
dations. J. Geotech.Geoenviron. Engng 125, No. 6, 
453-460. 

O’Loughlin, C.D. & Lehane, B.M. (2010). Nonlinear 
cone penetration test-based method for predicting 
footing settlements on sand. J. Geotech. Geoenviron. 
Engng 136, No. 3, 409-416. 

Randolph, M.F, Dolwin, R., & Beck, R. (1994). 
Design of driven piles in sand. Geotechnique, 44(3), 
427-448. 

Salgado, R. & Randolph, M.F. (2001). Analysis of cav- 
ity expansion in sand. Int. J. Geomech. 1, No. 2, 
175-192. 

Salgado, R. & Prezzi, M. (2007). Computation of cav- 
ity expansion pressure and penetration resistance in 
sands. Int. J. Geomech. 7, No. 4, 251-265. 

Satapathy, S. (1997). Application of Cavity Expansion 
Analysis to Penetration Problems (No. IAT. R-0136). 
Texas Univ at Austin Inst for Advanced Technology. 

Schmertmann, J.H. (1970). Static cone to compute static 
settlement over sand. J. Soil Mech. Found. Div. 96, 
No. 3, 1011-1043. 

Seed, H.B. & De Alba, P. (1986). Use of SPT and CPT 
tests for evaluating the liquefaction resistance of 


615 


sands. In Use of in situ tests in geotechnical engi- 
neering, Geotechnical Special Publication No. 6. 
New York, NY, USA: American Society of Civil 
Engineers. 

Sulsky D, Chen Z, Schreyer HL. A particle method for 
history-dependent materials. Comput Methods Appl 
Mech Eng 1994; 118:179-96. 

Sulsky, D. & Schreyer, H.L.1996. Axisymmetric form of 
the material point method with applications to upset- 
ting and Taylor impact problems. Computer Methods 
in Applied Mechanics and Engineering, Journal of 
Applied Mechanics, Vol. 139, 409-429. 

Tehrani, F.S., Nguyen, P., Brinkgreve, R.B., & van Tol, 
A.F. (2016). Comparison of Press-Replace Method 
and Material Point Method for analysis of jacked 
piles. Computers and Geotechnics, 78, 38-53. 

Tehrani, F.S., Arshad, M.I., Prezzi, M., & Salgado, R. 
(2017). Physical Modeling of Cone Penetration in 
Layered Sand. Journal of Geotechnical and Geoenvi- 
ronmental Engineering, 144(1), 04017101. 

Xu, X., Schneider, J.A. & Lehane, B.M. (2008). Cone 
penetration test (CPT) methods for end-bearing 
assessment of open—and closed-ended driven 
piles in siliceous sand. Can. Geotech. J. 45, No. 8, 
1130-1141. 


Taylor & Francis 
Taylor & Francis Group 


http://taylorandfrancis.com 


Cone Penetration Testing 2018 — Hicks, Pisanó & Peuchen (Eds) 
O 2018 Delft University of Technology, The Netherlands, ISBN 978-1-138-58449-5 


Soil behavior and pile design: Lesson learned from some prediction 
events—part 1: Aged and residual soils 
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ABSTRACT: Pile design methods generally do not consider phenomena such as aging, cementation 
and weathering, responsible for the presence of microstructures in the soil surrounding the piles and 
affecting their performance. Some prediction events involving known structured soils are analyzed taking 
as a reference the CPT-based SBT classification system recently updated by PK. Robertson (2016). It is 
shown that the normalized small-strain rigidity index K*, can be useful to assess the impact of soil micro- 


structure on pile capacity. 


1 INTRODUCTION 

The prediction events chosen are Merville (2003) 
and Porto (2004), locations where at the time of pre- 
diction, it was known that soils were aged and resid- 
ual, respectively, and therefore micro-structured. 

Tables summarizing soils and piles character- 
istics are provided below, while some CPTu plots 
(Page 2) complete the information as illustration 
of all the data used for piles design (axial capacity 
and load-movement curves). 

For both sites it is sufficient to observe the CPT 
SBT I, and fine contents (FC) curves (Figures 2 
and 5) to see how their trend has been influenced 
by the soil microstructure. In fact, despite the 
lithological difference, the corresponding I, curves 
are quite similar, proving that the Merville Flan- 


Table 1. Merville: Soil and pile details. 

Pile type and length: Driven (IHC S70), 9.4 m 

Material and Diameter: Steel Pipe (open ended), 
0.508/0.487 m 

Driving Date: 04.08.2003 

Soil Plug Height: 7.27m 

SLT Date: 05.19.2003 

Deposit: Marine (Ypresian) 

Lithology: Clays (50% Smectit, CF = 93%) 

Soil structure from Aging, Mechanical OC 

GWT, w, Y (-1.5/-1.9 m), 32.3%, 


18.5 (kN/m?) 


Atterberg Limits: LL = 69.2%, IP = 40.5% 
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Table 2. Porto: Soil details. 

Deposit: Residual (Saprolite) 

Lithology: Silty clayey sand with some gravel 
Soil structure from Incomplete granite weathering 
GWT, w, Y -10/-12 m, 16/22.5%, 16.6/20 kN/m? 
CF 3.3/9.5% 


Atterberg Limits: LL = 32/44%, IP = 5/17% 


Table 3. Porto: Pile details. 

Driven (C1) Bored (E9) Bored (T1) 
Pile type: precast cased CFA 
Material: Concrete Concrete Concrete 
Shape: Square Round Round 
Diameter (m): 0.35 0.60 0.60 
Length (m): 6.0 6.0 6.0 
Driving Date: Sept.2003  -.- -.- 
Cast in situ Date: -.- Aug.2003  Aug.2003 
SLT Date: Jan.2004 Jan.2004  Jan.2004 


ders clays show a behaviour at the border to “sand 
like” soils, whereas, due to very high f, values, the 
Porto silty sands are close to behave as “clay like”. 

Pairs of measured values should be used to cal- 
culate K*¿; however, being too few those of V, it 
is reasonable to refer to derived values since the 
measured and predicted V, curves are close enough 
one to the other (Figures 1 and 4). 

To clarify the meaning of the parameters 
appearing in the graphs on Page 2, a specific glos- 


sary is reported in $9 with symbols, definition and 
reference equations, mainly derived from the CPT 
Guide (P.K. Robertson, 2015), the Manual of Sub- 
surface Investigation (PW. Mayne, 2001) and the 
CPT State of Practice Report (P.W. Mayne, 2007). 


2 PILE CAPACITY DESIGN METHODS 


Some CPT based, direct design methods (LCPC, 
Eslami&Fellenius, KTRI and Togliani), described 
by Niazi and Mayne (2013), were used to verify 
their sensitivity to the presence of a soil structure. 

The latest version (Santa Cruz Prediction 
Event, 2017) of the mentioned Author's method, 
is the following: 
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Figure 1. Merville: Guide plot. 
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Figure 2. Merville: Soil behaviour plots. 
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Figure 4. Porto: Guide plots. 
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Figure 5. Pile capacities comparison. 


2.3 Unit friction (q,) 
q pai (6) 


where x = LOG(K*2) 


2.4 Unit base (q,): the same of $ 2.2 


3 LOAD-MOVEMENT PREDICTION 


The Chen & Kulhawy criterion (2002), shown 
in Figure 4, has been used to estimate the force- 
movement correlation for each pile and then the 
corresponding predicted curve, set via the Ratio 
Function. 

According to this Function, the equation for 
unit resistance at a given movement in relation 
to the target resistance and target movement, is 
expressed by the following equation (B.Fellenius- 
Red Book): 


r= Tig (9/8 n)? (7) 


where r = variable force r,,, = target resistance 


6 = var. movement 6,,, = movement at ru, 


1.0 10.0 100.0 1000.0 
Is 
Figure 6. Porto K*G plots. 
Table 4. B and A coefficients. 
Pile Type B A 
Driven (precast/jacked) 1.00 0.30 
Drill.Displacement. 0.90 0.25 
Pipe (Open End) 0.70 0.20 
CFA, Bored (cased-cohesionless, 0.60 0.15 
bentonite) 
Bored (bentonite-upper 0.60 0.10 
bound) 
Bored (cased—cohesive) 0.50 0.10 
Bored (bentonite-lower 0.40 0.05 
bound) 
2.1 Unit Friction (q,) 
q.=Bq.* if f£,<20 (1) 


q, = B{q 2 0.4+LN(R)]} if R,>1.5 (2) 
q,=Btq.'"1[0.8+(1-Rp)/8]) if 1<R,<1.5 (3) 
q, = B!q.950.8 + (1.1 - RD] if R,<1 (4) 


2.2 Unit Base (q,) 


d+ = qe toelà + (0.005 Lpile/Dpile)] (5) 


where q, toe goes from + 8 dtoe to —4dtoe. 

Table 4 summarizes the corresponding Pile Type 
coefficients: 

The capacities derived from the four quoted 
methods were then compared with the ones calcu- 
lated from the approach specified below, including 
the normalized rigidity index K*.. 


6 = function coefficient (0 < 6 < 1) 

The resistances derived with the new design 
method were considered as the target ones while 
the corresponding movement was set at s/d = 10% 
to obtain a complete load-movement curve. 

For Merville piles, the cohesive soil curve was 
taken as reference, while for Porto, the cohesionless 
soil curve was used (Figure 4). 

The superposition between measured and pre- 
dicted load-movement diagrams is obtained by 
adjusting the value of the 9 coefficient within 


Full mobilization of base 
resistance computed by 
bearing capacity equation ai 


Coheslonless Soil 


Failure Threshold 


a) 


Failure Threshold 


Axial Compressive Force 


Shaft Diameter 


Figure 7. Chen & Kulhawy Criteria. 
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reasonable limits until a satisfying agreement was 
obtained; hence the theoretically evaluated curves 
are of Class C. 


4 MERVILLE PILE DESIGN 


The capacities obtained with the several design 
methods considered are presented in Figure 5; 
Figure 6 shows the predicted load-movement 
curve, modeled using a function coefficient equal 
to 0.04. 

Histograms in Figure 5 show the credible 
shaft resistance obtained with all the methods 
except for LCPC that, being only based on q. 
is unable to appreciate the improvement of 
subsoil characteristics due to the presence of 
microstructure. 

The trend of the load-movement curves sug- 
gests that the toe capacity evaluated both with 
LCPC and Eslami&Fellenius methods could be 
overestimated. 
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Figure 8. Pile capacities comparison. 
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Figure 9. Load-movement comparison. 
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5 PORTO PILES DESIGN 


In this experimental site, the toe resistance was 
measured via strain gauges at a movement equal to 
s/d = 10%, for pile E9 only, as represented in Figure 7. 
The predicted load-movement curve (Figure 8) 
was assembled using function coefficients equal to 
0.12 for shaft and 0.4 for toe resistance, respectively. 
As previously noted, the LCPC shaft resistance 
is clearly inadequate as well as, in the opposite 
direction, the one obtained by KTRI (there is no 
difference between bored and driven piles!), while 
Eslami&Fellenius method was not considered, as 
more appropriate for driven piles 
The design related to CFA Pile (T1) is summa- 
rized below and the notes concerning shaft resist- 
ance (Figure 9) are similar to the previous ones. 
The function coefficient used for the predicted 
load-movement curve (Figure 10), this time has 
been set equal to 0.15. 
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Figure 10. E9: Pile capacities comparison. 
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Figure 12. T1: Pile capacities comparison. 
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Figure 14. C1: Pile capacities comparison. 
Figure 11 shows the capacities of the driven pre- 


cast pile (C1) and Figure 12, the load-movement 
curves. 
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To close on the predicted one, a function coef- 
ficient equal to 0.08 was used in this case, proving 
that shaft resistance is totally dominant. 

Once again the LCPC shaft resistance is inad- 
equate as well as the one derived from Eslami 
&Fellenius as the high f, values are not balanced by 
consistent q, values, in spite of the choice of unit 
frictions falling in the field with rather high shaft 
correlation coefficient (silty clay, silt). 

The KTRI method, that for bored cased (E9) 
and CFA piles (T1) showed largely overestimated 
results, this time provides a consistent shaft resist- 
ance (clearly, now the non-difference between 
drilled and driven piles is reasonable). 

About the new design method, it should be 
stressed that the prefabricated piles of both experi- 
mental sites seem, as expected, less performing 
(a = 0.11) than those cast in place (a = 0.10). 


6 CONCLUSIONS 


Cone resistance values are the most reliable among 
the measured CPTu parameters; however, as men- 
tioned above, the sole consideration of q, does not 
allow to understand the possible dilatant behav- 
iour of the micro-structured soil. Hence, at least 
in these instances, the LCPC method becomes 
unreliable. 

The design methods giving greater weight to 
f, (KTRI and Eslami & Fellenius) provide good 
result in Merville because q, and f, values are mutu- 
ally consistent. 

On the contrary, this is not the case for Porto 
where very high f values (the silty sand soil retains 
a residual part of the parent rock structure), are 
unbalanced in comparison to q, values. 

While the shaft capacity predicted for the driven 
pile C1 with Eslami & Fellenius method is then inap- 
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propriate, for the same pile the one predicted using 
KTRI method, is adequate because its aforemen- 
tioned ambivalence, at least in this case, is winning. 

The Togliani method (2008/2017) that uses, 
jointly with q, also the friction ratio R, is less 
affected by the fluctuations in the f, values; this is 
the reason why it provides very accurate pile capac- 
ity for Merville, remaining excellent (-5%) for pile 
Cl in Porto, good for pile E9 (+8%) and again 
sufficiently approximated for pile T1 (+ 16%) still 
located on the same site. 

Finally, the newly proposed design method 
based on q, and K* values can be considered as 
self-adjusting with a good approximation to soils 
of different lithology and microstructural origin 
and proves to be promising; obviously, further 
confirmations are needed. 


7 GLOSSARY 
Z = depth 
Ya = natural unit weight 


qe = cone resistance 

f = sleeve friction 

u, = pore pressure measured behind the cone 

d, = corrected cone resistance =q, +u,(1 —a) 

R; = friction ratio = (f/q,)100 

O, = vertical stress = zyn 

Uy = hydrostatic pore pressure 

o”, = effective vertical stress = O, — u, 

o”, = effective max. past vertical stress 

OCR = overconsolidation ratio = 9/0, 

Ca = net corrected cone resistance = q, — 6, 

Qu = normalized cone resist- 
ance = [(q, — 0,)/P, ][P,/o” P 

I, = classification index (P.K. Robertson) 

FCaaw = Fine content (Robertson & Wride) 


I,>3.5 FC =1, 1.31 <I, <3.5 FC = 1.7513%3.7, 
I,<131FC =0 

= Clay Fraction 

= shear wave velocity 


CF 
Vs 
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V derived = 118.8 LOG(f) — 18.5 (P.W. Mayne) 
(Porto) 
V, derived (Merville)-Baldi (1992) mod. Togliani 
= 271q,00",018 if o”, < 100 kPa other- 
wise = 277 qc “o” 2 


Go = maximum.shear modulus = pV? 

I, = small-strain rigidity index = (G,/q,,) 

K*, = normalized  small-strain rigidity 
index =Q,,°"Ig 
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Soil behavior and pile design: Lesson learned from recent prediction 
events—part 2: Unusual NC soils 


G. Togliani 
Geologist, Massagno, Switzerland 


ABSTRACT: Pile design methods generally do not consider that the presence in the soil surrounding 
the piles of a microstructure related to phenomena such as aging, cementation and weathering, could sig- 
nificantly affect their performance. Analyzing soils classified as NC with reference to the CPT-based SBT 
classification system recently updated by P.K. Robertson, it is possible to highlight, via the normalized 
small-strain rigidity index K* the presence of a microstructure and to define his impact on piles design. 


1 INTRODUCTION mp de fs, Uz, Uo (kPa)-vs! (m/sec) sions 


100000 


Tables summarizing soils and piles characteristics 
of Santa Cruz (2017), the prediction event chosen 
for the part 2 of the paper, are provided below. The 
following CPTu plots contain the data used for the 
piles design. 

At first glance the Santa Cruz alluvial layers 
appear, as stated, normally consolidated (e.g. see 
the u, curve and compatibility between derived 
and lab. FC values in Figures 1 and 2); however, 
their K*¿ values run around the upper limit of 10 
sedimentary soils, demonstrating that, even if of 1 
recent deposition, these mainly sand-like soils have 12 
been influenced by some phenomenon that has 
increased their stiffness (Figure 3). Figure |. CPTu basic plots. 

Pairs of measured values should be used to 
calculate K*¿, but being too few those of V, it is 


Depth (m) 
oC oVNauanwneo 


[FC a I] 
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Table 1. Santa Cruz: Soil details. 0 E i 


Deposit: Alluvial (Holocene) + 
Lithology Layers of sand, silt and clay 2% 
Soil structure from Chemical Diagenesis? J 
GWT -2.2 m 
FC 12/53% 


un 


Table 2. Santa Cruz: Pile details. 


Depth (m) 
N a 


Pile Type: Driven (C2) Bored (A3) Bored (B2) 
Drill Disp. Bentonite CFA 

Material: Concrete Concrete Concrete i 
Shape: Round Round Round 10 4 
Diameter (m): 0.45 0.62 0.45 TH 
Length (m): 9.5 9.5 9.5 t 
Cast in situ Date: March07  March08 March 11 12 26 i > 
SLT Date: March 25  March20 March 23 
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Figure 2. Soil behaviour. 
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1000.0 


Figure 3. K*G plot. 


reasonable to employ derived values since the V, 
curves (measured/predicted), are close enough to 
each other (Figure 1). 

Meaning of parameters appearing in the previ- 
ous figures is provided in the glossary reported at $8. 


2 PILE CAPACITY DESIGN METHODS 


To verify their sensivity to the presence of a soil 
structure, the CPT based direct design methods 
(LCPC, Eslami & Fellenius, KTRI and Togliani) 
described by Niazi and Mayne (2013) have been 
used. 

The Author's method, updated just before the 
prediction, now focuses on the following equations: 


2.1 Unit Friction (q,) 


qs = Bq.0.4 if fs < 20 (1) 
q, = B{q 2 (0.4 + EN(ROJ if Rf > 1.5 (2) 
q. = B(q.0510.8+ (1-R fy/8}} if 1 <Rf<1.5 (3) 
q, = B{q 250.8 + (1.1-RD/8]) if Rf < 1 (4) 


2.2 Unit Base (q,) 
db = qe toelà + (0.005 Lpile/Dpile)] (5) 


where q, e goes from +8 dtoe to —4dtoe. 

Table 3 summarizes the corresponding Pile Type 
coefficients: 

Capacities derived from the four quoted meth- 
ods were then compared with the ones derived 


Table 3. B and A coefficients. 

Pile type B A 
Driven (precast/jacked) 1.00 0.30 
Drill.Displacement. 0.90 0.25 
Pipe (Open End) 0.70 0.20 
CFA, Bored (cased-cohesionless, bentonite) 0.60 0.15 
Bored (bentonite-upper bound) 0.60 0.10 
Bored (cased—cohesive) 0.50 0.10 
Bored (bentonite lower bound) 0.40 0.05 


Table 4. a, B, A coefficients. 


Pile Type O, B À 


Drill Displacement—Santa Cruz (C2) 0.10 0.90 0.60 
CFA—Santa Cruz (B2) 0.10 0.70 0.40 
Bored (Bentonite) - Santa Cruz (A3) 0.10 0.40 0.15 


from the method specified below, including the 
normalized rigidity index K*.. 


2.3 Unit friction (q,) 
Q, = Bq? +x] 
where x = LOG(K*¿*) 


2.4 Unit base (q,): same of $ 2.2 


The following table shows the Pile Types coeffi- 
cients developed for the new method (Class C Pre- 
dictions), significantly different from the previous 
ones; specifically for A, values from two (B2 an C2) 
to three times (A3) higher are obtained. 

A reasonable explanation is the fact that in Santa 
Cruz the embedment into the bearing layer for the 
estimate of the toe resistance (from + 8d to —4d), 
is entirely (C2 and B2 piles) or almost entirely (A3 
Pile) occurring in a medium dense to dense sand 
characterized by fair values of the cone resistance. 


3 LOAD-MOVEMENT PREDICTION 


The Chen & Kulhawy criterion (2002), shown in 
Figure 4, has been used to choose the force/move- 
ment distribution for every pile; subsequently the 
corresponding predicted curve was set via the 
Ratio Function. 

According to this Function, the equation for unit 
resistance at a given movement in relation to the tar- 
get resistance and target movement, is expressed by 
the following equation (B.Fellenius-Red Book): 


r = Tig 


(8/5, (7) 
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Full mobilization of base 
resistance computed by 
bearing capacity equation ™, 


Failure Threshold 


mmm (1%) 
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Axial Compressive Force 
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Shaft Diameter 


Figure 4. Chen & Kulhawy criteria. 


where r = variable force; r,,, = target resistance; 
6 = var. movement 6,,, = movement at T; 
6 = function coefficient (0 < 0 < 1). 


The resistances derived with the new design 
method were considered as the target ones while 
the corresponding movement was set at s/d = 10% 
to obtain a complete load-movement curve. For 
Santa Cruz, the cohesionless soil curve of Figure 4 
was adopted. 

The superposition between measured and pre- 
dicted load movement diagrams is obtained by 
adjusting the value of the 9 coefficient within 
reasonable limits until a satisfying agreement was 
obtained; hence the theoretically evaluated curves 
are of Class C. 


4 SANTA CRUZ PILES DESIGN 


The incomplete elimination of the “bentonite 
cake” during concreting has lowered the shaft 
resistance of A3 pile (Figure 5); this is why the 
new method used a f coefficient equal to 0.40 
(Table 3 & 4). 

In Figure 5, the LCPC capacity is too high, 
while the Togliani method (2008/2017) with B and 
A coefficients averaged among upper and lower 
bound (Table 3), shows a reduced toe resistance for 
the reason given at §2; the same, obviously occurs 
for B2 and C2 piles. 

The function coefficient used for the predicted 
load-movement curve of A3 pile (Figure 6) is equal 
to 0.4, also in relation to a very likely imperfect toe 
cleaning. 

For B2 and C2 piles ( Figure 8 and Figure 10), 
the © coefficient is equal to 0.32 and 0.25, respec- 
tively, showing an increasingly rigid response of 
the soil may be due to the progressive increase in 


Measured LCPC KTRI Togliani Togliani 
(Takesue) (qc&Rf) (qc &K*G) 


Figure 5. A3: Pile capacities comparison. 
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Figure 6. A3: Load-movement comparison. 


Measured LCPC KTRI 
(Takesue)  (qc&Rf) (qc 8 K*G) 
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Figure 7. B2: Pile capacities comparison. 


the soil displacement caused by the different tech- 
nique of execution. 

Surprisingly, for the CFA pile (B2 in Figure 7), 
the LCPC method provides satisfactory results 
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Figure 9. C2: Pile capacities comparison. 


for both components (cast screwed piles was the 
choice), while this time both KTRI and Togliani 
methods lead to a totally inadequate shaft resist- 
ance. Very likely, in this case, their design is affected 
by weak values of f, due to a structure rearrange- 
ment occurred during the CPTu execution. 

For the drill displacement pile (C2 in Figure 9), 
the LCPC method provides a shaft resistance 
unexpectedly half the one of pile B2 and a third 
of the actual one, in spite of having chosen, as a 
guideline, the driven cast pile type effectively car- 
ried out. 

Also shaft resistances provided by KTRI and 
Eslami&Fellenius methods are severely inadequate, 
once again due to reduced f, values; the same prob- 
lem affects, albeit less, the Togliani method. 

As a last note, related to the load-movement 
curves, it has to be stressed that the choice of pile 
capacity at s/d = 10%, is purely conventional. 

In fact this choice should be made, regardless 
of the pile diameter at a standard movement of, 
for example, 30 mm as suggested by Fellenius et al. 
(2017). 
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Figure 10. C2: Load-movement comparison. 


5 CONCLUSIONS 


The sole cone resistance, despite being the most reli- 
able among the measured CPTu parameters, does 
not allow to understand the possible dilatant behav- 
iour of a micro-structured soil; consequently, at 
least in these instances, the LCPC method, provid- 
ing random results, appears not completely reliable. 

Design methods giving higher priority to f, val- 
ues (KTRI and Eslami& Fellenius), in this case are 
negatively affected and therefore not suitable, by 
f, values often reduced probably as a result of the 
break/loosening of interparticle bonds caused by 
the cone being located in front of the friction sleeve. 

The Togliani method (2008/2017), using the 
coefficients of Table 3 (Class A Prediction), pro- 
vides too low pile capacities [respectively —24% 
(A3), —33% (B2) and —32% (C2)] being the most 
likely reason an inadequate choice of A values. 

Replacing them with the “consistent” values 
of Table 4 and, accordingly, using toe resistances 
obtained from the new method the approximation 
would be much better [-5% (A3), —15% (B2) and 
—13% (C2), see Figures 5, 7 and 9]. 

One could then argue that the Togliani method 
(2008/2017), updated for theXA values and with the 
proposed q, and R, combinations, is able to char- 
acterize in a reasonable, balanced way the mechan- 
ical behaviour of NC, micro-structured soils. 

Finally, the q,, K* pair, as proposed in the new 
design method, provides appropriate and promis- 
ing results, however to be confirmed with addi- 
tional, future analyses. 


GLOSSARY 


z= depth 
Y, = natural unit weight 
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A. = cone resistance 

f = sleeve friction 

u, = pore pressure measured behind the cone 

q, = corrected cone resistance = q, + u,(1 — a) 

R, = friction ratio = (f/q,)100 

O, = vertical stress = zyn 

Uy = hydrostatic pore pressure 

o”,  =effective vertical stress = ©, — Uo 

o”, = effective max. past vertical stress 

OCR = overconsolidation ratio = 0’, /o’, 

in = net corrected cone resistance = q,-0, 

Q, = normalized cone resistance = [(q,-0,)/P.] 
[P,/o’,}" 

I, = classification index (P.K. Robertson) 


FC raw = Fine content (Robertson & Wride) 
I, > 3.5 FC=1, 1.31 <I, <3.5 FC=1.75123.7, I, 


< 1.31 FC=0 
CF = Clay Fraction 
Vs = shear wave velocity 
V, = derived-Baldi (1992) mod. 


Togliani = 277q, 0" ° if o’, < 100 kPa 
otherwise = 277 qc “Bo”, 02 


v 


G, = maximum.shear modulus = pV? 
Ic = small-strain rigidity index = (G,/q,,) 
K*, = normalized small-strain rigidity 


index = Q,% Ig 
Ed.: Symbols, definition and reference equations 
are mainly derived from the CPT Guide (P.K. Rob- 
ertson, 2015), the Manual of Subsurface Investi- 


gation (P. W. Mayne, 2001) and the CPT State of 


Practice Report (P.W. Mayne, 2007). 


627 


ACKNOWLEDGMENT 


Many thanks are addressed to Prof. P.K. Robert- 
son, and to Dr. L. Albert for their critical review 
and suggestions. 


REFERENCES 


Canadian Geotechnical Journal, 53(12)1910-1927. 

Chen, Y. J. and Kulhawy, F. H.2002. Evaluation of 
drained axial capacity for drilled shafts. Conference: 
International Deep Foundations Congress 2002. 

Fellenius B.H.2017. Basic of foundation design. Red 
Book, Electronic Edition, January 2017. 

Fellenius B.H,Terceros H.M.and Massarsch K.R.2017. 
Bolivian experimental site for testing. Proceedings 
3rd International Conference on Deep Foundations. 
Santa Cruz 2017. 

Mayne P.W. 2001. Manual on subsurface investigation. 
FWHA, Washington DC. 

Mayne, P.W.2007.NHRCP Project 20-05; Task 37-14: 
Cone Penetration Testing State-of Practice. TRB. 

Niazi FS.and Mayne P.W.2013.Cone penetration test 
based direct methods for evaluating axial capacity of 
single piles. 

Springer Science + Business Media Dordrecht 2013 
P.K.Robertson.2015. CPT Guide. Electronic Edition 
P.K.Robertson.2016. Cone penetration test (CPT)- 
based soil behaviour type (SBT) classification sys- 
tem—an update. 

Togliani, G. 2008. Pile capacity prediction for in situ tests. 
Proceedings ISC-3 April 1-4, 2008. 1187-1192. Taylor & 
Francis Group, London, UK. 


Taylor & Francis 
Taylor & Francis Group 


http://taylorandfrancis.com 


Cone Penetration Testing 2018 — Hicks, Pisano & Peuchen (Eds) 
O 2018 Delft University of Technology, The Netherlands, ISBN 978-1-138-58449-5 


A probabilistic approach to CPTU interpretation for regional-scale 


geotechnical modelling 


L. Tonni & M.F. García Martínez 
Department of DICAM, University of Bologna, Italy 


I. Rocchi 


Department of Civil Engineering, Technical University of Denmark, Denmark 


S. Zheng & Z.J. Cao 


State Key Laboratory of Water Resources and Hydropower Engineering Science, Wuhan University, China 


L. Martelli & L. Calabrese 


Servizio Geologico, Sismico e dei Suoli, Regione Emilia-Romagna, Italy 


ABSTRACT: The paper describes part of a study carried out to develop the geotechnical model of a 
coastal area on the Adriatic Sea, between the municipalities of Cesenatico and Bellaria-Igea Marina in the 
Emilia-Romagna region (Italy). A large experimental database, provided by the Geological, Seismic and 
Soil Survey of the Emilia-Romagna Authority, was used to develop a stratigraphic model of the upper 
30 m subsoil of this coastal area, together with estimates of the mechanical parameters of the different 
soil units. A Bayesian approach was used to identify the most probable number of soil layers and their 
thicknesses, based on the Soil Behaviour Type Index obtained from CPTU results. This tool has already 
been used for small scale areas and its implementation in large datasets could eventually provide a prelimi- 
nary estimate of the expected soil conditions at a site, taking into account statistically the inherent spatial 


variability in a rational and transparent way. 


1 INTRODUCTION 

A joint study focusing on the coastal plain fac- 
ing the Adriatic Sea, in the southeastern part of 
the Emilia-Romagna Region, was carried out in 
cooperation with the Geological, Seismic and Soil 
Survey (GSSS) of the Emilia-Romagna Author- 
ity (RER), leading to a preliminary geotechni- 
cal model of this area (Tonni et al. 2016). The 
investigated territory, approximately 12 km long 
and 10 km wide, includes the municipalities of 
Cesenatico, Gatteo, San Mauro Pascoli, Savig- 
nano sul Rubicone and Bellaria-lgea Marina, 
which are well-known touristic sites and generally 
highly populated areas. This paper uses a dataset 
of borehole (BH) logs and piezocone (CPTU) 
measurements provided by the GSSS in order to 
develop a geotechnical model at a regional scale, 
also accounting for the depositional environment 
of the different soil units detected in the area. In 
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particular, a Bayesian approach has been applied 
to cone penetration data for stratigraphic profiling 
purposes. 

It is worth observing that Bayesian approaches 
have been successfully adopted for probabilistic 
geotechnical characterization in a number of 
contributions (e.g. Wang & Cao 2013, Wang et al. 
2016, Cao et al. 2016) and a variety of applica- 
tions, dealing with the evaluation of geotechni- 
cal model uncertainty (e.g. Zhang et al. 2012) 
or back analysis of soil parameters (e.g. Juang 
et al. 2013, Chiu et al. 2012), can be found in the 
literature. 

As for geotechnical site investigations, most of 
these studies focused on quantifying uncertainty in 
the geotechnical parameters, seldom paying atten- 
tion to soil stratification except for a few contribu- 
tions, such as those proposed by Cao and Wang 
(2013), Wang et al. (2013, 2014), Houlsby and 
Houlsby (2013). 


0 1 2 
m m km 


E Borehole 
e CP 


Figure 1. Area of study showing the location of site 
investigations and the alignments chosen for the cross 
sections. 


2 GEOLOGICAL SETTINGS 


Figure 1 shows the geographical boundaries of the 
study area and the location of the site investiga- 
tions which form the main part of the available 
database. The alignments selected for the strati- 
graphic sections are also reported in the figure. 

The local geology consists of the so-called 
Emilia Romagna Supersynthem (Supersintema 
Emiliano-Romagnolo, in Italian) which is an 
alternation of alluvial, deltaic, coastal and marine 
deposits arranged into different sedimentary cycles 
driven by transgression-regression of the sea. The 
thickness of the Emilia Romagna Supersynthem is 
maximum near the coast and progressively dimin- 
ishes towards the Apennines. The Supersynthem is 
subdivided into two lower-rank hierarchic units, 
namely the Lower Emilia-Romagna Synthem (AEI) 
and the more recent Upper Emilia-Romagna Syn- 
them (AES), dating back to Middle Pleistocene. 
The AES is further subdivided into a number of 
subsynthems, with AES8, AES7 and AES6 being 
those of interest on the study area. Due to trans- 
gressive-regressive depositional sequences, these 
units are typically characterized by marine and 
paralic deposits in the lower part and alluvial sedi- 
ments in the upper part. 

In particular, the Ravenna Subsynthem (AES8), 
outcropping in this area, was deposited after the 
last glaciation. Its lower boundary dates back to 
the beginning of the Holocene (10,000 years ago). 
This geological unit mainly consists of littoral 
sands and fine-grained alluvial sediments which 
were deposited by Apennine rivers. The AES8 does 
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not present here any depositional nor erosional 
gap, except close to the coastline, where the littoral 
sands are separated from alluvial sediments by an 
erosional marine scarp formed during the last sea 
regression. Such littoral belt is 0.5 to 1 km wide, 4 
to 12 m thick. In the following, such sandy unit will 
be indicated as Unit A. 

The alluvial formations can be in turn distin- 
guished between deposits characterized by a dense 
alternation of fine to very fine sands, sandy silts, 
silts to clayey silts, with a maximum thickness 
of 3—4 m (fluvial channel deposit, Unit B1), and 
floodplain deposits. These latter, composed of 
fine-grained sediments, form a maximum 20 m 
thick wedge, with locally interbedded clays con- 
taining undecomposed organic material. In the fol- 
lowing, these sediments will be labelled as Unit B2, 
when predominantly clayey, and Unit B3, when 
predominantly silty. 

Finally, sand-silt-clay mixtures, arranged in 1 to 
6 m thick layers and referable to levee and crevasse 
deposits, form Unit B4. 


3 METHODOLOGY 


The experimental database provided by the GSSS 
includes 140 BH logs, 52 CPTU and 5 seismic 
piezocone tests (SCPTU), pushed to a depth of 15 
to 30 m. In addition, laboratory tests were carried 
out on approximately 15% of the BHs available, 
providing soil classification and basic mechanical 
characterisation. The cross sections were selected 
to be approximately equally spaced (1.5-2 km), 
compatibly with the location of the available data. 
Five longitudinal sections (A-A to E-E”) were 
taken parallel to a straight reference line running 
along the coast whilst six cross sections (1-1” to 
6-6”) were selected in the orthogonal direction, as 
shown in Figure 1. 

The probabilistic soil stratification, i.e. the 
determination of the number of layers (N) and 
their thickness (HN = [H1, H2, ..., HN]) under 
a probabilistic framework, was based on the Soil 
Behaviour Type index, Ien, which is calculated 
iteratively from the dimensionless normalized cone 
resistance Qtn and the friction ratio Fr, according 
to the procedure described in Robertson (2009). 
The soil classes were then defined in terms of the 
Soil Behaviour Type (SBTn), corresponding to a 
well defined interval of values assumed by Icn. To 
keep the computational time at a minimum, one in 
five data points were used for the analysis (1.e. every 
0.1 m), since this sampling frequency was found to 
basically guarantee the same reliability in the iden- 
tification of N and HN obtained with higher rates, 
despite the risk of including rogue data points. On 
the other hand, running averaging of the data to 


remove spurious data had an adverse effect on the 
standard deviation associated with the identifica- 
tion of boundaries. 

Due to spatial variability of soils, Icn fluctuates 
with depth and this poses a profound challenge 
in identifying soil stratigraphy (i.e, N and HN) 
from a single Icn profile with a certain reliability. 
Under the Bayesian framework, the uncertainty in 
N and HN estimated from the Icn profile is explic- 
itly quantified using their posterior distributions, 
reflecting the degrees-of-belief in their estimates. 
For a given profile of Icn denoted by €, the identi- 
fication of soil stratigraphy can be divided into two 
steps (Cao et al. 2017): 


1. Comparison of the soil stratification models 
with different numbers of soil layers based on 
the conditional probability P(N| &) and deter- 
mination of the most probable N* among a 
number of possible N values. Using Bayes’ The- 
orem, P(N] &) is written as: 
PNI E) = P(G N)P(NY/P(S) (1) 
Where P(N) is the prior probability of N reflecting 
the prior knowledge on N in the absence of CPTU 
data, P(&) is the probability density function of 
é, assumed as constant and independent from N, 
while P(4 N) is the conditional probability of & 
given the soil stratification models with N layers, 
also frequently referred to as the “evidence” for 
soil stratification models with N layers provided 
by é. 

Based on Eq. (1), P(N] & is proportional to the 
evidence P(4 N), which means that maximizing 


P(4 N) with respect to N leads to the maximum 

value of P(N| £ and hence N*. Calculation of P(g 

N) is pivotal to evaluating Eq. (1) for quantifying 

uncertainty in N based on ¿and thus determining 

the most probable number of layers N*. 

2. Evaluation of P(HN| é, N) for quantification of 
uncertainty in layer thickness HN based on € 
for a given soil stratification model with N soil 
layers and determination of their most probable 
thicknesses H*N and boundaries D*N. Within 
a Bayesian framework, P(HN| €, N) is referred 
to as the posterior distribution of HN based on 
&, and it is expressed as: 


P(HN| £, N) = P(& HN, N)P(HN| N)P(A N) 


Where P(4 HN, N) is the likelihood function quan- 
tifying information on HN of the soil stratification 
model with N soil layers provided by £, P(HN| N) 
is the prior distribution of thicknesses and P(4 
N) is the evidence for the soil stratification model 
with N layers, used as a normalizing constant, as 
it is independent from HN for a given N value. 
Determination of N* and its corresponding most 
probable thickness HN* requires the formulation 
of the likelihood function P(€ HN, N) and prior 
distribution P(HN| N) as well as calculation of the 
model evidence P(4] N). Details on the method can 
be found in Cao et al. (2017). 

Figure 2 shows an example of piezocone 
logs from a test carried out along the cross sec- 
tion 2—2’, together with soil classification results in 
terms of Icn and SBTn and the soil stratigraphy 
from an adjacent BH. The SBTn profile reveals 
a pronounced prevalence of clay-like sediments 
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(CPTU22-4 from cross section 2-2”). 
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Example of piezocone data and comparison of CPTU-based soil classification 


(d) 


results with BH log 


(SBTn = 3) from 6 to approximately 30 m in 
depth, whilst an alternation of silts (4) and clays 
(3) is observed in the upper 6 meters. Based on 
the Icn profile depicted in column (d), the figure 
shows the most probable boundaries of soil layers 
(horizontal dashed lines in column (e)) provided by 
the Bayesian analysis. Such boundaries have been 
identified at 1.22, 8.78, 9.47 and 29.88 m from 
ground surface, with standard deviations equal to 
0.027, 0.107, 0.097 and 0.036 m respectively. 

For useful comparison, results from the appli- 
cation of the classification method developed 
by Schneider et al. (2008) have been reported 
in Figure 2 as well. This latter approach, which 
relies on the normalized tip resistance Qt and pore 
pressure ratio (Au2/o’v) for soil classification, has 
been especially devised to correctly identify inter- 
mediate sediments, where partial consolidation 
is very likely to occur during cone penetration. 
According to the computed soil type profile (f), a 
pronounced intermediate nature of fine sediments 
is observed, with a significant amount of experi- 
mental points falling in the domain of silts (la) 
and transitional soils (3), these latter including 
a wide variety of soil mixtures (i.e. clayey sands, 
silty sands, silty sands with clay, clayey sands with 
silt). 


4 GEOTECHNICAL MODEL 


The following analyses focus on the cross sec- 
tion 2-2”, orthogonal to the coast and thus includ- 
ing both Units A and B previously mentioned. 
Besides, due to gentle sloping of the ground 
surface, such alignment allows a rather straightfor- 
ward cross-correlation of in situ test logs. 

Four CPTU tests (CPTU22-1 to CPTU22-4 
from right to left) and two boreholes (BH22-1 
and BH22-2 from right to left) were available for 
interpretation and are presented as “raw data” in 
Figure 3(a). Figure 3(b) presents the profiles of the 
computed Icn and the corresponding SBTn for the 
whole set of CPTU, together with the indication 
of the most probable boundaries of soil layers. The 
associated geological Units, as commented in Sec- 
tion 2, are also reported. 

The SBTn profiles generally appear rather uni- 
form in Unit B2, whilst a certain heterogeneity is 
observed in the other soil layers. A few interbed- 
ded coarse-grained layers have been identified in 
CPTU22-2 and CPTU22-4, which might indicate 
proximity to abandoned streams. 

In this preliminary attempt to apply a Bayesian 
approach to the available data, the probabilistic 
identification of soil stratification has been car- 
ried out separately for each sounding, in order to 
have a more robust interpretation. According to 
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results, it generally appears that there is no cor- 
respondence across the tests in N and HN, i.e. 
number and boundaries of layers identified along 
each vertical. It is worth mentioning here that the 
proposed soil stratification is coupled with rather 
low values of the standard deviation, typically in 
the range 0.001-0.1 m and only exceeding such 
interval (0.33 m) for the boundary detected at a 
depth of 21.76 m in CPTU22-2. A combined anal- 
ysis of the tests would be undoubtedly crucial for 
the development of a comprehensive 2D and 3D 
stratigraphic model of the area and is currently in 
progress. 

As a final remark on stratigraphic conditions, 
it must be observed that the application of the 
method of Schneider et al. (2008) to the whole set 
of CPTU confirms the outcome previously com- 
mented for CPTU 22-4, i.e. a prevalence of silts 
and intermediate sediments (la and 3) rather than 
clay-like soils (SBTn = 3). In such case, partial 
drainage may occur during a standard rate CPTU 
(Tonni and Gottardi 2009, 2010, García Martínez 
et al. 2016) and this may have a significant effect on 
the derived soil parameters. Schnaid et al. (2004) 
have amply discussed the consequences of partial 
drainage on the undrained strength su, with ref- 
erence to piezocone data in a natural silty deposit 
and a tailings deposit from a gold mine, and val- 
ues of the undrained strength ratio su/o’v0 have 
been interpreted in terms of the most likely drain- 
age conditions. It was observed that this effect can 
result in an overestimation of su values, thus lead- 
ing to unsafe design. 

In what follows, estimates of the undrained 
shear resistance su in fine-grained soils, as deter- 
mined from CPTU22-4, are presented. Assuming 
normally-consolidated or slightly overconsoli- 
dated sediments, a cone factor Nkt = 14 has been 
adopted to convert the CPTU net cone resistance 
to undrained strength. Figure 4 shows the und- 
rained shear strength calculated in pronounced 
fine grained sediments (clays, clayey silts, silty 
clays) located below the water table, thus exclud- 
ing intermediate soils. Three separate trends can 
be observed for su within the soil layer from 10 to 
30 m in depth (labelled as Layer 4). In particular, 
when the whole data points are analysed, the com- 
puted estimates shows a bimodal frequency distri- 
bution (Figure 5). When distinguishing between 
Unit B2 and Unit B3, clays present a log-normal 
distribution, while silts/clayey silts follow a bimo- 
dal distribution, with significantly high values of 
su. In this latter case, the computed su must be 
considered with a great deal of uncertainty, due to 
potential partial drainage. It is interesting to note 
how the changes in trend are separated by thin 
soil layers, classified as transitional, indicating a 
change in depositional environment. 
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Figure 3. Cross section 2—2’: (a) CPTU test results; (b) Icn and SBTn profiles in conjunction with Unit subdivision; 
(c) CPTU-based classification results according to Schneider et al. (2008). 
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strength within different soil sub-units. 


5 CONCLUSIONS 


The paper describes part of a study carried out 
to develop a regional geotechnical model of the 
coastal area of the Emilia-Romagna region. A 
Bayesian approach has been adopted to identify 
soil stratification from CPTU. Geological infor- 
mation have been also taken into account to help 
in identifying soil stratigraphy. A few issues on 
the estimate of undrained shear strength in fine- 
grained soils from CPTU data are briefly dis- 
cussed, especially with reference to predominantly 
silty sediments. 

The development of a regional-scale geotechni- 
cal model of this area aims at providing guidance 
on the selection of appropriate tests and correct 
data interpretation. 
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ABSTRACT: The application to low plasticity silts of two CPTu-based soil behaviour type charts pro- 
posed by Schneider and co-workers during the last decade is explored. One chart is based on tip resist- 
ance and sleeve friction (O-F), and the other is based on tip resistance and dynamic pore water pressure 
(O-U2). CPTu soundings made at two mine tailings deposits with a predominance of silt-sized particles 
were considered. The results indicate that the mechanical response of the CPT in these low plasticity silts 
can be indistinguishable from that of sands. As such, it is argued that the potential for misleading clas- 
sifications can be reduced if the name of the ‘sands’ zone of the charts includes low-plasticity soils in 
general, regardless of fines content. Additionally, a new boundary for the drained zone of the Q-U2 chart 
is proposed to enhance the classification of loose or very compressible low-plasticity soils in which largely 


drained penetration is possible at low values of Q. 


1 INTRODUCTION 

The cone penetration test (CPT) and more spe- 
cifically the piezocone (CPTu) has proven itself 
to be one of the most valuable site characterisa- 
tion tools available to the geotechnical engineer, 
where ground conditions permit its use. The CPTu 
in its most basic configuration provides virtu- 
ally continuous measurement with depth of cone 
tip resistance (q,), shaft friction (f), and dynamic 
pore water pressure behind the cone shoulder (u,). 
Additionally, pore pressure dissipation data can 
be obtained during pauses for rod changes. These 
measurements, with appropriate calibration and 
correction, may be used to derive many geotechni- 
cal design parameters, or can directly be converted 
into design solutions (e.g. Lunne et al. 1997). The 
CPTu has found particular application in charac- 
terising hydraulic fills including tailings from min- 
ing processes, ash from thermal power plants and 
land reclamation or dredge fills. 

One of the first and primary interpretations 
of CPTu data is that of delineating the ground 
profile into layers of similar soil type. In contrast 
to laboratory soil type classification, based on 
physical parameters such as particle size distribu- 
tion (PSD) and Atterberg limits, CPTu classifica- 
tion relies on measured mechanical response to 
identify soil behaviour type (SBT). Nonetheless, 
CPTu SBT charts typically classify soils using 
conventional physical descriptors such as SAND, 
SILT & CLAY together with state or behavioural 
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descriptors relating to drainage, dilation, over- 
consolidation and sensitivity. In particular, CPTu 
SBT charts typically make a primary separation of 
the profile into (i) drained, SAND-like soils and 
(11) undrained CLAY-like soils. Such a separation 
is useful given that the approaches to interpret 
CPTu data differ in sands and clays. However, this 
combined physical-behavioural classification can 
yield misleading results in low plasticity soils such 
as coal ash and several types of mineral tailings. 
Although such soils are predominantly silt-sized, 
their mechanical behaviour can be indistinguish- 
able from that of sands. Importantly, this does not 
occur in tailings with significant plasticity such as 
those derived from kimberlite ores. 

Two SBT charts, which adopt a physical-be- 
havioural classification scheme and are based 
on normalised CPTu parameters, were proposed 
by Schneider et al. (2008, 2012). The normalised 
parameters used in these charts are: 


An 
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= = 1 
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where q, is the total tip resistance corrected for 
unequal area (Lunne et al. 1997), o,, is the total 


Table 1. SBT Zones of the Schneider et al. (2008, 2012) 
classification charts. 


Zone Simplified SBT description* 

la Clays with low rigidity index (Ip) 

lb Clays 

Ic Sensitive clays 

3 Silts and transitional soils 

2 Essentially drained sands and sand mixtures 


* See Schneider et al. (2008) for full descriptions. 


vertical stress, q, is the net cone tip resistance, o',, 
is the effective vertical stress, u, is the in-situ pore 
water pressure, and Au, is the excess penetration 
pore water pressure. 

Whereas Q and F are almost universally used 
by most SBT charts, in the Schneider charts U2 
replaces the more common B, (= Au,/q,) as the nor- 
malised pore pressure parameter. Schneider et al. 
(2008) show that although Q-U2 and Q-B, spaces 
are equivalent (since U2 = B,-Q), plotting data in 
Q-U2 space has the advantage of facilitating the 
distinction between the effects of overconsolidation 
and partial consolidation. Schneider et al. (2012) 
extended into Q-F space the framework proposed 
by Schneider et al. (2008) and updated the interpre- 
tation of some of the zones of the Q-U2 chart. 

The Schneider charts delineate clay zones based 
on trends from simple models of undrained pen- 
etration and delineate a sand zone based on actual 
CPTu data. To a large extent the charts aim at 
identifying whether cone penetration takes place 
under drained, undrained, or partially drained 
conditions (see zones in Table 1). 

Given the theoretical grounding of the Schnei- 
der charts and their agreement with the physical 
characteristics of soils across a variety of deposits, 
they are an interesting alternative for further devel- 
opment. Accordingly, the current paper explores 
the performance of the charts in low plasticity 
silts by considering CPTu soundings conducted at 
a thermal power coal ash dam and at a gold tail- 
ings dam. The results presented are expected to be 
useful to practitioners implementing the charts in 
similar soil types. 


2 SITE INFORMATION 


2.1 Thermal power coal ash dam 


The thermal power coal ash dam considered herein 
is an upstream construction that employs hydrau- 
lic deposition. Fly ash from the precipitators and 
coarse bottom ash from the boilers are pumped 
separately in slurry form to the ash dam. The outer 
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walls are constructed using only fly ash whereas the 
central area accepts both fly ash and bottom ash. 

Laboratory classification tests conducted on 
12 samples obtained from boreholes at different 
depths from different locations of the outer wall 
show that fines content (FC), taken as percent- 
age of particles smaller than 75 um, varies from 
51% to 93%, with an average of 75% and that 
the remainder of the particles are almost entirely 
sand-sized (< 4.25 mm) (Figure 1). All specimens 
are non-plastic, and classify as low plasticity silts 
(ML) according to the Unified Soil Classification 
System (USCS). Although predominantly a sandy 
silt, borehole profiles from different locations of 
the outer wall indicate that bands of silty sand are 
present in the deposit. The consistency of the ash, 
assessed from Shelby tube samples recovered dur- 
ing sonic drilling and from standard penetration 
testing, varies from stiff to very stiff throughout 
the entire depth of the outer wall. 

Two CPTu soundings (CPT3 and S02/2) con- 
ducted at the mid-height of the outer wall were 
selected for analysis. Profiles of u, and of the time 
required to achieve 50% dissipation of Au, (7;,) were 
determined from dissipation tests conducted at 
approximately 2 m intervals. Table 2 presents some 
of the main features of the CPTu soundings. It is 
worth noting that the low (< 100 s) t, values suggest 
that some degree of consolidation took place dur- 
ing cone penetration (DeJong & Randolph 2012). 

Since the Q-U2 chart relies on readings of Au, to 
determine SBT, its use is only possible in saturated 
soils. For the purposes of the current analysis, cap- 
illary effects were disregarded and only soil below 
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Figure 1. 
dam. 


PSD curves of 12 samples from the coal ash 


Table 2. Characteristics of CPTu soundings. 


Table 3. Fraction of data classified into the different 
zones of the Q-F chart. 


Sounding 

no.: CPT3 502/2 WNNRI J&WWESTI Zone CPT3 S02/2 

Distance 18.1 24.8 14 3 la 0.0 0.08 
considered 1b 0.03 0.46 
(m): 1c/3 0.75 0.46 

Quantity of 13 11 7 1 2 0.22 0.0 
dissipation Agreement with 0.35 0.29 
tests Q-U2 chart 

ts (S) 

Minimum 8 1 4 20 

Maximum 76 4 32 20 Table 4. Fraction of data classified into the different 

Average 25 2 16 20 zones of the Q-U2 chart. 


the water table was assumed to be saturated. Fur- 
thermore, in order to compare the performance of 
the Q-U2 and Q-F charts, the latter was also only 
employed for depths below the water table. 


2.2 Merriespruit gold tailings dam 


The second site considered herein is the Merrie- 
spruit gold tailings dam in South Africa which 
failed catastrophically on 22 February 1994. This 
case history has been documented in a variety of 
sources as reflected by the references in Papageor- 
giou (2004). 

Laboratory classification tests conducted on 
41 samples collected from different locations on the 
dam and on the breached tailings showed that FC 
varied from 42% to 99%, with an average of 77%, 
and that the remainder of the particles are sand-sized 
(< 4.25 mm). Plasticity index (PI) varied from 0 to 9, 
and the resulting USCS classifications were ML (pre- 
dominant) and SM. As discussed by Papageorgiou 
(2004), it is likely that a significant portion of the con- 
tained tailings was in a loose contractive condition. 

Two CPTu soundings (WNNRI and 
J&WWEST1) conducted on the beach of the dam 
approximately one month after the failure were 
selected for analysis. As per the South African geo- 
technical practice of the time, the soundings did not 
include f, readings. Profiles of u, and t, were deter- 
mined from dissipation tests conducted at approxi- 
mately 2 m intervals. Table 2 presents some of the 
main features of the CPTu soundings. As in the 
coal ash dam, the low £;, values suggest that consol- 
idation took place during the soundings (DeJong & 
Randolph 2012). Only measurements made below 
the water table were considered in the current work. 


3 PERFORMANCE OF THE CHARTS 


A summary of the classifications yielded by the 
Q-F and Q-U?2 charts is presented in Tables 3 and 4, 
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Zone CPT3 S02/2 WNNRI J&WWESTI 
la/3 0.0 0.19 0.35 0.0 

1b 0.0 0.01 0.11 0.0 

Ic 0.0 0.0 0.0 0.0 

2 0.85 0.26 0.07 0.50 

3 0.15 0.54 0.47 0.50 


respectively. The level of agreement between 
the two charts is also reported in Table 3 for the 
soundings conducted at the coal ash dam. A data 
point was considered to be classified equally by the 
charts if they yielded at least one common SBT 
description. For instance, a data point in zone 1c/3 
of the Q-F chart was considered equally classified 
by the Q-U2 chart if the latter yielded zone la/3, 
3, or Ic. 


3.1 Soundings at the coal ash dam 


Results from sounding CPT3 are shown in 
Figure 2. On the Q-F chart the data plots predomi- 
nantly in zone 1c/3. Conversely, on the Q-U2 chart 
the data plots predominantly in zone 2. Although 
the charts yield different results, in a sense both 
classifications can be considered correct. The pre- 
dominantly ‘silt’ classification by the Q-F chart 
is in agreement with the USCS classification of 
the ash. And although the ash is mostly a silt, as 
opposed to a sand, the “drained” descriptor of 
zone 2 yielded by the Q-U2 chart is in agreement 
with the low values of ¢,, and U2. It thus seems 
appropriate to conclude that chart Q-F yielded the 
correct physical descriptor but wrong behaviour, 
whereas the opposite situation resulted in chart 
Q-U2. Since it is the mechanical behaviour of the 
soil that is of interest in geotechnical applications, 
the results from chart Q-U2 can be regarded as 
more appropriate for this case. 

Different classifications are also yielded by 
the charts when considering sounding S02/2 
(Figure 3). The data on the Q-F chart plots mostly 
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Figure 2. Sounding CPT3 through ash material. 


in zones 1b and 1c/3 with virtually no data points 
in the drained region. In the Q-U2 chart, the data 
plots mostly in zones la/3, 2, and 3, with only very 
few data points in the clay zone. Given that there 
are no clays present in the ash deposit, it is again 
clear that the results of 

The Q-U2 chart are in better agreement with the 
nature of the soil profile. 


3.2 Soundings at the Merriespruit tailings dam 


Figure 4 shows the results of sounding WNNRI 
on the Q-U2 chart. Most of the data falls in zones 
la/3 and 3, which is consistent with the predomi- 
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Figure 3. Sounding S02/2 through ash material. 


nantly ML classification of the tailings. It is also 
noted that despite the scatter, the overall trend of 
the data is in very good agreement with one of 
the premises of the Q-U2 chart: As penetration 
becomes drained (U2 = 0) O approaches 20. This 
=suggests that the lower bound of O = 20 for zone 
2 is a good fit for this particular sounding. 

A different trend is observed in the results of 
sounding J&WWESTI (Figure 5). In this case 
the data points are split in equal proportions over 
zones 2 and 3. Again, this is in agreement with the 
predominantly ML classification of the tailings 
and the low t,, and U2 values. However, for this 
sounding drained (U2 = 0) penetration persists at 
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Figure 4. Sounding WNNRI. 


U2 = Au»z/5'vo 


Figure 5. Sounding J&WWESTI. 


O values as low as 10. This is likely a consequence 
of the loose in-situ condition of the Merriespruit 
tailings. 


4 DISCUSSION 


Table 3 indicates that the level of agreement between 
the two charts was rather low (35% and 29%) at the 
coal ash dam. Specifically, the data plots closer to 
the undrained region in the Q-F chart than in the 
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Q-U2 chart. In this case, it is known that the O-U2 
chart is yielding more realistic results because clays 
are absent from the coal ash dam and because U2 
is a more direct indicator than F of the level of 
drainage during penetration. It is thus apparent 
that the O-F chart is underestimating the extent 
of drained penetration and overestimating the 
presence of clays (i.e. undrained penetration). A 
site-specific adjustment to overcome these short- 
comings of the O-F chart would require that its 
boundary lines be shifted downwards and to the 
right. This would result in a greater portion of ash 
data being classified in the drained region, which 
would be consistent with the low U2 and t, values, 
and would reduce the portion of ash classified as 
clay, in agreement with the non-plastic nature of 
the material. It is worth noting that such shift of 
the boundary lines is in general agreement with the 
SBT zones in Q-F space recently proposed by Saye 
et al. (2017). 

Although overall, the Q-U2 chart yielded results 
that are in good agreement with the nature of the 
ash and tailings deposits, two instances have been 
noted in which the resulting classification is some- 
what misleading. 

The first instance is that soundings CPT3 and 
J&WWESTI indicate that important portions 
of the ash and gold tailings, which are predomi- 
nantly low-plasticity silts, plot in zone 2 which 
corresponds to drained sands and sand mixtures 
(Table 4, Figures. 2b and 5). As noted above, 
this classification yields the correct behavioural 
descriptor (i.e. drained) but the incorrect physical 
descriptor (i.e. sand). The reason for this partial 
misclassification lies in two assumptions implicit 
in the name of zone 2 and its boundaries in the 
Q-U2 chart. The first assumption implied by the 
name of the zone (Table 1) is that cone penetra- 
tion is only likely to be drained (U2 = 0) in sand 
or sand mixtures (FC < 50%). However, the data 
presented herein indicates that largely drained 
penetration can also occur in low plasticity silts 
with FC well above 50%. The second assumption 
implied by the name and boundaries of zone 2 is 
that at low absolute values of U2, Q > 20 is only 
likely if FC < 50%. The lower bound of O = 20 for 
zone 2 was chosen by Schneider et al. (2008) based 
on empirical data and numerical simulations. As 
such, the lower bound is a reasonable estimate for 
many situations as also confirmed by the results 
of sounding WNNRI (Fig. 4). Nonetheless, it is 
convenient to explore the validity of the underly- 
ing assumption that for drained penetration condi- 
tions FC is inversely correlated to Q. 

As a starting point one can consider the trends 
reported by Jefferies & Been (2015) which indi- 
cate that, for drained penetration, the magnitude 
of the normalised tip resistance is predominantly 


a function of the state parameter (yw) and of soil 
compressibility which can be represented by the 
slope (A) of the steady state line (SSL). FC is inde- 
pendent from stress level and density and is there- 
fore not correlated to y. It follows that if FC has 
an effect on O, a correlation should be expected 
between FC and A. 

Schofield & Wroth (1968) presented results 
indicating a direct correlation between PI and 2 
in clays, providing a rational justification for an 
FC-A correlation in plastic soils. Conversely, data 
for non-plastic soils collated from different sources 
does not support an FC-A correlation. This is illus- 
trated in Figure 6 where data from low plasticity 
soils of different origin fail to reveal a systematic 
correlation between FC and 2. The A values in 
Figure 6 were extracted from Torres-Cruz (2016) 
and assume a straight line idealisation of the SSL 
in e-log,,(p’) space, where e is the void ratio and 
p’ is the mean effective stress. The lack of corre- 
lation observed in Figure 6 is in agreement with 
Been et al. (2012), who noted that 1t is a “dubious 
assumption that fines content is a good proxy for 
material behaviour”. 

Seeing that drained behaviour and O > 20 are 
possible regardless of FC, it seems warranted to 
reconsider the name of zone 2 to “essentially 
drained low plasticity soils”. This would result in 
a decoupling of 

FC and mechanical response which, as sup- 
ported by the experimental data presented herein, 
is justified in low plasticity soils. 

The second instance in which there is a devia- 
tion between the results of the O-U2 chart and the 
observed mechanical response is in the occurrence 


A Assyros mixtures (Papadopoulou & Tika, 2008) 
e Merriespruit tailings (Papageorgiou, 2004) 

O Mizpah and Pay dam tailings (Vermeulen, 2001) 
X Sand-silt mixtures (Yang et al., 2006) 


0.2 
0.15 
< 0.1 
0.05 
0 
0 50 100 
FC (%) 
Figure 6. Avs FC data for low plasticity soils. 
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of drained behaviour at O < 20 (Figure 5). Schnei- 
der et al. (2008) pointed out that drained penetra- 
tion at Q < 20 was possible in loose compressible 
sands, and the data for sounding J& WWEST1 indi- 
cates that the same is also possible in low plastic- 
ity silts. To reduce the possibility of misclassifying 
drained soils into zone 3, it is suggested that the 
boundaries of zone 2 are reconsidered by taking 
account of the parameter B,. Given that one of the 
main effects of partial drainage on CPTu results is 
to influence tip resistance, it seems convenient to 
distinguish between drained and undrained condi- 
tions by considering Au, normalised by q,, i.e. B,. 

The exact value of B, that should be used ‘to 
identify drained conditions is still an unresolved 
issue. However, useful guidelines can be found in 
the literature. For example, Figure 5 shows that the 
original zone 2 proposed by Schneider et al. (2008) 
implies that the maximum absolute B, value that 
can be regarded as drained is approximately 0.01. 
Similarly, Jefferies & Been (2015) suggested that a 
maximum absolute B, value of 0.02 should be used 
to identify drained conditions. Regardless of the 
B, value adopted to identify drained penetration, it 
is suggested herein that a contour of an adequate 
B, value be adopted as a boundary for zone 2. As 
illustrated in Figure 5, such boundary would elimi- 
nate the need for a lower limit of Q and enable the 
correct identification of drained behaviour even 
in loose or compressible deposits of low plasticity 
soils were Q < 20 is possible. 


5 CONCLUDING REMARKS 


The current paper has explored the framework pro- 
posed by Schneider et al. (2008, 2012) to estimate 
SBT from CPTu data. The framework was chosen 
for study because its rational basis and agreement 
with empirical data make it an attractive option for 
further development. 

The CPTu soundings considered herein were 
made at a coal ash disposal facility and a gold tail- 
ings dam as examples of low plasticity silts with 
FC > 50%. Overall, the results of the Q-U2 chart 
were more realistic than those of the Q-F chart. 
The site-specific modifications that would have to 
be made to the Q-F chart in order to obtain better 
results are in general agreement with the findings 
of Saye et al. (2017). 

Significant portions of the ash and gold tailings 
deposit were classified in zone 2 of the Q-U2 chart 
which corresponds to drained sand and sand mix- 
tures. Accordingly, it is suggested that the name 
of zone 2 be changed to “essentially drained low 
plasticity soils” so that it accommodates both silty 
SANDS as well as sandy SILTS of low plastic- 
ity. The suggestion is supported by CPTu results 


indicating that drained penetration is possible 
in low plasticity silts and by laboratory results 
that show that there is no systematic correlation 
between the FC and A for low plasticity soils. It has 
also been suggested that the boundary for drained 
behaviour (zone 2) be defined in terms of a B, con- 
tour (e.g. + 0.01 or + 0.02). The proposed bound- 
ary enables the identification of drained behaviour 
in loose or compressible deposits of low plasticity 
soils without imposing a lower bound on Q. 
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Interpretation of soil stratigraphy and geotechnical parameters 
from CPTu at Bhola, Bangladesh 
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ABSTRACT: Soils are very complex materials and characterization of soil behavior requires interpre- 
tation of many geotechnical parameters, such as soil stratigraphy, stress history and index properties. 
Piezocone Penetration Test (CPTu) is a proven tool for effective and reliable subsoil exploration and for 
evaluation of near continuous soil stratigraphy and interpretation of many geotechnical parameters. The 
CPTu measurements (q„ f, and u,) can be interpreted by using theoretical, analytical, and statistical meth- 
ods; or by using other in-situ tests techniques or laboratory investigations to evaluate suitable geotechnical 
parameters that can be used in engineering practice. This paper presents interpretation of soil stratigra- 
phy and evaluation of geotechnical parameters from CPTu measurements using laboratory investigations 
and in-situ Standard Penetration Test (SPT). Three pairs of CPTu and SPT tests were performed on 
the coastal embankment located in southern part of Bangladesh. The assessed geotechnical parameters 
include Soil Behavior Type, Mean Grain Size and Fines content. It is expected that this paper will provide 
valuable insight of CPTu data interpretation of the studied geologic setting, at Bhola, Bangladesh. 


1 INTRODUCTION have been done in the same location (within 2 m 
to 3 m of CPT locations) to interpret Geotech- 
Soil Investigations has evolved to improve under- nical parameters such as grain size, fines content 
standing of soil type, stratigraphy and its strength and behavior index from available CPT-SPT based 
and sustainability as a structural element or a correlations. Also, an approach has been taken to 
resisting element in facing erosion. The Standard interpret SPT blow count (N,,) from CPT cone tip 
Penetration Test (SPT) is widely employed in-situ resistance (q,). Interpreted results have been com- 
test. Even though there have been many attempts pared with laboratory obtained results and new 
to standardize the SPT process, it is still a problem correlations have been proposed where laboratory 
for geotechnical engineers to gather reliable and obtained data deviated from existing correlations. 
repeatable SPT results. A significant experience 
related to the design methods from the local SPT 
correlation has been built. However, in future, it 
is expected that more CPT will be performed thus 2.1 Gener 
: : : Saat i eneral 
improving local experience and the reliability of 
site investigation data. However, until a reliable Field investigations were carried out mainly 
CPT database has been created, it is necessary to through the application of Cone Penetration 
be able to correlate between SPT and CPT in order Testing (CPT) and Standard Penetration Test- 
to use SPT-based data that already exist. ing (SPT). A total of three pairs of CPT and SPT 

The Cone Penetration Test (CPT) has become a were performed in different locations within the 
significantly popular in-situ test to do site investi- study area and each pair of CPT and SPT was car- 
gation and do geotechnical design. It is useful for ried out as close as possible (SPT were performed 
stratigraphy delineation and continuous fast record within 2 m to 3 m of CPT locations), maximum 
of parameters such as cone tip resistance (q,) and horizontal distance between each CPT locations 
sleeve friction (f). The merits of the CPT are the was not greater than 500 m. In this research, field 
repeatability, continuous measurement, and sim- investigations were carried out in Charfasson, 
plicity (Robertson et al, 1983). Bhola, Bangladesh as shown in Figure 1. 

In this study an approach has been taken to The geologic formations of the research site are 
obtain soil profile based on cone tip resistance(q.), loamy to clayey, calcareous and poorly drained. 
friction ratio (R,), Soil behavior index (I) and pore  Calcareousness decreases from west toward east 
water pressure (u) to depths up to 30 m. SPTs tests of the Meghna confluence while the silt content in 


2 FIELD INVESTIGATIONS 
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Figure 1. Study location. 


soil decreases both toward the east and the west of 
Bhola district. 


2.2 Cone Penetration Test 


CPT soundings were advanced using a Hogen- 
togler type piezocone penetrometer with a cross 
sectional area of 10 cm? and which can measure 
the pore water pressure (u,), as well as the cone tip 
resistance (q.) and sleeve friction(fs). To perform 
the test, the cone was pushed vertically into the 
ground at a constant rate of approximately 20 mm/ 
sec. During the advancement, measurements of 
dynamic pore water pressure, tip resistance and 
sleeve friction were recorded continuously at 
10 mm depth increments. The typical penetration 
depth for this study was approximately 28-32 m 
below from ground surface. 


2.3 Standard Penetration Test 


SPT were conducted according to ASTM D1586. 
Boreholes for the SPT were advanced by wash bor- 
ing. The split spoon sampling method was used to 
obtain soil samples from boreholes and disturbed 
representative samples were collected. Samples 
recovered from boreholes were stored in plastic 
bags which were used for laboratory testing. Poten- 
tial source of uncertainty which may affect SPT 
N-value has been carefully taken into account. 
Borehole drilling, soil sampling and SPT N-value 
recording procedures were observed by experi- 
enced geologist during the entire test program and 
this individual provided visual descriptions of the 
collected samples. SPT N-value and a sample were 
taken at every 0.45 m intervals. Rope and cathead 
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SPT hammer-release was used and the efficiency 
of hammer was estimated to be 60%. 


3 SOIL STRATIGRAPHY 


Based on the results of the subsurface explorations, 
the subsoil profile at study area can be divided into 
three strata. The soil within the test area is prima- 
rily comprised of grey medium stiff to stiff clayey 
silt of medium plasticity with traces of fine sand 
and loose to medium dense fine sand with trace 
of silt and mica. The soil strata of borehole | and 
3 are interbedded with the aforementioned two 
types of soil whereas borehole 2 is single layered 
comprising only grey medium stiff to stiff clayey 
silt. The ground-water table is located 4.5 m below 
from EGL in all the boreholes. Note that, there 
was considerable variability in the measured SPT 
N-value between boreholes, at different depths 
ranging from 3 to 16 and maximum corrected cone 
tip resistance (q,,) was close to 12 MPa. 


3.1 CPT-SPT profile 


Cone Tip resistance q, (normalized) and SPT 
blow count Ne and N; s (normalized) have been 
plotted along with depth for all three bore holes. 
It observed that q., varies from 0.5 to 12 MPa and 
peak values are reached below 15 m depth. SPT 
blow count N, varies from 3 to 16. On Figure 2, it 
may be observed that CPT and SPT values seems 
to be proportional in most of the cases. 
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Figure 2. CPT-SPT profile of Borehole 1, 2 and 3 
respectively. 
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Figure 3. SBT profile for all the bore holes. 
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Figure 4. Variation of friction ratio with respect to 
depth. 


3.2 SBT profile 


Soil Behavior index I, was determined for all 
the boreholes using the equation provided by 
Robertson (1990). 


Isgr = [3.47 — log(qc/pa))? + (log Rf + 1.22)2]°° 


All the boreholes have similar trends of varia- 
tion in behavior index(I,) and varying from 0 to 
about 3.5 for all the boreholes. 


3.3 Variation of friction ratio 


Friction ratio (Rf or f,) is defined as the ratio of 
sleeve friction (fs) to cone tip resistance (q,) 
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Figure 5. Variation of pore pressure with respect to 


depth for all three bore holes. 


R% = 100*f/q, 


Friction ratio of all three boreholes has similar 
pattern and most cases it varies between 0 to 5. The 
peak value of friction ratio for all three bore holes 
varies from 9 to 12. 


3.4 Variation of pore pressure 


Pore pressure varies from 0 to 0.4 MPa bellow 20 m 
depth and suddenly increases up to 0.85 MPa after 
20 m. All three boreholes show similar variation. 


4 LABORATORY INVESTIGATION 


4.1 


Soil sampled recovered from the three boreholes 
were individually assessed and classified based on 
dry sieve analysis. Sieve analysis was performed 
according to ASTM C136 on 20 disturbed soil 
sample from 3 boreholes. These soils contain rea- 
sonable amounts of fines (fc) ranging from 5 to 
26%, fineness modulus ranging from 0.49 to 1.36 
and mean grain size (d,,) ranging from 0.14 to 0.25. 


Sieve analysis 


5 ANALYSIS AND RESULTS 
5.1 Interpretation of mean grain size from the 
ratio of Cone Tip Resistance (q.) to SPT 
blow count (Neo) 


A range for Mean grain size (d,,) was determined 
based on correlations presented by Robertson 
et al. for North American soil (1983), Burland 
and Burbidge for London soils (1985), Kulhawy 
& Mayne for soils of California (1990), Canadian 
foundation engineering manual (Canadian Geo- 
technical Society 1992) and Anagnostopoulos 


Table 1. Soil Gradation chart. 


Bore hole 1 Bore hole 2 Bore hole 3 
Depth dy f dy f dy fh 
1.50 0.18 8.90 0.25 10.00 0.19 15.56 


4.50 0.14 1562 ND ND ND ND 
9.00 ND ND 0.16 15.00 0.14 7.90 
12.00 0.17 11.12 ND ND 0.16 15.00 


15.00 0.18 6.34 0.17 9.30 ND ND 
16.50 ND ND ND ND 0.22 2.77 
18.00 0.18 4.77 0.19 6.62 ND ND 
21.00 0.14 8.50 ND ND 0.18 
24.00 ND ND 0.19 2600 ND ND 
25.50 0.18 1052 ND ND 0.22 4.29 
28.50 ND ND 0.20 6.72 ND ND 
30.00 0.20 5.00 ND ND ND ND 


ND = Not Determined 


for Greek soils (2003) and are shown in Figure 6. 
The laboratory obtained results are plotted on the 
same figure to compare the interpreted results to 
the actual results. The qc/N,, ratio of selected data 
set are less scattered and vary from about 2-12 for 
a variation of d,, from 0.14-0.25 mm whereas the 
available correlations give a range of d, from 0.06 
to 0.5 for the same variation of qc/N, ratio. 


5.2 Interpretation of fines content size from the 
ratio of Cone Tip Resistance (q.) to SPT 
blow count (Noy) 


The fines content based correlations proposed by 
Chin et al. (1988) and Kulhawy 8 Mayne (1990) 
are presented in Figure 7 along with collected 
data sets of this study. Laboratory obtained data 
are a little scattered but appeared to be a loga- 
rithmic relationship unlike the interpreted values 
from available linear correlations. But the trend 
line of plotted data set shows that with increas- 
ing qc/N ratio, fines content decreases as indicated 
by previous researchers. The determination factor 
(R?) based on 20 data points is 0.344 > 0.3 which 
although relatively poor, considered to provide a 
starting point for the CPT database. 


5.3 Interpretation of behavior index from the 
ratio of Cone Tip Resistance (qc) to SPT 
blow count (N60) 


Calculated CPT based Ic was plotted against 
the ratio of CPT cone resistance q, to SPT blow 
count N,, and compared to the existing correlation 
between q /N and Ic provided by Jefferies & Davies 
(1993) which was modified by Robertson and Wride 
in (1998) and Robertson (2012). Fig. 8 shows that 
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Figure 6. Variation of ratio (q./pa)/N¿, with mean grain 
size, d, comparison. 
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Figure 7. Variation of ratio (q,/pa)/N¿, with fines con- 
tent, f, comparison. 
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q/N ratio for 54 study data points show the same 
pattern as existing correlations. q/N ratio for 
selected data points varies from 1 to 7 with a varia- 
tion of SBT index from 1.8 to 3.3 whereas existing 


correlations suggest that with similar variation of 
SBT index q/N has a range of 1.5 to 5. 


5.4 Interpretation of SPT blow count (Ny) from 
CPT cone tip resistance 


Elbana et al (2011) proposed a linear relationship 
between SPT blow count and CPT cone tip resist- 
ance which is qa, = 0.45*N,,¿,. To establish a linear 
relationship between qc and N60, normalized cone 
tip resistance was plotted against SPT blow count 
for 55 data points. On Figure 9 we observe that, 
although the data points are scattered, the linear 
average trend line gives a relationship between 
CPT and SPT close to Elbana et al which is 
qa = 0.42 * Niss with a coefficient of determina- 
tion (R?) = 0.1327. 


5.5 Interpretation of Shear Strength Parameter 
(0) from SPT and CPT 


Drained friction angle obtained from direct shear 
test was compared with SPT based friction angle 
provided by Wolff (1989), Kulhawy and Mayne 
(1990) and Hatanaka and Uchida (1996) respec- 
tively and CPT based friction angle provided by 
Robertson and Campenella (1983), Kulhawy and 
Mayne (1990) and Minmura (2003), these values 
are shown in Table 2. 

From above table we observe that for a varia- 
tion of SPT from 4.5 to 6, the interpreted drained 
friction angle of internal friction remains within 
the range of 25-30? whereas results obtained from 
direct shear test shows a variation of @ of 30-31". 
For a variation of cone resistance from 1.1- 
1.8 MPa existing correlations provides a range of 
23-31 whereas drained friction angle from direct 
shear test varies from 30 to 31°. Hatanaka & Uch- 
ida 1996 and Mimura 2003 are in best agreement 
with the laboratory test results. 
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Figure 9. Variation of normalized cone tip resistance 
(qa) with normalized SPT blow count N, «x comparisons. 
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Table 2. Comparison of drained friction angle from 
direct shear test results with SPT & CPT based friction 


angle. 
Sample Bhola 1 Bhola2 Bhola 3 
From Direct shear test 31 30.5 30 
SPT SPT N60 6 4.5 4.5 
Kulhawy & 27.3 25.08 25.08 
Mayne 1990 
Hatanaka & 29.95 28.62 28.62 
Uchida 1996 
Wolff 1989 28.88 28.44 28.44 
From CPT qe 1.8 1.1 1.17 
CPT Robertson & 27.47 23.65 24.22 
Campanella 
1983 
Kulhawy & 25.08 22.71 23.04 
Mayne 1990 
Mimura 2003 30.59 28.21 28.54 


6 CONCLUSIONS 


This study was intended to assess the best way pos- 
sible to evaluate the use of correlations between 
laboratory and field investigation data so that it 
serves in various ways from saving time to saving 
money. 

This study suggests that CPT data can be utilized 
to obtain high quality soil stratigraphy. Interpreted 
mean grain size and fines content from available 
correlations deviate from actual values. But better 
fines content values can be interpreted for local 
soil using (q/pa)/N, so = 4.09In(fc) + 13.65. On 
the other hand, behavior index based correlations 
gives values close to the real values. Also, interrela- 
tion between CPT and SPT proposed by Elbana 
et al (2011) may prove to be very useful for the local 
soil types. Drained friction angles interpreted from 
both CPT and SPT give values reasonably close to 
laboratory investigations, with more recent corre- 
lations giving better agreement. 

Very little researches have been conducted with 
CPT-SPT data interpretation in our country, this 
study was a small part of an extensive research 
to profile, characterize and analyze soils from the 
northern-most riverine embankment to the south- 
ern-most coastal embankment. 
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ABSTRACT: The Thermal Cone Penetration Test (T-CPT) records temperature dissipation during an 
interruption of the Cone Penetration Test (CPT) to determine the thermal properties of the ground, 
taking advantage of heat generated in the cone penetrometer during normal operation. This paper com- 
pares two interpretation models for thermal conductivity. It is found that the thermal conductivity can 
be accurately determined. Care must be taken of the initial heat distribution and sensor location within 
the temperature cone to achieve accurate results. Furthermore, laboratory test data are presented that 
show that the full-displacement push of a penetrometer into sandy strata has limited influence on thermal 
conductivity values. 


1 INTRODUCTION 


Heat flow through the ground is of importance 
for applications from power cables, (shallow) geo- 
thermal energy and the storage of certain types of 
waste. There are currently few methods of deter- 
mining the in-situ thermal properties, and those 
which exist either take a considerable amount of 
time or suffer from poor reliability or robustness. 
The Thermal Cone Penetration Test (T-CPT) 
records temperature dissipation during an inter- 
ruption of the Cone Penetration Test (CPT) to 
determine the thermal properties of the ground, 
taking advantage of heat generated in the cone pen- 
etrometer during normal operation. The T-CPT 
can be used over a large range of depths, unlike 
a needle probe, and can be taken during a CPT, 
thereby greatly reducing operation time. T-CPT 
measurements can be interpreted according to 
an empirically determined interpretation method 
(Akrouch et al., 2016) and a physics-based inter- friction 
pretation method (Vardon et al. 2017; the authors sleeve > 
of this paper). This paper compares these methods. 


push rod 


2 THERMAL CONE PENETRATION TEST 


temperature 
sensor 


The T-CPT uses a standard cone penetrometer — 
with the addition of a temperature sensor, for 
example in the centre of the cone tip, as shown in 
Figure 1. H 

The T-CPT protocol is the same as for a CPT 
where cone tip resistance, sleeve friction and some- 
times pore-pressures at various locations in the Figure 1. T-CPT cone penetrometer. 


—>| r~20 mm 
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cone are measured (e.g. ISO, 2012). At the location 
where the thermal conductivity is required, the test 
is interrupted (stopped) and the temperature decay 
is recorded. The test is continued until the thermal 
conductivity converges to a good solution or until 
no further thermal decay is observed. 

No heat source is required in the cone pen- 
etrometer and a minimum temperature difference 
between the ground and the cone penetrometer is 
required of approximately 3*C. 


3 INTERPRETATION METHODS 


3.1 


3.1.1 Principles 

This method uses a 1D axisymmetric heat conduc- 
tion equation. Therefore, this method should be 
used in situations which are dominated by con- 
duction, as is typical in soils. Vardon et al. (2017) 
gave three different approximate solutions all of 
which gave the same final solution to determine 
the thermal conductivity. The simplest of these is 
a solution for an instantaneous heat release along 
a line inside a finite medium, which is given by 
Carslaw and Jaeger (1959) as: 


ox 


where T is the temperature, r is the radial coordi- 
nate, ¢ is time, T, is the initial temperature, H,/L 
is the heat release per unit length, k is the thermal 
conductivity, c, is the specific heat capacity and p 
is the density. 

Taking the natural logarithm and rearranging 


gives: 
) In (7) 


and recognising that the last term is insignificant 
at small r and large 1, leads to an expression for the 
thermal conductivity: 


Physics-based interpretation method 
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where f. is a factor included for calibration of the 
T-CPT cone, mainly relating to the location of the 
temperature sensor. 

The heat content per length, H,/L, can be cal- 
culated by: 


H,/L=(T. 


max 7 Lo)e (4) 


Ds steelP steel Aga 
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where A, is the cross sectional area of the 
T-CPT cone and T, is the maximum recorded 
temperature. 


It can be observed that the gradient of Equa- 
tion 2 with respect to In (t) is -1, and exploiting this 
leads to an expression for the initial in-situ tem- 
perature as: 


¡ERE 
parni (5) 


1 


where the subscript 1 relates to the earlier time and 
2 the later. 

For all of these equations, sufficient time is 
required to yield a converged answer. For a typical 
soil this time has been seen to be between 500 and 
1000 seconds. For very early times in the test the 
assumption of an infinite line does not hold. 

Alternatively a graphical method can be used, 
based on Equation 2. Again recognising that at 
long times the last term is insignificant and that 
the gradient of In (T — T,) — In (t) is —1 allows 
the intercept of a linear extrapolation of a 
In (T — T,) — In (1) from the linear portion to the 
y-axis to be used in the following: 

ST, Li) 


4zexp(i,) (6) 


e 


where i, is the intercept. An example is shown in 
Figure 2, where the recorded data is shown as a 
curved line and the linear extrapolation is shown 
by the straight line. 


intercept =/6.63 


In(T-70), °C 


In(t), s 


Figure 2. Example graphical method (Vardon et al. 
2017). 


3.1.2 Calibration factor 

A numerical modelling study was carried out to 
determine the fç calibration factor. The factor 
corrects for two aspects: (1) the cavities in the cone 
penetrometer; and (ii) the location of the sensor. 
1D modelling was carried out to test the working 
of the method, eliminating the above two effects 
(see Vardon et al., 2017 for details). 

The model was simulated using COMSOL v5.2 
using heat conduction. The geometry was 2D 
axisymmetric and includes a realistic geometry 
moderately simplified to reduce the complexity of 
the mesh and interior air-filled voids of the cone 
were removed. The mesh is presented in Figure 3. 

The simulations were run in two stages, (i) a 
heat generation phase to represent pushing the 
cone through soil, and (ii) a heat dissipation stage 
to simulate the T-CPT. In the first stage, only the 
cone penetrometer was modelled (not the soil), with 
a heat flux boundary on the cone tip (500 W/m’). In 
the second stage, the soil is included in the simula- 
tion and the model had a fixed temperature bound- 
ary condition of 7, at the far field and zero flux 
conditions at all other boundaries. Both stages sim- 
ulated 1000 seconds. The initial temperature for all 
materials was 20°C. A range of thermal conductivi- 
ties of the soil were simulated. The other material 
properties of the soil were: specific heat capacity, 
c, = 800 J/kgK and density, p= 2000 kg/m’. For the 
steel of the cone penetrometer they were: specific 
heat capacity c, = 475 J/kgK, density, p = 7850 kg/ 
m' and the thermal conductivity, k = 44.5 W/mK. 

The results of a typical simulation are shown 
in Figure 4. The temperature dissipation after 500 
seconds of the heat dissipation part of the test is 
shown. The temperature distribution is uneven, 
with higher temperatures close to the cone tip. 
The heat flow can be observed to be largely radial, 
albeit with some strong 2D effects. 

The calibration factor, calculated considering 
only the average area of steel in the cross section 


Domain and mesh details (Vardon et al., 2017). 


Figure 3. 
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Figure 4. Contour plot of temperature (in *C) at 500 
seconds, after the dissipation part of the test has begun 
(Vardon et al., 2017). Axes are in mm. 
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the cone tip and mid-height (Vardon et al., 2017). 


of the cone penetrometer, is 0.66. For the simula- 
tion presented here, with the temperature sensor in 
the cone tip, the calibration factor ranged from 0.3 
to 0.38 with the thermal conductivity ranging from 
1 to 3.5 W/mK, as shown in Figure 5. Between 
thermal conductivities of 2 to 3.5 W/mK the cali- 
bration factor is seen to be virtually constant. As 
shown, if the temperature sensor was moved to 
the mid-height of the cone, the calibration factor 


would be close to the value correcting only for the 
cross sectional area. 


3.2 Empirical interpretation method 


Akrouch et al. (2016) recognised that the heat con- 
duction and hydraulic flow equations are math- 
ematically equivalent. They therefore proposed 
adopting the form of an empirical equation used 
to estimate the hydraulic conductivity for pore 
water pressure dissipation in CPTs to estimate the 
thermal conductivity from T-CPTs. 

A numerical parametric study was carried out 
to calibrate the empirical equation leading to the 
following equation: 
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where t, is the time (s) for dissipation of half the 
initial increase in temperature and k is expressed 
in W/mK. 

After comparing Equation 7 to experimental 
results the equation was modified to: 


k= (7) 


(8) 


It is noted that both Equation 3 and 8 are 
inversely proportional to time, and both require 
knowledge of a maximum and minimum tem- 
perature. However, the empirical method requires 
a fictional maximum temperature, derived from 
a post data collection hyperbolic fit whereas the 
physics-based method requires simply the maxi- 
mum recorded temperature. 


4 COMPARISON OF INTERPRETATION 
METHODS 


The two methods have been tested against the field 
(T-CPT) and comparative laboratory data pro- 
vided by Akrouch et al. (2016) with a cone diam- 
eter of 44 mm, Data Set 1, and Vardon et al. (2017) 
with a cone diameter of 36 mm, Data Set 2. 


4.1 


Figure 6 compares the interpretation methods for 
the 3 sites of Data Set 1: Fugro, NGES and LA. 
The data was used for the calibration of the empir- 
ical method, therefore this method was expected to 
perform well. It is noted that the cone is a different 
cone than used to calculate the calibration factor 
for the physics-based method (Section 3.1.2), but 
this factor has also been used here. 


Data set 1 
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Figure 6. Comparison of interpretation methods. 


It is seen that both methods can show the trends 
in the thermal conductivity behaviour. However, 
the physics-based method (shown with the solid 
data points) more accurately determines the dif- 
ference between the Fugro and NGES sites. In 
general, the physics-based method slightly over- 
predicts the values (they are above the black line), 
which suggests that this cone has a marginally 
lower calibration factor, although it is thought 
likely that sampled material may have slightly 
desaturated. 

The observed inability of the empirical method 
to demonstrate the difference between the Fugro 
and NGES sites is attributed to a higher heat 
capacity of the soil at the Fugro site, of about 
10 to15%. The empirical method utilises a t; value 
(the time taken for the elevated cone temperature 
to dissipate to half its value) and, as illustrated in 
Equation 2, the heat capacity plays an important 
role early in the test. The heat capacity was consid- 
ered in the empirical model, but only in the calcu- 
lation of the constants in Equations 7 and 8, and 
therefore does not distinguish between soils with 
different heat capacities. 

Further differences between the two methods 
are that the empirical method requires a hyper- 
bolic curve fitting procedure to determine 7, and 
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temperature as defined in Section 3.1.1, but a 
fictional maximum from the hyperbolic fit. The 
hyperbolic fit utilises all of the data taken in this 
test to gain a good fit, i.e. 1800 seconds, whereas 
Equation 5 is seen to determine this same value 
in around 600 seconds (25.90*C), as shown in 
Figure 7, in contrast to the recorded temperature 
which does not reach this in-situ temperature even 
at 1800 seconds. 

The calculated value of thermal conductivity for 
the physics-based method is also seen to converge 
in the same time as 7, (around 600 seconds), as 
shown in Figure 8, indicating that the test could 
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be reduced in time, by up to a factor of 3 for both 
methods. 


4.2 Data Set 2 


Data Set 2 covers four different methods: (1) T-CPT, 
(11) in-situ thermal needle probe, (iii) thermal nee- 
dle probe on sampled material, tested immediately 
after sampling, and (iv) thermal needle probe 
on sampled material in the laboratory, includ- 
ing undisturbed, reconstituted and multiple den- 
sity tests. The T-CPTs were undertaken as CPTU 
according to ISO (2012), stopped at the selected 
test depths, and the temperatures recorded. The 
thermal needle probe tests were performed accord- 
ing to the ASTM (2014) D 5334-14 standard. The 
soil profiles at the test locations were mainly sand, 
but at some locations clay is located close to the 
ground surface. The calibration factor fac = 0.35 
was used in all cases, matching a thermal conduc- 
tivity of 2 W/mK, as an a priori best estimate of 
thermal conductivity. 

Only select results from in-situ tests are presented 
here for clarity and brevity. Four different locations 
are shown in Figures 8 to 10 with a range of depths 
from 5 m to 35 m. The thermal needle probe tests 
and the T-CPTs were generally a few metres apart 
horizontally at each location, and in Figure 10 the 
sub-locations were up to 10 m apart. It was not 
always possible to do tests at the same depth, as 
in deeper locations where the T-CPT could easily 
take tests the in-situ needle probe proved fragile 
and in shallower depths a sufficient temperature 
increase in the cone was not always achieved. At 
location 4a, to compensate for the lack of compa- 
rable results at depth, a borehole was drilled and an 
in-situ needle probe was taken below the bottom of 
the borehole at about 34 m depth. 
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All figures show excellent agreement between 
the physics-based method and the in-situ needle 
probe tests, with a range of depths and thermal 
conductivities. The empirical method generally 
significantly overestimates the thermal conductivi- 
ties, with the exception of location 3. However, 1t 
is observed that between tests at the same location 
a reasonable comparative trend is observed, see 
Figure 10 (location 4). It is thought that the over- 
estimates are due to a number of factors, including 
the reduced cone radius (a lower initial heat con- 
tent) and the wider range of thermal conductivi- 
ties. In all cases the ¢,, values for Data Set 2 were 
significantly lower than for Data Set 1, due mainly 
to lower amount of heat contained in the smaller 
diameter cone. It is thought that while the empiri- 
cal method proposed a single equation, each cone 
would have different parameters. 

In all cases the thermal conductivity changes 
over the soil depth profile. This is consistent with 
changes in density (generally increasing, due to 
increasing overburden stresses), and with a vari- 
ation due to soil material changes. In particular, 
CPTU interpretation shows clay near surface and 
sand at greater depths for locations 1, 2 and 4, and 
in location 3 a small clay layer was observed at 
13 m giving a lower thermal conductivity. 
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Figure 10. Thermal conductivity results at location 4. 


5 INFLUENCE OF SAND DENSITY 


In comparison to a needle probe, a cone penetrom- 
eter has a large diameter, therefore increased soil 
disturbance applies. The rate of penetrometer 
insertion is typically 20 mm/s (ISO, 2012), which, 
in fine grained soils, results in undrained deforma- 
tions, i.e. largely without volume change. However, 
for sandy soils, drained conditions may apply. It is 
noted that heat moves through both the fluid and 
solid parts of soil and therefore the structure is of 
a lesser importance. 

The zone of influence of a CPT in sandy soil 
depends on particle size distribution, in-situ stress 
conditions and drainage. It has been estimated to 
be up to 8 cone diameters horizontally (Melnikov 
& Boldyrev, 2015). Even in dry sand volumetric 
strains are small, with both contractive and expan- 
sive strains being less than 2% outside ~0.2 cone 
diameters (Mel’nikov & Boldyrev, 2015). 

The thermal zone of influence (Figure 5) 
is approximately 2 cone diameters within the 
part of the test needed to calculate the thermal 
conductivity. 

Figure 11 presents example results of labora- 
tory tests undertaken to investigate the sand den- 
sity aspect. The thermal conductivity tests were 
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Figure 11. Thermal conductivity against density for 3 
samples. 


performed using a KD2 Pro Thermal Properties 
Analyzer (Decagon Devices, Inc.) with a TR-1 
thermal needle probe (100 mm length, 2.4 mm 
diameter), according to ASTM (2014). The sam- 
ples had dry densities from ~1.3 to ~1.6 Mg/m;, so 
representing about a + 10% volumetric strain from 
the mean. The initially moist samples were flooded 
with water and subjected to increasing densifica- 
tion by means of a vibrating table. The thermal 
conductivities for each sample have an average 
range of 0.24 W/mK and therefore for a 2% volu- 
metric strain the approximate difference would be 
approximately 0.02 W/mK, which is within the 
measurement error. 

While using a cone penetrometer to take in- 
situ measurements may have a limited error due 
to density changes, this is thought to be signifi- 
cantly less than that of taking samples, which were 
found, in general, to exhibit slightly lower thermal 
conductivity values than the field tests, attributed 
mainly to total stress relief upon sampling and 
de-saturation. 


6 CONCLUSIONS 


This paper compares two interpretation methods 
for deriving in-situ thermal conductivity of soil 
from a cone penetrometer equipped with a tem- 
perature sensor. The test method (T-CPT) relies 
on a temperature rise in the steel of the penetrom- 
eter during a cone penetration test and subsequent 
measurement of temperature decay during a pause 
in penetration. The test equipment is more robust 
than needle probe type tests and therefore allows 
thermal conductivity to be measured at depth, 
without tools being swapped. The physics-based 
method is shown to reliably measure the ther- 
mal conductivity over a wide range of conditions 
and requires only spreadsheet-type analysis to be 
undertaken. A method of predicting the initial in- 
situ temperature is also shown allowing the test to 
be undertaken in a significantly reduced time. 
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ABSTRACT: 


In the UK and Ireland bearing pile design is generally based on the “design by calcula- 


tion” methodology where soil strength parameters are obtained from in-situ data or through empirical 
correlation with ground test results. Direct ground test results from Cone Penetration Tests (CPT’s) are 
seldom used to complete ultimate limit state designs to satisfy EC7. This paper discusses the development 
of a numerical method where direct results from CPTs are used to design bearing piles. The method was 
verified through a case study where a large amount of CPT data was available. The resulting pile designs 
were compared to the more commonly used “design by calculation” approach and “design by pile load 
test”. The numerical method was incorporated into the AllPile (Axially and Laterally Loaded Pile) soft- 
ware which supports single pile design according to EC7. 


1 INTRODUCTION 


1.1 Pile design to EC7 


Eurocode 7 offers a number of methodologies for 
completing pile design to satisfy Ultimate Limit 
State (ULS) requirements. Typically, the Service- 
ability Limit State (SLS) requirements for pile 
design are satisfied once ULS requirements are 
met. This paper does not consider SLS design in 
detail and focusses on ULS design. 

The three ULS design verification methods 
offered by EC 7 are: design by calculation, design 
by load test and design by ground test. “Design by 
calculation” is satisfied by determining character- 
istic parameters for the strata encountered. These 
parameters are typically arrived at through corre- 
lation with the results of field tests and through 
direct measurement using laboratory testing. The 
characteristic parameters are used to calculate 
characteristic pile base and shaft resistance. Partial 
factors are applied to these characteristic resistance 
values to determine design resistance values. The 
ULS design is verified provided that these resist- 
ance values are greater than the applied design 
loads. One of the drawbacks of this method is that 
the correlation between field test results and geo- 
technical parameters is typically conservative and 
this adds an implicit factor of safety to the design 
on top of the stated partial factors used in the cal- 
culation. The methods of calculating resistance 
from characteristic parameters rely on a number of 
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empirical factors that will also contain an implicit 
conservatism in their determination. This conserv- 
atism is then transferred to the resistance calcula- 
tion reducing the efficiency of the design. 

Design by load test is satisfied by completing 
static load tests on piles and back calculating pile 
resistance from the stress-strain curves generated 
during the test. Correlation factors are applied to 
the measured pile resistance. These correlation fac- 
tors decrease as the number of tests carried out 
increase allowing for more efficient designs to be 
obtained provided a sufficient number of tests is 
carried out. The advantage of this method is that 
the pile resistance is directly measured in the form 
of the stress-strain relationship for the pile remov- 
ing implicit conservatism that can develop in the 
design by calculation method. The disadvantage 
of this method is that pile load tests are typically 
expensive to carry out and to achieve the full ben- 
efit of this method the pile testing is ideally done 
prior to the installation of working piles on sac- 
rificial preliminary piles. This further increases 
the cost associated with this method making it an 
unattractive option for most clients. 

Design by ground test is a design method that 
offers the efficiency advantages of the design by 
load test without the large additional cost of the 
preliminary pile load tests. This method directly 
correlates the results of field tests with pile resist- 
ance. This essentially skips a stage in the design 
by calculation method where the characteristic 


parameters are first calculated before pile resist- 
ance. Skipping this stage removes the potential for 
an implicit conservatism to be introduced to the 
design. A partial factor is applied to the correlated 
resistances based on the number of field tests com- 
pleted. This factor reduces as the number of tests 
completed increases. This method utilises field tests 
that are likely to be completed as part of a ground 
investigation prior to the design process and so no 
additional cost is incurred. The field tests that are 
typically used for this method are the Standard 
Penetration Test (SPT) and Cone Penetration Test 
(CPT). The correlations between CPT field tests 
and pile resistance is discussed in the next section. 


1.2 Pile capacity using CPT results 


Previous Research (Robertson & Cabal, 2010; 
Briaud and Tucker, 1988; Tand and Funegard, 
1989) has demonstrated that CPT methods gener- 
ally give less conservative predictions of axial pile 
capacity compared to other methods. This has 
been attributed to the continuous profile of soil 
response that the CPT provides. Generally, CPT 
methods use correlation factors applied to meas- 
ured CPT values. The correlation factors consider 
a combination of influences such as scale effects, 
rate of loading effects, difference of insertion tech- 
niques, position of the CPT friction sleeve and dif- 
ferences in horizontal soil displacements. 

The LCPC Method proposed by Bustamante & 
Gianeselli (1982) provides guidance that is relevant 
to many different pile installation methods and 
provides good estimates of the axial capacity of 
single piles. The method is empirical and is based 
upon pile load tests. The pile unit end bearing, q,, 
is calculated from the calculated equivalent aver- 
age cone resistance, q„ multiplied by an end bear- 
ing coefficient, k„ that depends on pile type and 
ground conditions. The pile unit side friction, q, 
is calculated from measured q, values divided by a 
friction coefficient, O, cpc, Which is also dependent 
on ground conditions and pile type. The advan- 
tage of this method is that only the measured cone 
resistance, q, is used for the calculation of both 
side friction and pile end bearing resistance. 

The methodology recommended by EC 7 fol- 
lows the rationale presented in the LCPC method. 
The correlations between pile resistance and field 
test values are based solely upon the cone penetra- 
tion resistance, q. The unit base resistance, qy, 
and unit shaft resistance, q,, are obtained through 
correlations based on the upon the q, values and 
the permitted settlement of the piles. EC7 recom- 
mended values of q, and q, are given in Table 1 
and 2 respectively. 

For ULS design, the values correlated at the 
ultimate settlement of the pile head, Sp should be 


Table 1. Relationship between unit base resistance, pb, 
and average cone penetration resistance, qc, as a function 
of normalised settlement proposed by EC7. 


Unit base resistance q,, in MPa, at 
average cone penetration resistance 


Normalised qc (CPT) in MPa. 

settlement 

s/D,; s/D, q. = 10 q.= 15 q. = 20 q, =25 
0.02 0.7 1.05 1.40 1.75 
0.03 0.9 1.35 1.80 2.25 
0.10 (=s,) 2.00 3.00 3.50 4.00 


Note: Intermediate values may be interpolated linearly. 
In the case of cast in-situ piles with pile base enlarge- 
ment, the values shall be multiplied by 0.75. 

s is the normalised pile head settlement, 

D, is the diameter of the pile shaft, 

D, is the diameter of the pile base, 

s, is the ultimate settlement of the pile head. 


Table 2. Relationship between unit shaft resistance, q, 
and average cone penetration resistance, q., proposed by 
EC7. 


Average cone penetration Unit shaft resistance 


resistance q, (CPT) in MPa q, in MPa 
0 0 
5 0.040 
0.080 
0.120 


Note: Intermediate values may be interpolated linearly. 


used. The values of q, and q, are multiplied by the 
pile base and shaft area respectively to obtain the 
resistance values as a force. 

The values provided above are for coarse granu- 
lar material and may vary depending on the rel- 
evant country's National Annex. Unit base and 
shaft resistance can also be obtained by multi- 
plying the q, values by an empirical coefficient c, 
and cp. respectively which can vary depending of 
the pile type and the soil type (Equation 1 and 2) 
(BS8004:2015). 


deo = Cho X de (1) 
dsj T Cj x de; (2) 


where q,, is the measured cone resistance in layer 
jand q., is the average cone resistance measured 
over a distance +1.5 pile diameters below the pile 
base. 

BS8004:2015 recommends values of empirical 
coefficients that are provided in Table 3 which are 
correlated for an ultimate resistance at a settlement 
equal to 10% of pile diameter, s,. 
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Table 3. 


Recommended values for empirical coefficients c, and c, , , from BS8004:2015. 


Cs Co. 
High Low 
displacement displacement Replacement High Low Replacement 
Soil type piles piles piles displacement displacement piles 
Sand 0.0004-0.009 0.0015-0.004 0.003-0.006 0.3-0.5 0.15-0.25 0.15-0.25 
Silt 0.006-0.01 0.003-0.006 Data not available 
Medium to high strength/ 0.007-0.017 0.008-0.012 0.8-1.3 0.4-0.65 0.34-0.66 
over consolidated Clay 
Low strength/ normally 0.007-0.017 0.008-0.012 0.9-1.0 0.9-1.0 
consolidated to lightly 
over-consolidated Clay 
The ultimate resistance is calculated for each 
à oe Input: 
CPT test and is used to calculate a characteristic - Pile geometry 
resistance that is a function of the number of tests * Actions 
that were carried out. The characteristic resistance, : SAN 
R,,, is selected as the lowest of either the minimum * Settings (Design approach and standard) 
resistance calculated, R nm» Or mean resistance cal- 
culated, Ranea from the CPT method (Equation 3). Calculation: 
i * Vertical analysis (pile length and 
settlement) <> Memory 
i cal mean Ra. sic | + Lateral analysis (lateral displacement, 
Ry = min > (3) internal forces and structural capacity) 
3 E 
Output . 
The values of €, and E, depend on the number |: Va s 
of CPT's that were completed and reduce as the 
number of tests increases. They also depend on the Figure 1. AllPile framework. 


relevant country’s National Annex. For example, 
if one CPT was completed in the UK, & = &, = 1.4. 
These correlation values may be divided by 1.1 
where the pile loads can be redistributed i.e. the 
structure has sufficient stiffness and strength to 
transfer loads from “weak” to “strong” piles. Fol- 
lowing determination of the characteristic resist- 
ance, the design resistance, R,, is determined using 
the relevant partial factors, Yoa» in the National 
Annexes to EC7 (Equation 4). 


R, == 


4 = (4) 
Porat 


2 ALLPILE SOFTWARE 


2.1 Numerical model 


A drawback to the design by ground test method- 
ology is that it is time-consuming to iterate when a 
large number of CPT tests are available. A numeri- 
cal method was developed following the advice 
of EC7 and relevant standards including British 
Standards and the UK and Irish National annexes 
and incorporated in the ALLPile (Axially and Lat- 
erally Loaded Pile) software. 


659 


The software enables the rapid re-calculation of 
the pile capacity for different load combinations. 

The software is used to complete pile designs 
to the three methodologies in EC7. Figure 1 illus- 
trates the ALLPile framework. A ground model is 
entered into the software along with characteristic 
properties to complete pile design by calculation. 
The derivation of the characteristic properties is 
left to the user. The results from static pile load 
tests can be entered into the software to complete 
the design by load test methodology. In addition, 
CPT results may be entered into the programme 
to complete design by ground test. The pile design 
can be completed by any number of these methods 
depending on the availability of information. 


2.2 Algorithm framework 


The design by ground test algorithm (Figure 2) 
is discussed in more detail in this section. This 
method relies on field test results over the full pile 
length and to 1.5 times the pile diameter below 
the base. Only CPT’s that have reached this depth 
should be included. To estimate this depth, it is rec- 
ommended that an initial pile design is completed 
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Figure 2. Algorithm framework as flowchart. 


using characteristic properties. The depth from 
this calculation is used to determine which CPT’s 
are included to design by ground test. The first 
stage is to discount any CPT’s that are too shallow. 

The ALLPile algorithm increments depth until 
pile resistance exceeds the applied load. At each 
depth interval the pile base and shaft resistance are 
calculated for each CPT using the results of cone 
resistance and the empirical correlations between 
that and pile resistance. This procedure is com- 
pleted for each depth interval until the shallowest 
CPT depth is reached. The total resistance at each 
depth interval and from each CPT is used to create 
a two-dimensional array. The characteristic total 
pile resistance is determined at each depth interval 


using Equation 3 and design total pile resistance is 
determined using Equation 4. 

Dead loads, G,, and live loads, Q,, are combined 
applying the correspondent action partial factors 
(e.g. Yç the action partial factor of dead loads and 
Yo, the action partial factor of live loads) as recom- 
mended by EC7 (Equation 5). Design load, E,, and 
design resistance, R,, are compared at each interval 
of depth. Pile toe level is achieved when the applied 
load is lower than the design resistance. The flow- 
chart in Figure 2 summarises the calculation steps. 


E, =G; X Ys +Q; Xo (5) 


3 CASE STUDY 


The model was verified using a number of case 
studies where several CPTs were completed. One 
of those case studies is presented here. The piles 
were designed by applying EC7 design by ground 
test and coefficients suggested by BS8004:2015. 
The accuracy of the results was evaluated by com- 
parison with results found by the design by calcula- 
tion and design by pile load test methodology. The 
case study is located in the Belfast Harbour area of 
Belfast city. The Belfast Harbour region is under- 
lain by relatively thick deposits of Belfast Sleech. 

The sleech is a Quaternary deposit that was 
deposited in post Glacial times. It is described as 
a soft, sensitive estuarine clay in Gregory & Bell 
(1991) and was formed by deposition from the River 
Lagan. The sleech is lightly over consolidated due 
to variations in groundwater level and secondary 
compression. Due to the soft nature of the sleech 
and low cobble content it is well suited for investi- 
gation using CPT technique. The CPT results allow 
for a more accurate and less conservative design 
to be completed using the design by ground test 
method as cone penetration resistance is obtained 
over the full pile length. In addition, due to the risk 
associated with the sleech deposit, it is more com- 
mon to test piles in the Belfast Harbour area. 


3.1 Case study: bearing piles driven to fine 
to medium sand material 


The case study comprises the analysis of a 380 mm 
diameter driven pile. Eight CPTs were completed 
on site to depths of between 14 and 16 m below 
existing ground level (bgl), Figure 3. Piles were 
driven to a depth of 14.1 m below existing ground 
level (bgl). 

Ground investigation carried out on site shows 
that the stratigraphy of the area comprised between 
1.2 m and 3.5 m of Made Ground or Fill material. 
It consisted of concrete, hardcore fill and medium 
dense black silty sand, fine to medium gravel with 
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Figure 3. CPT'sused in the ground test design approach 
for the case study. 


bricks and concrete and very soft black sandy 
silty organic clay. Belfast Sleech was encountered 
beneath the Made Ground with a thickness that 
ranged from 2.1 m to 4.8 m. The sleech consisted 
of very soft pale bluish grey slightly sandy silty 
organic clay and medium dense grey silty fine to 
medium sand. Fluvial Glacial deposits comprised 
loose to medium dense grey to organic brown silty 
fine to medium sand containing occasional thin 
layers of reddish brown silty clay. These deposits 
occurred from 6.25 m to 20.0 m below existing 
ground level. Glacial Till deposits were encoun- 
tered below the sands and consisted of stiff to very 
stiff reddish brown slightly sandy silty clay con- 
taining occasional lenses of silty fine to medium 
sand. The lower Glacial Till deposits comprised 
very stiff gravelly sandy silty clay with smooth 
sub-rounded cobbles and boulders. These depos- 
its were present from 18 m below existing ground 
level to a maximum depth of 36.5 m below existing 
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ground level (bgl). The c, and c,,, factor used for 
the analysis are summarized in Table 4. The resist- 
ance was calculated for intervals of depth of 0.1 m. 

The calculation was carried out applying partial 
factors for resistance of driven piles with verifi- 
cation of SLS as per the UK National Annex to 
EC7. Partial factors of total resistance equal to 1 
and 1.5, for DAICI and DA1C2 respectively, were 
applied. 

Values of £, = 1.33 and €, = 1.2 for 8 CPTs were 
adopted. 

The proposed toe level is 14.1 m below existing 
ground level (bel). The design resistance was cal- 
culated as 1048 kN and 699 kN for combination 
DAICI and DAIC2 respectively. 

Three working pile load tests were completed on 
site (Figure 4). The pile resistance was estimated 
by extrapolating the load vs settlement curve. The 
pile ultimate resistance is assumed to occur when 
the pile settlement reached 10% of pile diameter. 
The design resistances calculated for DAICI and 
DA1C2 are summarized in Table 5. 

“Design by calculation” was also completed 
using the beta method. A value of N, was deter- 
mined to be 43.50 at the pile base from the SPT 
and CPT results. 

The resulting characteristic base resistance was 
calculated to be 418 kN. A value of B = 1.0 was 
used for the shaft resistance calculation in the Flu- 
vial Glacial deposits while the contribution of the 
Made Ground and Belfast Sleech was ignored. 
The characteristic shaft resistance was 539 KN. 


Table 4. Empirical coefficients, c, and c, , ,, used for the 
strata in the case study. 


Stratum C, Coot 

Made Ground 0.002 0.3 

Belfast Sleech 0.01 0.9 

Fluvial Glacial 0.009 0.5 
2000 


15 


20 25 
Settlement (mm) 


30 45 


Figure 4. Static load test results from working pile tests 
completed during the case study. 


Table 5. Total design resistance according to EC7 for 
the case study. 


Design resistance, 


Methodology Combination (Ra KN) 
Design by DAICI 1048 
ground test DA1C2 699 
Design by pile DAICI 1057 
load test DA1C2 705 
Design by DAICI 957 
calculation DA1C2 693 


The design resistances calculated for DAICI and 
DA1C2 are summarized in Table 5. 


4 DISCUSSION OF RESULTS 


A case study was presented where CPT field 
tests and pile load tests were available. Piles were 
designed using the calculation, pile load test and 
ground test approaches. A number of develop- 
ments are made to the design by ground test frame- 
work to enable a numerical implementation of the 
methodology proposed in EC7. The software ena- 
bled the end user to switch between all three EC7 
design methodologies allowing the end user to eas- 
ily compare the results from one design methodol- 
ogy to another. 

The case study showed that the resulting design 
using ground test results was less conservative than 
the more commonly used design by calculation. 
The least conservative design was obtained using 
design by load test, which is to be expected as it is 
using the pile resistance as a direct input. 

An advantage of completing design by ground 
test is that the CPT results are directly correlated 
with pile resistance using empirical factors. In 
agreement with previous research this method was 
found to be less conservative than design by cal- 
culation where characteristic properties must be 
inferred from the field tests before pile resistance is 
calculated. A further advantage is that both mini- 
mum and mean pile resistance from the available 
CPT results is used in the determination of charac- 
teristic resistance, which increases confidence that 
variability across the site has been accounted for. 
Finally, the € factors used to reduce both the mean 
and minimum total resistance are reduced as the 
number of available tests increases. This provides 
incentive to complete a suite of CPT results to 
achieve a less conservative design. It is more likely 
that variation across the site will be accounted for 
due to this. 
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If there was a particular portion of the site 
where early refusal of CPT’s consistently occurred, 
then it would not be possible to complete design by 
ground test in this location and design by calcula- 
tion or design by load test would have to be used. 


5 CONCLUSIONS 


The recommendations in EC7 for completing sin- 
gle pile design by ground test were interpreted to 
enable a software algorithm to be written in order 
to carry out the design calculations. The software 
allows piles to be designed using direct ground test 
information efficiently and for a number of dif- 
ferent load cases. The software can also complete 
pile design by calculation and by load test allow- 
ing direct comparison. The algorithm framework 
is presented as implemented in the pile design 
software, ALL Pile (Axially and Laterally Loaded 
Pile). 

A case study is outlined where pile designs 
completed by all three methodologies could be 
compared. The case study is located in the Belfast 
Harbour area where the presence of Belfast Sleech 
means that CPT’s and pile load tests are commonly 
included in design specifications. The results are 
discussed as well as their implications for each test 
methodology. 
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ABSTRACT: Over the past decade, paleolandscape reconstruction was introduced as part of a preventive 
archaeological evaluation strategy along the Scheldt river, due to the unexpected discovery of well-pre- 
served prehistoric landscapes and sites during construction works in the Antwerp harbor area. Hereby, 
CPT is an important tool in combination with coring and/or near surface geophysical survey. Applications 
of CPT range from desktop studies, which determine evaluation strategies, to actual paleolandscape map- 
ping by sedimentological data interpretation. CPT-Es (with added camera and/or electrical conductivity 
sensors) calibrate and validate geophysical subsurface modelling and soil behavior types are interpreted. 
Particularly, (electrical conductivity) CPT-C disentangles sedimentological and hydrological variations in 
electrical conductivity values. On the other hand, camera CPT improves differentiation of organic rich 
sediments and detection of thin organic soil horizons within homogenous (cover)sands. The usability of 
CPT is illustrated through recent prehistoric landscape evaluation studies along the Scheldt river. 


1 INTRODUCTION on exploring alternative techniques, such as CPT 
(Missiaen et al., 2015), in combination with electri- 
1.1 Archaeological background cal resistance imaging and electromagnetic induc- 


Over the past decades, well-preserved Late Glacial tion survey (Verhegge et al., 2016a). 


to Middle Holocene paleolandscapes and prehis- 
toric archaeological sites dating back to the Final 
Paleolithic to Early Neolithic period have been The prehistoric sites were mainly found on Weich- 
discovered during harbor infrastructure works  selian Late Pleniglacial and Late Glacial cover 
to expand the port of Antwerp in the Waasland sand ridges, river dunes, natural levees and point 
Scheldt polder region (Crombé, 2005). These bars within the fossil Pleistocene floodplain and 
remnants of former hunter-gatherer and early were gradually buried due to ground water and sea 
farmer-herder habitation were encountered by level rise (Figure 1) (Crombé et al., 2011, Crombé 
accident and triggered prompt rescue excavations, et al., 2015). 
which were uncomfortable to both archaeologists As such, a primary aim of the prehistoric land- 
and developers. The unexpected nature of these scape evaluation is a reconstruction of the topog- 
finds was partially caused by the covering sedi- raphy of the top of the Pleistocene sedimentary 
ment sequence, which both protects the sites and sequence. Secondly, it has to be determined to what 
impedes detection using traditional archaeological degree later sedimentation has protected this paleo- 
prospection methods, such as test pitting or remote surface or if erosion has destroyed it as well as the 
sensing (De Clercq et al., 2012). prehistoric sites this paleosurface might contain. 
Therefore, buried paleolandscape mapping strat- Due to sea level rise and surfacing local ground 
egies have been developed to reduce costs for sub- water levels, depressions in the landscape were 
sequent archaeological site detection sensu stricto first covered by Late Atlantic alder carr peat. Peat 
through intensive core sampling (Crombé and development was interrupted by a short period of 
Verhegge, 2015). At first, paleolandscape mapping organic rich and clayey supratidal freshwater flood- 
relied primarily on coring (Bats, 2007, De Clercq plain sedimentation, after which a sedge fen and 
et al., 2011). However, due to the labor intensity birch carr formed. Further acidification resulted 
of deep manual coring and the financial burden in an oligotrophic peat layer (Deforce et al., 2014). 
of mechanical coring, recent research has focused From the middle ages onwards, the increased influ- 


1.2 Geological background 
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Prehistoric site 


Fugro GeoServices to the subsoils of the Neth- 
erlands with consolidated Holocene peats using 
an approximated normalization (Koster, 2016). 
High quality cores (e.g. Begemann core) are used 
to validate these interpretations and to adjust the 
SBT chart to the local situation, if necessary. The 
cores are also used to determine the organic soil 
types more accurately or to assess if paleosols are 
present on top of or within the sediments below. 
Further subsurface modeling and visualization are 
facilitated through a three dimensional geographic 
information system using ESRI ArcGIS and Rock- 


Figure 1. Schematic section of the regional lithostratig- 
raphy and stratigraphic position of Early Mesolithic to 
Early Neolithic sites in the Waasland Scheldt polders. 1. 
Weichselian (cover) sand 2. Basal peat layer 3. Organic 
rich clay intercalation 4. Upper peat layer 5. Clayey to 
sandy estuarine sediments 6. Top soil. 


ence of the sea caused erosion of the prehistoric 
landscape and covered it with varying sandy to 
clayey estuarine floodplain sediments as successive 
embankment attempts gradually claimed the land 
from the sea (Missiaen et al., 2016 and references 
therein). 


2 METHODOLOGY 
2.1  Lithological and stratigraphic interpretation 
of CPT-E 


Although CPTs are primarily developed for geo- 
technical purposes (Robertson and Cabal, 2012), 
the correlation of the recorded soil mechanical 
data to the sedimentological variables, such as 
grain size, makes them suitable for lithostrati- 
graphic mapping of soft alluvial plain deposits 
(e.g. Amorosi and Marchi, 1999). Particularly 
electric (piezo-)CPTs allow an easy identification 
of peat layers by the greater friction ratio- (R,), 
often >5% and negative pore pressure values 
(Lunne et al., 1997). Due to the high vertical data 
density, even thin peat layers down to about 20 cm 
are mapped correctly (Lunne et al., 1997). How- 
ever, the added value of pore pressure data is 
rather limited in our study region (Missiaen et al., 
2015) in contrast to studies in surfacing peat bogs 
(Long and Boylan, 2012, Long, 2005). Therefore, 
only CPT-Es are employed and piezocones are not 
used in this study. 

Rapid interpretation of the CPT data in desk- 
top studies is done through comparison with 
lithostratigraphic knowledge of the region. Fur- 
thermore, soil behavior types (SBT) are deter- 
mined by a Robertson (1990) chart adapted by 
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ware Rockworks software. 


2.2 CPT(-C) and near surface geophysical 
paleolandscape mapping 


Electrical resistivity imaging (ERI)- and elec- 
tromagnetic induction (EMI) survey provides 
a horizontally dense dataset in addition to the 
vertically dense CPT data. These near surface 
geophysical data are interpreted, calibrated or 
validated using two possible CPT applications. 
On the one hand, regular electric CPTs provide 
depths of lithological data of layers and depths 
of their transitions. On the other hand, electrical 
conductivity (EC) sensors are added to the conus 
and continuous EC is recorded continuously dur- 
ing penetration to determine if CPT-E and EC 
variations correlate. 


2.3 Camera-CPT 


A first test was performed with a camera CPT 
recording images every 1.5 cm during penetration. 
Subsequently the images were processed to cor- 
rect the illumination and collated into an image 
log. This test was aimed as distinguishing similar 
soil behavior types with differing lithologies by 
their color. Furthermore, it was aimed at map- 
ping small remnants of eroded or reworked peat 
layers and organic rich soil horizons with a thick- 
ness below the SBT identification limit of regular 
CPT-E. 


2.4 Study area 


Three possible uses of CPT in prehistoric paleo- 
landscape mapping will be illustrated based 
on paleolandscape reconstruction results (Fig- 
ure 2) from the sites of ‘Prosperpolder Zuid’ 
(PPZ) (51*1915”N 413'08”E) (Saey et al., 2016) 
and ‘Doelpolder Noord’ (DPN) (51°19°57°N 
4°14’58”E) (Verhegge et al., 2016a, Missiaen et al., 
2015). The adjacent sites are located on the left 
bank of the Scheldt river, between the port of Ant- 
werp and the national border (Figure 2-inset map). 
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Figure 2. Map of the study areas of PPZ and DPN with 
an interpolated elevation model of the top of the Pleis- 
tocene sediment sequence and locations of the transects on 
Figure 4 Figure 2and Figure 5. Inset map: the location of 
the study region close to the border between Belgium and 
The Netherlands. (Belgian Lambert '72 coordinate system, 
Belgian reference level-Tweede Algemene Waterpassing). 


3 RESULTS 


3.1 CPT in archaeological desktop studies 


Often, CPTs are available from geotechnical stud- 
ies or from national repositories by the time an 
archaeological evaluation of a planned construction 
site is started. During a desk based assessment of 
the archaeological potential of a study area, CPTs 
are rarely considered as helpful data. Even if the 
number of CPTs or their depth is insufficient to 
map the paleolandscape topography, they provide 
valuable information to develop a mapping strategy. 

A publicly available CPT at PPZ (https://www. 
dov.vlaanderen.be/data/sondering/2006-046736) 
indicated a possible burial depth of the Pleistocene 
sands of 4 and possibly up to 7 m, which excluded 
efficient manual coring. Furthermore, the pres- 
ence of clays and shallow groundwater implies the 
use of electrical near surface geophysical methods 
instead of ground penetrating radar. A relatively 
thick peat layer suggests the use of CPT-E is pos- 
sible but the presence of small and thin variations 
(e.g. Rf peak at 7 m) warns that high quality cores 
are necessary for CPT interpretation. 


3.2 CPT as primary paleolandscape mapping tool 


After the desk top study, extensive coring was 
considered not cost-efficient at PPZ. Therefore, 
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CPT-E was used as principal survey technique in 
combination with EMI. Figure 3 illustrates that qc 
and Rf accurately map the main lithostratigraphic 
variations. However, the SBT interpretation is 
not able to differentiate between the peat layer 
and organic rich clayey tidal mudflat sediments. 
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Figure 3. From left to right: Begemann core scan, Cam- 
era CPT, CPT-E (qc, Rf, SBT), EC log, Lithostratigraphic 
interpretation (1. Clayey to sandy estuarine sediments 
2. Organic rich clayey tidal mudflat sediments 3. Peat 
layer 4. Younger Dryas cover sand 5. Upper Allerød soil 
horizon 6. Upper Allerød cover sand 7. Middle Allerød 
soil horizon 8. Lower Allerød cover sand 9. Lower Allerød 
soil horizon 10. Late Pleniglacial/Older Dryas cover sand 
11. Weichselian fluvial sediments 12 (Reworked) Tertiary 
sand with shells. 


Furthermore, thin organic horizons are identified 
as very stiff sand to clayey sand and can not be 
correctly interpreted without validation through 
coring (Figure 3-left). 

Figure 4 shows that transects (or grids) of 
interpreted CPTs were capable of mapping the 
post-Pleistocene topography as well as the varying 
presence of its peat cover. Indeed, even a series of 
organic Allerød soil horizons within homogene- 
ous sandy sediments, identified in cores, could be 
mapped through the dropping qc. 

The camera CPT log has decreased the inter- 
pretative reliance on coring as it differentiated 
between consolidated peat (Figure 3, layer 3) and 
unconsolidated and highly organic fine grained 
saltmarsh deposits (Figure 3, layer 2), which often 
contain pieces of reworked peat. Secondly, even 
the relatively thin remnants of largely eroded peat 
layers can be mapped (Figure 4, layer 3). Further- 
more, the camera CPT log increased the capabil- 
ity to map more subtle organic rich sandy Allerød 
horizons, which do not show qc or Rf variations 
(e.g. Figure 3, layer 9). In particular, the upper 
Allerad soil horizon (Figure 4, layer 5) could not 


be differentiated at the right side of the transect. 
This horizon consists of leached organic rich sand 
with a darker color in the cores. Therefore, it could 
be detected using a camera CPT log. 


3.3 CPT and near surface geophysical 
paleolandscape mapping 


Figure 5 shows ERI and CPT data at DPN and 
illustrates that the Rf and EC both increase due 
to the peat layer. However, the EC also increases 
above and below the peat layer at the end of the 
transect, located closer to the dike which embanks 
the Scheldt estuary. Here, a brackish groundwater 
lens intrudes into the subsoil via the peat layer. 
The high EC due to this saltwater intrusion also 
renders the low induction number approximation 
to derive apparent EC(,) from the quadrature 
phase signal of the receiving coil invalid (McNeill, 
1980). As such, the EC, values above about 
100 mS/m in Figure 6 deviate from the actual EC, 
in addition to not correlating to the prehistoric 
paleolandscape variability (Verhegge et al., 2016a). 
Nevertheless, the brackish water zone is accurately 
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Figure 4. Transect at PPZ with interpreted CPT-Es (qc, Rf, SBT with legend in Figure 3) and interpreted lithostratig- 
raphy Figure 3) (Belgian reference level-Tweede Algemene Waterpassing). 
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CPT-C transect and electrical resistivity section at DPN, which was inverted using a CPT derived forward 


model for the top and base of the peat layer. 1. Middle Holocene peat in depression 2. Late Weichselian dune 3. (Post-) 
Medieval estuarine floodplain sediments 4. Increased EC outside peat layer, due to brackish groundwater lens from the 
Scheldt river (after Verhegge et al., 2016a figure 2) (Belgian reference level-Tweede Algemene Waterpassing. 
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Figure 6. Interpolated EM34 VCP survey data with loca- 
tions of CPT-Cs in Figure 5 (after Verhegge et al., 2016a 
Figure 4a) (Belgian Lambert "72 coordinate system). 


delineated by the EMI data. Therefore, CPTs are 
preferred to ERI or EMI for paleolandscape map- 
ping in brackish or saltwater environments (Verhe- 
gge et al., 2016a). 

However, if no brackish groundwater is present, 
a geophysical modelling approach using EMI sur- 
vey with multiple coil pairs and CPTs as calibra- 
tion data has proven successful to reconstruct the 
basis of the Holocene peat layer (Saey et al., 2016, 
Verhegge et al., 2016b). 

The EC log on Figure 3 shows that the upper 
Allerød peaty soil horizon causes a small EC peak. 
However, the middle and lower Allerød soil hori- 
zons consist of organic rich sand and cause a small 
EC drop. Unfortunately, these variations are too 
small for near surface geophysical detection using 
ERI or EMI. 


4 DISCUSSION AND CONCLUSION 


This paper has demonstrated the value of CPT for 
archaeological prospection of prehistoric land- 
scapes buried below peat layers and embanked 
estuarine floodplain sediments. As such, CPT has 
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started to be included in archaeological practice in 
the study region. 

The conversion of CPT-E data to SBTs is par- 
ticularly useful for ease of communication with 
archaeologists but possible errors have to be 
checked using coring. The visualization of CPTs in 
sections and on maps with lithostratigraphic inter- 
pretation is also important to this purpose. Nev- 
ertheless, some important limitations of CPT-E 
were observed, such as the interpretation of hori- 
zons <20 cm or the similarity between organic rich 
unconsolidated clays and peat. 

The first camera CPT results provide a solu- 
tion for these issues. Importantly, the camera CPT 
log is acquired, processed and visually interpreted 
straightforwardly. However, further research is 
necessary to improve the camera CPT results. This 
should focus on color calibration and analysis 
to fulfill the additional quantitative potential of 
colors for SBT interpretation. 

While the EC depth log records both litho- 
logical as hydrological EC variations (e.g. salt- or 
freshwater), the CPT-E data can be used to dis- 
tinguish soil texture from saltwater variations. As 
such, combined CPT-E and EC logging provides 
an important tool to interpret and model the 
major lithological and hydrological variations in 
both ERI and EMI near surface geophysical data 
in (embanked) estuarine floodplains. An actual 
integration of the in situ measured EC values in 
the modelling procedure of the near surface ERI 
and EMI data could improve results even further. 
The causes for the differentiation between the EC 
responses of the Allerød soil horizons require fur- 
ther research as well. 
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ABSTRACT: The assessment of liquefaction susceptibility from field tests is conventionally based on 
the Factor of Safety (FS,,) against liquefaction, relating the Cyclic Resistance Ratio (CRR) with the 
Cyclic Stress Ratio (CSR). The calculation of CSR is relatively straightforward, whereas CRR strongly 
depends on the in situ technique from which it is derived. Distinct approaches have been proposed 
based on quantitative liquefaction risk indexes, namely the Liquefaction Potential Index (LPI) and the 
Liquefaction Severity Number (LSN). In Portugal, a pilot site for liquefaction assessment has been set 
up in the Lower Tagus Valley, near Lisbon, within the European H2020 LIQUEFACT project. In this 
paper, the geotechnical field data from SPT and CPTu is integrated in the three approaches to liquefaction 
assessment. A comparative analysis of the results is presented and discussed, highlighting the differences 
and limitations of these in situ tests in the assessment of liquefaction susceptibility in loose granular soils. 


1 INTRODUCTION zones where specific geologic, geomorphological, 
hydrological and geotechnical characteristics indi- 
Portugal’s mainland and its Atlantic coast are cate liquefaction potential of soils. The presence 
located on the western and southern margins of of thick profiles of recent alluvial sand deposits 
the Iberian Peninsula. The seismicity of the Por- in a high seismicity area is a good example of the 
tuguese territory is heterogeneous and is classified combination of the necessary liquefaction trigger- 
according to regions with distinct seismic behavior, ing conditions (LIQUEFACT, 2017). Information 
as in the Portuguese National Annex of Eurocode regarding liquefaction in Portugal has been col- 
8 (EC8-NA) (CEN, 2010). Seismicity increases in lected and analyzed by Jorge (1993). Subsequently, 
intensity from North to South and is concentrated Jorge & Vieira (1997) identified the locations of 
in the South and the Atlantic margins. Accordingto historical liquefaction events coupled with a reli- 
existing records, earthquake epicentres are mostly ability classification. A liquefaction potential zona- 
located in the Lisbon region, in the Lower Tagus tion map of Continental Portugal was developed 
River Valley (LTV) region, and along the Algarve by Jorge (1993) and further discussed by Jorge & 
coast (Ferrão et al. 2016). The greater Lisbon area Vieira (1997). This zonation map was derived from 
is probably the zone with greater seismic risk, and the superposition and generalization of two basic 
it is affected by the occurrence of large magnitude maps: the liquefaction opportunity map and the 
(>8) distant earthquakes and of medium magni- liquefaction susceptibility map. For the greater 
tude (>6) near earthquakes (Azevedo et al. 2010). Lisbon area, the authors produced a detailed rep- 
An example of a distant event is the 1755 Lisbon resentation, which identified high to very-high liq- 
earthquake (M > 8.5) generated in the Eurasian-  uefaction susceptibility areas, mostly along the NE 
Nubia plate boundary zone, and local intraplate region of Lisbon, in the Lower Tagus Valley (LTV). 
(M = 6-7) earthquakes occurred more frequently, Based on this map, the region for the pilot site 
namely in 1344, 1531 and 1909. was selected and later refined from the analysis 
Earthquake-Induced Liquefaction Disasters of existing geotechnical data, mainly covering the 
(EILDs) are responsible for significant additional municipalities of Vila Franca de Xira, Benavente, 
structural damage and casualties, particularly in Montijo and Barreiro. 
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2 APPROACHES TO THE ASSESSMENT 
OF LIQUEFACTION SUSCEPTIBILITY 


2.1 Factor of safety 


The most common approach to the assessment 
of the liquefaction suscetibility is the “Simplified 
Procedure”, originally introduced by Seed & Idriss 
(1971), also recommended by Eurocode 8. This 
procedure consists on the computation of the fac- 
tor of safety to liquefaction, as the ratio between 
the cyclic resistance ratio (CRR) and the cyclic 
stress ratio (CSR), expressed in Equation 1. The 
CRR is a measure of the capacity of the soil at a 
given point in depth to resist to liquefaction and 
the CSR refers to the expected seismic action on 
the soil at a specific location. 


CRR 


FSu = CSR 


(1) 


The expression for calculating CSR, according 
to the proposal of Seed and Idriss (1967), is as 
follows: 


To 
CSR = oye _ 0 65. Anax 4 Dv . T, (2) 
v0 g Oy 
where a is the peak ground acceleration at the 


site, g is the acceleration of gravity, o, and o%, 
are the total and effective vertical stresses at the 
specific depth and r, is a shear stress reduction 
coefficient. 

The local peak ground acceleration (PGA or 
Amax) at the site was defined based on the National 
Annex of Eurocode 8 (EC8-NA) (CEN, 2010), as 
summarised in Table 1. For a return period of 475 
years and a corresponding building importance 
class of II, the importance factor, y, for the seismic 
zone of Vila Franca de Xira/Benavente is equal to 
1.0. The corresponding magnitudes of Seismic 
Type 1 and Type 2 are 7.5 and 5.2, respectively, and 
a... are equal to 1.0 and 1.7, respectively. These 


max 


Table 1. Calculation of aax for Vila Franca de Xira and 
Benavente, according to EC8-NA (CEN, 2010). 


Seismic action Seismic action 


Parameter Type 1 Type 2 
Seismic zone 1.4 2.3 
M, 75 5.2 

a,r (m/s?) 1.0 1.7 

% l l 

Soil type D D 

S 2.00 1.77 
max (m/s?) 2.00 3.00 
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reference aa must then be corrected to the local 
ground type, typically type D, corresponding to 
‘deposits of loose-to-medium cohesionless soil, or 
of predominantly soft-to-firm cohesive soil’ (CEN, 
2010) using the parameter S. 

The parameter r, is a stress reduction coef- 
ficient, can be computed as proposed by Liao & 
Whitman (1986), also recommended by Youd et al. 
(2001), as a function of depth. However, other 
authors included the earthquake magnitude in its 
computation, namely Idriss (1999), also suggested 
by Boulanger & Idriss (2014) and adopted in this 
work, as follows: 
n= el@)+4E)M| 


(3) 


ith = —1.012 —1.126si 
wi az) sin 73 


+5133) (4) 


VA 


d =0.106+0.118si 
an A(z) + sin( 28 


+5142) (5) 


Z 


where 
magnitude. 

The capacity of the soil to resist liquefaction is 
provided by the CRR, which can be evaluated from 
in situ test and lab results. The standard penetra- 
tion tests (SPT) and cone penetration test (CPT) 
are particularly convenient, given the extensive 
worldwide database and past experience. The most 
recent approaches to the assessment of liquefac- 
tion potential, following the proposals of Idriss & 
Boulanger (2010) and Boulanger & Idriss (2014), 
for SPT and CPT, respectively were adopted. These 
approaches consider the computation of the cyclic 
resistance ratio (CRR) from the normalized pen- 
etration resistance, adjusted to an equivalent clean 
sand (cs), as indicated below: 


depth (m) and M earthquake 


2 3 
CRR, A =, exp (N, Jos ¿E (N, Does (N, ocs 
14.1 126 23.6 
4 
+ UN Does =2:8 
25.4 
6) 
ù 2 q 3 
CRR, ¿= exp (1 Nes } lancs ) | clNes 
7 113 1000 140 
q 4 
+ clNes = TR 7 
| 137 7) 


where (Na is the normalized equivalent clean 
sand SPT penetration resistance, and q,,,,, COT- 
responds to the normalized equivalent clean sand 
cone resistance. A clean sand is considered to have 
a fines content (FC) below 5%, as suggested by 


Idriss & Boulanger (2004). The introduction of the 
percentage of fines in these approaches reflects its 
importance in the liquefaction susceptibility of the 
soil. However, it should be noted an estimate of 
the FC, especially below 25%, may be inaccurate if 
based solely in the lithological descriptions of the 
SPT logs, in the absence of grain size distribution 
of those soils. 

Details of the calculations based on SPT and 
CPT are provided in Boulanger & Idriss (2014). 
For ease of computation, all CPTu analyses were 
made using CLiq® software (v.2.0.6.92, GeoLogis- 
miki, 2017). 

For earthquake magnitudes other than 7.5, the 
cyclic stress ratio needs to be corrected by a mag- 
nitude scaling factor MSF. In this work, the calcu- 
lation of MSF was made according to Idriss and 
Boulanger (2010) taking into account the type of 
soil, as follows: 


MSF = 6exp{ -e ) — 0.058 < 1.8, 

for sandy soils (8) 
MSF =1.12exp Me 0.828 <1.13, 

for clayey soils (9) 


2.2 Liquefaction potential index 


An alternative approach to liquefaction assess- 
ment is based on Liquefaction Potential Index 
(LPD. This index, originally developed by Iwasaki 
et al. (1978), combines the safety factor with depth, 
z,to 20 m: 


20m 


LPI= | EWO (10) 
0 

where W(z) = 10 0.52 (11) 

and F =1—FS,,, if FS, <land F =0, if FS,, >1 

(12) 

where FS, is the factor of safety previously defined 


in Equation 1. Based on correlations between com- 
puted LPI values and observations of liquefaction 
events from Japanese earthquakes, surficial lique- 
faction damages were classified. Table 2 shows the 
classification proposed by Sonmez (2003). 


2.3 Liquefaction severity number 


The Liquefaction Severity Number (LSN) is a 
quantitative indicator of the consequences of liq- 
uefaction, developed by Tonkin & Taylor (2013), 
and represents the expected damage effects of 
shallow liquefaction on direct foundations, based 
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Table 2. Classification of liquefaction potential based 
on LPI (Sonmez, 2003). 


LPI Liquefaction potential 

0 Very low 

0 LPI 5* Low 

5* LPI 15** High 

15**> LPI Very high 

Table 3. Liquefaction severity and damage based on 

LSN (Tonkin & Taylor, 2013). 

LSN 

range Typical performance 

0-10 Little to no expression of liquefaction 

10-20 Minor expression of liquefaction, some 
sand boils 

20-30 Moderate expression of liquefaction, sand 
boils and some structural damage 

30-40 Moderate to severe liquefaction, settlement 
can cause structural damage 

40-50 Major expression of liquefaction, damage 
ground surface, severe total and 
differential settlements 

>50 Severe damage, extensive evidence of 


liquefaction at surface, severe total and 
differential settlements affecting 
structures, damage to services 


on post-liquefaction reconsolidation settlements 
and is defined as: 


LSN =1000- | “dz (13) 


where e, is the volumetric densification strain due 
to post-liquefaction consolidation of soil layer i, 
calculated from Zhang et al. (2002), and z is the 
depth of the soil layer in metres, below the ground 
surface, referring only to the top 10 m of the soil 
profile. Liquefaction severity can be classified in 
terms of expected damage, as follows: 


3 SELECTION AND CHARACTERISATION 
OF THE PILOT SITE 

3.1 Collection and analysis of existing 

information 


The selection of the location of the pilot site was 
based on the analysis of existing geological and 
geotechnical information in the metropolitan 
region of Lisbon along the Lower Tagus Valley. 
With the collaboration of public institutions, 


Figure 1. Location of the geotechnical reports collected 
in the greater Lisbon area, superimposed on the liquefac- 
tion zonation map (from Jorge, 1993). Red, yellow and 
green correspond to high to very high, moderate, and low 
liquefaction susceptibility zones, respectively; markers 
indicate geotechnical information. 


governmental agencies, private companies, con- 
tractors and design offices, 95 geotechnical reports 
were selected, summing up to more than 350 test 
results. The analysis of the collected reports was 
carried out according to the type of geotechni- 
cal data, and the classification of the liquefaction 
susceptibility of each soil profile was made. A 
minimum factor of safety of 1.00 was considered, 
associated with a minimum thickness of the lique- 
fiable soil layer of 3 m. For ease of visualization 
and interpretation, each data point was geographi- 
cally located and color-coded according to its liq- 
uefaction susceptibility, preliminarily on Google 
Earth”. 


3.2 Location of the pilot site 


The municipality of Vila Franca de Xira is adjacent 
to Benavente where the 1909 earthquake occurred. 
Important works associated to the construction of 
a major highway (A10), including a 12 km bridge 
and viaduct, provided a wealth of information 
from extensive geological and geotechnical site 
characterization. The area in the agricultural plains 
of the ‘Leziria Grande de Vila Franca de Xira’ was 
found to have the ideal geological, hydrogeological 
and geotechnical, as well as operational conditions, 
for setting up a research pilot site on liquefiable 
soils. The area of the pilot site was divided into 
zones, named Site Investigation (SI) points, iden- 
tified by the respective number. The geotechnical 
tests consists of 2 SPT at SII and SI7, 8 CPTu 
at SII to SI7 and SI10, as well as 3 SDMT and a 
wide range of geophysical tests (seismic refraction, 
SASW and HVSR) (not discussed in this paper). 
Figure 2 indicates the testing locations, including 
the geophysical measuring points. 
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Ensaios HVSR 
Locals de ensaio (SI) 


oogle Earth 


Figure 2. Location of site investigation points for in 
situ characterisation at the pilot site. 


3.3 Liquefaction susceptibility assessment at the 
pilot site 


For the purpose of comparison, two specific test- 
ing locations have been selected, where a greater 
number of tests has been performed, namely 
SII and SI7. Figure 3 illustrates the SPT results 
obtained in these two locations, in terms of sim- 
plified soil profiles and the normalized penetration 
resistance (N,)¢)., relevant for liquefaction studies. 
The soil profiles are significantly different, but it 
is worth noting that the values of the normalized 
penetration resistance do not exceed 15 blows in 
the first 30 m at both locations. 

Figures 4 and 5 show the CPTu tests results in 
terms of cone resistance, sleeve friction ratio, pore 
pressure and soil behavior type index (according 
to Robertson and Wride, 1997) for testing loca- 
tions SII and SI7, respectively. Again, the com- 
parison between the two soil profiles evidences 
considerable differences, not only in terms of the 
nature of the soil in depth, but also in terms of 
strength. 

Comparing the soil profiles in Figure 3 with 
the soil behavior profiles in Figs. 4 and 5, the 
distinction is clear. While SPT results lead to 
the interpretation of homogenous soil layers, 
CPTu results reveals the existence of thin inter- 
bedded layers of clay/silt in the sandy deposits, 
which are clearly identified in the CPTu by means 
of the pore pressure measurements above the 
hydrostatic line. This fact will necessarily have an 
impact in the response of the soil in the context 
of liquefaction. 

From these results, the assessment of liquefac- 
tion susceptibility was made. The factors of safety 
against liquefaction have been computed in depth 
for the two locations based on SPT and CPTu 
results in Figures 6 and 7. The low values of the 
factors of safety obtained in depth suggest the 
existence of thick layers of highly susceptible soils 
to liquefaction at both locations. The differences 
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Figure 3. SPT results at the pilot site (SII and SI7). 
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Figure 4. CPTu results: q; Rg u; I, for SII. 
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Figure 5. CPTu results: q; Ry; u; I, for SI7. 


between the absolute values of FS,,, obtained from 
SPT and CPTu are not significant. It is however 
interesting to note the variability of the CPTu- 
based FS,,,, associated with the presence of inter- 
bedded layers of fine and granular soils. 
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Figure 6. Comparison of SPT and CPTu assessment of 
liquefaction potential via FS, at SII. 
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Comparison of SPT and CPTu assessment of 
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Figure 7. 


liquefaction potential via FS,,, 


The quantitative liquefaction indexes LPI and 
LSN have also been computed from these test 
results. A summary is provided in Table 4. 
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Table 4. LPI and LSN indexes computed from SPT and 
CPT results (for seismic action Type 1). 


LPI LSN 
Test location SPT CPTu SPT CPTu 
SII 31.7 15.9 85.6 26.7 
SI7 26.5 12.5 51.8 12.2 


Figure 8. LPI values for CPT tests. 


Figure 9. LSN values for CPT tests. 


Comparing the values of LPI and LSN obtained 
from SPT and CPT tests, significant differences can 
be observed, especially at SII. Given the presence 
of interbedded layers in the soil profiles, which 
were only identified by the CPTu test, the discrep- 
ancies in the quantitative indices are expected. In 
these soils, SPT-based liquefaction risk indices fail 
to accurately assess soil behavior with regard to 
liquefaction, providing considerably higher values 
that those estimated from CPTu results. 

For assessing the variability of these indices 
across the pilot site, the overall results obtained in 
the 8 CPT Uu tests in terms of LPI and LSN are pre- 
sented in Figures 8 and 9, respectively. 

The results exhibit considerable variation of the 
LPI and LSN values across the pilot site, with only 
one location with low liquefaction potential (SI2). 
The test locations with higher LPI also have high 
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LSN, although the expected damage associated 
with liquefaction should not be severe in any loca- 
tion (LSN lower than 40). 


4 CONCLUSIONS 


Different methodologies for the assessment of liq- 
uefaction susceptibility by means of in situ pen- 
etration tests have been applied in a pilot site in 
liquefiable soils. The comparison of these method- 
ologies provided an additional level of information 
and enabled to highlight the limitations of some of 
the approaches. In fact, the comparison between 
the derived values of the liquefaction risk indexes 
based on SPT and CPTu tests evidenced consid- 
erable discrepancies, which are a reflection of the 
level of detail of the characterization offered by 
each testing method. 

For the case study of this paper, which involved 
profiles with interbedded layers of clay and silt in 
sand deposits, the results obtained using SPT data 
were satisfactory in terms of the factor of safety, 
but unrepresentative in terms of LPI and LSN. 
The combination of different approaches for lique- 
faction susceptibility assessment enabled to define 
and identify the most affected zones, to be subse- 
quently applied for microzonation of the site. 
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ABSTRACT: This paper introduces some of the physical processes influencing the mechanical proper- 
ties of permafrost and the effect of temperature change in the range 0°C to —10*C. The critical role of 
saline concentration in the pore fluid is described. Examples of recent CPT investigations at different 
permafrost sites in Russia are given to highlight the type of data that can be obtained and the interpreta- 
tion for foundation engineering. Some of the investigations were completed in extremely cold conditions. 


1 INTRODUCTION 

The properties of frozen soil depend critically on 
ground temperature which impacts the perform- 
ance of piled and shallow foundations in per- 
mafrost. Relatively small change in the sub-zero 
ground temperature of permafrost can cause sig- 
nificant change in the properties of the frozen soil. 
The mechanical properties of saline permafrost, as 
found in the Arctic (low lying areas, nearshore and 
offshore), are particularly sensitive to temperature 
and salinity. Indeed, saline permafrost generally 
contains pore fluid (with high salt concentration) 
at temperatures well below freezing. The mechani- 
cal behaviour of saline permafrost is a major chal- 
lenge for the design of foundations for buildings, 
infrastructure and gas projects under development 
in the Arctic. 

The temperature sensitivity of saline perma- 
frost increases the challenge to recover and test 
undisturbed samples in the laboratory. To mini- 
mize disturbance, the sample temperature should 
be maintained as close to the original in situ tem- 
perature as possible. Any significant deviation in 
sample temperature during handling, storage or 
transportation may cause irreversible disturbance 
from thaw-refreezing. In situ testing of permafrost 
is highly advantageous, given the additional com- 
plexity of temperature control to obtain undis- 
turbed samples for laboratory testing. 

Thermosyphons are commonly used to extract 
heat from the ground that is transmitted to the 
atmosphere during winter, to maintain the ground 
at low temperature. The heat transfer mechanism 
works in one direction and does not introduce 
heat to the ground in summer. CPT can measure 
directly the ground properties and temperature at a 
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controlled distance from installed thermosyphons, 
to monitor performance. The small hole formed by 
execution of the CPT may then be used to house a 
plastic tube containing thermistors for permanent 
temperature monitoring of the thermosyphons. 
Piezocone tests (CPTu) with a temperature sen- 
sor provide valuable data on permafrost. The pore 
pressure sensor helps highlight boundaries between 
frozen and unfrozen layers. Other types of sensor 
permit measurement of resistivity for data on ice 
content; the presence of volatile organic materials 
such as methane may be measured with membrane 
interface (MIP) technology, all in the same test. 


2 SALINE PERMAFROST 


2.1 General information 


Saline permafrost is widespread in the Arctic region 
along the coast, in low lying areas, nearshore and 
offshore. The source of salinity is the sea water. 
Salinity varies significantly depending on soil type, 
location with respect to the sea, and geological his- 
tory of the soil strata. High salinity in permafrost 
soils was caused by the Quaternary transgression 
and regressions of the Polar Ocean. Cyclic temper- 
ature fluctuations inside saline permafrost, usually 
marine sediments, induce the formation of over- 
cooled water brine lenses (cryopegs). Cryopegs are 
defined as a layer of unfrozen ground that is peren- 
nially cryotic (forming part of the permafrost), in 
which freezing is prevented by depression of the 
freezing-point due to the pore solution (Fotiev, 
1999). 

Saline frozen soil is a highly complex geo- 
technical material (Table 1). The soil behavior 
changes dramatically with only a small change in 


Table 1. Frozen soil criteria. 


Soil Plastic Solid 
condition Unfrozen frozen frozen 
Ice Ice-free Ice-bearing Ice-bonded 
Mechanics Soil Plastic Elastic 
properties properties properties 
Compres- a<0.01 a>0.01 
sion MPa"! MPa"! 
Index, a 
Sand >0°C 0 to -0.1°C —0.1°C 
Clay >-0.2°C —0.2 to-1.0°C -1.0°C 
Saline >-1.0°C —1.0 to-4.0°C -4.0°C 
Clay* 


*Saline Clay case for w = 33% Ds = 0.5% Cps = 15%o. 


temperature. General soil mechanics applies when 
the soil temperature is above 0°C. Once the tem- 
perature is below freezing and the first crystals of 
ice start forming, the soil is considered as plastic 
frozen or ice bearing. Further reduction of tem- 
perature causes more ice crystals to form in the 
soil pore medium; when a critical volume of ice 
crystals is formed these start to bond together and 
the frozen soil is considered as solid frozen or ice- 
bonded. Russian standards (GOST 25100) provide 
the specific criterion named Compression Index 
(a) to classify plastic frozen and solid frozen soils. 
Temperature boundaries between unfrozen/plas- 
tic-frozen/solid-frozen soils are determined specifi- 
cally for each permafrost soil by field or laboratory 
testing. Several examples are provided in Table 1. 


2.2 Unfrozen water content 


The amount of unfrozen water has a controlling 
influence on the strength and deformation behavior 
of permafrost (Yershov, 1997). The amount of unfro- 
zen water is determined by several factors, most criti- 
cally temperature, salinity and mineral composition. 

An example of temperature dependence of 
unfrozen water content on salinity (Ds) in frozen 
clay is shown in Figure 1 (Yershov, 1997). The total 
water content is 48% when the clay temperature 
is above 0*C. Cooling the clay causes some por- 
tion of pore water to freeze gradually as the tem- 
perature decreases. Thus at —1*C the total water 
content is shared between ice content (28%) and 
unfrozen water content (20%). Further cooling 
down to —5*C increases ice content to 38% and 
decreases unfrozen water content to 10%. 

The influence of salinity is also highlighted, 
Figure 1. The amount of unfrozen water increases 
as salinity increases under otherwise equal condi- 
tions, including total water content. For instance, 
the proportion of ice and unfrozen water 28% 
and 20% occurs at —1°C for the saline frozen clay 
Ds =0.1% but at —8*C for the saline clay Ds = 1.5%. 
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Figure 1. Unfrozen water content in frozen saline clay 
as a function of salinity (Ds) and temperature (Yershov, 
1997). 


Table 2. Preliminary design values for shear strength of 
adfreezing for saline frozen soils (clays). 


Soil Design values for shear resistance R,,, kPa 
salinity, 

DY 1°C 2C 3°C 4°C 6°C 
0.05 100 150 200 250 300 
0.10 75 130 180 230 290 
0.20 40 95 150 210 270 
0.30 25 60 110 170 245 
0.50 10 30 60 100 150 


*SP 25.13330.2012 (former SNiP 2.02.04-88) provides 
these numbers for estimation purposes. 


This impact of salinity influences the mechani- 
cal properties of the clay in a similar way. 


2.3 Mechanical properties and pile bearing 
capacity 


Mechanical properties of saline frozen soils depend 
strongly on temperature and salinity due to the 
unfrozen water content. For example, parameters 
for the shear resistance due to adfreezing, R,,, for 
saline frozen soils as a function of temperature and 
salinity are shown in Table 2. These parameters are 
from the Russian Standard “Soil bases and foun- 
dations on permafrost soils” (SP 25.13330.2012), 
taken from Table B.9 at page 66. 

These parameters illustrate the dramatic effect 
of temperature and salinity on the mechanical 
properties of saline frozen soils. Changing temper- 
ature by 5°C, from —6°C to —1*C, would decrease 
soil shear resistance by 3 times for relatively pure 
water (D, = 0.05%) or 15 times for more saline soil 
(D, = 0.50%). An increase in soil salinity (perhaps 
misjudged by site investigation) from D,=0.05% to 
D, = 0.50% would decrease soil shear resistance by 
a factor 2 (at —6*C) to10 (at -1°C). 

Similar changes in magnitude due to salinity are 
observed for other mechanical properties of soil 
including deformation modulus. 


3 EXAMPLES OF CPT TESTING 
IN PERMAFROST 


3.1 Salekhard and Labytnangy 


In 2014, Fugro performed geotechnical investiga- 
tion of permafrost at several sites located in Sale- 
khard and Labytnangy, Western Siberia, Russia. 
Permafrost was detected at 22 locations with the 
CPT temperature sensor. There was no refusal due 
to cone resistance and no “pre-drilling” was needed 
to conduct the tests; all predetermined depths for 
testing were achieved and the maximum depth was 
34 m. The soil temperature was between 0°C and 
—1.2°C and the average cone resistance between 8 
and 40 MPa, depending on the soil type. 


3.2 Vorkuta railway 


In 2015 Fugro performed a pilot project for Rus- 
sian Railway to diagnose the condition of a railway 
embankment, located on permafrost near Vorkuta 
city, Russia (Sokolov et al. 2016). The CPT was 
performed directly from a railway flat-car within a 
3 hours period. Total penetration was reached at 
a depth of 12 m. Two soil layers were identified, 
which correlated to the borehole data obtained 
several years previously, and the mechanical prop- 
erties were estimated for each layer according 
to SP 25.13330.2012; E, = 42 MPa (deforma- 
tion modulus) and C,, = 480 kPa (equivalent 
cohesion) for the first soil layer, and E, = 22 MPa 
and C,, = 84 kPa for the second soil layer. CPT 
results showed permafrost between 4 m and 12 m 
depth. Six detailed measurements of temperature 
with thermal equilibration (analogy with pore 
water pressure measurement) were performed that 
showed subzero values between —0.1*C and —0.7*C. 


3.3  Thermosyphon monitoring at Salekhard College 


CPT testing was applied in December, 2016 to 
diagnose the condition of piled foundations at 
the Salekhard College, Western Siberia, Rus- 
sia. The frozen soil under Salekhard College was 
maintained by thermosyphons that were exposed 
in the crawl space below the building. CPT tests 
were completed from within the crawl space to 
measure cone resistance q. [MPa], sleeve friction 
f [kPa] and temperature T [°C] at several locations 
relative to the thermosyphons and piles. Data was 
obtained both within the zone of influence of the 
thermosyphons and at sufficient distance from 
thermosyphons and piles to provide “baseline” 
measurements. Based on this data: 1) the cooling 
effect of the thermosyphons was directly measured 
(soil temperature decrease), 2) the pile bearing 
capacity could be estimated, and 3) pile capacity 
compared at different locations beneath the build- 
ing (Volkov et al. 2017). 


As a result of this investigation, it was deter- 
mined that all the soils in the foundation are in a 
frozen state and that there is no permafrost thawing 
to a depth of 8 m, as had been implied by a previ- 
ous investigation using conventional methods. The 
measured temperature values in the reference CPT 
locations were between —0.4°C to —1.3*C. Based 
on the code calculation, the bearing capacity of a 
single driven pile 300 mm x 300 mm and 8 m long 
is about 53 tons without taking into account the 
active layer; this significantly exceeds the design 
load of 20 tons. The thermosyphons had a cool- 
ing effect on the frozen soil. During the first winter 
season the soil temperature decreased by —0.5°C 
to —0.8*C (to —1.0*C to —2.1*C absolute values), 
resulting in an increased pile bearing capacity 
up to 77 tons, 42% higher than the reference pile 
capacity in the natural ground. 


3.4 Ob Bay 


Fugro performed geotechnical site investigation in 
2017 on the Gydan peninsula near Ob Bay, Western 
Siberia, Russia. The soil conditions on the site were 
characterized by continuous permafrost with solid 
frozen sand at a mean annual ground temperature 
about —6*C. Such soil conditions are often stated to 
be unsuited for CPT investigation. Since there was 
no published data to substantiate that belief, Fugro 
performed a CPT trial to confirm applicability of 
the method in such soil conditions. The cone used 
for this test included sensors for temperature, pore 
pressure and electrical conductivity. The result of 
the CPT test is shown in Figure 2. 

The cone resistance values for the sand varied 
between 20 MPa and 55 MPa. The sleeve friction 
ranged between 100 kPa and 600 kPa. Such num- 
bers are high and correspond to very dense sand. 
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Figure 2. CPT profile in frozen sand at Ob Bay. 
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Figure 3. 
zen sand. 


CPT temperature measurement at 4 m in fro- 


The electrical conductivity (resistivity) was also 
measured and the values varied between 0.0023 
S/m (440 Ohm*m) and 0.0705 S/m (14 Ohm*m). 
It should be noted that between 3.0 m and 3.7 m 
the electrical conductivity is relatively high which 
is likely due to an increase in salinity. The average 
electrical conductivity equals 0.03 S/m (electrical 
resistivity 45 Ohm*m) in this depth interval. This is 
high (low) compared with the electrical conductivity 
for sand situated below 0.0037 to 0.0093 S/m (273 
to 120 Ohm*m). This presumed increase in salinity 
corresponds with a marked reduction in cone resist- 
ance for the sand compared with the sand below; 
q. = 22 to 28 MPa in the (presumed) saline sand 
interval and q, = 36 to 48 MPa in the (presumed) 
non-saline sand interval below. All these correla- 
tions correspond qualitatively with the ratios of 
recommended values in SP 25.13330.2012 (Table 2). 

An example of temperature measurement in fro- 
zen sand is provided in Figure 3. The time spent for 
temperature measurement is about 400 seconds. 
Other temperature measurements in this test were 
between 300 and 600 seconds. The accuracy of 
temperature measurement is 0.05°C. The resolu- 
tion of the temperature sensor is 0.001°C. 

The cone becomes heated due to friction between 
the cone surface area and the ground during cone 
penetration. In frozen sand the heat is absorbed by 
the surrounding media and the resulting tempera- 
ture change is not as large as is in non-frozen soils. 
The tremendous advantage of CPT testing in per- 
mafrost soils, compared to non-frozen soils, is that 
the time required for temperature measurement is 
significantly shorter. While it would take several 
hours to stabilize cone temperature equal to that 
of the surrounding non-frozen soil where q, = 20 
to 40 MPa, in frozen soil with similar cone resist- 
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ance values it takes about 10 minutes to complete 
temperature measurement. 

The CPT data from Ob Bay (Figure 2) shows 
the depth of the active layer as about 1 m. This 
is shown by the temperature measurement at 1 m 
equal to 0°C. The cone resistance q, also jumps 
significantly from 1 MPa to 24 MPa at this depth. 

The minimum measured soil temperature was 
—6.0°C at 7 m depth. Below this depth the soil 
temperature starts gradually to increase reaching 
—5.7°C at a depth 9 m. It should be noted that 
the observed pattern of temperature variation 
with depth fully corresponds with the theoretical 
insights into the temperature regime of permafrost 
in the layer of annual temperature fluctuation. 


4 GEOTECHNICAL MONITORING 


4.1 Existing practice 


Geotechnical monitoring of structures built on per- 
mafrost is very important. As described earlier, per- 
mafrost is very sensitive to temperature and salinity 
change, and these may be induced by climate change 
and man-made impact. There is a strong need for 
monitoring technology to provide sufficient data on 
frozen soil conditions below a structure. 

The majority of structures on permafrost are 
built on piled foundations. An illustrative analysis 
for the condition of pile foundations is given below. 

The frozen soil condition in relation to pile 
foundations can be classified in four stages (see 
Table 3). 


1. Normal condition of frozen soil is when the 
designed pile bearing capacity corresponds 
(equals) to the actual pile bearing, and exceeds 
the load transferred to the pile. The soil tem- 


Table 3. Frozen soil condition classification with refer- 
ence to pile load and pile bearing capacity. 
Foundation 
condition Description 
1. Normal No visible problem detected 
Pile Load Actual PBC = Design PBC 
Soil Temperature < Design Value 
2. Weakened No visible problem detected 
Pile Load < Actual PBC < Design PBC 
Soil Temperature > Design Value 
3. Poor Visible deformations/displacements 
of pile are detected. 
Actual PBC < Pile Load 
Soil Temperature > Design Value 
4. Critical Critical deformations/displacements 


of pile are observed. 
Actual PBC < Pile Load 
Soil Temperature > Design Value 


perature regime corresponds to that assumed 
in design, which is usually equal to the natural 
ground temperature “as it was” before the con- 
struction started, or colder (if thermosyphons 
are applied). Based on general practice, it is 
assumed that if the temperature of frozen soil 
is maintained at a certain level, no problems 
caused by permafrost should be faced. 

. Weakened condition is when due to an increase 
of the soil temperature, or other reason, the 
frozen soil becomes weaker. Actual pile bearing 
capacity is then less than designed, but it still 
exceeds the load transferred to the piles. 

. Poor condition is when the weakening of frozen 
soil continued and reached the point when the 
actual pile bearing capacity is close to the pile 
load. At this stage the pile load starts to redis- 
tribute between the piles which are typically 
installed in pile groups. The load on a weak pile 
equals its actual pile bearing capacity and the 
rest of load transfers to a neighboring pile. This 
redistribution of load prevents the structure 
from failure. However, minor deformation and 
damage may occur and be visible. 

. Critical condition is when the weakening of 
frozen soil reaches the point when actual pile 
bearing capacity is less than the load applied to 
the pile. In this case, settlement of the structure 
occurs and significant deformation and damage 
causes the operation of the supported structure 
to be suspended and often complete closure of 
the structure follows. 


Based on the classification in Table 3, measures 
and solutions for engineering protection of a struc- 
ture and foundation can be identified as follows: 

Normal condition—no additional engineering 
measures for protection are required. 

Weakened condition usually requires low-cost 
measures and solutions, which are aimed at indi- 
rectly improving the soil foundation, but not the 
structure itself, such as: 


application of thermal insulation, 

readjustment of existing thermosyphon operation, 
control on surface water flow, 

change of snow removal procedures, 

finding and fixing water leaks from surrounding 
civil infrastructure. 

Poor condition requires high-cost measures 
and solutions, aimed at directly improving the soil 
foundation and support for the structure, such as: 


application of additional thermosyphons, 
reinforcement of the structure by installation of 
anchors, reinforcement supports, etc, 
reinforcement of foundation framework, 
installation of additional piles. 


Critical condition—no engineering measures for 
protection are considered. Complete shutdown of 
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a structure is enforced. Engineering design of the 
structure demolition is required. 


4.2 Existing methods for geotechnical monitoring 
on permafrost 


Current geotechnical monitoring methods for 
structures located on permafrost can be classified 
into three groups: 1) geodetic, 2) structural and 3) 
temperature. 

The geodetic group includes various methods 
such as 3D Laser Scanning, Total Station Theodo- 
lite, HydroLevel, etc. All these methods measure dis- 
tances, angles, coordinates, etc. of reference points 
on a structure in a certain period of time. Com- 
parison of positions of the reference points pro- 
vides information on whether the structure has been 
displaced or not and by how much. These methods 
only detect the deformation of a structure, which 
happens when a structure foundation is in Poor or 
Critical condition. The geodetic methods are not 
capable to predict whether deformation may occur 
or not, i.e. are not applicable for Normal or Weak- 
ened condition, as zero displacement is detected. 

The structural group includes methods which 
use strain gauges and/or load cells, installed in 
structural elements for geotechnical purpose inside 
piles or near the contact between pile head and 
the structure itself. The strain gauges provide the 
strain which the pile is experiencing. Load cells 
provide the load transferred from structure to pile. 
Analysis of stress-strain behavior of the structure 
and distribution of loads on piles allows identifica- 
tion of critical strains or pile-load redistribution, 
which correlates to Poor and Critical conditions of 
the soil foundation. However, as for the geodetic 
approach, these methods are not capable to iden- 
tify Normal or Weakened condition or to predict 
future deformation before it occurs. 

The temperature monitoring methods are usu- 
ally limited to temperature monitoring wells 
installed near piles and/or thermosyphons. This 
method is the most widespread for monitoring 
foundations in permafrost. Temperature monitor- 
ing detects the temperature regime of foundation 
soils. If the soil temperature stays within design 
values, the condition of the soil foundation is 
assumed to be good. If the temperature rises, then 
based on subjective opinions of experts, special 
engineering measures and solutions are developed. 
It should be noted, that usually no additional 
investigation is performed and often wrong/inap- 
propriate measures are applied, sometimes caus- 
ing harmful side effects and needless expense. If 
no engineering measures are applied, then the soil 
foundation may reach the critical condition caus- 
ing loss of the structure. Temperature monitoring 
is necessary for geotechnical monitoring, however, 
it is not enough to diagnose the soil foundation 


condition and develop proper solutions for engi- 
neering protection. 


4.3 CPT application for geotechnical monitoring 


A new standard STO 36554501-049-2016 was 
released by Russian design institute NIIOSP in 
2016. The standard rules and guides CPT appli- 
cation on permafrost to monitor, diagnose and 
control soil foundations. For saline permafrost it is 
suggested to use CPT equipment that measures the 
following parameters in one push: 


— q, [MPa] — cone resistance, or soil resistivity 
under the cone tip 

— f, [kPa] — sleeve friction, or soil resistivity along 
the cone sleeve 

— T [°C] - soil temperature 

— u, [kPa] — pore pressure 

— K [S/m] - electrical conductivity of soil. 


Based on the data obtained by the cone, the fol- 
lowing parameters can be calculated: 


— Pile Bearing Capacity (PBC) estimated accord- 
ing to STO 36554501-049-2016, 

— Soil temperature as a direct measurement, 

— Soil salinity estimated from electrical conductiv- 
ity, and 

— Deformation modulus and soil strength calcu- 
lated according to STO 36554501-049-2016. 


For geotechnical monitoring purposes, CPT test- 
ing should be performed at the same key locations 
periodically (annually or every three/five years) 
depending on the site conditions. The results of CPT 
from one location should be compared to the cor- 
responding results measured previously to evaluate 
the trend in parameters and foundation properties 
(PBC, Temperature and Salinity). If one parameter 
is gradually changing, then the trend should be ana- 
lyzed and engineering measures considered. 

An example of PBC analysis is provided in 
Table 4 where based on the relation between the 
interpreted PBC, Pile Load (PL) and designed 
PBC, the permafrost foundation condition can be 
derived. 


Table 4. CPT monitoring. 


Foundation 

condition CPT 

1. Normal Measured PBC is equal or greater than 
the design PBC. 

2. Weakened Measured PBC is less than the design 
PBC, but higher than the design PL. 
The difference is not significant. 

3. Poor Measured PBC is less than the design 
PBC and equals the design PL. 

4. Critical Measured PBC is less than the design PL. 


The CPT technology is the only method today, 
which can detect permafrost soil foundation degra- 
dation at an early stage. This degradation may be 
caused by a rise in either temperature and/or salin- 
ity in frozen soils. Other methods are not capable 
to determine when soil foundation start weakening. 
Also the data from CPT testing can forecast when 
and under which conditions the poor condition may 
occur, since it measures not only soil temperature, 
but also salinity and mechanical properties of the 
permafrost soils, together with the interpreted PBC. 

Application of CPT technology can solve the 
problem of geotechnical monitoring for founda- 
tions in permafrost. 


5 CONCLUSIONS 


Several big infrastructure projects have been 
developed in recent years in the Arctic region, 
where saline permafrost is widespread. Permafrost 
degradation is a significant challenge for Arctic 
infrastructure which may be impacted by climate 
change or more direct man-made causes. Even a 
small increase in ground temperature and/or salin- 
ity of saline frozen soil can significantly decrease 
the mechanical properties of the soil and hence the 
bearing capacity of piles. The CPT is a powerful 
method to monitor and diagnose the condition of 
soil foundations on permafrost. Correct knowl- 
edge of soil foundation conditions permits prop- 
erly designed engineering solutions and remedial 
measures to be derived, avoiding high costs or loss 
of monitored structures. 
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Comparison of mini CPT cone (2 cm?) vs. normal CPT cone 
(10 cn? or 15 cm?) data, 2 case studies 


G.T. de Vries, C. Laban & E. Bliekendaal 
Marine Sampling Holland, Velsen Noord, The Netherlands 


ABSTRACT: For decades, the standard for CPT testing has pre-scribed use of a cone with a surface 
area of 10 cm?. For cones with a projected surface area smaller than 5 cm?, standards appear to question 
and suggest the application of a correction factor. 

This paper discusses results of CPT tests performed with a Mini CPT system, in which cones with a 
nominal surface area of 2 cm? were used, compared to CPT results obtained with a standard 10 cm? or 
15 cm? CPT cone. Two cases are presented. In case 1, project objective was validation of mini cone results 
for further use of the mini CPT system during construction works at the Dutch Maasvlakte 2 port exten- 
sion. In the other case, the mini CPT system was used to proof soil deterioration along a newly built quay 
in a Dutch port. Finally, some suggestions are made regarding improvements to- and application of Mini 
CPT systems. 


1 INTRODUCTION Various studies show, that differences between 
CPT results are not exclusively found in CPTs 
CPT cones with a projected surface area smaller made with different cone size, but are can be caused 
than 5 cm? have been around for decades. Whether by cone operator (Tiggelman & Beukema, 2006, 
or not results of such cones can be used, either Kardan et al., 2016) found differences in q, up to 
with- or without correction factors applied, has 10% and differences in f, that were even larger) or 
been a matter of much research and debate. Some cone manufacture. (Powell & Lunne, 2005) stated, 
initial comparative testing by Tumay & Kurup that the resulting friction ratio R, could differ as 
(Tumay & Kurup, 1997) suggested, that for a cone muchas 1-4%. 
with a nominal surface area of 1.27 cm?, a correc- In this paper, 2 cases are presented in which 
tion factor of 0.85 should be applied as compared CPTs were made with a 2 cm? cone and a 15 cm? 
with results of a 10 cm? cone. Later research by cone (case 1) or a 10 cm? cone (case 2). An attempt 
Tumay & Kurup (Tumay & Kurup, 1999) seemed is made to quantify and interpret differences 
to indicate, for a 2 cm? cone the average q, found between different cone sizes. 
would be 11% higher and average f, would be 11% 
lower in comparison with a 10 cm? cone. A paper 
by (Peuchen et al.,2005) concluded, that for CPT = MINTCEESYS IEM 
tests in sands, differences between 2 cm? and 10 cm? 
cones depended on relative density. Later research 
by (Tufenkjian & Yee, 2010), where different cone 
sizes were tested in a test chamber filled with sand, 
compacted to various relative densities, showed e Hydraulic power unit 
that at low relative densities, tip resistance of a e Thrust machine/drive assembly, apparatus 


The miniature CPT equipment spread as proposed 
by (Tumay & Kurup, 2001) includes the following 
(see Figure 1): 


mini cone generally was lower than with a larger providing thrust to the push rods so that the 
cone, whereas at high relative densities, tip resist- required constant rate of penetration is control- 
ance of a mini cone was mostly higher than in tests led. In the mini CPT system, a downward force 
with a larger cone equivalent. In a study by (Powell is accomplished through continuous chain- 
& Lunne, 2005) no systematic differences between driven traction blocks. 

tests with different cone sizes in British clays were e Coiled push rod: thick-walled cylindrical stain- 
found. In a field study by (Yoon et al. 2013), dif- less steel tube (diameter 12 mm) used for advanc- 
ferences between a 2 cm? cone and a 10 cm? cone ing the penetrometer to the required test depth 
appeared to be minimal. (maximum 10 m) 


683 


Hydraulic power unit 


Thrusting 
unit 


Figure 1. Mini CPT system. 


e Coiling mechanism: while pushing, the coiled 
push rod is straightened by a set of two fixed- 
and two movable rollers. These rollers provide 
the mechanism which coils the rod for storage 
and straightens it again as it is pushed into the 
soil. The rod is plastically deformed (approx. 
2%) as it is coiled and straightened. 
Friction-cone penetrometer (CPT): mounted on 
the lower end of the push rods, including a cone, 
a friction sleeve and internal sensing devices for 
the measurement of cone resistance and sleeve 
friction, having the following characteristics: 


Tip cross sectional area 2 cm? 
Sleeve area 30 cm? 
Sleeve offset 5.0 cm 
Probe length 14.2 cm 
Probe diameter 1.59 cm 
Cone area ratio 0.676 


Cones are of the subtraction type. The mini- 
cone has the same tip area/friction sleeve area 
ratio as a standard 10 cm? cone and hence is a 
down-sized version of a standard cone. 

e Data acquisition and system control are both 
accomplished using a PC compatible computer 
running software written for this purpose. The 
analogue signals from the cone sensors are con- 
verted into digital data and transmitted to the 
data collection/control computer. Important 
parts of the data acquisition system are: 


Depth Encoder—Penetration is measured using 
an optical shaft encoder attached to the lower 
fixed roller of the coiling mechanism (so, friction 
coupled to the push-rod). The roller diameter and 
encoder are sized and selected so that the output of 
the encoder is one pulse per millimeter. 

Base frame inclinometer—inclination of the sea- 
bed frame can be monitored by an inclinometer, 
built into the subsea controls housing. The seabed 
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frame inclinometer gives seabed frame inclination 
in x- and y direction. 


3 PROJECT CASE 1 


3.1 Land reclamation Maasvlakte 2 port extension 


A first opportunity to compare 15 cm? cone results 
vs. 2 cm? cone results presented itself in 2009. At 
that time, construction of the new Maasvlakte 2 
port extension was in full swing. The port exten- 
sion comprises a land reclamation, made by initial 
dumping- and later hydraulic filling with medium- 
to coarse grained sand. To check compaction of 
sand in the offshore part of the reclamation, the 
objective was to make use of a mini cone SPT 
system. Prior to the actual offshore compaction 
testing, a project was initiated to validate mini 
CPT results. In early august 2009 (from 13-08 till 
18-08), prior to quay construction, 140 CPT tests 
were made with a 15 cm? cone till maximum 40 m 
depth, along ca. 1800 m. of future quay, using 
standard land CPT equipment. For validation of 
mini CPT results, 3 sub-locations several hundreds 
of m. apart, each containing 3 CPT locations, were 
selected. 

CPT tests (on land) with the mini CPT (seabed-) 
system till target depth of 10 m were made in 2 
phases; 

On 27-08, CPTs were made at location L III 
(CPT locations 45, 46 and 47). At CPT location 45, 
4 attempts till 0.65 m, 0.64 m, 2.12 m and 3.35 m 
depth were made, after which further attempts at 
this location were aborted. At CPT locations 46 
and 47, CPTs could be made till target depth. 

On 19-10, CPTs were made at locations L II 
(CPT locations 57, 59 and 61) and L I (CPT loca- 
tions 83, 85 and 87). At location 83, 2 attempts 
were needed (CPT 83 till 6.7 m. and CPT83-2 till 
10 m.). CPT 87 was stopped at 7.2 m depth. Other 
CPTs could be made till target depth without 
re-attempts. 


3.2 Interpretation of results 


At all locations, a general good correspondence is 
found between the shapes of CPT curves result- 
ing from tests with a 15 cm? cone vs. results with 
a 2 cm? cone. Some example CPTs are given in 
Figures 2-5. 

CPTs made with the 2 cm? cone generally look 
more “spikey”, with peaks (both in q, and Rf) 
often showing higher values than the larger cone, 
and troughs showing lower values than the larger 
cone. Both these characteristics may be caused by 
the small cones being more responsive to vertical 
variation in sediment as suggested by (Hird et al., 
2001). 
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Figure 2. CPT results at location 46. 
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Figure 3. CPT results at location 47. 
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Figure 4. CPT results at location 59. 
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Figure 5. overlay plot of CPTs made at location 83. 


A concise analyses of CPT results has been 
made by comparing average q, and average f, val- 
ues of both cone dimensions. Results can be found 
in Table 1. 

Average q, varies between —14% to +12.8%, 
average f, varies between —44% to +42.1%. In most 
cases where average q, for a 2 cm? cone is higher, f, 
is higher as well. Where average q, is lower, aver- 
age f, tends to be lower. Differences seem rather 
random. When all CPT results are summarised, 
average q, difference is only 1.5% and average f dif- 
ference is 9.9%. 

At one location, a check could be made to see 
if repeatability might be an issue. At location 83 
(see Figure 5), 2 CPT attempts with a 2 cm? cone 
were made. A comparison between these 2 CPTs is 
given in Table 2. 

The comparison shows, even CPTs made only 
minutes apart with only one cone size may result 
in a q, difference of —3.5% and an f, difference of 
8.1% 

Itisnot clear, whether or not differences observed 
between CPTs made with 2 cm? and 10 cm? cones 
can all be attributed to cone size. 

Besides cone size, several other factors could 
have influenced CPT results. CPTs with different 
cone sizes at locations L I and L II were made sev- 
eral months apart. During this time, construction 
works continued. Surface level elevation during 
this period was lowered from reference +6 m to 
reference +4 to reference +5 m CPTs with the mini 
cone hence started at a level up to 2 m. below the 
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Table 1. Comparison of average q, and f, values of CPTs made with a 2 cm? cone vs. 15 cm? cone. 
avg avg avg avg avg q. avg q. avg f, Avg fi 
q2em f,2cm? q l0cmê f,10cm’ difference difference difference difference 
Location (MPa) (kPa) (MPa) (kPa) (MPa) (%) (kPa) (%) 
46 14.72 61.10 13:52 63.30 -1.20 -8.9 2.20 3.5 
47 15.14 69.35 14.03 48.12 -1.11 -7.9 -21.23 —44.1 
57 15.87 65.86 15.30 72.81 —0.57 -3.7 6.95 9.5 
59 15.39 60.83 17.50 82.25 2.11 12.1 21.42 26.0 
61 15.289 63.05 18.23 108.94 2.34 12.8 45.89 42.1 
83 19.00 71.09 20.66 80.29 1.66 8.0 9.20 11.5 
85 19.03 71.21 16.70 61.43 -2.33 —14.0 —978 —15.9 
87 21.01 84.98 22.15 90.26 1.14 5d 5.28 5.8 
Average all 17.01 68.43 17.26 75.93 0.26 ed 7.49 9.9 
locations 
Table 2. Comparison of average q, and f, values of 2 CPTs made with a 2 cm? cone. 
avg q. avg q. avg f, avg fi 
avg q. avg f, avg q. avg f, diff. diff. diff. diff. 
Location 83 83 83-2 83-2 (mpa) (%) (kpa) (%) 
83 18.20 71.42 17.59 65.68 —0.61 -3.5 5.74 -8.7 


original level of the CPTs made with a 15 cm? cone. 
(see Figures 4 and 5). The top part of the CPTs 
was located in the unsaturated soil zone. Tidal 
variations (high tide ca. reference level + 1.5 m, 
low tide ca. reference level -0.5 m) may have influ- 
enced groundwater level. Soil saturation may also 
have varied due to variations in precipitation and 
evaporation. Zawadzki & Bajda (Zawadzki & 
Bajda, 2016) already observed, saturation levels 
might cause variation in both q, an Fr up to 50%. 
The zone in the CPTs that might be affected by 
saturation differences between both project stages 
stretches till surface level —6.5 m. 


4 PROJECT CASE 2 


4.1 


A second project enabling comparison of 10 cm2 
cone CPT results with results of CPTs made with 
a 2 cm? cone took place in April 2012. Sometime 
after the Visserijhaven had been deepened and a 
new quay wall was constructed in IJmuiden port in 
2011, the port authority wanted to check general 
condition- and possible deterioration of the sea- 
bed due to shipping movement and ships propel- 
ler action. For this purpose, 48 CPTs using a Mini 
CPT Seabed system with 2 cm? cones were made 
till target depth of 10 m -seabed. The CPT sys- 
tem was deployed from a barge suitable for inland 
waters. Position keeping was done using spud- 
poles. Hoisting took place using a crawler crane, 


Haringhaven Ijmuiden 
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with a GPS mounted in the crane boom. During 
the time of testing with the mini CPT, the seabed 
was located at ca. 10-12 m—reference level. Mini 
CPT test results could be compared to CPTs made 
prior to quay wall renewal with a 10 cm? cone (on 
23-10-2009). 12 CPTs made with the larger cone 
(till target depth ca. 22 m—seabed) were available 
for comparison. CPTs were evenly spread along 
the quayside which has a length of ca. 500 m. CPTs 
with a 10 cm? cone were made from a survey barge, 
kept on position with spud poles. For CPT push- 
ing, use was made of a 20-ton nominal pushing 
force set of CPT rams, located on deck, through 
a moon pool. A casing was lowered ca. 1-2 m into 
seabed prior to CPT deployment. During testing 
with the larger diameter cone, seabed was located 
between 4.5-9 m minus reference level. 

An original typical soil profile at the interval of 
interest would look as follows: 


—10 m till -13 m: medium dense to dense silty sand 

—13 m till —15 m: thinly interbedded silty sand and 
sand 

—15 m till —18 m: thinly interbedded sandy silt, silt 
and clay 

> —18 m: sand, dense 


During testing with the mini cone, penetration 
achieved varied between 4.4 m and 10 m. Ultimate 
penetration depended on where the lower dense 
sand layer was located, in no mini CPT attempt a 
penetration of more than 2 m into this layer was 
achieved. 


4.2 Interpretation of results 


Prior to further processing, all mini CPT depths 
were corrected for slope, based on the inclination 
values of the inclinometers built in to the seabed 
frame. In 6 of the 12 mini CPTs, an unrealistically 
high Fr was observed in the top 4 m. The reason 
for this is not exactly clear, as further down fric- 
tion tends to return to normal values. Maybe this 
was caused by a malfunctioning or damaged cone, 
(though not observed by the field crew), or by ear- 
lier construction activities. q, results for these CPTs 
could still be used. In order to make curves of mini 
CPT tests match the 10 cm2 CPT results as closely 
as possible, adjustments to depth were made to 8 
of the 10 cm? cone CPT results, apparently there 
had been some inaccuracies in vertically referenc- 
ing these CPTs. The largest vertical shift needed was 
0.7 m for CPT 100. For CPTs 101 and 103 shifts of 
0.4 m and 0.3 m were needed respectively. For CPTs 
102, 109, 112 116 and 118 shifts of less than +/- 
0.2 m were applied. After all adjustments had been 
made, the mini CPT results were used to prove, that 
after quay construction, dredging and consecutive 
vessel movement a disturbed zone with loosened 
soil of 1-2 m thickness existed, where CPTs showed 
a considerably lower tip resistance q, and a relatively 
high skin friction. Below this disturbed zone, for 
all CPTs, q, results of 10 cm? CPT and 2 cm? CPT 
seemed to correspond well. (see Figures 6 and 7) 
As in case 1, CPT results with a 2 cm? cone 
appear to be more spikey than CPT results made 
with a 10 cm? cone. It also seems apparent from 
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T 
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Figure 6. Overlay plot of 6 succesfull CPT test loca- 
tions. 2 cm? results in blue, 10 cm? results in red. Both 
q, and Fr / Rf match well, as does the derived SBT (Soil 
behaviour type) in the non-disturbed zone, located below 
reference —13 m.. 
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Figure 7. Overlay plot, comparing CPT tests at 6 
remaining locations. 2 cm? results (with unrealisticaly 
high Fr in the top few m) in blue, 10 cm? results in red. 
q, results still match well, as does the derived SBT (Soil 
behaviour type)in the non disturbed zone located below 
reference —12.5 m. 


Figures 5 and 6, that the envelope encompassing 
q, and Rf values of a 2 cm? cone is larger, i.e. the 
mini CPT results tend to exhibit higher extreme 
values. This may again be attributed to the mini 
cone being more responsive to thin layers. 

In order to quantify differences between CPTs 
made with various cone sizes, a comparison was 
made between average q, and average f, values. In 
this analysis, the “disturbed” zone above reference 
—13 m was disregarded. Only 2 cm? CPT results 
with valid friction values were used. Results can be 
found in Table 3 below 

The average q, values of 2 cm? CPT results as 
compared to 10 cm? CPT results vary between 
—14% to + 25%, the f, results vary between —20.4% 
to +9.2%. Asin case 1, when the average q, for a 2 cm? 
cone is lower than for a 10 cm? cone, the difference in 
f, values tends to be negative as well (and vise versa). 

If averages of all CPTs are calculated, the dif- 
ference in q, is only 3.4% and the difference in f, 
only -2.98%. 

It is again not sure if all differences between 
CPTs made with different cone sizes at the same 
location are caused by cone size only. CPTs with 
different cone sizes were made 2.5 years apart, dur- 
ing which time the harbour was deepened and a 
new quay wall was constructed in the direct vicin- 
ity of the CPT locations. This might have a pro- 
found effect on q, and f, values observed. 


Table 3. Comparison of average q, and f, values of CPTs made with a 2 cm? cone vs. 10 cm? cone. 
Summary 2 cm? 10 cm? 

avg q. avg q. avg f, avg f, 
2 cm? 10 cm? avgq. avgf, aveq.  avgf, difference difference difference difference 
CPT no. CPT no (MPa) (kPa) (MPa) (kPa) (MPa) (%) (kPa) (%) 
1 100 10.80 51.05 10.32 43.48 —0.48 4.67 7.56 17.39 
3 101 7.47 68.88 8.31 75.52 0.84 10.14 6.65 8.80 
7 102 8.35 78.82 8.70 79.40 0.34 3.96 0.58 0.73 
11 103 7.51 84.56 6.58 70.25 —0.93 14.09 —14.32 —20.38 
13 104 9.20 91.60 8.36 83.10 —0.84 —10.10 —8.50 —10.23 
15 105 8.62 94.59 11.500 104.17 2.88 25.04 9.57 9.19 
avg all CPTs 8.66 78.25 8.96 75.99 0.30 3.37 2.26 -2.98 


5 CONCLUSION AND 
RECOMMENDATIONS 


In both presented cases, circumstances for a com- 
parative test between cones of different sizes were not 
ideal. CPTs with large- (10 cm? and 15 cm?) and small 
(2 cm?) nominal surface areas were in both cases made 
several months or even years apart, under changing 
circumstances. Despite all these influences unac- 
counted for, differences between CPT results obtained 
with various sizes of cones seem rather random and 
non-systematic. Average differences over multiple 
CPTs seem to fall well within bounds that are to be 
expected for CPTs made by different operators made 
with equal-size cones of different manufacturers. 

There is no scientific basis for any expectation 
that the response of the miniature cone should be 
significantly different from those of a standard 
cone, except for resolution. From a theoretical 
(continuum mechanics) standpoint, the response 
should be exactly the same except that the smaller 
cone should have higher resolution; i.e., it should 
respond more sharply to stratigraphic changes and 
it should be able to resolve thinner layers. 

Numerical analysis to address the question of 
comparability of CPT results acquired with differ- 
ent cone sizes is quite feasible, but such has not yet 
been published. 

Further research into the matter seems in place. In 
the mean time, there should be no objections to use 
cones with smaller dimensions on a variety of projects. 
Especially not, when CPT results and derived CPT 
parameters can be calibrated against borehole data 
and laboratory results. Various succesfull projects 
with miniature cone systems have already proven this. 
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The development of “Push-heat”, a combined CPT-testing/thermal 
conductivity measurement system 
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ABSTRACT: In design of offshore powercables, thermal characteristics of the soil in which the future 
cable will be located are needed to calculate and predict cable capacity and lifetime. Traditionally, thermal 
characteristics were measured in the laboratory, on samples obtained with various drilling and coring 
techniques. Unfortunately, for various reasons, results of laboratory testing are not always consistent. 
This necessitated the design of a reliable system to measure thermal characteristics, both in the laboratory 
and in-situ. Older in-situ measurement techniques have mainly focussed on deployment in soft soil and 
deep water. For use in coastal environments, with complicated soil profiles and soil types more resilient to 
penetration, these older systems have only limited practical use. Early development of a system combining 
vibrocoring with in situ thermal conductivity measurement has proved reasonably succesfull but in some 
soil types still rendered anomalous results. This paper discusses the development of a new measurement 
system which combines traditional CPT pushing- and measurement technology with an existing well 
established in-situ thermal measurement technique. Some initial measurement results are presented. 


Keywords: CPT testing, thermal conductivity, in-situ testing, equipment, testing and procedures 


1 INTRODUCTION of more than 3 meters are essential for optimal 
cable burial and obtaining geothermal gradient 

In a number of engineering applications, meas- estimations independent of seasonally influenced 
urement of heatflow / thermal conductivity and sediment layers. 
thermal capacity is important. Common applica- 
tions where thermal conductivity is measured are 
heat exchange systems for energy storage (mostly 2 MEASURING THERMAL 
onshore), geothermal energy projects (mostly CONDUCTIVITY 
onshore), basin- and basin maturity studies in oil 
and gas industry (mostly offshore), design of off- | Considered best practise for determining thermal 
shore oil- and gas flowlines and pipelines, design conductivity was, until very recently, taking off- 
of offshore HVDC / AC electricity cables. The off- shore soil samples for consecutive thermal resistiv- 
shore market has seen a recent rise in the amount ity testing in a geotechnical laboratory, typically by 
of windfarms (each having their own infield- and using a thermal needle probe as in Figure 1. The 
export high voltage electricity cables) planned and main drawback of testing thermal conductivity in 
under construction or already constructed. Fur- the laboratory is, that test conditions are often ill 
thermore, there is a joint European effort to create controlled, particularly watercontent, which has a 
a European electricity grid, for considerable parts major impact on test results. In addition, bound- 
accommodated by offshore high voltage cablesand ary effects (due to limited sample size) and limited 
divider stations. test volume of soil are not well accounted for. 

All these offshore activities have given rise to For these reasons, there is an increasing ten- 
a recently increased demand for assessing ther- dency in the market to ask for in-situ testing of 
mal conductivity values in shallow-water regions, thermal conductivity. 
which are important for estimating the dissipation Several systems for in situ thermal conductiv- 
mechanisms of thermal energy and the environ- ity measurement have been developed, in the past 
mental impact of power cables. Penetration depths each having their own drawbacks: 
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Thermal needle probes. 


Figure 1. 


e In-situ borehole tests, utilising a “thermal 
loop” - borehole required and takes a long time 
to set up and test—less suitable for shallow off- 
shore testing) 

e Push-in systems based on needle probes (Fugro 
a.o.) - limited penetration capacity due to vul- 
nerability of the probe. Can be used in very soft 
(far offshore) soils only. 

e Push- in systems based on larger size CPT 
cones (Neptune) — measurements are done con- 
secutively at discrete depths which is very time 
consuming 

e Heat-flow probes (TDI Brooks, Fielax) 


Heat flow probes are designed to study thermal 
properties of the sediment and consist of a sen- 
sor string (typicallyl cm diameter) with a series of 
thermistors and heater elements, attached to the 
side of a strength element, generally 3-5 m long 
(see Figure 2). The strength element is a steel tube 
with an added instrumentation package near the 
top for sensor data acquisition and control storage. 
Measurements include monitoring heat gradients 
as a result of the probe insertion into soil as well as 
heat dissipation with time produced by an impulse 
of the heater elements, which are fired after tem- 
perature has reached a stable level and heats up the 
probe and surrounding sediment. The probe then 
measures (and records) the thermal decay of heat, 
by which depth-dependent thermal conductivity 
and diffusivity can be calculated (Evenset et al, 
2016, Hyndman et al, 1979). Main parameters of 
interest include geothermal gradients and thermal 
conductivities of the surficial 3- to 5-m portion 
of the seafloor sediment. These data are used for 
both engineering design of structures under ther- 
mal load, such as wellbores and pipelines, as well as 
sedimentary basin hydrocarbon maturation stud- 
ies for exploration purposes. 

A major advantage of this technology is, that 
measurements are taken simultaneously over the 
full penetration depth of the sensor into seabed, 
which makes measuring efficient. Until recently, 
the only deployment mode for a heatflow probe 


VibroHeat String 3.0m 


All measurements in cm 


Tube length: 313. 
Distance trom tube end- NTC22: 302. 


'DLN—Y 


Core barrel length 370 


Figure 2. Heat flow probe, containing 22 thermistors, 
attached to a strength element. Data connections to a 
data acquisition unit can be made from the connection 
pod displayed on the right. 


Figure 3. Vibrocorer, with combined vibroheat meas- 
urement string and core barrel attached. 


was to drop it with a gravity-corer type setup. This 
deployment mode is only suitable in very soft sedi- 
ment. A development by Fugro Gmbh, Fielax and 
Schmidt (Germany) (Dillon et al, 2012) has lead 
to a deployment mode using a vibrocorer, which 
makes the probe suitable for deployment near- 
shore, in tougher sediment. Deployment depth 
currently is limited to 3.5 m. depth (or 5 m. ulti- 
mately using a long 6 m. core barrel). See Figure 3. 
Thermal conductivity measurement systems 
combined with CPT-push technology were not 
commercially available until recently. 
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Aim of the development of a HeatFlow Push 
Probe (HF-PP) / “push-heat” was, to develop a 
thermal conductivity measurement system that 
would incorporate measurement of standard 
CPT test parameters (tip resistance, skin friction, 
optionally cone inclination, porewater pressure) 
and is suitable to measure thermal conductivity to 
a greater depth then 5 m. 

Development was planned to take place in 
2 stages, which are further discussed below. 


3 DEVELOPMENT STAGE 1: PROOF 
OF CONCEPT—HF PUSH PROBE 


3.1 


Prior to starting any development, some initial 
experience was gained with the VibroHeat device. 
Although being a fully functional and fairly effi- 
cient system, it displayed the following disadvan- 
tages during deployment; 


Experience with VibroHeat 


— having an extra probe attached ca. 5 cm away 
from a coring tube makes the tube asymetric and 
total effective diameter of the coring tube larger. 
This causes maximum penetration of the combi- 
coring tube to be less than for a conventional 
coring tube 

especially in “difficult” sediment like e.g. gravelly 
soils or very dense fine sand, penetration may 
take considerable time and force. This causes 
(also dependent on vibratory force and weight 
of the vibrocorer uses) a lot of soil disturbance 
around the vibrocorer, which in turn may influ- 
ence thermal characteristics of the soil. (Evem- 
set et al, 2016) 

On one of the initial projects, due to unequal 
seabed, the vibrocorer, which has a high centre 
of gravity, toppled over frequently, causing core 
barrels to bend and the HF probe attached to be 
damaged. On 20 stations, 5 probes were used. 


Above flaws prompted the combination of Heat 
flow measurements with a Mini CPT machine. 


3.2 Adapting the HF probe system for use 
with a miniature CPT system 


The “normal” HF probe consists of a hollow tube 
with an external diameter of 14 mm, Wall thickness 
3.5 mm, Internal diameter 7 mm. The normal probe 
contains 22 temperature sensors and up to 5 heating 
wires. The total amount of wire strands inside hence 
is 54. As the normal coiled rod for a mini CPT system 
(see Figure 4) is not so much different in size (hav- 
ing an external diameter of 12.7 mm., wall thickness 
3.5 mm., internal diameter 5.7 mm.) inspired the 
idea to build a heatflow measurement string directly 
into a CPT coiled rod, initially as a dummy without 
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Figure 4. CPT frame with coiled tube modified for 
thermal measurements and titanium pressure housings 
containing data acquisition and power supply. 


the possibility to perform simultaneous CPT meas- 
urements. Having a slightly smaller diameter avail- 
able and reserving some space already for the CPT 
cone wiring, this meant the amount of thermistors 
had to be reduced to 13 instead of 22. Only 1 heat- 
ing wire was used. The length of the CPT coil was 
limited to 6 m, sensor spacing was 0.4375 m. The 
measurement principle (see Figure 5) for thermal 
conductivity measurements remained comparable 
to the earlier vibroheat device. In september 2013, 
initial measurements with the now “push-in probe” 
were done at the cable route for OWP Gemini. At 
21stations, a cpt was performed first and a thermal 
conductivity measurement afterwards, using differ- 
ent CPT machines. Results obtained were of excel- 
lent quality, no liquefaction phenomena around the 
measuring device were observed and no probes were 
damaged. 

Since this initial conception, the “dummy” push 
probe (so without CPT cone attached) has been 
succesfully deployed on various projects all around 
Europe. An interesting spin-off for use in shallow 
(land- or offshore boreholes) has in the mean time 
been developed as well. 

After validation had taken place, the decis- 
sion was taken to proceed with stage 2 of the 
development. 


temperature 


Time (minutes) 


Figure 5. Principle of a heat flow measurement. A: 
Heat flow probe lowering to the seabed. B: Penetrating 
into seabed. C: Recording temperatures of thermal decay 
of frictional heat (approx. 20 minutes). D: Artificial heat 
pulse. E: Recording temperatures of thermal decay of 
heat pulse (approx. 20 minutes). F: Retrieval to surface. 
Clearly, temperature rises during the penetration and 
retrieval processes inside the CPT apparatus as successive 
peaks can be seen. 


4 DEVELOPMENT STAGE 2: 
COMBINATION CPT / HF PUSHPROBE 


This stage comprised the design of a heatflow push- 
probe with a 2 cm2 subtraction type of CPT cone, 
as normally used in the Mini CPT system. Cones 
used were analogue cones, allowing measurement 
of tip resistance, skin friction and porewater pres- 
sure. Cone inclination was not incorporated to the 
design yet. The cone has the following dimensions; 


Tip cross sectional area : 2 cm? 
Sleeve area 30 cm? 
Sleeve offset 5.0 cm 
Probe length 14.2 cm 
Probe diameter 1.59 cm 
Cone area ratio 0.676 


With the cone, a maximum tip resistance of 
45 MPa is feasible. Connecting the cone to the 
heatflow pushprobe was not altogether easy, as the 
pushprobe is normally filled with oil. Connection 
to the cone had to be made watertight. 10 extra 
wires were inserted into the pushprobe, to allow 


Figure 6. Connections of HF push-probe to CPT cone 
under construction. Wiring of the CPT cone is visible 
here. 


passing of cone power supply and signals. (see 
Figure 6). Actual connection to the cone could be 
made by installing an extra steel transfer piece at 
the end of the push probe, fitted with a 10-pin mini 
lemo-type (E-type) connector. At the other end, a 
split out was made with 2 subconn connectors for 
the HF part of the device and 1 impuls connector 
to go to the CPT data acquisition system. Since the 
system was implemented, it has been tested at vari- 
ous locations with varrying degrees of succes. On 
a project at OWP Fécamp, weathered bedrock was 
present very near surface. Due to this, no signifi- 
cant penetration into seabed could be achieved. On 
a project in the Gulf of Biscaye, coarse material 
was present near surface. Although the CPT cones 
functioned well initially, they bent or became dam- 
aged otherwise early on in the lifetimes of probes. 
The HF part of the system continued to function 
flawlessly. Changing of cones in the field proved 
unpractical, due to the very minute size of the 
Lemo connectors. In practise, this meant whenever 
a cone was damaged, for the combination to con- 
tinue functioning, a new probe with undamaged 
cone had to be installed. 

Some initial probes have been developed with a 
length of up to 10 m. Since the probes proved quite 
vulnerable, cycletime as a combiprobe (i.e. without 
maintenance) is hence for the time being limited 
and construction of a 10 m. probe is quite tedious, 
the decision was made to limit probe length to 6 m. 
until some further developments making the set-up 
more robust have been implemented. 
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5 FURTHER DEVELOPMENTS, 
CONCLUSIONS AND 
RECOMMENDATIONS 


Development of a push probe to measure thermal 
characteristics of the seabed has proven succesfull 
and overcomes some of the problems with earlier 
systems. Data quality of the Heat Flow equip- 
ment is, almost without exception, very high. The 
dummy version with no CPT cone attached is quite 
robust and hence is a very usefull and efficient tool 
to measure thermal characteristics of soil in the 
top 6 m. of sediment om varrying stratigraphies. 
Although the current set-up with analogue cones is 
functioning, it is relatively vulnerable. Application 
of a dummy- or a combi probe should therefore 
be decided upon based on expected stratigraphy. 
In “soft” soil, the combi probe can well be used. In 
profiles with abundant gravel or very dense sand, 
the dummy probe is preferred. Further develop- 
ment of the HF-CPT probe encompasses imple- 
mentation of a digital cone (with tip/skin friction / 
porewater pressure and cone inclination measuring 
capability) is underway. This will make replacement 
of CPT cones in the field much easier, as a differ- 
ent type of connector can be used (a type that can 
rotate freely without causing wiring to damage). 
Additionally, this will reduce the number of wires 
needed to transfer power to- and signals from the 
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cone to 4 only. This in turn will make construction 
of the combi probe somewhat easier. 

On the interpretation side of things, 1t is inter- 
esting to notice that an abundant amount of com- 
bined measurements or coinciding measurements 
of CPT data and thermal conductivity data is 
becoming available. It might prove a usefull exer- 
cise, to see if a relation can be found between soil 
thermal characteristics and other physical para- 
meters (often derived from CPT data). 
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ABSTRACT: Free Fall Penetrometer (FFP) tests provide an efficient way to determine the 
penetration resistance at shallow depths in sandy soils, and are being used increasingly in geotechnical, 
geomorphological and coastal engineering applications. A limitation of free fall penetrometers is the 
effect of their high velocity on the penetration resistance. This affects the drainage condition, creates a 
viscous-type enhancement of the mobilised strength, and also introduces inertial drag forces. It is useful if 
the measured FFP resistance can be adjusted back to the resistance that would be expected in a standard 
Cone Penetrometer Test (CPT) at the same location. With this adjustment, the resistance can be used 
in the same correlations and design methods as standard CPT data. Adjustments for viscous-type rate 
effects and inertial drag have been proposed and explored in detail for clay soils. The contribution of this 
paper is to outline a correction scheme for drainage condition, which is more relevant for sandy soils. 
This correction utilizes the dissipation response at the end of the FFP test, in combination with the 
measured or derived FFP tip resistance. Relationships for penetration resistance in drained and undrained 
conditions based on density state are developed. It is shown that the high velocity FFP resistance can be 
uniquely mapped to a resistance from a standard CPT, when combined with the dissipation response. With 
development and validation, this new framework could enhance the value of FFPs as a complementary or 
alternative technology alongside conventional static penetration testing. 


1 INTRODUCTION Most free-fall penetrometers have geometries 
that resemble their ‘push-in’ counterparts. How- 
1.1 Free fall penetrometry ever, the velocity at impact with the seabed is typi- 


cally up to 10 m/s depending on geometry and drop 
height. which is almost three orders of magnitude 
higher than push-in penetrometers, inserted at a 
standard rate of 0.02 m/s. 


Free-fall penetrometers (FFPs) are devices that 
are dropped from above the seafloor and self-pen- 
etrate into the seabed. Data gathered during the 
deceleration, such as tip and shaft resistance, are 
interpreted to determine the seabed properties. 
Conventional push-in penetrometers are com- 
monly deployed using a seabed reaction frame low- In soft clay seabeds, FFPs travel at undrained rates 
ered from a survey vessel. FFPs can be deployed of penetration. The measured data must be inter- 
from smaller and less expensive vessels. Also, preted in a framework that accounts for the effect 
because they allow coverage of a large seabed area of strain rate on the mobilized soil strength, within 
in a relatively short time frame, they have particu- the undrained range, to determine a soil strength 
lar potential in supplementing data from push-in that is equivalent to a constant (and much lower) 
penetrometer tests that are undertaken at large velocity push-in test. 
spatial intervals, reducing the uncertainty associ- Recent studies have established frameworks 
ated with spatial variability. for making this type of correction, which include 


1.2 Interpretation in clay soils 
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allowance for the apparent different effects of 
strain rate on shaft friction and tip bearing (Steiner 
et al. 2014; Chow et al. 2014, Chow et al. 2017). 

It has also been demonstrated that these devices 
can measure the coefficient of consolidation if the 
penetrometer remains in the seabed after instal- 
lation to record the dissipation of excess pore 
pressure (Mulukutla 2009, Chow et al. 2014). As 
a result, there is now a complete framework for 
interpretation of an FFP in soft clay to determine 
the same strength and consolidation parameters as 
a conventional piezocone test. 


1.3 Interpretation in sandy soils 


FFPs have also been tested in sandy soils, and 
have proven capable of identifying subtle strati- 
graphic layering within the upper tens of centi- 
metres of the seabed (Stark et al. 2009), providing 
a powerful tool for wide area surveys of shallow 
seabed geomorphology. However, to date there is 
no equivalent interpretation method for sands to 
determine a soil strength parameter from the FFP 
tip resistance. Instead, the tip resistance is some- 
times altered for strain rate effects to determine a 
corrected quasi-static penetration resistance, using 
the same type of approach as for tests in clay. 

To establish a rigorous interpretation of FFPs 
in sandy soils, 1t is necessary to introduce an addi- 
tional element to the interpretation process, to 
allow for drainage conditions. In clay soils, both 
FFP tests and conventional push-in CPTs involve 
undrained penetration, so allowance need only be 
made for viscous-type strain rate effects in esti- 
mating the appropriate undrained shear strength. 
In contrast, FFP tests in sand generally involve 
undrained penetration, whereas push-in tests are 
generally fully drained. 

To illustrate this point, the boundaries for 
undrained and drained penetration are shown in 
Figure | using the dimensionless velocity, V=vD/c,, 
where v is the penetrometer velocity, D is the diam- 
eter of the penetrating object and c, is the consoli- 
dation coefficient. For V < 0.1, drained conditions 
apply but for V > 30 undrained conditions apply, 
based on both theoretical and numerical modelling 
(e.g. Colreavy et al. 2015, Chatterjee et al. 2013). 
These criteria lead to combinations of soil type — 
defined by c, — and penetrometer velocity that fall 
in each drainage regime. 

The domain of FFP tests is illustrated as 
v > 0.1 m/s, with a reasonable upper limit being 
of the order of 10 m/s, whereas conventional 
tests adopt a standard velocity of 0.02 m/s. For 
sandy soils, the consolidation coefficient may lie 
in the range 10*-10° m?/year, which leads to und- 
rained or partially-drained conditions during FFP 
penetration. 


Solid line: V = 30 
Standard 10 cm2 CPT Dotted line: V = 0.1 
—— 0.1m diameter (FF)CPT 
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Figure 1. Drainage during penetrometer tests. 


A conventional static push-in test is fully 
drained in sandy conditions. The u, pore pressure 
measurement provides an indication of the drain- 
age regime, and the Robertson (1990) classifica- 
tion charts indicate that in sands and silty sands 
the normalized u, pore pressure (B, = (Us-Up)/Qnet) 
will not exceed ~0.2. 

An FFP penetrating at a velocity that is two 
orders of magnitude higher, will show the pore 
pressure response equivalent to a much lower per- 
meability soil, with a more significant value of By 
that could be positive or negative, depending on 
whether the soils is dilatant or contractile. 


1.4 Interpretation for drainage in sandy FFP tests 


This paper outlines a new approach to allow for the 
effect of drainage in the interpretation of FFPs. It 
operates on the following basis: 


1. A generic model is established for penetration 
resistance of the same soil in both drained and 
undrained conditions. 

2. The model is tied to two soil parameters: relative 
density, I,, and consolidation coefficient, c,. 

3. Relative density controls the penetration resist- 
ance in both drained and undrained conditions, 
and therefore also sets the ratio between drained 
and undrained resistance. 

4. Consolidation coefficient controls the velocity 
thresholds between fully undrained, partially- 
drained and fully drained penetration. 


Since the model has two soil parameters, they 
can only be uniquely defined from two FFP test 
measurements, and so the interpretation relies on 
both the dynamic penetration resistance, qayn and 
also a dissipation stage immediately after the FFP 
comes to rest from which c, can be determined. The 
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condition. 


Interpretation scheme to allow for drainage 


model scheme is outlined in Figure 2. The follow- 

ing sections describe each element of the model. 
The model is applied via example scenarios of 

soil that has uniform relative density with depth. 


2 COEFFICIENT OF CONSOLIDATION 


For a free fall cone penetrometer, the dissipation of 
excess pore pressure around the tip can be approxi- 
mated by the following approximation to the time 
for 50% of the excess pore pressure to dissipate, t.,: 


(1) 


where T;, can be taken as 0.6, which is appropriate 
for typical values of rigidity ratio based on numeri- 
cal analysis, and assumes that the prior penetration 
is fully undrained (Mahmoodzadeh et al. 2015). 

The value of c, determined from the dissipation 
data can be used to convert the velocity profile of 
the FFP deceleration into a profile of dimension- 
less velocity, V (assuming that the consolidation 
coefficient derived for the end of the drop also 
applies throughout the profile). As for static pen- 
etration tests, this idealized dissipation response 
can be applied to the dissipation seen in dilatant 
soil where an initial rise in pore pressure is often 
observed (Sully et al. 1999). 

The penetration resistance between the und- 
rained and drained regions can be defined using a 
“backbone” curve of the form: 

P| 


Qnet.ayn = Anet.ua + (daea = Qreta ) MEA (2) 
1+ | 
Va) 
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where V,, ~ 1 (Randolph & Hope 2004). 

Field studies show FFPs can provide consistent 
pore pressure data, despite the high velocity impact 
(Albatal et al. 2017), with a Bernoulli-type correc- 
tion at the u, positon during free fall (Mumtaz 
et al. 2018). 


3 DRAINED RESISTANCE 


The drained penetration resistance, q.a can be 
linked to the relative density via conventional cor- 
relations derived for clean sands, which are widely 
used in engineering practice for all sands. Many 
such correlations are available, which vary in their 
detail. The approach by Jamiolkowski et al. (2003) 
is adopted here: 


| 
where q, and p’, are in kPa, and the coefficients 
are C, = 300 (dimensional), C, = 0.46, C, = 2.96. In 
our analysis, we have assumed for illustrative pur- 
poses an earth pressure coefficient of 0.5 and an in 
situ effective unit weight of 8 kN/m’, meaning that 
P'o = 5.3z where z is the depth below the seabed in 
metres. 

If information on the soil mineralogy is avail- 
able, the more sophisticated correlations of Mayne 
(2014) could be used, and other alternatives to 
Equation 3 exist, particularly at lower stress level 
and low embedment depth (e.g. Emerson et al. 
2008), and may be preferred. 


Anet,a 
PC 
Copo” 


(3) 


4 UNDRAINED RESISTANCE 


The undrained penetration resistance, qeuas 18 
linked to relative density via Bolton's correla- 
tions, which provide a connection between density 
and angles of friction and dilation, varying with 
effective stress level (Bolton 1986). These correla- 
tions can be applied to determine the undrained 
strength of sands, by recognizing that in undrained 
failure the dilation angle must be zero. In Bolton's 
terminology, this requires a relative dilatancy, I,, 
of zero, so that: 


L, =1,(Q-Inp’)-1 


E : Q (4) 
Undrained failure : 1, =0so p; =e 
In silica sands, Q, referred to as the crush- 
ing strength parameter, is commonly taken as 10 
(where p’ is defined in kPa) (Randolph et al. 2004). 
If mineralogical information is available, the value 


of Q could be refined. Using the mean stress at 
failure, p”, the undrained strength can be calcu- 
6sing, 


lated as: 
| 3-sing, ) 


adopting here the compressive failure criterion, 
and using the constant volume or critical state 
friction angle, $.,. Bolton (1986) shows this is rela- 
tively invariant for siliceous soils (31—33* with 32° 
adopted in this paper). For other mineralogies, 
alternative values are recommended (e.g. Ran- 
dolph et al. 2004). 

The undrained strength could also be aug- 
mented by a viscous adjustment for strain rate, fol- 
lowing Randolph (2004) and Chow et al. (2017). 
Also, a cavitation criterion, dependent on the back 
pressure (i.e. water depth) could be used to set an 
upper limit on p’, For simplicity these additional 
elements have not been included in the model in 
the present paper. 

The undrained strength can be converted to 
undrained penetration resistance, q, ,, Via a conven- 
tional bearing factor, N,,. We have adopted a value 
of N,, = 12 which is the mean value from studies 
of clay soils reported by Lunne et al. (2011). How- 
ever, this value is subject to the same uncertainties 
as for static CPTs, particularly at shallow embed- 
ment where a lower value of N,, could be utilized 
instead (e.g. Aubeny & Shi 2006). 


7 
E 


1 
s == 5 
153P (5) 


=N,S 


Aneta kt u (6) 


5 COMBINED MODEL 


The analysis steps described above lead to back- 
bone curves shown in Figure 3, which correspond 
to a depth of z=2 m and use the parameters given 
previously. 

It is notable that the backbone curves show 
divergent shapes at low and high relative density: 
in loose materials the undrained resistance is less 
than the drained resistance, whereas in dense mate- 
rials the opposite is true. This is consistent with the 
effect of dilatancy, with the dense material dilating, 
causing a rise in effective stress and an increase in 
penetration resistance in undrained conditions. 

The backbone curves do not cross, meaning that 
for any combination of q, and V, there is a unique 
density state, which in turn has a pair of unique 
drained and undrained penetration resistances. 

The transition between fully drained and fully 
undrained takes place over two orders of magni- 
tude of V. Typical uncertainty in consolidation 
coefficient could be a factor of five, which gives 
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Figure 3. Example backbone curves linking dynamic 
penetration resistance to relative density and penetration 
speed. 
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Figure 4. Illustration of interpretation scheme. 


only a minor variation in the penetration resist- 
ance or the inferred relative density. For this rea- 
son, minor refinements in the adopted dissipation 
solution have only minimal effect on the model. 
The log scale hides the significant range in pen- 
etration resistance: a change in relative density 
of 5% typically leads to a change in penetration 
resistance of ~15% in drained conditions. In und- 
rained conditions, a 5% change in Ip doubles the 
undrained penetration resistance at low relative 
density, but has only a 10% effect close to I, = 1. 
The practical approach for using this models to 
interpret FFP results is shown in Figure 4. At all 
depths within the deceleration response, the meas- 
ured q, can be combined with the current V that is 
inferred using the c, derived from the final dissipa- 
tion test. This (q,,V) pair identifies a relative den- 


sity line, which can then be used to determine the 
drained limit, q.a (or q,» the penetration resist- 
ance at the standard rate of 20 mm/s) as well as the 
undrained limit, q, ua 


6 SYNTHETIC FFP ANALYSES 


To illustrate the behavior of the model, a set of syn- 
thetic FFP penetration responses have been gener- 
ated for uniform sand, with the parameters given 
earlier in this paper, and assuming a consolidation 
coefficient of c, = 10% m?/year. The penetrometer is 
idealized as a 0.1 m diameter cone with a 60° tip, 
one metre in length, of solid steel. Shaft resistance 
is neglected. 

Firstly, the responses in uniform loose and 
medium dense sand are compared for a range of 
impact velocities from 2.5-10 m/s, which are typi- 
cal for FFPs (Young et al. 2011, Stark et al 2009). 
The assumption that relative density is constant 
with depth is adopted here, but may not apply in 
real sediments. 

In loose sand (Figure 5), the synthetic dynamic 
resistance, Q, ay,» 18 initially close to the undrained 
limit, q,,,, but as the penetrometer decelerates the 
resistance converges to the drained limit, q.a- 

In this soil, the conventional CPT profile 
(marked q.oo2) is fully drained. Below the initial 
few centimetres, the loose sand is contractile, so 
slowing of the probe is accompanied by an increase 
in resistance. A conventional rate effect correction 
that reduces the resistance with strain rate (or 
velocity) would not be appropriate in a contractile 
soil since it would adjust the measured resistance 
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downwards instead of upwards. A viscous rate 
effect could be added into this model, but would 
have a minor effect relative to drainage. 

Having determined these equivalent values of 
penetration resistance, any interpretation that 
is conventionally applied to the push-in cone tip 
resistance can also be applied. Where relative den- 
sity is required, it is already known directly from 
the interpretation process. 

The medium dense sand (Figure 6) is dilatant, 
so the opposite trend is evident. The rate effect 
due to drainage is much stronger than a conven- 
tional viscous-type rate effect. A four-fold increase 
in velocity causes an approximate doubling of 
resistance. 

The effect of relative density is highlighted in 
Figure 7. The fully drained and fully undrained 
profiles of tip resistance are shown for a range of 
relative densities, along with FFP responses for an 
impact velocity of 10 m/s. 

These profiles highlight the stronger effect of 
density on undrained tip resistance compared to 
drained tip resistance. This suggests that the pen- 
etration resistance in an FFP test could be a more 
sensitive measure of density variations than a con- 
ventional cone (although such detection of density 
gradations in an FFP test requires the drainage- 
based interpretation in this paper). Figure 7 also 
highlights the rapidity of the deceleration in dense 
sands, emphasizing the need for rapid data log- 
ging. For I, = 0.75, the full deceleration takes 
<0.01 seconds. 

A limitation of the analyses presented, which 
also applies to static CPTs, is that they rely on 
Equations 3 and 6 for penetration resistance, which 
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Synthetic responses in loose sand (I, = 0.15) for varying impact velocity. 
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are strictly for deep penetration, whereas lower 
bearing factors apply at shallow embedment. 


7 CONCLUSIONS 


A simple new procedure to interpret free fall pen- 
etration tests in sandy soils has been outlined. The 
method extends existing approaches that consider 
only viscous-type rate effects. The method intro- 
duces a simple approach to the effect of drainage 
on penetration resistance using a model for sand 
that captures the effect of relative density on both 
the drained and undrained penetration resistance. 


Synthetic responses for varying relative density. 
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This model uses Bolton’s correlations to define the 
undrained strength of sand at a given density, and 
conventional correlations to link (drained) cone 
resistance to relative density. 

Using this model, the FFP resistance during 
deceleration in undrained or partially drained 
conditions can be uniquely mapped to a resistance 
from a standard CPT, when combined with a con- 
solidation coefficient derived from the dissipation 
response. 

With development and validation, this new 
framework could enhance the value of FFPs as a 
complementary or alternative technology along- 
side conventional static penetration testing. 
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ABSTRACT: The paper presents results of tests conducted on a test site at Adam Mickiewicz University 
(AMU) in Poznan, Poland. The test site is located in the area of distribution of normally consolidated 
postglacial clayey silty sands and sandy clays. These soils are characterized by high porosity and are fully 
saturated, therefore, from a geotechnical point of view they can be defined as soft clays. There were 9 
CPTU tests conducted along with research drillings and taking samples for laboratory analyses in the 
area of 8 ha. This paper focuses on the analysis of the uniformity of the soft clay layer found on the test 
site and on the analysis of variability of the CPTU tests conducted there. The results obtained enabled 
to separate a statistically homogeneous batch of soil in the subsoil and to form a reference set of CPTU 


results characteristic of the soft clay layer. 


1 INTRODUCTION 

The foundation design on soft clay has been always 
a big challenge for geotechnical engineers. It regards 
both the choice of proper method of foundation 
and the appropriate derivation of geotechnical 
parameters of subsoil. In the case of soft clays the 
problem of evaluation geotechnical parameters is 
particularly important, because of well-known dif- 
ficulties in obtaining the high quality samples for 
laboratory tests. It should be also stated, that in 
the term of clay deposits we can describe very wide 
range of soil of various origin. For example the 
very well-known clay sites concerns marine clay, 
varved clay, expansive clay and many of them were 
subjected to the detailed geological and geotechni- 
cal analysis and treated as a reference test site (e.g. 
L’Heureux et al. 2017). 

At this background, the special case of soft clayey 
deposits is the late Pleistocene glacial sediment, 
which can be treated as an intermediate or transi- 
tion soil (Kezdi et al. 1971, Lunne et al. 1997). Due 
to geological history of last 15 thousands years, a 
large areas of northern Poland are covered by gla- 
cial and postglacial sediments, and most of them 
are the mixture of clay, silt and sand. This deposits 
are very often normally consolidated and has rela- 
tively high porosity. The average contains of clay 
particles of 13%, make this low plasticity soil quite 
stiff if it is dry. Whether, a high porosity and large 
amount of sand particles (very often over 50%), 
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makes probable the strongly change of geotechni- 
cal parameters because of saturation. Because of 
a clay and silt content it behaves under the load as 
a fine-grained and undrained soil, and simultane- 
ously, because of high sand and water content, the 
obtaining of high quality sample is almost so dif- 
ficult as in the case of saturated sand (Borowezak 
2008). Unfortunately for urbanists, this kind of 
soil is very common in the close vicinities of many 
cities in Poland, and also because of its thickness, 
reaches dozen meters of depth, states a real prob- 
lem for the developing the infrastructure. 

In this case a need of well investigated reference 
test site becomes obvious. One of the most awaited 
features of reference test site is the uniformity of 
soil, both vertical and horizontal, on the possible 
large area. For the purpose of checking the natu- 
ral variability of soil, the results of several CPTU 
located on a relatively large area can be used. In 
this paper such investigations on newly developed 
test site in Poznan, Poland, were presented. 


2 AMU—MORASKO TEST SITE 


The test site is located within the Adam Mickie- 
wicz University campus next to the northern bor- 
der of Poznan. Because it is adjacent to Morasko 
Meteorite Nature Reserve (where large parts of 
Morasko meteorite were found), the site was called 
“AMU-Morasko test site”. 


The analyzed test site does not have strictly 
defined boarders, however, previous studies includ- 
ing: 14 CPTU tests, 2 flat dilatometer DMT tests, 
26 drillings, 4 FVT tests tests focused on the area 
of approx. 8 ha within a 250-meter wide and 700- 
meter long longitudinally oriented grid. (Fig. 1). 
Umownie opisują go współrzędne geografic- 
zne: 16°54’55” + 16%55'06” E and 52%27'56” + 
52*%28'17” N. 

In the next 2 years the southwestern part of the 
test site will become a foundation to a planned stu- 
dent dormitory. During and after its construction 
one will provide the monitoring of soil subsidence 
to correlate the results of in situ and laboratory 
tests with an actual subsoil deformation. 

Morphology of the analyzed area was formed 
by glacial and fluvioglacial processes of the Vis- 
tulian glaciation (Karczewski 1976; Stankowski 
2008). It lies on the contact of the marginal zone of 
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Figure 1. Research location on the AMU-Morasko test 


site. 


the sandur of Naramowice-Umultowo and on an 
adjacent outwash plain of an upland (Krygowski 
1961, Chmal 1997). To the North of the test site 
there is a latitudinally oriented arc of hills, which 
forms a terminal moraine with its accumulation at 
the top of Mount Moraska (154 m a.s.1.). These 
hills are composed of glacitectonically deformed 
glacial tills and Quaternary sandy-gravel sediments 
along with torn loose xenoliths of Mio-Pliocene 
clays of the so-called Poznan series (Chmal 1997). 
The test site area is situated on the ordinates rang- 
ing between 93-105 m a.s.l. and gently falls to the 
South in the direction of the left tributary of the 
Warta River, i.e. Rozany Strumien. 

The Quaternary sediment thickness in the above 
described area reaches c. 40 m. These deposits rep- 
resent the thick glacial till of the Riss glaciation 
(Oder and Warta) and glacial till of the Weich- 
selian glaciation (Vistula). Deposits of the above 
mentioned glacial tills (within the meaning of geo- 
logical cartography) separate fluvioglacial sandy 
sediments (the so-called lower) from the Leszno 
Phase of the Vistulian glaciation. The complex of 
glacial sediments is covered with fine and medium 
sands with single grains of gravel of the so-called 
first sandur level from the youngest Poznan glacia- 
tion. A sample geological profile from drilling no 
wl conducted on the test site in 2014 documenting 
the layer of the sandur sands and silty clayey sedi- 
ments of the Vistulian glaciation were presented in 
Figure 2. 

The test site was created to conduct research on 
silty clayey sands and sandy silty clay of the Vistu- 
lian glaciation. In the southern part of the test site 
they are under a layer of c. 3-meter thick sandur 
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Figure 2. Basic CPTU parameters measured at 8 test- 


ing points and drilling profile at wl. 


704 


sands and in its northern part they are on the sur- 
face. The bottom of the layer was documented by 
the CPTU results at depths of: 12.5 m b.g.1. (in the 
northern part of the site) and 15.5 m b.g.1. (south- 
ern part). Thus, this is a thick deposit of sediments 
with a distinct lateral spread and specific, repeti- 
tive physical characteristics. Cartographic classi- 
fication of these sediments as glacial till does not 
take into account their facies characteristics or 
genetic types which were described by Morawski 
(1984) or Liszkowski (1996). The existing analysis 
of the collected results of grain size and structural 
characteristics, as well as literature data on the 
analyzed area (Karczewski 1974, Stankowski 2000 
and 2008), allow to initially assume a watermo- 
rainic genesis for these soils. They could be formed 
at the end of the Pleistocene as a result of a simul- 
taneous sedimentation of the material melted from 
ice and the material transported by thawing waters 
on the foreland of the ice sheet. In the geotechnical 
sense, these soils should be treated as the so-called 
intermediate soils (Kezdi 1971, Radaszewski & 
Stefaniak 2017) with the content of silt fraction of 
c. 10%. According to the classification of PN-EN 
ISO 14688, most often these are soils of the follow- 
ing types: saSi, siSa, less often clsaSi (see Fig. 3). 
The above mentioned soils are typically of soft 
or very soft consistency which can be contributed 
to the water conditions of the soil within the test 


grain size [mm] 
1 0,1 


100 0,01 0,001 


gravel sand silt clay 


Figure 3. Grain size distribution curves of intermediate 
soils from the AMU-Morasko test site. 


Table 1. Basic physical parameters of the analyzed 
intermediate soils. 


Plasti- Liqui- Plasti- Liqui- 
Natural city dity city dity 
moisturelimit limit index index CaCO, 
[Yo] M A A H PA 


Interval 13,25+ 9,07+ 15,39+ 4,44+ 0,35+ 3+5 
17,35 12,67 23,90 10,96 0,75 
Average 16,67 10,88 17,01 6,13 0,66 - 


site. It often results from a close proximity to a 
watercourse, the direction of flow of groundwaters 
and structural features. These are soils showing a 
relatively narrow range of plasticity and contain 
3-5% CaCO, at the same time. Their basic physical 
parameters are summarized in Table 1. 


3 CPTU RESULTS 


The analyses carried out within the framework of 
this paper are based on 9 CPTU tests conducted 
with two Pagani devices, which belonged to two 
different geotechnical companies. The tests were 
performed between April and June with a high 
level of groundwaters at a depth of approx. 2 m 
b.g.1. CPTU tests were located so that they would 
cover the entire area of the test site to allow their 
correlation with the results of geological drilling. 
Figure 2 shows CPTU results from a selected 
research point characterized by a distinct layer of 
fluvioglacial sediments in the near-surface part. In 
this profile on can also notice sandy interbeddings 
sometimes occurring in the soft clays profile. One 
of them, at depth of c. 10 m, clearly separates a 
series of soft clay into two parts different in terms 
of properties (lower values of R,and J, and higher 
values of B, were simultaneously registered). 


4 ANALYSIS OF REPEATABILITY 
OF CPTU RESULTS 


The collected data have been divided into two 
groups. The first one included 8 probe tests per- 
formed on the test site with one probe. The second 
one included 1 probe test conducted with a differ- 
ent probe, but from the same manufacturer. The 
first group of data was used for the analysis of 
natural variability of the subsoil within the site, the 
separation of a homogeneous part of the profile 
and statistical determination of the result pattern 
in this layer. The second group was a test attempt 
of homogeneity of the test site. 


4.1 Variability of CPTU results on individual 
measurement depths 


Within the group of 8 probe tests we conducted 
an analysis of basic statistical parameters of the 
distribution of the results obtained for each meas- 
urement depth, every 1 cm. The analysis included 
the following parameters: corrected cone resist- 
ance — q,, sleeve friction — f, pore pressure behind 
cone — u,, friction ratio — R, soil behavior index 
— I,, pore pressure parameter — B, normalized 
cone resistance — Q, (Lunne et al. 1997, Robertson 
2009). It was found that the parameters related 
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to cone resistance and sleeve friction are charac- 
terized by high variability within the surface flu- 
vioglacial layers and very low variability within 
the soft clay layer (especially below the depth of 
5 meters) (Fig. 4). The coefficient of variation in 
this layer only locally exceeds 0.15. It is against this 
background that one can also notice a presence of 
larger sand interbeddings in the soft clay layer. 
The variability of pressure measurements u, 
and calculated B, parameter, wich is characterized 
by significant differences at the same depth within 
the test site, is somewhat different (Fig. 4). This is 
probably due to slight fluctuations in the content 
of the clay fraction in these strongly sandy sedi- 
ments, which affects the water permeability of the 
soil and was recorded by the pore pressure meas- 
urement system. This hypothesis is also confirmed 
by the currently conducted CPTU testing at a four 
times lower penetration speed. The presence of less 
cohesive laminates affecting the plasticity of the soil 
was also recorded during drillings and sampling. 
At the same time, it should be noted that despite 
the coefficient of variation reaching 0.35 in this 
layer, a steady trend of changes u, is evident in a 
nearly whole sediment profile. It is unambiguously 
related to the effect of vertical stress and hydrostatic 
pressure. From the depth of approx. 8 m the trend 
slightly changes, which is reflected by an increase in 
the average value of B, from 0.36 to 0.41 (Fig. 5). 
The homogeneity of the subsoil in the analyzed 
layer may also be an evidence of the fact that the 
averaging of the CPTU data in 20-centimeter frag- 
ments of probe tests does not significantly affect the 
values of the coefficient of variation of the probe 
tests results, as compared to its value determined 
for measurements performed every | cm (Fig. 6). 
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Figure 4. q, R,and B, values for 8 reference CPTUs. 
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background of average values and standard deviation 
intervals calculated for 8 reference CPTUs. 
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Figure 6. Comparison of the coefficient of variation 
CV of the q, Io B, parameters in the group of 8 CPTU in 
the case of actual measurements conducted every 0.01 m 
and averaged in 0.2 m intervals. 


4.2 Cluster analysis, separation of homogeneous 
groups 

In order to select the most statistically homogene- 
ous part of the profile within the AMU-test site, a 
cluster analysis of all collected data was performed. 
The analysis was performed using the k-means 
method, according to the methodology presented 
by Miynarek and others (2007). For this purpose, 
the CPTU data was standardized and averaged 
in 0.2-meter thick intervals, resulting in a slight 
smoothening effect, as shown in Figure 6. Based on 
the observations of Mtynarek and others (2004), 
the analysis used only dimensionless parameters 
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characterized by normalization in terms of vertical 
stress: O,, F, L B, All variables from 9 probe test 
were treated as one set of data for analysis. The anal- 
ysis was carried out for 9 solutions, which allowed 
to obtain from 2 to 10 homogeneous groups within 
the test site. To choose the most advantageous solu- 
tion the weighted mean of the coefficient of varia- 
tion was used (Wierzbicki 2007) (1). 


“(ICV 
CV = BGT) (1) 
m 


where: CV,, — weighted average coefficient of vari- 
ation of CPTU parameter, n — number of cluster, 
m — number of data in all clusters, /, — number of 
data in n-th cluster, CV, - coefficient of variation 
in n-th cluster. 

The most optimal division into groups, with 
the smallest coefficient of variation of individual 
parameters (mainly B,) in the largest possible layer, 
was obtained for 4 or 9 divisions on the whole test 
site (Fig. 7). In the case of adopting the division into 
4 clusters, the soft clay layer between the 3rd and 
10th meter of depth is almost entirely represented 
by cluster 1 (Fig. 8). Division into 9 clusters splits 
this layer into 3 clusters. However, as the analysis 
of variability shows, dividing additional clusters 
causes slight changes in the values of the coefficient 
of variation within this layer (Table 2). It seems rea- 
sonable to accept the hypothesis of considering soft 
clay as a homogeneous geotechnical layer. 

Statistical repeatability of CPTU results in the 
soft clay layer was analyzed also by determining 
the significance of differences between two sets of 
data. One of these sets included 8 probe tests pre- 
viously used in the cluster analysis, the other one 
included the results of 1 additional probe test con- 
ducted with a different probe by an independent 
company. In this case the Student's t-test of statis- 
tical significance between the means was applied. 
The values of the measured CPTU parameters 
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Figure 7. Dependence of the value of average coeffi- 
cient of variation CV on the number of divisions on the 
test site. 
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Figure 8. The role of individual clusters in the analyzed 


soils depending on the depth. 


Table 2. The value of the coefficient of variation CV 
in the soft clay layer with a division into 1 or 3 clusters. 


4 clusters 
solution 9 clusters solution 


Cluster 1 Cluster la Cluster 1b Cluster 1c 


N 287 78 144 87 

CV of R, 0.51 0.69 0.49 0.34 
CV of I, 0.07 0.06 0.05 0.05 
CVof B, 0.17 0.09 0.11 0.18 
CV of Q, 0.37 0.22 0.28 0.39 


were analyzed. Test results confirm, although to 
various degrees, statistical resemblance of the 
results of the additional probing to the results of 
the other tests (Table 3). It is worth noting that sta- 
tistical resemblance of the results did not change 
despite the use of a different measuring device. 


4.3 Statistical parameters of a homogenous group 
of soft clay 


Having considered the previously identified homo- 
geneity of the soft clay layer and normality of the 
distribution of the probe test parameters, basic sta- 
tistical characteristics of this layer were also deter- 
mined, including 95% confidence intervals for the 
mean (Table 4). Analyzing the values of the deter- 
mined parameters one needs to note that they apply 
to the layer from the depth range of 3.5 to 9.2 m. In 
the case of not normalized parameters, the results 
of this analysis do not take into account the trend 
with which their values changes with the depth. 
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Table 3. The results of the statistical significance Stu- 
dent's t-test in the soft clay layer between a group of 8 
probe tests and an additional CPTU (the differences are 
statistically insignificant for p > 0.05 according to the 
Kolmogorov-Smirnov test). 


p-value for p-value for 

normal normal 

distribution distribution p-value 
CPTU: (group of 8 (additional for two 
parameter CPTU’s) CPTU) groups 
q, 0.41 0.83 0.06 
je 0.38 0.22 0.10 
u 0.12 0.10 0.95 


Table 4. Descriptive statistics of CPTU parameters 
determined in the soft clay layer for 8 probe tests. 


Descriptive statistics 


-95% +95% 
CPTU con. con. St. 
parameter N Mean interv. interv. Median dev. 
q, [MPa] 198 1.90 149 230 1.13 2.87 
f.[MPa] 198 0.02 0.01 0.02 0.01 0.03 
u, [kPa] 198 429.53 402.76 456.30 468.25 191.01 
R,[%] 198 0.81 0.74 0.88 0.83 0.50 
LH 198 237 232 242 2.46 0.35 
q, [MPa] 198 1.79 1.39 2.19 1.01 2.87 
B, H] 198 0.39 0.37 0.41 0.45 0.17 
Q, HI 198 50.24 36.28 64.21 20.27 99.62 
5 SUMMARY 


Test results presented in this paper suggest that the 
AMU-Morasko test site is an interesting example 
of a homogenous layer of significantly thick soil 
found in a large area. Therefore, the soil itself, 
both intermediate and soft soil, is an interesting 
and important study subject in practical terms. 
In addition, many years of opportunities to use 
this area in the future and planned foundation of 
buildings in a part of the test site mean that the 
AMU-Morasko test site should be considered in a 
long-term perspective. 

Currently there are additional DMT, FVT and 
CPTU tests being conducted at different test speeds 
and with the use of different devices (Radaszewski 
& Stefaniak 2017). There are planned down-hole 
seismic studies, as well as taking high quality 
undisturbed samples for laboratory testing. The 
statistical analysis of the analyzed soils will also 
be expanded with the results of a functional clus- 
ter and trend analysis and with the use of Baysian 
probability in the analysis of data. 
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ABSTRACT: At locations where the soil is exposed to high and varying forces, for example at a 
dike or around a mining area, additional parameters for stability analysis should often be measured. 
Determination of the undrained shear strength is a commonly used method to define soil stability. The 
Field Vane Test (FVT) can be used for in-situ measurement and evaluation of the shear strength. It 
can be deployed in soft soils, but also in fine-grained soils such as silts, organic peat, tailings and other 
geomaterials where a prediction of the undrained and remolded shear strength is required. This paper 
describes a FVT system called Icone Vane, which is part of the Icone* data acquisition concept that is 
based on fully digital data transfer and meets the requirements of ASTM D2573/D2573M and other FVT 
standards. Specific details of fieldwork with the Icone Vane performed at tailings dams are presented. 


1 INTRODUCTION analogic cone signals are subject to disturbances 
during transfer to the data logger. 
Geotechnical engineers often want to estimate the The paper describes a particular digital cone 


shear strength and bearing capacity of soils as part  (Icone*) manufactured by A.P. van den Berg, which 
of the characterization process. The shear strength has been available since 2006. The digital cone, dif- 
of soils determines the maximum load that can be fers from the analog cone by its system in which the 
applied on it. The undrained shear strength is com- analog signals are digitized already inside the cone. 
monly used as soil stability parameter and there Digitizing means that the analog signals are 
are different ways to obtain it. sampled with frequency and converted into a dig- 
This paper focuses on the comparison between ital data stream. This digital data stream is more 
the undrained shear strengths of three Brazilian robust and less sensitive to distortion and loss of 
tailings dams’ soils measured using the piezocone accuracy in comparison with the analog signals. 


penetration test (CPTU) and the field vane test Additionally, the Icone is stronger compared to 
(FVT). its analog predecessor. 
2 PIEZOCONE PENETRATION TEST 3 ICONE AND CLICK-ON MODULES 


The piezocone penetration test is an in-situ method In the past five years several click-on modules for 
used for determining the geotechnical soil charac- the Icone were developed. In this chapter the fol- 
terization, measuring tip resistance, dynamic pore lowing three are described: the seismic module 
pressure and sleeve friction during penetration. (Fig. 1), the conductivity module (Fig. 2) and the 

The electrical cone is pushed into the soil with magnetometer module (Fig. 3). A fourth applica- 
a constant rate and produces a continuous profile tion for vane testing is described in chapter 4. All 
of soil data. During a pause in penetration, any modules except the Icone Vane can be used with 
existing excess pore pressure around the cone will a 10 cm? and a 15 cm? Icone®. When CPT-data is 
dissipate. The rate of dissipation depends on the not required, the click-on modules can also be used 
compressibility and permeability of the soil. The with a dummy tip instead. 
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Figure 1. Seismic module with 10 cm? Icone. 
P- > 


Conductivity module with 10 cm? Icone. 


4 


Magneto module with 10 cm? Icone. 


Figure 2. 


Figure 3. 


3.1 


Seismic tests are performed to investigate the elas- 
tic properties of the soil. For this purpose a shear 
wave (S) or a compression wave (P) is guided into 
the soil. Elastic soil properties are essential input 
for prediction of ground-surface motions related 
to earthquake excitation and for assessment of: 
foundation design for vibrating equipment, off- 
shore structure behavior during wave loading and 
deformations around exca-vations. 


Seismic module 


3.2 Conductivity module 


The measurement of electrical conductivity in the 
subsoil is a function of both the conductivity of 
the pore water and the soil particles, the first being 
the dominant factor. With the Conductivity mod- 
ule changes in the concentration of (dissolved) 
electrolytes are determined without specifying the 
exact nature of these electrolytes. Therefore the 
module facilitates separation of zones with differ- 
entiated water content, including determining the 
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water table depth and the thickness of the capillary 
zone or separation of fresh and salt water carrying 
soil layers. Another very important application of 
the conductivity module is detection of (the degree 
of) contamination in a soil body. Further soil 
investigation should provide details on the actual 
contaminants. 


3.3 Magneto module 


Unknown structures and obstacles, like unex- 
ploded ordnance (UXO), are a risk factor in the 
execution of earthworks. To avoid risks of dam- 
age and interruptions of work, these underground 
elements must be identified and mapped. Most 
underground structures contain metal such as 
sheet-piles, ground anchors and pipe lines or a 
combination of metal and concrete, such as rein- 
forced foundation piles. Power supply cables and 
above structures have in common that they affect 
the earth's magnetic field. 

Using the Magneto module, metal objects in 
the underground can be detected by interpreting 
anomalies of the earth's magnetic field. 


4 ICONE VANE 


The vane shear test is primarily used to determine 
the undrained shear strength s, of saturated clay 
layers. The test can also be used in fine-grained 
soils such as silts, organic peat, tailings and other 
geomaterials where a prediction of the undrained 
shear strength is required. The Icone Vane meets 
the requirements of ASTM D2573/ D2573M. 


4.1 


The FVT consists of four rectangular blades fixed 
at 90° angles to each other, that are pushed into 
the ground to the desired depth. This is followed 
by the measurement of the torque required to pro- 
duce rotation of the blades and hence the shearing 
of the soil. The chosen blade size depends on the 
strength of the soil and the torque capability of the 
tool; the stronger the soil, the smaller the blades 
of the vane. So, the vane is being rotated by the 
drive unit with a constant speed and a maximum 
torque of 100 Nm. The torque applied to the vane 
is measured continuously. Both parameters are 
visualized in a torque vs. rotation graph as shown 
in Figure 9. 

The Icone® Vane has many features that facili- 
tate an accurate vane test. The actuator is inte- 
grated in the same compact housing, enabling 
easier, faster and more accurate operation. The 
vane is pushed out of its protection tube and 
retracted again after the test. This advantage 
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Figure 4. 


Icone Vane (without protection tube). 


allows more vane tests at different depths without 
the need of retrieving the tool to surface level. The 
vane rotation speed is adjustable from 0.1 °/s to 
12 °/s for fast remoulding. 

The vane tool is pushed into the soil by means 
of standard casing tubes and CPT-rods. Depth is 
measured on the pushing device and added to the 
field data by the Icontrol data logger. The Icone 
Vane can be used for onshore as well as offshore 
applications. 


4.2 Data processing and visualizing 


During a vane test, the vane is being rotated with a 
constant speed of 0.1°/s, while the required torque 
is measured with respect to the angle of rotation. 
This measured torque is analytically converted to 
the shearing resistance of the cylindrical failure 
surface of the vane used, and expressed in kPa. A 
typical shear curve is shown in Figure 9. The high- 
est value of this curve is a measure for the und- 
rained shear strength of the soil material that is 
being investigated. A repetition of this test, after 
thorough remoulding of the soil, provides a uni- 
form curve of which the highest value is a measure 
of the remoulded shear strength. 


5 PRACTICAL EXPERIENCES ICONE VANE 


5.1 Aim of the study 


In November 2015 the greatest environmental dis- 
aster in the Brazilian history happened, when a 
tailings dam in the city of Mariana /MG collapsed 
and generated a tidal wave of 32 to 40 million 
cubic meters of mining waste. This washed across 
villages and farmlands until reaching the shore, 
several kilometers away. 

This happening made other mining companies 
study their tailings dams, using geophysics, CPTU 
and FVT. The aim of this study is to present the 
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Figure 5. 


Pagani TG63 & CME-550X. 


peak and remolded undrained shear strength of 
tailings dams’ soils by means of CPTU and in 
three different tailings dams located in the Brazil- 
ian state of Minas Gerais. 


5.2 Equipment used 


The soil investigations were performed using the 
Icone*) pushed into the soil by a Pagani TG63 rig 
and the Icone Vane penetrated by a CME-550X. 
These systems achieve a maximum pushing force of 
100 KN, allowing depths of up to 40 m to be reached. 


5.3 Test results 


CPTU has been used in soil exploration and in 
estimations of the undrained shear strength of soft 
soils. 

The cone responds to in-situ mechanical behav- 
ior of the soil and not directly to soil classification 
criteria based on distribution and soil plasticity. It 
offers the possibility to classify soil by the type of 
behavior. 

The standard formula used for determination 
of the undrained shear strength (s,) using the tip 
resistance (q,) values corrected for the pore pres- 
sure effect can be written as: 


dp — Oy 


N (1) 


Sy = 
kt 


where 0,=total overburden stress and N,,=empir- 
ical cone factor. 

Typically N,, varies from 10 to 18, with 14 as an 
average. This value (N, = 14) was used to estimate 
the peak shear strength using CPTU. 

The remolded undrained shear strength (s, (em) 
can be assumed equal to the sleeve resistance (f,). 

The torque of the FVT can be converted to peak 
shear strength with the following equation: 


0.86M 
Su = FD 


Q) 


where M = maximum measured torque and 
D = diameter of the vane. 

Similarly, the remolded shear strength is derived 
using the torque values for the remolded condition. 


Figure 6 shows on the left the cone resistance 
q, in MPa and the pore water pressure u in kPa, 
obtained by CPTU in soils of tailings dam no. 1. 
The cone resistance varies from 3 to 15 MPa. The 
short peak values of the pore water pressure indi- 
cate small non-permeable soil layers. 

Figure 6 shows on the right the soil behaviour 
type SBT obtained by CPTU and the undrained 
shear strength s, derived and measured by using 
CPTU and the FVT respectively, performed in soils 
of tailings dam no. 1. The SBT-index indicating soil 
of type silty sand to sandy silt with small layers of 
clean sand to silty sand and clayey silt to silty clay. 
The FVT results indicate apparent shear strengths 
of 100 to 250 kPa. The CPTU and vane tests were 
carried out at a horizontal spacing of less than 10 m. 

Figure 7 shows on the left the cone resistance 
q, and pore water pressure u obtained by CPTu 
in soils of tailings dam no. 2. Again cone resist- 
ance varies from approximately 3 to 15 MPa. The 
pore water pressure is most of the time below the 
hydraulic pressure, indicating permeable soil layers. 

Figure 7 shows on the right the soil behaviour 
type SBT obtained by CPTu and the undrained 
shear strength s, derived and measured using 
CPTu and the vane tester respectively, performed 
in soils of tailings dam no. 2. The SBT-index indi- 
cating more layers of clean sand to silty sand in 
comparison with tailings dam no. 1. 

Figure 8 shows the cone resistance q, and pore 
water pressure u obtained by CPTu in soils of tail- 


Cone resistance qt 
neo ER 


Pore pressure u 
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2.000 
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ings dam no. 3. Also for this tailings dam cone 
resistance varies from approximately 3 to 15 MPa 
and at greater depths values go up to 20 MPa. The 
pore water pressure indicates non-permeable layers 
at a depth from 20 up to 24 m. 

Figure 8 shows on the right the soil behaviour 
type BST obtained by CPTu and the undrained 
shear strength s, derived and measured using 
CPTu and the vane tester respectively, performed 
in soils of tailings dam no. 3. The SBT-index indi- 
cating soil of type silty sand to sandy silt and at 
greater depths mostly clayey silt to silty clay. 

The vane tests in the tailings dams were per- 
formed with a faster rotation rate than usual, in an 
attempt to achieve undrained conditions. 

Figure 9 shows the graph torque vs. rotation in nat- 
ural and remolded condition at a depth of 12 meters 
from the ground surface of tailings dam n°3. 

The soils tested in tailings dams are composed 
of very heterogeneous materials and the tip resist- 
ances are measured every 1 centimeter in CPTU, 
which results in a graph with a large range of resist- 
ance values along the depth. Different from CPTU, 
in the vane test the shear strengths are measured at 
specific pre-determined depths by means of a vane 
tool of 10 centimeters of height, resulting in one 
average measurement of the soil layer. 

Figure 10 shows the lower limit line of the peak 
undrained shear strengths range derived from the 
CPTU data, and derived s, values for the FVT in 
soils of tailings dams n° 01, n° 02 and n° 03. 
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Figure 6. Parameters q, and u measured along the depth using CPTU (figure left) + Parameters SBT and s, measured 
and estimated along the depth using CPTU and vane test (figure right)- Tailings dam n°1. 
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Figure 7. Parameters q, and u measured along the depth using CPTU (figure left) + Parameters SBT and s, measured 
and estimated along the depth using CPTU and vane test (figure right) Tailings dam n°2. 
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Figure 8. Parameters q, and u measured along the depth using CPTU (figure above) + parameters SBT and s, meas- 
ured and estimated along the depth using CPTU and vane test (figure right)— Tailings dam n°3. 
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Figure 9. Graph torque vs. rotation in natural and 
remolded conditions—Depth 12 m—Tailings dam n°3. 
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Figure 10. Lower limit line of derived s, estimated in 
CPTU and s, derived using the vane test in soils of tail- 
ings dams n° 01, n° 02 and n° 03. 


The derived values of undrained shear strength 
for the CPTU and the FVT show local correlation 
for some of the zones with low CPTU q, values. 

As shown in the above graphics, the tests were 
made in soils of predominately silty and sandy 
nature, where undrained conditions may not 
have been achieved during the test phases of the 
CPTU and FVT. If undrained conditions were 
not achieved, then the equations for deriving 
undrained shear strength do not apply. 


6 CONCLUSIONS 


The torque obtained in the Icone® Vane is precise, 
as the rotation and torque measurement is right 
above the vane tool. 

Figure 10 indicates challenges in characterising 
the undrained shear strength of three Brazilian 
tailings dams, primarily because of the silty and 
sandy nature of the tailings and the associated 
drainage conditions during CPTU and FVT. 
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ABSTRACT: The paper describes a digital CPT system called Icone*. This system is easily extendable 
by click-on modules to measure additional parameters and any module is automatically recognized by 
a digital data logger, thus creating a true plug & play system. By moving to smart digital communica- 
tion, sufficient bandwidth over a thin flexible measuring cable was created to accommodate additional 
parameters, without the need for changing cones, cables or data loggers. The following click-on modules 
are described: seismic, conductivity, magneto and vane. Feedback from fieldwork with the Icone and the 
magnetometer module (Magneto) highlights the user experience with this approach. 

Using the magnetometer module, metal objects in the underground can be detected by interpreting 
anomalies of the earth's magnetic field. The application of this module is illustrated by two unexploded 
ordnance (UXO) survey projects for clearance ahead of piling. 


1 INTRODUCTION 


Due to its benefits, digital technology is used in (c= o) 

many applications and is now also available to sup- 

port efficient soil investigation. The possibilities - A E 
of this technology have led to the development of | 
the digital cone, the digital data logger and digital 


click-on modules. a - > 
2 DIGITAL CONE A i” 


The paper describes a particular digital cone | 
(Icone®) manufactured by A.P. van den Berg, which Figure 1. Icone 10 cm? and 15 cm? area with Icontrol 
has been available since 2006. The integration of data logger. 
intelligent electronics provides a range of possibili- 
ties in order to make further improvements to the 
electrical cone and to simplify its use. In addition, 
the Icone was made stronger compared to its ana- 
log predecessor. 

The Icone basically uses the same measuring 
sensors as applied in the analog cone. The differ- 
ence however is that the analog signals are being 


By multiplexing, an almost unlimited amount 
of sensor signals can be combined into one dig- 
ital data stream and transmitted through a simple 
4-wired cable. 

A built-in memory capacity increases the user 
friendliness of the Icone system. For example: 


digitized and multiplexed already inside the cone. e the Icone number and calibration data are stored 
Digitizing means that the analog signals are inside and are exchanged automatically with the 

being sampled with a certain frequency and con- Icontrol data logger. 

verted into a digital data stream. This digital data e Extreme sensor values are stored in memory and 

stream is more robust, and therefore less sensitive can be read for evaluation purposes. 

to distortion and loss of accuracy in comparison e The memory capacity allows the data storage of 

with the analog signals. a full working day. 
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The Icontrol data logger provides power to the 
Icone and synchronizes the Icone signals with the 
depth signal, recorded from the pushing device. 
The Icontrol transmits the signals to a computer 
system, where the CPT-parameters are shown on 
real time graphs. 

The use of smart electronics for the Icone sys- 
tem has provided the following benefits: 


e The accuracy of the total data acquisition sys- 
tem is determined only by the accuracy of the 
Icone and the depth sensor. 

Interchangeable click-on modules with specific 
sensors can be easily added to the Icone without 
the need of changing cables and data loggers. 
These modules are automatically recognized by 
the Icontrol and the corresponding display is 
automatically shown on the screen. 

An Icone can be combined with one or more 
(different) modules. 


3 ICONE AND CLICK-ON MODULES 


In the past five years several click-on modules for 
the Icone were developed. In this chapter the fol- 
lowing three are described: the seismic module, the 
conductivity module and the application for vane 
testing. A fourth application, a magnetometer 
module, is described in Chapter 4. All modules, 
except the Icone Vane, can be used in combination 
with a 10 cm? and a 15 cm? Icone®. When CPT- 
data is not required, the click-on modules can also 
be used with a dummy tip instead. 


3.1 Seismic module 


Seismic tests are performed to investigate the elas- 
tic properties of the soil. For this purpose a shear 
wave (S) or a compression wave (P) is guided into 
the soil. Elastic soil properties are essential input 
for prediction of ground-surface motions related 
to earthquake excitation and for assessment of: 
foundation design for vibrating equipment, off- 
shore structure behavior during wave loading and 
deformations around excavations. 


A 


Figure 2. Seismic module with 10 cm? Icone. 
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3.2 Conductivity module 


The measurement of electrical conductivity in the 
subsoil is a function of both the conductivity of the 
pore water and the soil particles, the first being the 
dominant factor. With the Conductivity module 
changes in the concentration of (dissolved) electro- 
lytes are determined without specifying the exact 
nature of these electrolytes. Therefore the module 
facilitates separation of zones with differentiated 
water content, including determining the water table 
depth and the thickness of the capillary zone or sep- 
aration of fresh and salt water carrying soil layers. 
Another very important application of the conduc- 
tivity module is detection of (the degree of) con- 
tamination in a soil body. Further soil investigation 
should provide details on the actual contaminants. 


3.3 Vane module 


The vane test is primarily used to determine the 
undrained shear strength s, of saturated clay lay- 
ers. The test can also be used in fine-grained soils 
such as silts, organic peat, tailings and other geo- 
materials where a prediction of the undrained 
shear strength is required. The Icone Vane has 
many features that facilitate an accurate vane test. 
The actuator is integrated in the same compact 
housing, enabling easier, faster and more accurate 


e 


d 
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Figure 3. 


Conductivity module with 10 cm? Icone. 


Figure 4. 


Icone Vane (without protection tube). 


operation. The vane is pushed out of its protection 
tube and retracted again after the test. 


4 MAGNETO MODULE 


Unknown structures, obstacles like unexploded 
ordnance (UXO), and high voltage cables are a 
risk factor in the execution of earthworks. To 
avoid risks of damage and interruptions of work, 
these underground elements must be identified and 
mapped. Most underground structures are built 
out of metal such as sheet-piles, ground anchors 
and pipe lines or a combination of metal and con- 
crete, such as reinforced foundation piles. Power 
supply cables and above structures have in com- 
mon that they affect the earth's magnetic field. 
Using a magnetometer (Magneto module, 
Figure 5), metal objects in the underground can be 
detected by interpreting anomalies of the earth's 
magnetic field. In addition, the standard CPT- 
parameters can also be measured if the Icone is 
mounted in front of the Magneto module. 


4.1 


The earth's magnetic field consists of power 
lines that run from North to South. Ferro metal- 
lic objects have the property to be influenced by 
the earth's magnetic field, causing them to act as 
a magnet themselves. This local magnetic field 
disturbs the earth's magnetic field in such a way, 
that the object can be detected and localized with 
a magnetometer. 

The magnetometer sensor used is able to meas- 
ure magnetic field anomalies in three orthogonal 
directions with a sensitivity of 0.5 uT. Anomalies 
can be detected at a distance of 2 meter depending 
on the size of the object and the position relative 
to the natural North-South field lines. In practice 
it is not interesting to know the exact value of the 
magnetic field, but rather the difference in value at 
a particular location. 

When the Magneto module is used without the 
CPT-functionality of the Icone, the pushing rate 
can be increased from 2 cm/s to 20 cm/s. To accu- 
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Magneto module with 10 cm? Icone. 


Figure 5. 
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rately respond to changes in the measured value, 
in particular when detecting UXO’s, also the gra- 
dients of the orthogonal measured anomalies are 
determined. With the Ifield processing software, 
alarm values can be set to stop pushing when one 
of these gradients is exceeded. 


4.2 Technical specifications 


The technical specifications of the Magneto mod- 
ule are shown in Table 1. The module has a total 
weight of 4.8 kg. 


4.3 Data processing and visualizing 


The parameters measured by the magneto mod- 
ule are the anomaly of the earth's magnetic field 
in three orthogonal directions and the inclination 
relative to the vertical Z-axis. The gradients of the 
anomalies are determined for analysis and assess- 
ment purposes during measurement. The position 
of the magneto module in the Z-plane at the actual 
depth is calculated in order to know more precisely 
the position of the measured object. 

The above mentioned parameters and gradients 
are shown in real time graphs. An example of these 
graphs is shown in Figure 6. 


Table 1. Magneto module technical specifications. 
Ttem Specification 
Length 600 mm without Icone 
Diameter 44 mm 
Weight 4.8 kg without Icone 
Sensors Magneto: 
— measuring range 0-100 uT 
— sensitivity: 0.5 uT 
Inclination: 


— measuring range 0°—20° 
— sensitivity: 0.5° 


Figure 6. Results of a magneto test. 


5 PRACTICAL EXPERIENCES MAGNETO 
MODULE 


5.1 


The discovery of suspected UXO during construc- 
tion works and development projects can cause 
considerable disruption to operations as well as 
cause unwanted delays and expense. Unexploded 
ordnance in the UK can originate from three prin- 
cipal sources, including munitions deposited as a 
result of military training and exercises, munitions 
lost, burnt, buried or otherwise discarded either 
deliberately, accidentally or ineffectively, or muni- 
tions resulting from wartime activities including 
bombing in WWI and WWII, long range shelling 
and defence activities. 

The magneto module can be used for UXO 
Intrusive Survey for clearance ahead of piling. 
This method permits survey at depths not achiev- 
able by non-intrusive survey methods. Anomalies 
identified during the survey having similar charac- 
teristics of an unexploded bomb are then avoided 
or investigated. 

The two notable cases below are an investigation 
in Sheerness Bridge and Royal Wharf, both located 
in London and deemed to be medium UXO risk. 


Background and aim 


5.2 Methodology & equipment used 


The program of the UXO Intrusive Survey is cre- 
ated based on an assessment of the scope of works 
for each project. Based on a drawing of the pro- 
posed pile layout, the minimum number of probe 
pushes with the Magneto module is then calculated 
to determine the length of time required. Each sur- 
vey can provide a column of clearance with often 
more than one pile being covered by each survey 
reducing the overall number of surveys required. 

The UXO Intrusive Survey is conducted with a 
CPT unit which can vary in size from 3.5—20 ton 
machines. For both case studies, a 20 ton Steyr 
CPT truck with the Magneto module was used. 
The CPT truck is positioned at a selected loca- 
tion and the Magneto module is inserted into the 
ground using hydraulic pressure applied to push 
rods (Fig. 7). 

The sensor is checked and tested at the beginning 
of each day and the results recorded. During each 
survey, magnetic field data is recorded real-time 
on a computer mounted inside the truck. During 
the survey the computer plots continuous graphi- 
cal records of magnetic field data. The survey is 
terminated when the bomb penetration depth for 
the site is achieved. 

On completion of the penetration phase of the 
test the probe and rods are retracted. As the rods 
re-enter the test vehicle they are cleaned of soil and 
fluid by using rubber scrapers fitted in the vehicle's 
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Figure 7. Magneto pushed into the soil. 


casing hanging beneath the vehicle. Similarly dur- 
ing penetration the rods pass through the cleaning 
system preventing contaminants present on the 
rods entering the ground. 

The data is interpreted within the entire nT ampli- 
tude capability from Magneto (1 to 100,000 nT). 
The program defaults the nT amplitude to the 
largest positive/negative nT value recorded on the 
survey currently on screen, with the view adjusted. 
In very clean ground with little ferrous influence, 
the nT amplitude usually defaults to about 10,000 
to 20,000 nT. In ground with a lot of ferrous influ- 
ence the nT amplitude usually defaults to anywhere 
between 60,000 and 100,000 nT. 

Considerations must be in place when carrying 
out each survey test, including ground conditions, 
tonnage, inclination, speed of test, and any mag- 
netic influence. Each test is carried out at a speed 
of 10 cm/s depending on the considerations above. 
The test is stopped once 5-6 tons of consistent 
pressure is applied, but this can also vary based on 
the density and conditions of the surround strata. 

If an anomaly is identified during the survey 
works, additional data may be required as a con- 
firmatory measure. This will require additional 
survey positions to the agreed works. This proc- 
ess is referred to as ‘triangulation’, a procedure 
to collect additional data in order to pinpoint the 
anomaly. Once the location has been identified, 
further investigation can be carried out in order to 
determine the identity of the object. 


5.3 Case study 1: Sheerness bridge 


5.3.1 Purpose of investigation 

In February of 2017, a UXO magnetometer survey 
was carried out ahead of construction piling loca- 
tions. A detailed UXO risk assessment was carried 
out earlier, which showed a risk that the site may 
have been contaminated with items of both Ger- 


man and British unexploded ordnance. The aim of 
the intrusive survey was to minimize the risk that 
magnetic anomalies, which may have indicated the 
presence of unexploded ordnance, were located at 
proposed pile positions. 


5.3.2 Test method 

The positions were set out by a site engineer using 
the GPS coordinates obtained from the drawing as 
indicated in Figure 8. 

Each test was carried out by pushing to the maxi- 
mum bomb penetration depth (specific to each loca- 
tion depending on the strata). The live data was first 
quality assurance checked by the on-site Explosive 
Ordnance Disposal Engineer in attendance, with 
the interpretation carried out by geophysicists. 


5.3.3 Test results 

One investigation at position 372 presented a fer- 
rous anomaly that covered two individual pile loca- 
tions, see Figure 8 (pile locations not indicated). 
The Magneto test as given in Figure 9 shows an 
anomaly between 5.2 and 6.2 m depth. Additional 
testing was requested in order to collect more data; 
position 172A and 172B were investigated directly 
where the piles should be positioned. These tests 
resulted in the anomaly being present on position 
172A as indicated in Figure 10. 

Due to the depth of the object at approximately 
6.5 m, a series of temporary works were carried 
out. Shoring was used, which allows excavations 
to be completed in a controlled safe manner. This 
allowed Explosive Ordnance Disposal engineers to 
locate the anomaly at staged intervals with hand- 
held magnetometers. 

The item in turn was identified to be part 
of a pre-existing old pile location as shown in 
Figure 11. The item was deemed safe and allowed 
the customer to carry on with works and proceed 
with building the bridge. 


Figure 8. Drawing to set test positions. 


Figure 9. Magneto test position 172. 


Figure 10. Additional test positions 172A & 172B. 


5.4 Case study 2 — Royal Wharf 


5.4.1 Purpose of investigation 

Royal Wharf, an area in London was assessed as 
medium UXO risk. Again, the aim of the survey 
was to minimize the risk that magnetic anomalies 
were located at proposed pile positions. 


5.4.2 Test method 
The same test method as in Case Study 1 was 
applied. 


Figure 11. Item located at 5.2-6.2 m depth position 172A. 


Figure 12. Data trace of 2.5 m ferrous anomaly. 


Figure 13. 
Wharf. 


Item causing ferrous influence at Royal 


5.4.3 Test results 

An anomaly was detected during the push of the 
(Icone®) Magneto module starting at a depth of 
2.5 m which spanned the entire depth of survey, 
see Figure 12. 

This particular object presented bomb like char- 
acteristics and was required to be investigated to 
make a visual identification of the object. 

The position was investigated using a series of 
200 mm staged excavations in order to determine 
the cause of the influence. This was overseen by 
an Explosive Ordnance Disposal Engineer, who 
exposed the item at 2.5 m which was identified as 
an existing steel-reinforced concrete pile as shown 
in Figure 13. This allowed 1st Line Defence and 
the customer to confirm the ferrous anomaly was 
not unexploded ordnance and to carry on with the 
deep intrusive works. 


6 CONCLUSIONS 


CPT systems are in the course of time continuously 
improved by the effective use of the latest state of 
the art. Developments include the application of 
digital electronics inside the cone, offer a range of 
new features and benefits. One of these is the ability 
to easily extend CPTs by click-on modules to meas- 
ure additional parameters. This paper describes a 
particular system that allows any click-on module 
is to be automatically recognized by a data log- 
ger, creating a true plug & play system. Case stud- 
ies for a magnetometer click-on module called “ 
Icone® Magneto”, which can directly detect metal 
objects in the underground by interpreting anoma- 
lies of the earth's magnetic field. In addition, the 
standard CPT-parameters can also be measured 
if a CPT penetrometer is mounted in front of the 
Magneto module. The risk of UXO asks for extra 
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precautions and a controlled and precise way of 
working, whereby alarm values incorporated in the 
data acquisition software allow to stop pushing 
when one of specific variables is exceeded. When 
an anomaly is detected additional investigation is 
necessary to determine the exact location. 

UXO survey with the (Icone) Magneto module 
has proven to give reliable results. In both case 
studies an anomaly was detected at a particular 
position. By additional investigation, the exact 
location could be stated and the item could be 
unearthed and identified, after which the customer 
could carry on with the deep intrusive works. 
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Simulation of liquefaction and consequences of interbedded soil 


deposits using CPT data 


Fred Yi 
Terracon Consultants, Inc., Colton, CA, USA 


ABSTRACT: Several corrections have been proposed since 1990s for the interpretation of liquefaction 
potential and analysis of the consequences of liquefaction based on cone penetration test (CPT) measure- 
ments. However, few publications address how these factors affect the calculation results. In this study, 
extensive studies of soil liquefaction and its consequences were performed using selected CPT data from 
two sites located within 7 km of the fault rupture of the 1999 Kocaeli, Turkey earthquake (M, = 7.5). The 
effects of thickness of interval for averaging, thin layer correction and transition zone were examined in 


detail. 


1 INTRODUCTION 

Although simplified procedures of liquefaction 
evaluations have proved to be effective tools for 
sandy soils (Youd & Idriss, 2001; Idriss & Bou- 
langer, 2008; Yi, 2010), at sites dominated by 
clayey and sandy silt layers, several cases have 
been reported where the ground surface settlement 
observed was substantially smaller than the settle- 
ment predicted by currently used methods (Lew 
& Tran, 2012). It has also been reported that the 
engineering procedures currently used to evaluate 
liquefaction consequences appear to have a ten- 
dency to over-predict liquefaction effects in inter- 
bedded sand, silt, and clay deposits (Youd et al., 
2009; Boulanger et al., 2016). 

In this paper, extensive studies of soil liquefaction 
and its consequences were performed using selected 
CPT data from two sites composed of interbed- 
ded sand, silt, and clay deposits and located within 
7 km of the fault rupture of the 1999 Kocaeli, Tur- 
key earthquake. At these sites, liquefaction should 
have occurred but and no discernible movements 
were observed (Youd et al., 2009). Due to their sim- 
plicity, ease of application and cost effectiveness to 
field engineers, traditional simplified procedures 
were used in this study. Various issues, such as calcu- 
lating layer thickness, correcting for thin layers, and 
correcting for transition zones, were examined in 
detail. The intent was to provide guidance to engi- 
neers in the use of simplified procedures for various 
site conditions encountered in their projects. Based 
on the current simplified procedures, suggestions 
and recommendations were made to engineers in 
the use of computer-based liquefaction calculation 
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software for CPT data. This paper will also discuss 
future research needs and improvements to the 
evaluation of the consequences of liquefaction of 
interbedded soil deposits. 


2 STUDIES RELATED TO INTERBEDDED 
DEPOSITS 


One of the main advantages of CPT is the con- 
tinuous nature of the test results, usually in 2 cm 
or 5 cm intervals in USA, which provide excellent 
profiles of soil type, detailed stratigraphy, and in 
situ mechanical properties of the ground (Rob- 
ertson, 2011). This allows geotechnical engineers 
to characterize very thin interbedded soil layers. 
However, for thin interlayered soil profiles, the 
continuous nature of CPT data can present chal- 
lenges in interpretation and liquefaction analysis. 
Various corrections have been proposed since the 
1990s (Vreugdenhil et al., 1994; Robertson & Fear, 
1995; Idriss & Boulanger, 2008; Robertson, 2011). 

The first correction is for cone penetration 
resistance in thin soil layers. Studies show that cone 
resistance is influenced by the soil ahead of and 
behind the penetrating cone. Robertson & Fear 
(1995) pointed out that thin sand layers embedded 
in soft clay deposits are often incorrectly classi- 
fied as silty sands based on CPT soil behavior type 
(SBT) charts. Correcting for tip resistance could 
improve soil classification. Figure 1 shows the 
correction of CPT tip resistance based on studies 
originated by Vreugdenhil et al. (1994) and further 
improved by Robertson & Fear (1995), Youd et al. 
(2001), and Idriss & Boulanger (2008). 


CPT tip resistance, q, 


(Qc )thin = Peak resistance 
achieved in a thin layer 


H=0.7m 


H>13m 


de = resistance 
without influence 
of soft layers 


NCEERINSF workshop (Youd et al. 2001): 
Cone diameter, d, =35.7 mm 


t— Range based on field data 


1 
Recommended relationship: 
Ky = 1.0 + 0.25[(H/d,)/17 - 1,77]? 
= Ky (0 min 


` ` 
La 10 = goadeg Elastic solutions: 
bi ~~ (Vreugdenhil et al. 1994; 


Thin layer correction factor, Ky 


Robertson & Fear 1995) 


1 2 
(b) Sand layer thickness, H (m) 


Figure 1. Thin-layer correction factor (K4) for deter- 
mining equivalent thick-layer CPT tip resistance: (a) a 
schematic of thin-layer effects and (b) the relationship 
recommended in Youd et al. (2001) (after Idriss & Bou- 
langer 2008). 


In a thin interbedded soil layer profile, the 
change of soil type from one soil layer to another 
(e.g., from a sand to a clay) is called a transition 
zone. In liquefaction analysis, CPT data within the 
thin transition zone can result in misinterpretation 
of soil type, which may, in turn, suggest that the 
soil in the transition zone has the potential to liq- 
uefy, resulting in conservative additional calculated 
post-earthquake deformations (Robertson, 2011). 
The transition zone can be automatically detected 
and removed with computer-based CPT analysis 
software using following criteria: 


Transition zone = 


-a)l par, 
IZ, -Z|| dea) ” 


where (Z); and (Z), are SBT Index at layer i and 
j; Z, and Z, are corresponding depths. AZ, is the Z, 
change in given thickness AT, both defined by user. 
Figure 2 illustrates transition zones (sections in 
red color) automatically detected, where (AZ,,AT) 
«i =0.30/0.12 m. 

In CPT calculations, the calculation layer thick- 
ness is usually larger than the CPT data interval. 
Boulanger et al. (1995 & 1997) used a "critical 
q.. Which is the averaged tip resistance within the 


BẸ CPT Transition Zone Auto-Detection x 
10 Transition zone le range (min 40 


-max.): Pa 
CES 


Depth (m) 


Figure 2. Illustration of automatically identified transi- 
tion zone (red line segments of I, profile) of interlayered 
soil profile by computer software. 
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Figure 3. Critical CPT tip resistance vs. thickness of 
interval used for averaging (after Boulanger et al., 1997). 


“thickness of interval for averaging.” Figure 3 shows 
the critical q, versus the thickness of interval for 
averaging from five CPT profiles. 

Boulanger et al. (1997) stated that “a reasonable 
averaging interval is probably about 0.6 m because 
continuous layers of this thickness can be a source 
of significant deformations.” They selected 0.6 m 
as the guideline for determining critical q,. This 
guideline is probably correct for relatively thick 
sandy layer soil profiles. However, for thin inter- 
layered soil deposits, a smaller thickness of interval 
for averaging should be used. 


724 


Although these corrections and considerations 
have been carried out by researchers for decades, 
little literature is available for how these factors 
quantitatively affect the CPT calculation results, 
for example, liquefaction-induced settlement and 
lateral spreading. In this study, the author intended 
to examine the effects of these factors in detail by 
simulating various sites that consist of interbedded 
soil deposits and experienced strong shaking dur- 
ing 1999 Kocaeli, Turkey, earthquake. 


3 1999 KOCAELI, TURKEY, EARTHQUAKE 


On August 17, 1999, a magnitude 7.5 earthquake 
struck Kocaeli, Turkey. It was one of the most 
destructive earthquakes in Turkey. According to 
Barka et al. (2002), more than 10,000 km? of land, 
an area stretching from Duzce to Istanbul and 
home to 15 million people and about 40 percent 
of Turkish industry, experienced forcible shaking. 
The earthquake generated a 126-km-long fault 
rupture that extended across four segments of the 
North Anatolian Fault. The surface rupture was 
generally characterized by right-lateral strike slip 
with a maximum displacement of 5.5 m and aver- 
age displacement greater than 1 m. Peak ground 
accelerations recorded on rock and stiff soil within 
20 km of the fault rupture ranged from 0.2 to 0.4 g 
(Youd et al., 2009). 

Detailed research into the damages and the 
consequences of this earthquake was performed 
and documented by the Pacific Earthquake Engi- 
neering Research Center (PEER) (http://peer. 
berkeley.edu/ publications/turkey/adapazari/). In 
this earthquake, three sites located within 7 km 
of the fault rupture exhibited negligible displace- 
ment. Youd et al. (2009) performed detailed stud- 
ies for those sites. Two of the sites, Cark Canal 
and Cumhuriyet Avenue in Adapazari, which 
were underlain by fine-grained sediment, were 
analyzed in this study. The details of the damage 
can be found from Youd et al. (2009). Accord- 
ing to Youd et al. (2009), several buildings near 
Cark Canal penetrated as much as 100 mm into 
the underlying fine-grained sediment, and several 
four-story buildings along Cumhuriyet Avenue 
penetrated as much as 170 mm into softened or 
liquefied sediment(Bray et al., 2001), indicat- 
ing that liquefaction or cyclic ground softening 
occurred. No other surface manifestations were 
observed during post-earthquake investigations. 
Both standard penetration test (SPT) boreholes 
and CPT soundings were performed by the 
research group. The CPT sounding data used in 
this study were downloaded from http://peer.ber- 
keley.edu/publications/turkey/ adapazari/phase4/ 
cark/ index.html. 


4 SIMULATION OF INTERLAYERED SOIL 
DEPOSIT 


Data from CPT 1-22 and CTP 1-24 from Cark 
Canal and CPT 4-24 from Cumhuriyet Avenue 
were studied in detail. All CPT data obtained 
during PEER post-earthquake investigations had 
been recorded every 2 cm during penetration. 
Figure 4 shows the typical non-normalized SBT 
of CPT 4-24. In USA, CPT readings are typically 
taken at 2 cm or 5 cm (Mayne, 2007). In order to 
confirm the effect of the recording interval, data 
from one CPT sounding (CPT-1) from a Southern 
California site (SoCal) that recorded at every 5 cm 
during penetration, were also analyzed. 

Liquefaction-induced settlement and lateral 
spreading were selected as the quantitative param- 
eters for examining affecting factors. In order to 
maintain the consistency of the methods, liquefac- 
tion potential was calculated in accordance with 
Robertson & Wride (1998); the liquefaction-in- 
duced settlement calculation and lateral spreading 
calculation were based on Zhang et al. (2002 and 
2004, respectively). 


4.1 Averaging thickness of calculation 


The effect of averaging thickness in the calculation 
was studied first. In order to accommodate differ- 
ent CPT recording intervals, a CPT recording inter- 
val multiplier (RIM), n, was introduced: 
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Figure 4. Non-normalized Soil Behavior Type of CPT 
4-24. 
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Figure 5. Flowchart indicating SAM and AAM 
methods. 
n=AT/At (2) 


where, AT is the calculation averaging thickness 
and At is the recorded CPT data interval. 

Two calculation sublayer averaging methods 
were utilized: 1) simple averaging method (SAM) 
and 2) advanced averaging method (AAM). 
Figure 5 shows the algorithm of the methods. 

Calculations were performed for the four CPT 
profiles. For all four profiles, the results indicate 
that, when RIM nis less than 4, both methods basi- 
cally average the same number of measurements. 
As n increases, AAM catches some of the thin lay- 
ers. However, no significant difference is exhibited 
within the calculated liquefaction-induced settle- 
ment or lateral spreading. The differences are gen- 
erally within +10 percent for At of 2 cm and within 
+20 percent for At of 5 cm when n varies from 1 
to 12. The calculations discussed hereafter are all 
based on AAM. 

The comparison of the typical CPT profile (nor- 
malized SBT,, q,, sleeve friction f,, and SBT Index 
1.) for n = 1 and 12 is shown in Figure 6 for CPT 
1-24 profile from Cark Canal with At of 2 cm. It 
is clear that with a large value for n, the thin layers 
measured are eliminated. RIM n of 12 corresponds 
to AT of 0.24 m and 0.60 m for At of 2 cm and 
5 cm, respectively. Boulanger et al. (1997) suggest 
that AT of 0.6 m (based on At = 5 cm data) is the 
most reasonable averaging interval. It seems that 
AT of 0.6 m overly eliminated the thin layers, the 
most important advantage of the CPT sounding 
method. These results also indicate that the thin 
layer elimination in averaging seems independent 
of At. 

The effects of RIM are shown in Figure 7 in 
calculated liquefaction-induced settlement nor- 
malized to that at n=/ versus n value. Generally 
speaking, the liquefaction-induced settlement is 
not significantly affected by averaging for n up to 


a) n=1 


Cark Canal site CPT 1-24, At= 


n=12 

Figure 6. Comparison of CPT profiles for a) n = 1 and 
b)n=12. 

100% 
i —e— Çark Canal CPT1-22 (At=2cm) 
S 75% [E —*—CarkCanalCPT1-24 (At=2cm) 
5 —— Cumhuriyet Av. CPT4-22 (At=2cm) 
X 50% E —#— SoCal CPT-1 (At=5cm) 
© 
£ 
5 25% 
c 
E 
S 0% 
E 
x) 
E -25% 
v 
n 

-50% 


0 2 4 6 8 10 12 
Recording interval multiplier, n 


Figure 7. Liquefaction-induced settlements versus RIM, n. 


8 and is significantly affected when n is larger than 
8. This tendency is independent of Ar. An extreme 
value was encountered in CPT-1 results at n=6 and 
was removed in Figure 7 in order to generalize the 
effects. 

Based on these results, a RIM value of largerthan 
8 should not be used in the averaging calculations. 
This author recommends n be between 2 and 5. 


4.2 Thin layer correction 


The penetration resistance from CPT is influenced 
by the strength and stiffness of the soils around the 
actual penetration interval. The zone of influence 
may be about 20-50 cm for a CPT (Idriss & Boul- 
anger, 2008). Thin layer correction is proposed to 
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Figure 8. Illustration of thin layer correction. 
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Figure 9. Effect of thin layer correction expressed 
in percent of change of liquefaction-induced settle- 
ment relevant to value without correction as a function 
of RIM. 


Table 1. Changes of SBT after thin layer correction. 


correct the influence of the weaker layer ahead of 
the CPT cone. Figure 8 illustrates typical thin layer 
correction results based on the algorithm shown in 
Figure 1. 

The influence of thin layer correction on lique- 
faction-induced settlement is shown in Figure 9, 
expressed in percent of change of liquefaction- 
induced settlement due to thin layer correction 
relevant to the value without correction as a func- 
tion of RIM. It can be seen that thin layer correc- 
tion generally increases the liquefaction-induced 
settlement within 20 percent for most cases. This 
effect decreases with the increase in RIM value 
because at larger n values, the thin layers are 
eliminated. 

The increase of liquefaction-induced settle- 
ment after thin layer correction can be explained 
as follows. 

Due to the zone of influence during cone pen- 
etration, the discrete measurements taken near the 
interface between soils of significantly different 
strengths and stiffness may not be representative 
of either soil. As such, the transition layer above 
a clay layer may be classified as clay when calcu- 
lated based on the original measurements as shown 
in the upper portion of Table 1. After thin layer 
correction, tip resistance increases. The SBT zone 
changes from non-liquefiable clayey soil (, > 2.6) 
to liquefiable silty soil (J. < 2.6). This is shown in 
the lower portion of Table 1. 


4.3 Transition zone correction 


The transition zone correction is simply for auto- 
matically detecting the thin transition zone (e.g., 
from a sand to a clay or from a clay to a sand) 
by removing it from calculations of liquefaction 


Calculation based on measured tip resistance 


Z,(m) de SBT L (SBT). CSR,; CRR,; FS Yana (Lo) EV) AS, (cm) 
5.03 898.5 5 2.87 4 0.24 0.70 2.00 0.0000 
5.05 898.5 5 2.86 4 0.24 0.70 2.00 0.0000 
5.07 898.5 5 2.87 4 0.24 0.74 2.00 0.0000 
5.09 898.5 5 2.88 4 0.24 0.70 2.00 0.0000 
5.11 951.3 5 2.88 4 0.24 0.70 2.00 0.0000 
Calculation based on thin layer corrected tip resistance 

Z,(m) q. SBT VA (SBT). CSR,; CRR,; ES Ymax) EY) AS, (cm) 
5.03 1,477.3 5 2.57 5 0.22 0.10 0.46 32.752 3.48 0.0695 
5.05 1,501.3 5 2.59 5 0.22 0.10 0.45 35.267 3.64 0.0728 
5.07 1,525.8 5 2.59 5 0.22 0.10 0.45 34.353 3.58 0.0716 
5.09 1,550.8 5 2.59 5 0.22 0.10 0.45 33.516 333 0.0705 
5.11 1,668.9 5 2.58 5 0.22 0.10 0.47 31.511 3.39 0.0679 
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Figure 10. Effect of transition zone removal expressed 
in percent of change of liquefaction-induced settlement 
relevant to value without transition zone removal as a 
function of RIM. 


i 30 
5 m No correction (n=3) 
= 25 m Thin layer correction only (n=3) 
2 m Transition zone correction only (n=3) 
8 20 ® Total corrections (n=3) 
£ E Observed builing subsidence 
3 15 
= 
E 
£ 10 
2 
£ 
v 5 
n 

0 

CPT1-22 CPT1-24 CPT4-22 
Site location in CPT No. 

Figure 11. Estimated liquefaction-induced settlements 


compared to observed building subsidence. 


potential and its consequences. Figure 2 illustrates 
the “CPT Transition Zone Auto-Detection” tool in 
computer software. The transition zones detected 
are shown in red line segments on the Z, profile. 
The user can confirm the transition zones graphi- 
cally by changing the AZ, and AT and refreshing the 
calculations. 

Figure 10 shows the effect of transition zone 
correction, expressed in percent of change of 
liquefaction-induced settlement relevant to value 
without transition zone removal. Obviously, 
liquefaction-induced settlement decreases with 
transition zone correction. The results shown in 
Figure 10 indicate that this decrease ranges from 
approximately 40 percent to 75 percent depend- 
ing on RIM, n. For the recommended n=2 to 5, 
the average decrease is about 50 percent. In other 
words, estimated liquefaction-induced settle- 
ment will be reduced to half after transition zone 
correction. 
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Figure 12. Estimated lateral displacement index. 


4.4 Estimated liquefaction-induced settlement 


The estimated liquefaction-induced settlements 
are compared with observed building subsidence 
in Figure 11. At the Cark Canal site, the esti- 
mated liquefaction-induced settlement is 2.8 cm at 
CPT 1-22 (35 m from the channel) and 3.5 cm at 
CPT 1-24 (9 m from the channel). These values are 
approximately 30 percent of the observed building 
subsidence. These results seem reasonable because 
the estimated settlement is for free field while the 
observed building subsidence included settlement 
caused by building load and ground softening. The 
calculated liquefaction severity numbers (LSN) 
(Tonkin & Taylor Ltd, 2013) indicate “little to no 
expression of liquefaction, minor effects” for both 
CPT locations. This accords with the fact that no 
sand boils were observed. 

The calculated liquefaction-induced settlement 
is 13.1 cm at CPT 4-22, the Cumhuriyet Avenue 
site, about two-thirds of the observed building 
subsidence. The LSN number indicates “moderate 
expression of liquefaction.” The calculated settle- 
ment seems reasonable, but other surface manifes- 
tation does not agree with field observation except 
the building subsidence. 


4.5 Estimated lateral spreading 


Lateral spreading was also analyzed, expressed as 
lateral displacement index (LDI). Figure 12 shows 
the LDI results and the effects of corrections. The 
calculated LDI ranges from 23 to 34 cm for the 
Cark Canal site and 110 cm at Cumhuriyet Avenue. 
These results do not agree with field observations. 


5 CONCLUDING REMARKS 


Detailed simulations were performed for CPT 
profiles underlying interbedded sand, silt and clay 


deposits using current liquefaction evaluation pro- 
cedures and the consequence calculation methods. 
Effects of averaging thickness, thin layer correc- 
tion and transition zone correction were examined 
in detail. The effect of averaging thickness was dis- 
covered to be independent of the CPT data record- 
ing interval. A RIM (n) value larger than 8 should 
not be used, and n=2 to 5 is recommended. 

Thin layer correction tends to increase lique- 
faction-induced settlement predictions and LDI 
and may result in over-prediction. The simula- 
tion results indicate that liquefaction-induced 
settlement of interbedded soil deposits can be 
reasonably predicted using current procedures 
and methods, provided both thin layer and tran- 
sition zone corrections are made. However, lateral 
spreading results do not agree with field obser- 
vations for interbedded soil deposits. Further 
research is needed for this topic. 
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ABSTRACT: The enhanced seismic piezocone penetration testing (SCPTU) provides a convenient 
method to measure Y, together with other three indices including the cone tip resistance, sleeve frictional 
resistance and pore water pressure in a close proximity. In this study, a database containing 117 sets of 
data points is compiled for the stress-normalized SCPTU parameters of the Jiangsu normally consoli- 
dated silty clays. An approach based on the multivariate distribution method is utilized to develop the 
multivariate correlations among the normalized shear wave velocity (V,,) and other three indices. It is 
shown that the correlations are reliable to describe the dependence of the V,, on other three indices for 
the Jiangsu normally consolidated silty clays. Moreover, the uncertainties within V, can be reduced by 
incorporating more than one index in the prediction. 


1 INTRODUCTION 

The shear wave velocity, V, describes the soil stiff- 
ness at the small strain and can be used to evaluate 
the soil behavior type and ground motion (Long & 
Donohue 2010). The seismic piezocone penetration 
test (SCPTU) provides the reliable V, measurement 
together with other three indices including the 
cone tip resistance (q,), sleeve frictional resistance 
(f) and pore water pressure (u,). The correlations 
among these four parameters have been studied 
for different clayey soils based on the regression 
analysis (Long & Donohue 2010, Cai et al. 2014, 
L’Heureux et al. 2017). 

The correlations developed using the regression 
analysis, to a large extent, depend on a subjective 
selection of the formula model when more than one 
testing index is involved in the curve-fitting. The 
determination of an accurate model to improve 
the accuracy of prediction by including more test- 
ing indices is of particular interest to geotechnical 
engineers. 

A recent approach to establish the multivariate 
correlations among soil parameters is using the 
multivariate distribution model. This approach 
involves four main steps including: (1) a data 
transformation to convert each non-Gaussian soil 
parameter to a standard normal variable; (2) a cor- 
relation analysis to estimate the product-moment 
(Pearson) correlation coefficients among the trans- 
formed variables; (3) a Bayesian updating to derive 
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the mathematical correlations of one transformed 
variable conditional on other transformed vari- 
ables; and (4) a back transformation to convert the 
statistics such as the median value of a transformed 
variable to the corresponding physical soil param- 
eter. This method has been demonstrated to be an 
effective tool to capture the multivariate correla- 
tions among the soil parameters and thus improve 
the accuracy of the predictions by including mul- 
tiple testing indices (Ching et al. 2014, Liu et al. 
2016, Zou et al. 2017). A simple way to establish 
the correlations among the transformed variables 
would be using the multiple regression analysis 
and thus the steps (2) and (3) can be condensed 
(e.g., Kootahi & Mayne 2016). In this study, the 
correlation analysis and Bayesian updating are still 
used as they provide a systematic way to evalu- 
ate the correlation characteristics among the soil 
parameters and quantify the uncertainties within 
the predictions. 

In this study, the multivariate distribution 
model is used to derive the multivariate cor- 
relations among V, and the other three SCPTU 
parameters for the Jiangsu normally consolidated 
(NC) silty clays. To achieve this objective, a data- 
base including the four SCPTU parameters for 
the Jiangsu silty clays is presented. The statistics 
of the soil parameters in the database are intro- 
duced. Detailed procedures to implement the mul- 
tivariate distribution model are then conducted. 
The correlations for the V, conditional on the 


s 


other three SCPTU parameters are developed and 
validated. The feasibility of the multivariate dis- 
tribution model in describing the correlations of 
the SCPTU parameters for the Jiangsu silty clays 
is therefore demonstrated. 


2 SCPTU DATABASE FOR JIANGSU NC 
SILTY CLAYS 


2.1 Site conditions and SCPTU tests 


A comprehensive geotechnical investigation 
has been conducted on the Quaternary soils of 
29 sites in the Jiangsu province, China. The geo- 
logic formations and site conditions of the testing 
sites are available in the literature (Cai et al. 2014, 
Zou et al. 2017). More than two hundred SCPTU 
soundings have been performed over these testing 
sites with the soils ranging from soft clay, clay, 
silty clay, silt, silty sand and sand. This study only 
focuses on the behavior of the normally consoli- 
dated to slightly over consolidated silty clays with 
the overconsolidation ratio (OCR) between 1.0 
and 2.5. 

The schematic of the SCPTU probe used in this 
study is available in the literature and its geometry 
is in accordance with the international standard 
(Cai et al. 2014). The cross-correlation method 
is utilized to assess the times between successive 
intervals to estimate V, (Campanella & Stewart 
1991). A representative SCPTU profile for the 
Jiangsu silty clay is given in Figure 1. The soil 
strata mainly contain two silty clay units with the 
upper silty clay ranging from 0 to approximately 
15.0 m beneath the ground surface and the lower 
silty clay lying under 15.0 m. 

Figure 1 indicates that the shear wave velocity 
V, may be well correlated to q,, f, and u. The V, 
seems to increase with q, and f, whereas it may 
decrease with u, for the silty clay. For example, sev- 
eral peak values of q, and f, are observed at a depth 
interval of 14.0 to 15.0 m, and the corresponding 
V, value in this depth interval is larger than those 
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Figure 1. 
silty clays. 


Representative SCPTU profile for Jiangsu 
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in the adjacent vicinity. On the contrary, the meas- 
ured u, values in this interval are low. A potential 
explanation is that these four parameters are all a 
function of the silt contents. A high silt content 
may contribute to the increase of soil stiffness and 
thus lead to the high measurements of q, f,and V, 
However, as the silt content increases, the dissipa- 
tion rate of the excess pore water pressure during 
the cone penetration may increase and thus lead 
to the decrease of u,. Therefore, it is reasonable to 
assume that all the g,, f, and u, data are useful to 
describe V, 

Besides, Figure 1 shows that the four SCPTU 
indices tend to increase with the increase of depth 
(or vertical stress). Therefore, in this study all these 
four parameters are normalized with respect to the 
vertical stress, as follows: 


dn 
Y= = Ca 
P 


a 


du 


a = 1338-0249 
Pa 


Y, = f,/ Ov 
Y, = Au, [Oy = (Uy — Uy WO%o 
Y,=V, MATAA 


where Y, = q,, is the normalized cone tip resistance, 
Y, = fJ o is the normalized sleeve frictional resist- 
ance, Y, = Au,/o’,, is the normalized excess pore 
pressure, Y, = V, is the normalized shear wave 
velocity in m/s, Cy is the overburden correction 
factor, o, is the vertical total stress in kPa, o” , is 
the vertical effective stress in kPa, u, is the hydro- 
static pressure in kPa, and p, is the atmospheric 
pressure. 

The definition for the normalized cone tip 
resistance q,, follows that given by Idriss and 
Boulanger (2004). The main benefit of this defi- 
nition, instead of the more common expression 
that O, = (q, — O)/O' o, is that it seems to consider 
the impact of o',, better for the shallow soils. For 
instance, in Figure | at a depth of 3.0 m with a 
ground water table of 0.1 m, the vertical total and 
effective stresses are estimated to be o, = 54 kPa 
and 0”, = 25.6 kPa using y = 18 kN/m’. At this 
location the q, is measured to be 1.55 MPa. Then, 
qa = 4,Cy/p, is estimated to be 9.63, corresponding 
to an acceptable value for the silty clay. However, 
using Q, = (q, — 0/0”  Q, is estimated to be 58.5, 
corresponding to an unreasonably high value for 
the cohesive soils. The usage of f£/0” and Au o” y, 
instead of the more widely used F, = f/(q, — Oo) 
and B, = Auy(q, — O), is to ensure that the selected 
four parameters are measured independently. The 
definition of V, follows that suggested by Lunne 
et al. (1997). 


Using the above formulas, a database contain- 
ing 117 sets of {Y,, Y,, Y;, Y,} is compiled for 
the Jiangsu NC silty clays. The V,, evaluates the 
averaged seismic behavior of soil every one meter. 
Therefore, all the qu, f/0” w and Au,/o’,, are also 
averaged every one meter to ensure the consist- 
ency of the database. These averaged indices are 
then used in the subsequent statistical analysis. The 
validation of the constructed multivariate distribu- 
tion model is crucial to ensure the reliability of the 
developed correlations. Therefore, one SCPTU 
sounding is extracted from each site to form a vali- 
dation dataset to evaluate the performance of the 
developed multivariate correlations. The rest of 
the data are used in the construction of the mul- 
tivariate distribution model and named calibration 
dataset. The sample sizes of the calibration and 
validation datasets are 93 and 24, respectively. The 
statistics of these two datasets are summarized in 
the next section. 


2.2 Basic statistics of SCPTU parameters 


Basic statistics including the mean, coefficient 
of variation (COV), maximum value (Max), and 
minimum value (Min) of the four normalized 
parameters are summarized in Table 1. Among 
the four parameters, Y, = f/o’,, shows the high- 
est variability with COV = 0.52. On the contrary, 
Y, = Vu is associated with the lowest variability 
with COV = 0.16. The variability of Y, = AuJo” , 
is 0.32, less than Y,. A potential implication is that 
the u, may be a more reliable measurement for the 
silty clays. Besides, it is shown in Table | that the 
statistics of the calibration and validation datasets 
are similar, except that the scatters of the valida- 
tion data seem to be slightly less significant than 
those of the calibration data. 

The soil behavior types of the Jiangsu NC silty 
clays are examined by plotting the q,,, F, and B, 
data within the two SCPTU datasets in the Rob- 
ertson (1990) soil classification chart, as shown in 
Figure 2. Most data points are identified as clays 
and silty clays. Therefore, these data are deemed 
representative for the Jiangsu NC silty clays. 


Table 1. Statistics of the calibration and validation 


datasets. 


Calibration dataset Validation dataset 


Variable Y Y), Y, Y, Y, Ya Y; Y; 


Mean 9.44 0.17 3.47 133.51 9.94 0.18 3.28 138.69 
COV 0.28 0.52 0.32 0.16 0.23 0.44 0.29 0.15 
Min 5.07 0.04 0.90 88.95 6.20 0.11 1.92 105.02 
Max 17.79 0.42 6.31 198.71 13.80 0.37 4.96 183.38 
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Normalized cone tip resistance, q, 
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7 Gravelly sand to sand 8 Stiff sand to clayey sand 9 Stiff fine grained 


Figure 2. Soil behavior types identified using the Rob- 
ertson (1990) chart. 


3 MULTIVARIATE CORRELATION 
ANALYSES 


The application of a multivariate distribution 
model in developing multivariate correlations 
includes the data transformation, correlation anal- 
ysis, Bayesian updating, and back transformation 
(Ching et al. 2014, Zou et al. 2017). These proce- 
dures are implemented in this section. 


3.1 Transformation of soil parameters 


The primary step to construct a multivariate dis- 
tribution model is to individually convert the soil 
parameters to normal variables (Zou et al. 2017). 
The Box-Cox transformation has been demon- 
strated to be a simple and effective tool to achieve 
this goal (Jaksa 2007). In this approach, three 
transformation parameters including a transfor- 
mation power (A) and two standardization param- 
eter (a and b) are involved, as follows: 
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X= =— (1) 


where Y is the soil parameter and X is the corre- 
sponding transformed variable. 

The key problem is to find an appropriate trans- 
formation power (A) to achieve the normality of 
Y”. This is obtained by using the MATLAB library 
function boxcox. Table 2 summarizes the esti- 
mated A values for the four SCPTU parameters. 
The standardization parameters, a and b, are then 
the mean and standard deviation of (Y? — 1)/A, 
respectively. 

To check the normality of each transformed 
variable, the histogram and formal normality test 
method, the Kolmogorov-Smirnov (KS) test, are 
used. The KS-p value quantitatively evaluates the 
probability of the evidence that the variable fol- 
lows a standard normal distribution. The results 
of the KS test are shown in the last column of 
Table 2. The histograms and fitted normal dis- 
tribution functions (smooth curves) of the trans- 
formed X variables are illustrated in Figure 3. It is 
evident that the fitted normal distribution curves 
match the histograms well for the transformed q,,, 
and Au,/0'. It seems that the fitted normal dis- 
tribution curves do not match well for the trans- 
formed f/o',, and V, as illustrated in Figure 3. 
These two histograms show a bimodal behavior. 


Table 2. Statistics of the calibration and validation 
datasets. 


Variable 2 a b KS-p 

Y, 0.013 2.238 0.290 0.99 

Y, 0.133 -1.689 0.421 0.44 

Y, 0.678 1.913 0.758 0.94 

Y, -0.053 4.301 0.123 0.69 
20 20 
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Figure 3. Transformation parameters and histograms 
of the transformed variables. 


However, the KS-p values for these four variables 
are 0.99, 0.94, 0.44 and 0.69. All these four prob- 
ability values are larger than the small probability 
of 0.05. Therefore, the event that each transformed 
variable individually follows a standard normal 
distribution is not a small probability event. Thus, 
these four transformed variables can be viewed as 
normal variables. 

It is worth emphasizing that even if each Y vari- 
able individually follows a normal distribution, the 
four transformed variables do not have to jointly 
follow a multivariate normal distribution. This 
conclusion has been highlighted in the literature. 
Nevertheless, it has been revealed that meaningful 
results can still be derived in the case that the trans- 
formed variables do not strictly follow a multivariate 
normal distribution (Ching et al. 2014). Therefore, 
a rigorous test on the multivariate normality of the 
four transformed variables is not conducted here. 
Instead, this study focuses on developing the multi- 
variate correlations for V, since it is of main inter- 
est for geotechnical engineers. 


3.2 Correlations among transformed variables 


Once the soil parameters are individually con- 
verted to normal variables, the linear correlations 
among these variables can be estimated to produce 
a correlation matrix and then establish a multi- 
variate distribution model with the hypothesis that 
they jointly follow a multivariate normal distribu- 
tion. The linear correlation between any pair of 
the X variables is quantitatively assessed using the 
product-moment (Pearson) correlation coefficient 
and can be obtained using the MATLAB library 
function corr. The estimated correlation matrix 
for the calibration dataset of X variables is given 
in Table 3. 

Table 3 shows that the correlation between X, 
and X, is relatively strong with the correlation 
coefficient close to 0.70. However, the correlations 
between X, and other two variables (X, and X,) 
are weak with the absolute correlation coefficients 
less than 0.50. This is reasonable since both V, 
and q, evaluates the soil stiffness and their corre- 
lations have been widely studied, whereas strong 


Table 3. Estimated Pearson correlation coefficients 
among X variables. 

Variable xX, X, x; X, 

X, 1.000 0.374 0.031 0.691 
X, 0.374 1.000 0.151 0.382 
X, 0.031 0.151 1.000 0.463 
X, 0.691 0.382 0.463 1.000 
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correlations among V, f/0' and Au/0 have 
been insufficiently reported. It will be shown in 
this study that f/o' and Au o”, are still useful to 
provide valuable information to improve the accu- 
racy of the predicted V,, although they are weakly 
correlated. 


4 MULTIVARIATE CORRELATIONS 


4.1 Bayesian updating and back transformation 


For a set of X variables following a multivariate 
normal distribution, the mean value and variance 
of one variable conditional on other variables can 
be derived using a Bayesian updating technique, as 
follows (Ching et al. 2014): 


E|x,]= 
E Oy, a 
EE ee 
e 
(2) 
var|X,|= 
[LA sI le 
[5 & A el 
by typ om Mia 
(3) 


where 6, is the product-moment correlation coef- 
ficient between X, and X, and it is the (i, /)th entry 
in Table 3, E[X] and var[ XJ are the mean and vari- 
ance of X,, respectively. 

Based on these two statistics, the percentiles of 
the Y variables can be obtained using the back 
transformation, as follows (Liu et al. 2016): 


Y, =(b4X,+a4+1)” (4) 


where X, and Y, are the 7th percentile of X and 
Y, respectively. 

In this study, the median and 95% confidence 
interval (CI), corresponding to 7 = 0.50, 0.025 and 
0.975, for the predicted V, are studied. The 95% 
CI describes the interval within which we are 95% 
sure that the actual V value is located, and there- 
fore it is useful to evaluate the uncertainties within 
the predictions. However, only the mathemati- 
cal equations for the median values are presented 
as they are suggested to be used in deterministic 
analysis. The performances of these correlations 
are also discussed. 
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4.2 Bivariate correlations 


The median-based bivariate V,,-¢,,, Va O, and 
V,,-Au,/o',, correlations derived from the devel- 
oped multivariate distribution model are given as 
follows: 


V, = (1.17792 +1.984) °° (sa) 
V, = |-0.0444( fie) * 0.807] (5b) 
v, =[0.0059(4u,/0%,)"+0.759] (5c) 


Figure 4 presents the median values (smooth 
curves) of V, predicted using Equation (5). The 
calibration dataset, validation dataset and the 
predicted 95% CIs are also shown in Figure 4. It 
is evident that the predicted median values of V, 
agree with the calibration and validation data well, 
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Figure 4. 
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V,, predicted using: (a) qa; (b) f/Ow; (©) 


and the predicted 95% CIs are also in accordance 
with the scatter of these two datasets. Therefore, 
the constructed multivariate distribution model 
is deemed reasonable to describe the V -related 
bivariate correlations for the Jiangsu NC silty clays. 

Although these bivariate correlations agree 
well with the calibration and validation data, the 
predicted V,, values are significantly scattered 
with respective to the actual measurements. The 
calculated coefficients of determination (R?) for 
the above three correlations are 0.49, 0.15 and 
0.22, respectively. These low R? values indicate 
the unsatisfactory performances of the bivariate 
correlations. 


4.3 Multivariate correlations 


It is of interest to predict V, using more than one 
testing index. Since the V,,-g,, correlation shows 
the best performance, it is of interest to investigate 
how this correlation can be enhanced by including 
the other two indices. Based on the constructed 
multivariate distribution model, the multivariate 
correlations for the median of V conditional on 
{dur Ovots (du AUS O'o, and {dus JAO AUS Oo} 
are obtained, as follows: 


V = (-1.0854°"" — 0.0167( f, /o7,)""3 +1.902) *? 
(6a) 
Va = 
> 7 \0.678 et 
| -1.202490 + 0.0061 (Au, /o%,) +1.996 

] 
(6b) 

A 0.133 7189 

-1.05943%? — 0.0264(/./0:,) + 

ai 0678 (6c) 


| 0.0065(Au,/o%,)"” +1.868 


The medians of V,, predicted using Equation 
(6) are plotted against the actual measurements for 
the calibration and validation datasets in Figure 5. 
The R? values of the above three equations are 
calculated to be 0.50, 0.72 and 0.76, respectively. 
It is evident that the uncertainties associated with 
the predicted V, can be reduced by incorporating 
more than one testing index since the R? values are 
increased. 


4.4 Model errors of correlations 


A more rational evaluation of the performances 
of the correlations is to use the model error (e), 
defined as the ratio of measured V, over predicted 
V,. The two main benefits of this model error 
include that: (1) 1t provides a better description on 
the prediction performance; and (2) it can be used 
in reliability-based analysis (e.g., Phoon 2015). The 
mean value of e, Ele], describes the central posi- 
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Figure 5. Predicted median of V, conditional on: (a) 
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tion (i.e., systematic bias) of the predictions with 
respect to the actual measurements, whereas the 
coefficient of variation of e, COV „ describes the 
magnitude of scatter of the predictions around the 
measurements. 

Figure 6 shows the histograms and fitted nor- 
mal distribution functions of the € values for the 
Vardas Varili Lows, Vartdus AUO, and Vo- 
{qus £/0 o AU O'y correlations. It seems that each 
e can be approximated using a normal variable as 
the fitted curves match well with the histograms. 
All the E[g] values are around 1.00, indicating that 
these correlations are unbiased. This is reasonable 
since Figure 5 shows that all the data points are 
relatively uniformly scattered around the refer- 
ence line. Moreover, when more testing indices are 
involved, the predicted V,, values become closer 


sl 
to the actual measurements as the E] values are 
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Figure 6. Model errors for V correlations. 


closer to 1.00 and the COV, values consistently 
decrease from 0.13 to 0.08. The reduction of COV, 
is clear in Fig. 6 since the histograms are more con- 
centrated around the F[e] values when more testing 
indices are included. 

Based on the above analyses, it is safe to con- 
clude that the V,-related equations are suitable 
for the SCPTU parameters of the Jiangsu NC 
silty clays. The multivariate distribution model 
provides a useful way to establish the multivariate 
correlations among the soils parameters. However, 
it is worth emphasizing that the model and cor- 
relations developed in this study are suggested for 
the Jiangsu NC silty clays. Caution shall be exer- 
cising when these equations are used in the other 
soils as site-specific effect plays an important role 
in geotechnical correlations (e.g., Zou et al. 2017). 
A primary validation using new local data shall be 
necessaty. 


5 CONCLUSIONS 


In this study, a multivariate distribution model is 
used to describe the multi-dependency within four 
SCPTU parameters of Jiangsu normally consoli- 
dated (NC) silty clays. A database containing 117 
data points of {q4 £/0” y, A/O o Va) is compiled 
and portioned into a calibration dataset for devel- 
oping the multivariate distribution model and a 
validation dataset for the validation. Based on the 
constructed model, multivariate correlations for 
V are developed for the Jiangsu NC silty clays. It 
is shown that the model is capable of the multivari- 
ate correlations among the four SCPTU param- 
eters, and the uncertainties associated with the V, 
can be consistently reduced by incorporating more 
than one testing. 
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